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Preface
The IABSE Workshop “Safety, Robustness and Condition Assessments of Structures” focuses on
recent developments of making structures safer for unexpected, unforeseen, accidental and extreme
events. It is a continuation of the IABSE Workshop 2013 held in the same venue on almost the
same title - except “Failures” changed to “Condition Assessment”. This Workshop reflects on the
topical question of creating assessment codes for existing structures, where the condition
assessment data could prospectively be utilized.
On assessment of existing structures, some uncertainties that can be taken into account in the design
stage can be alleviated, whereas new ones will arise due to ageing, renovations, strengthening and
defects. In the last few decades, relatively low-cost technologies have become available to measure
and analyse numerical data on structures, but less has been reported on successful practical
utilisations and related quality demands. If such data is adopted at code-level, there shall be
minimum requirements for considering its reliability. For example: how many, which location and
what type of material specimens one should take from an existing structure to prove its current
strength parameters, and how to deal with deviations in the results.
The fundamental goal of building and maintaining safe structures cannot be seen solely as a
technical challenge. Notable risk is associated with how safety-critical information may get diluted
in the process of message stream in and between organisations. During the IABSE workshop 2013,
a roof collapsed in Finland with one fatality. This news got wide coverage implying also political
pressure to study actions to improve safety. One of these actions was a proposed legislation for
obligatory periodic inspection certification of large-span structures. Soon after the roof collapse,
another failure took place, which was a mid-aged concrete water reservoir, whose pre-stress steel
got stress-corrosion fracture and it collapsed. The structure could be well characterised as nonrobust; and the visual inspection conducted only weeks before, hadn’t identified any change related
to the risks of collapse. Individual experts claimed later that this vulnerability of the used steel
quality was known and its usage was already restricted in some countries. These are recent
examples from Finland, similar cases might have occurred in other countries.
Issues related to design codes, legislation and expert recommendations also touch the robustness of
structures. Although the principles and definitions of robustness have recently become more
recognized, and concerns for progressive collapse have heightened, design approaches have
remained descriptive and largely unaltered since the 1970’s. These need to be developed further to
give engineers and structure owners tools to put the principles into practice – which is most suitable
for the particular project.
I would like to express my sincere gratitude to all contributors of the Workshop and its Organizing
Committee. Special thanks to Ms. Helena Soimakallio, Ms. Anu Karvonen and Mr. Ville Raasakka
from Finnish Association of Civil Engineers RIL who have once again contributed significantly to
organize the Workshop and to finalize the workshop proceedings which was made available within
a very short time period. This is already the fourth international IABSE event, that I have been
privileged to personally work with, and I’ve always been delighted with their productivity and sense
of humour which they have given to their work.
Helsinki, February 2015
Prof. Risto Kiviluoma, Chair of the Scientific Committee
IABSE Workshop Helsinki 2015
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Swiss standards for existing structures – Four years of implementation
Eugen BRÜHWILER
Professor, Dr Civil Engineer
Ecole Polytechnique (EPFL)

Lausanne, Switzerland
eugen.bruehwiler@epfl.ch

Eugen Brühwiler received his civil
engineering and doctoral degrees
from the Swiss Federal Institutes of
Technology (ETH) in Zurich and
Lausanne. As a professor of
Maintenance and Safety of
Structures and consulting engineer,
his activities include structural and
fatigue safety of existing bridges
using data from monitoring as well
as the improvement of concrete
structures using UHPFRC.

Summary
In January 2011, the Swiss Society of Engineers and Architects (SIA) implemented a series of
standards for existing structures. The standard entitled ‘Existing structures – bases for examination
and interventions’ specifies the principles, the terminology and the appropriate methodology for
dealing with existing structures. This standard is complemented by a series of standards which treat
specific items regarding ‘actions on existing structures’, ‘existing concrete, steel, composite, timber
and masonry structures’ as well as ‘geotechnical and seismic aspects of existing structures’. These
standards provide effective engineering methods to respond to items such as higher live loads,
accidental actions or the restoration and improvement of the durability of existing structures.
This paper highlights major principles and approaches, in particular those related to the stepwise
procedure, updating of action effects through monitoring, updating of structural resistance and
novel technologies of intervention. Methodological aspects of the main activities, that is,
examination of structures and interventions to improve existing structures, are described and
illustrated by two examples. Experiences from four years of implementation of the Swiss Standards
for existing structures are evaluated, and assets and shortcomings are shortly highlighted.
Keywords: Existing structures, examination, interventions, fatigue safety, structural safety, service
duration, updating, monitoring.

1.

Introduction

In many countries, civil structures have been in service already for several generations. For example,
as part of the transportation infrastructure, bridges add value to the public economy. Therefore,
there is high interest in economic performance while providing unrestricted utilisation (e.g. without
limits on traffic loads) when responding to increasing traffic demands. Obviously, there is a need to
extend the service duration of civil structures significantly beyond 100 years (which often is the
arbitrarily presumed service duration of civil structures). In this context, structural engineers have to
devise novel ways to examine the structural safety of existing structures, in particular when high
cultural values are involved.
However, when dealing with existing structures, most structural engineers apply standards valid for
the design of new structures. This is a problematic approach since standards for new structures are
in principle not or only analogously applicable to existing structures. The professional approach to
existing structures is based on an inherent methodology that essentially includes updating by
collecting detailed actual information since the structure exists and performs for many years. The
controlling parameters are determined more precisely, and for example, the structural safety of an
existing structure is proven using so-called updated values for action effects and resistances.
In this way, it can often be shown that an existing structure may be subjected to higher solicitation
while meeting the safety requirements. Such an approach is needed to avoid rather cost-intensive or
even unnecessary interventions (which are often the result of insufficient know-how and
information about the existing structure).
Over more than 20 years, a methodology inherent to existing structures has evolved and already
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been successfully applied. However, it has not yet been really adopted in practice by the majority of
structural engineers. This is explained by the fact that there are no standards available which the
engineer can rely on.
For this reason, the Swiss Society of Engineers and Architects (SIA) launched a pioneering project
in 2005 to develop a series of standards for existing structures which were published and
implemented in the structural engineering community in January 2011 [1]. In a country with a
rather well-developed infrastructure such as Switzerland, the establishment of this series of
standards was a real need arising from the fact that significantly more than half of all current and
future structural engineering activities are and will be related to existing structures.
This paper highlights major principles and approaches, in particular those related to the stepwise
procedure, updating of action effects through monitoring, updating of structural resistance and
novel technologies of intervention. Methodological aspects of the main activities, that is,
examination of structures and interventions to improve existing structures, are described and
illustrated by two examples. Experiences from four years of implementation of the Swiss Standards
for existing structures are evaluated, and assets and shortcomings are shortly highlighted.

2. Standards SIA 269 (2011) – Existing structures
2.1 Organisation of the Standards SIA 269
Figure 1 gives a general overview of the series of Standards SIA 269 for existing structures.

Fig. 1: General overview on the series of standards SIA 269 for existing structures.
Standard SIA 269 “Existing structures – Basis for examination and interventions” [2] describes the
basic principles and the procedure to be followed in the treatment of existing structures and is
directed at specialists in engineering activities related to existing structures. In addition, owners of
the structures are addressed, mainly in the sections on examination and interventions. Standard SIA
269 is supplemented by a series of standards which treat specific items as shown on Figure 1.
Standard SIA 269/1 [3] contains updated models for actions and action effects, and SIA 269/2 to 6
give specific indications for updating material and structural parameters and models valid for the
various types of structures, in particular when materials and structural systems from the past are
involved. They address structural resistances and corresponding models. Standard SIA 269/7 covers
geotechnical aspects specific to existing structures, and SIA 269/8 (to be published in 2015) refers
to earthquake engineering of existing structures.
The set-up of the series of SIA 269 standards is thus analogous to the European standards for the
design of new structures. At this stage, issues referring to both existing and new structures remain in
the standards for new construction, i.e., the standards on existing structures are – for the time being
– complementary to the standards for the design of new structures.

4
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2.2 Terminology
Figure 2 gives the table of contents of Standard SIA 269 “Existing structures – Basis for
examination and interventions”. After defining the framework, the basics and activities when
dealing with existing structures are covered.

Fig. 2: Content of Standard SIA 269 [1].
The definitions of the main terms are as follows:
− Existing structure: Load-bearing part of a completed and accepted construction work
− Updating: Process of supplementing existing knowledge with new information
− Examination (often called “assessment”): Condition survey, condition evaluation and
intervention recommendation, triggered by a specific cause
− Examination value: Value determined from a characteristic or another representative value in
combination with partial safety factors and conversion factors, possibly also directly defined,
which is applied in a verification carried out on an existing structure
− Intervention: Operational or constructional measure intended to limit hazards and to ensure the
continued existence of a structure, including preservation of its material and cultural values.
− Proportionality of intervention measures: Comparison of costs and benefits of planned
interventions with the aim of efficient use of resources.
2.3 Principles
The first principle of the Standard SIA 269 states that activities related to existing structures are
carried out while duly respecting individual and society’s safety needs as well as economic,
environmental, cultural and societal compatibility, thus following the principles of sustainable
development of the built environment.
Preservation of an existing structure over its remaining service life always has to fulfil the following
main objectives:
− satisfying the requirements for utilisation and legal aspects
− guaranteeing structural safety and serviceability
− preserving the material and cultural values of a structure while accounting for economy and
aesthetics.
2.4 Requirements
The requirements imposed on an existing structure need to be clearly defined as they may have a
major influence on the extent of interventions. Requirements include the following main items:
Utilisation: First of all, the future service conditions and service duration of an existing structure
and its components need to be defined during the examination or when planning interventions.
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Structural safety: The structural safety is considered adequate, either if the necessary level of
numerically determined structural safety is verified, or if the possibility of structural failure is kept
under control by supplementary or urgent safety measures. Standard SIA 269 introduces explicit
required safety levels in terms of reliability indexes which are based on risk considerations. The
structural safety is verified based on a stepwise procedure including levels of general and detailed
verifications. On the general Level 1, the deterministic verification of structural safety is performed.
If necessary, Level 2 may include semi-probabilistic or full probabilistic verifications.
Serviceability: In general, if the utilisation of the structure remains unchanged, its serviceability is
verified on the basis of the results of the condition survey. If the utilisation of the structure has
changed, in particular if higher future live loads will act on the structure, serviceability is verified
on the basis of updated actions and serviceability limits.
Proportionality of interventions: The proportionality of interventions is determined through a
comparison of their costs (direct and indirect costs for the fulfilment of the requirements) and
benefits (reduction of risks, increase in material and cultural values, higher reliability) in relation to
the future service duration. In general, the proportionality of interventions is assessed empirically
including estimations of costs and monetary benefits. The procedure always needs to be systematic
and transparent, in particular in the case of safety-related interventions.
2.5 Updating
Structural engineering in the domain of existing structures relies on an inherent methodology since
the structure exists already for some time and has its history of performance. It is thus possible to
obtain and gain more or less detailed information on a specific existing structure and its elements.
In this way, uncertainties in structural parameters are reduced through updating. This is a
fundamental difference with respect to the methodology used for the design of new structures where
uncertainties are dealt with by relying on information gained from experience.
Standard SIA 269 claims as a basic rule that relevant variables have to be updated. It provides
provisions regarding updating of actions and action effects, characteristic values of material and soil
properties, structural models and geometric quantities as well as structural resistance and plastic
deformation capacity of structural elements.
If statistical distributions for variables are available on the basis of a series of measurements or
other information, updating can be carried out by assuming that (1) the characteristic value of the
variable is determined according to a fractile value or a certain probability of occurrence depending
on the return period, or (2) the examination value is determined according to semi-probabilistic or
probabilistic methods.
Regarding existing bridges, traffic loading and the action effects arriving in the structural elements
are a major source of uncertainty. An important distinction between existing bridge safety
verification is that an existing structure can be monitored to determine the real action effects
experienced. The advent of low cost and high storage capacity hardware in recent years means that
direct measurement of elemental action effects via structural monitoring is nowadays a viable
option. Monitoring can overcome limitations of accurately modelling in-service behaviour at an
elemental level. Standard SIA 269 allows for updating using data from monitoring of action effects
which is in particular interesting in the case of fatigue safety of existing bridges.
2.6 Verifications
The structural safety and serviceability verifications are performed using updated values, called
examination values, with the objective to verify for the existing structure that the relevant limit
states are not exceeded. In general, deterministic verification is conducted. Probabilistic
verifications are appropriate in cases where detailed verifications are needed.
Deterministic verification: The notion of degree of compliance n is introduced in the deterministic
verification of the structural safety:
n=

Rd ,updated
Ed ,updated

(1)
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where Rd,updated and Ed,updated are the examination values of resistance and action effect,
respectively. The degree of compliance is a numerical statement showing the extent to which an
existing structure fulfils the structural safety requirements. This formulation not only gives the
information whether the structural safety is fulfilled, i.e. n ≥ 1,0 ; it also indicates by how much the
verification is fulfilled (or not). The latter is necessary for the evaluation of results and in view of
the planning of interventions.
2.7 Activities
Examination: The Examination is the central activity when dealing with existing structures. It is
triggered by a specific cause like a change in the use of a structure (e.g. increase in live loads), new
hazard scenarios, new findings about the structural behaviour, doubts regarding the structural safety
or unexpected conditions (after detection of important damages and deterioration). In addition, the
material and cultural values of the structure need to be evaluated.
The examination is conducted following a stepwise procedure with increasing focus on details. The
general examination comprises the whole structure with the objective to identify aspects that need
to be examined in more detail. One or more detailed examinations follow with the focus on the
identified aspects.
The examination concludes with recommendation of intervention comprising a wide range of
potential interventions from accepting the existing condition to implementing a heavy structural
intervention. This concluding part is the recommendation to the owner (and not a design of an
intervention).
Interventions: Interventions on existing structures are based on the concept of intervention which
includes long-term considerations and which is obtained by optimisation of intervention options (as
derived from the results of the examination).
The design of an intervention is the implementation of the concept of intervention including
operational and/or structural interventions to be performed. Operational interventions may comprise
intensified surveying (e.g. monitoring) or restrictions in the utilisation of the structure; structural
interventions include rehabilitation or modification of the structure (i.e., adaptation or
transformation to respond to the new requirements of its utilisation).
The resulting intervention project needs to be justified by checking it against technical, economical
and operational criteria. In particular, the Standard SIA 269 prescribes that the efficiency of
measures to restore and guarantee the durability has to be demonstrated. In addition, the influence
of the intervention on the aesthetics of a structure and on its cultural value needs to be assessed. The
objective of this procedure is to obtain optimised interventions.

3. Four years of implementation of the Standards SIA 269
After the publication of the Standards SIA 269 on January 1 2011, introductory courses have been
conducted and background documents were established with the objective to implement content and
methodologies into the engineering practice in Switzerland. The background documents also
contain case studies such as to demonstrate the application of certain topics domains covered in the
standards. These implementation initiatives have proven to be a very valuable and effective since
inquiries regarding the interpretation and application of articles in the standards were limited. In
general, examination of existing structures through a stepwise procedure and thorough updating is
well conducted by the structural engineers. Overall, it can be stated that the Standards SIA 269 are
well accepted by the engineering community which makes finally the real success of the standards.
Nevertheless, implementation of these standards was challenging since most structural engineers
have no or only a partial education and training in structural engineering related to existing
structures. Consequently, some reluctance to apply “novel” engineering methods is still present in
single cases, in particular for engineers with a long practice of design of new structures. Many
structural engineers still consider the Standards SIA 269 as complementary documents to the “real”
codes, i.e., the codes for the design of new structures. This attitude is problematic and needs to be
counteracted by separating even more strictly standards for existing structures with codes for the
design of new structures when the Standards SIA 269 will be updated in the future.
It can also be observed that professional owners of structures (such as road and railway authorities
or owners of large building stocks) use the Standards SIA 269 to set a certain quality level in the
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engineering works committed to engineering companies.
With the introduction of the Standards SIA 269, detailed structural safety verifications are now
conducted more systematically with the objective to limit construction interventions. However,
since projects implying high construction cost are financially more interesting for private
companies such as engineering firms and contractors, there is a difficulty to provide sufficient
financial incentives for mandated engineers to reach the general goal to “get more out of the
existing structure” and to “limit interventions costs”. This organisational matter is a real challenge
in particular for the owners of structures.

4. Application of the Standards SIA 269 in the cases of two existing bridges
In this chapter, the applications of the Standards SIA 269in the cases of a steel railway bridge and a
concrete highway viaduct are presented. In both examples, Standard SIA 269 provided the
methodology with the stepwise procedure during the examination of the bridge structure, including
the fatigue and structural safety verifications. Importantly, the standard allows detailed bridge
specific updating based on more detailed information from measurements (f.ex. monitoring) and
refined modelling, for more detailed safety verifications.
In both cases, the advancements due to the Standard SIA 269/1”Actions on existing structures” [3]
were applied. On Level 1 of structural safety and fatigue verifications, updated models were used:
− For permanent loads, updated characteristic values are determined by measuring structural
dimensions and specific weights of the building materials. A load factor equal to 1,20 is
appropriate for coefficients of variation in the domain of 0,10 – 0,20. The use of the semiprobabilistic approach in general provides implicitly more precise load factors in particular for
massive bridges in concrete where permanent loads are often higher than the traffic loads.
− Regarding traffic loads on bridges, Standard SIA 269/1 provides updated characteristic values
for road traffic depending on the type and cross section of the (bridge) structure and its span, and
specific updated load models are given depending on railway line classes. For fatigue safety
verification, correction factors are given to consider past and planned future road or rail traffic,
and favourable load carrying effects due to secondary elements on the bridge are allowed to be
considered for the determination of fatigue action effects.
4.1 Railway bridge at Eglisau: Fatigue safety verification using data from monitoring [6]
4.1.1 Description of the bridge and problem statement
The railway bridge across the River Rhine at Eglisau in Switzerland was built from 1895 to 1897
for single lane railway traffic. The central part of the 457 m long bridge is a riveted steel truss
structure made of early mild steel. The truss girder has a span of 90m and a height of 9m (Fig. 3).
Multiple arch approach viaducts in natural stone masonry with piers up to 50m in height follow in
the north and south of the steel truss. In 1982/83, the original carriageway was replaced by a steel
trough with ballast. This led to the situation that instead of structural parts of the carriageway
(which are usually of most fatigue relevance) members of the main truss girder or transverse
members were determinant in the fatigue safety verification.
Results of fatigue safety verification on Level 1 applying updated railway traffic load models as
given by Standard SIA 269/1 were not conclusive, and the owner decided to perform a monitoring
campaign in order to determine actual railway traffic action effects on the most important structural
members. The main objective was to verify the fatigue safety of the riveted structure in view of a
long future utilisation period exploiting the advancements due to the Standards SIA 269.
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Figure 3: Railway bridge across the River Rhine at Eglisau, Switzerland
4.1.2 Advancement due to Standard SIA 269 “Basic principles” [2]
Standard SIA 269 allows for updating using data from monitoring of fatigue action effects due to
railway traffic. Consequently, further updating was performed on Level 2 in a detailed examination,
by performing monitoring of action effects due to live loads. In this way, railway traffic action
effects were directly measured by monitoring reducing thus sources of uncertainty.
However, it may not be possible to obtain monitored data directly in cross sections determinant for
the fatigue safety verification. Also, action effect due to permanent load (dead load) is not recorded
by monitoring. Structural analysis is thus needed to “translate” monitored data to sections
determinant for the structural safety verification (Fig. 4) and to determine the solicitation of the
existing structure due to permanent loads. Structural analysis changes thus its relevance. Also,
monitored data are used to calibrate the structural model with the objective to obtain sectional
forces as accurate as possible reducing thereby uncertainty usually implied in structural models.

Figure 4: Translation of monitored data to sections determinant for structural safety
Such a calibrated structural model may then be used to determine, for example, fatigue action
effects of future traffic scenarios. It is interesting to note that following this approach, no more
railway load model is needed as solicitation of structural elements is directly recorded which
obviously is the most reliable information to verify structural safety.
4.1.3 Advancement due to Standard SIA 269/3 “Steel structures” [4]
Standard SIA 269/3 on steel structures provides mechanical properties and characteristic values as
well as corresponding updated resistance factors for cast iron, wrought iron and early mild steels as
well as for riveted, bolted and early welded connections. Elastic-Plastic (EP) method is allowed for
structural elements in wrought iron and early mild steel if they fulfil certain slenderness conditions.
Truss girders may be modelled using pinned nodes. For riveted connections and structural elements,
provisions are given regarding the ultimate resistance (including stability) and fatigue resistance (SN curves).
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4.1.4 Results
Strain gauges were mounted on several structural elements relevant for the verification of the
fatigue safety. These elements are essentially subjected to tensile stresses due to fatigue loading. An
average of 159 trains per day was recorded during the 12 months monitoring period. Monitored raw
data from every train passage were exploited by means of Rainflow analysis to obtain histograms of
stress cycles.
Fatigue safety was analysed for cross sections (details) with rivets of structural members. Since the
location of the strain sensors were intentionally chosen to avoid measuring any stress concentration
near rivets, monitored strain (stress) values needed to be translated to the determinant rivet positions
of the cross sections relevant for verification. Consequently, conversion factors were determined for
each verified cross section using the model for structural analysis that was calibrated using data
from monitoring. These conversion factors were then applied to the monitored values to obtain
stress range values for the fatigue safety verification.
Verification followed a stepwise procedure: On Level 1, the fatigue safety was checked with respect
to the fatigue limit of riveted details. Only in three cases, fatigue safety could not be verified on
Level 1, and on Level 2, fatigue damage accumulation calculation by applying the Palmgren-Miner
rule was conducted. Fatigue loading due to past traffic was estimated due to detailed information
available from statistical yearbooks of railway line traffic. A scenario of future traffic demand was
considered to forecast fatigue damage in 50 years.
The fatigue safety verifications based on the monitored values finally showed sufficient fatigue
safety for the entire riveted structure for at least the next 50 years of service duration. Also, the
structural elements having priority during inspections were identified.
Information and data regarding the railway traffic and the calculated fatigue damage actually
indicated that the riveted structure was exposed to relatively low fatigue stresses during its past
service duration of 115 years. In fact, the structure is virtually still in an undamaged condition in
terms of fatigue, and only the planned future higher railway traffic loading may produce fatigue
damage in single structural elements.
The present approach turned out to be very economic as the cost for the long term monitoring and
accompanying theoretical studies is only a small fraction of the cost of a hypothetical major
strengthening or bridge replacement project which could thus be avoided by this study.
4.2 Chillon Highway Viaducts – Strengthening using R-UHPFRC
4.2.1 Description of the bridge and problem statement
The Chillon Viaducts are part of the Swiss National Highway on the east end of Lake Geneva. They
are in service since 1969. The variable height box girder bridges, spanning between 92 m and 104
m over a total length of 2’210 m (Fig. 5), were built by prestressed segmental construction with
epoxy-glued joints which was a novelty at the time.
Structural safety verification on Level 1 using updated road traffic models and updated values for
concrete strength revealed structural safety requirements currently can just be fulfilled. The
governing failure mode at Ultimate Limit State (ULS) turned out to be punching of wheel loads
through the only 18 cm thick deck slab. However, further investigations revealed that the concrete
is prone to alkali aggregate reaction (AAR). The latter is expected to lead to concrete strength
reduction over time, and it could be anticipated that the structural safety requirements will no longer
be fulfilled for significantly AAR damaged concrete.
As the replacement of the deck slab waterproofing was envisaged anyway, its potential combination
with strengthening intervention was investigated exploiting the advancements due to the Standards
SIA 269.
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Figure 3: Chillon Viaducts near Montreux, Switzerland
4.2.2 Advancement due to Standard SIA 269/2 “Concrete structures” [4]
In Standard SIA 269/2 on reinforced concrete structures, the following topics are covered: methods
of detection and evaluation of damage in particular due to rebar corrosion and alkali-silica reaction;
updating of mechanical properties of concrete and steel reinforcement; fatigue resistance of steel
reinforcement; issues of structural resistance such as deformation capacity, shear (with and without
transverse reinforcement, punching), anchorage and bond of rebars, principles of intervention
methods to restore durability; strengthening methods (glued lamellas, external post-tensioning).
4.2.3 Results
Conventional strengthening methods such as glued carbon fiber lamellas, external post-tensioning
and thickening existing members using reinforced concrete were analysed but not convincing in
terms of technical efficiency and intervention cost. The finally chosen strengthening method was
casting of a 40 to 50 mm thin layer of Ultra-High Performance Fiber Reinforced cement-based
Composite (UHPFRC), additionally reinforced with steel rebars, on the top surface of the deck slab
[7].
This R-UHPFRC provided a significant increase in ultimate resistance (flexure and shear) and
fatigue resistance of the deck slab in the transverse direction, anticipating the decrease in strength of
the existing concrete subjected to AAR. In addition, the R-UHPFRC layer also led to some increase
in stiffness and flexural resistance in the longitudinal direction of the bridge girder, and the whole
deck slab was waterproofed by the very dense UHPFRC layer. This strengthening method led to no
increase in dead weight of the structure (and thus further interventions like post-tensioning in the
longitudinal direction, strengthening of pier foundations, etc. could be avoided).
The strengthening was designed based on a preliminary Swiss standard on UHPFRC [8]. In this
case road traffic loads as given for the design of new bridges were considered in order to provide a
certain margin with respect to future traffic demands and because additional costs for higher traffic
load requirements were insignificant.
The cost of intervention of the UHPFRC strengthening was 200 Euro per m2 of deck slab surface is
very economic compared to conventional strengthening methods or options such as bridge
replacement. In addition, cultural values of this viaduct that is considered to be one of the most
important structures from the era of highway construction in Switzerland, could be preserved.
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Figure 3: UHPFRC casting using a machine allowing for 1’250m3 of fresh UHPFRC to be placed
on the 2’100m long and 11m wide deck slab in 5 weeks only.

5. Conclusions
Novel engineering methods are needed to deal with existing structures in an efficient way
responding in this way to the principles of sustainability applied to civil structures. In Switzerland,
the Standards SIA 269 dealing with existing structures respond to this requirement and provide a
reliable framework for the structural engineering community.
The Standards SIA 269 for existing structures are a tool for structural engineers and owners of
structures in Switzerland to react professionally and by means of technically efficient and costeffective engineering solutions. The implementation of the standards also led to education and
training of the structural engineering community in the domain of existing structures leading to
increased quality in structural engineering.
From the two above outlined examples follows that obviously significant cost savings for the
maintenance of existing structures could be realized in Switzerland since the introduction of these
standards. This is of outmost importance from a socio-economic viewpoint, as public financial
means should be invested into real societal needs for improving infrastructure.

6. References
[1]

BRÜHWILER, E., VOGEL, T., LANG, T., LÜCHINGER, P., Swiss standards for existing
structures, Structural Engineering International, IABSE Zurich, 2/2012, pp. 275-280.
[2] SIA 269, 2011. Existing structures – Bases for examination and interventions, Swiss Society
of Engineers and Architects (SIA), Zurich. (in German and French)
[3] SIA 269/1, 2011. Existing structures – Actions, Swiss Society of Engineers and Architects
(SIA), Zurich. (in German and French)
[4] SIA 269/2, 2011. Existing structures – Concrete structures, Swiss Society of Engineers and
Architects (SIA), Zurich. (in German and French)
[5] SIA 269/3, 2011. Existing structures – Steel structures, Swiss Society of Engineers and
Architects (SIA), Zurich.
[6] BRÜHWILER, E., BOSSHARD, M., STECK, P., MEYER, C., TSCHUMI, M.,
HALDIMANN, S., Fatigue safety examination of a riveted railway bridge using data from
long term monitoring, IABSE Conference, Rotterdam May 6 - 8, 2013: Paper ID RTM-00642013.
[7] BRÜHWILER, E., DENARIE, E., “Rehabilitation and strengthening of concrete structures
using Ultra-High Performance Fibre Reinforced Concrete”, Structural Engineering
International, Volume 23, Number 4, November 2013, pp. 450-457.
[8] Pre-standard SIA 2052: Ultra-High Performance Fiber Reinforced cement-based Composite
(UHPFRC) – Materials, design and construction, Final draft (12/2014) (in German and French)

12

IABSE WORKSHOP HELSINKI 2015

Bridge Condition and Safety Based on Measured Vibration Level
Joan R. Casas
Professor
UPC-BarcelonaTECH
Barcelona, Spain

joan.ramon.casas@upc.edu
Joan R. Casas, born 1960,
received his civil engineering and
Ph.D. degree from the Technical
University of Catalonia, where he
is professor of bridge engineering
and structural management.

Fernando Rodrigues
Civil Engineer, Ph.D.
LSE
Sao Paulo, Brasil

fernando.rodrigues@lsetech.com.br

Summary
Along the years, there were efforts by researchers in quantifying structural performance and damage in function of vibration measurements. Curves proposed by several authors try to relate acceleration spectrum to
damage level, which was determined based on experimental survey accomplished on buildings. The present
work investigates a vibration based criteria for bridge structures as a basis to evaluate damage and performance in existing bridges and also to be used for long-term performance at the time of bridge design. With
this purpose, it was analyzed a data base of Brazilian bridges which were structurally identified and had their
dynamic effects measured during traffic flow. For the damage evaluation, a damage index based on the
change of the dynamic properties and the general condition of these structures observed during a detailed
inspection were taken into account. After that, damage indexes were related to measured vibration too. The
results show a clear correlation between the damage index and the fatigue reliability index with the intensity
of bridge vibration. As a final result, from the observed correlations, limits of acceleration are proposed to be
considered in existing and newly designed bridges to certify a correct long-term condition and safety to fatigue effects. A critical approach of current Brazilian Standard (NBR-15307 2005) which suggests damage
estimation in function of bridge vibration index is also carried out.

Keywords: condition, safety, vibration level, fatigue, damage.

1. Introduction
To check the remaining life-time and long-term performance of existing bridges designed with
different scenarios from nowadays load conditions, a fatigue analysis was performed on most
common reinforced concrete bridge types constructed in Brazil since 1950 [1]. Results show that
shorter span bridges, in the range of 7 to 10 meters, can have their fatigue performance in danger if
a 100 year-life is required. This will depend on the accumulated damage along the service life and
the in-service conditions. As a consequence, a non-destructive method (easy to apply) to assess the
deterioration of these bridges is urgently required. By now, only visual inspection and qualitative
assessment by inspectors is carried out.
Dynamic load testing is, as required, a non-destructive testing. It is also an easy technique to apply,
provided that accelerations are recorded and ambient vibration could be used. Many experiences are
available in bridges relating the bridge condition to the dynamic parameters of the bridge (natural
frequencies, mode shapes and damping), [2,3,4]. Salawu has pointed out that the natural frequency
approach is potentially useful for routine integrity assessment of structures [5]. An advantage of the
approach is the global nature of the identified frequencies that represent the bending stiffness along
the whole structure. Also, the main drawbacks of using dynamic parameters for bridge inspection,
mainly because of the changes due to environmental conditions (temperature) and concrete age
were identified [6,7]. Therefore, in some cases small changes in the dynamic parameters can not be
directly related to the presence of damage. In addition, as the change in natural frequency and
modal amplitude are related to changes in the stiffness and mass, the measurement and changes of
these parameters can give only information on the condition of the bridge, but not on the actual
safety.
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Previous works to introduce non-destructive testing in bridges have looked to the possibility of
assessing the bridge condition based on vibration responses of vehicles when crossing a bridge [8].
The present work shows the feasibility of using not the dynamic parameters of the bridge or the
vibration level of the running vehicles, but the actual vibration level of the bridge itself to assess
both the condition state and safety. In the examples provided, it is shown how a clear relation exists
between the level of vibration due to normal traffic action and the condition index and the safety to
fatigue of the investigated bridges.

2. Justification and background
2.1

Vibration intensity and damage of structures

Inertia forces can create damage and they act on the whole bridge (deck, girders and piers). Inertia
forces are proportional to the accelerations imposed by traffic, and are magnified by different
amounts throughout the bridge and at different frequencies, because the bridge is flexible and can
resonate [9]. So the possibility to relate bridge mobility and level of vibration to its deterioration
degree can be a useful evaluation tool in the case of existing structures and be used as criteria for
the design of new bridges. Development of these tools has challenged some engineers on the past,
like Koch and Steffens [10,11].
The variable vibration intensity was first proposed by Koch [10], to be correlated to the degree of
damage in buildings. By the fact that the mean-square value of the acceleration varies with
frequency <a2(f)> and damage potential of the vibration falls off with frequency, it is reasonable to
assume that damage caused by the inertia forces is proportional to <a2(f)>/f=I(f). In a simply
harmonic motion with an acceleration of amplitude a0, the term a02/f is called vibration intensity.
The SI units are mm2/s3 and its non-dimensional (decibel) form is S=10log10(I/Is), where Is is a
standard value, arbitrarily chosen to be 10 mm2/s3. The units of S defined in this way are called
vibrars.
Based on data accumulated from buildings damaged by continuous vibration, in [10,11] was
proposed a vibration intensity criteria for evaluating damage level in buildings. They correlated the
degree of damage in actual buildings with the vibration intensities deduced from accelerations
measured close to the damaged regions. Criteria proposed by those authors are compared in Table 1.
Table
1: Vibration intensity criteria for building damage [10,11]
_____________________________________________________________________________________
KOCH (1953)
STEFFENS (1978)
_____________________________________________________________________________________
Band Intensity, S Effect
Band Intensity, S Effect
(vibrars)
(vibrars)
_____________________________________________________________________________________
I
II
III
IV

<20
20-30
30-40
40-50

zero damage
I
<17.5
no damage
no damage likely
II
17.5-40 possibility of plaster
small damage
cracks
cracking of
III
40-72.5
probable damage to loadload-bearing walls
bearing structural components
V
>50
building liable to
IV
>72.5
damage to load-bearing
Collapse
components and destruction
_____________________________________________________________________________________

In the past, some Codes have tried to adopt vibration intensity criteria for evaluating building damage. These efforts can be noticed in ISO Standard ISO/TC108/SC/Wg3-9 and, more recently, the
Brasilian Code for non-destructive testing ABNT- NBR-15307 [12] reproduces Koch criteria for
any kind of structure, including bridges. The code states that vibration intensity is an empiric
parameter used to estimate damage levels in structures, and it can be also expressed in terms of
amplitude of vibration displacement in the following way:
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(1)

10log 160
a is the vibration amplitude in centimetres;
f is the frequency in Hertz.

According to the Brasilian Code, there exists an empirical relation between the values of V and the
level of structural damage, as indicated in table 2.
Table 2: Damage level and vibration level according to [12]
V

Damage level

10-30

None

30-40

Small

40-50

Severe

50-60

Failure

It is certainly a good tool to evaluate damage with vibration intensity, considering that measurements of acceleration on structures are an easy and relatively inexpensive task frequently adopted
nowadays for bridge health monitoring. On the other hand, calculation of acceleration induced by
traffic on recent structural analysis software can be also considered a relative easy task for a fast
estimation during the structure design.
However establishing reliable and simplified criteria to assess likely damage induced by vibration
in structures is an on-going task, difficult due to the enormous range in the types of structures to be
considered, the methods of construction, the quality of workmanship in construction, and the reliability of measured vibration levels.
The damage index is the indicator for bridge condition. A performance indicator to measure the
bridge condition can be based on the damage index. The damage index can be defined with the expression:
f
DI  1   cur
f
 ref






2

(2)

DI is the damage index at structure level;
fcur is the current first bending natural frequency determined on dynamic tests;
fref is the first bending natural frequency calculated measured when the bridge was in good state.
Because in many cases this reference value is not available because the dynamic parameters were
not measured at the time of the bridge opening, a numerical model of the un-damaged bridge may
be used to calculate this value. A calibrated FEM model, with modulus of concrete equal to the average value measured in samples extracted from the structure, can be obtained.
The safety indicator adopted in this work is the reliability index or safety index to fatigue. In fact,
due to the special deck-abutment connections and the lack of maintenance in the expansion joints of
the bridges considered in this paper, the passage of traffic produces a high impact and vibration.
Therefore, the most likely failure mode identified in the specific bridges analyzed here is related to
fatigue in the reinforcing steel [1].
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The procedure used for calculating the fatigue safety of the investigated bridges was the same used
in [1, 13]. Traffic action was considered as will be explained below. The multi-presence of vehicles
was also considered, as a percentage of traffic flow. Traffic congestion was not considered. To
calculate the cross-sectional response, concrete and steel contributions were considered as specified
in Eurocode 2. The reinforcement stresses were determined based on a cracked cross-section
analysis neglecting the contribution of concrete in tension and the redistribution of stresses in the
compression zone. In these calculations, the modulus of concrete and dimensions of bridge were
considered random variables. Geometrical characteristics were adopted based on a site survey of the
bridges and its variability was also considered.
The main objective of the present research is to find a relation of the defined damage index (eq. (2))
with the vibration intensity and the observed damage by visual inspection. A second objective is to
investigate if a correlation exists between the value of the fatigue reliability index obtained for the
bridges and the corresponding vibration intensity derived from dynamic tests.

3. Application to a group of bridges
To verify the proposed methodology based on the bridge vibration and to see if a correlation exists
between the condition and safety indices previously defined and the vibration intensity, the method
was applied to a group of existing bridges in Brazil with specific characteristics as will be explained
below
In Figure 1, the main structural arrangements found along Brazilian Highway network as well as
damaged elements observed during visual inspection are presented [14].

Figure 1: Bridge types in Brazil and damaged elements found in endurable bridges [14]
As can be observed in Figure 1, 60% of Brazilian existing bridges are composed by reinforced concrete girder bridges. Besides that, damage is first associated to RC beams, second to RC deck.
These two facts justified to choose slab on girder reinforced concrete bridges as the main focus of
this study. This bridge type is commonly found along main Brazilian Highways and during their
visual inspection, reinforcement corrosion, concrete deterioration and cracking were observed.
From all of these damage scenarios a stiffness reduction can be expected. In particular, for the reinforced concrete, it is known that static as well as linear dynamic properties change significantly
during all load steps. The main reason for that is the large change of bending stiffness because of
the occurrence of cracks with increasing load [15,16].
In the present study an assembly of 25 Brazilian bridges was taken into account, all of them classified as “endurable” and also in all them, a dynamic test had been carried out to measure the actual
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natural frequencies. Therefore, acceleration records were also available and both the vibration intensity as well as the dynamic parameters could be evaluated. Visual inspections were accomplished too in the investigated bridges with the main purpose of evaluating damage that could embarrass the structural performance and also to evaluate the reliability of the proposed assessment
methodology.
3.1

Model updating

To a better understanding of present performance of bridges, comparisons between data collected
on site tests and calculated values from a Finite Element Model (FEM) were accomplished. In this
case, first bending natural frequency of bridge and measured strain on reinforced steel for truck’s
passage were compared with calculated FEM values. Influence lines were calculated for the lanes
used by truck during tests.
To get a good agreement between measured and calculated values, during up-dating of the bridges,
parameters related to concrete deformability and abutment conditions were modified always based
in realistic values, measured on site during dynamic tests. In the case of the modulus of elasticity of
concrete, values obtained in compression tests carried with specimen drilled from each bridge were
considered as representative of bridge concrete. When this modification was not enough to calibrate
the model, bending cracking observed during visual inspection was also represented in FEM with a
smaller stiffness in the region affected by cracking. The maximum bending stiffness reduction
calculated in investigated bridges was 28.6%. This value is close to others presented by some
authors when reinforcement ratio of concrete section varies from 1 to 2.5% [16].
Bridges investigated in this work are two girder-slab reinforced concrete bridges, with cantilever
girders on extremity. For economical reasons and due to relative simplicity of construction, a great
number of these structures can be found along main roadways in Brazil. There is evidence of
embankment slope sliding in these structures, modifying gradually the soil profile in the transition
zone between bridge and embankment. Furthermore, the construction of a rock or concrete barrier
beneath the deck extremities, which can be found in some of these bridges, also ratifies sliding
occurrence. In this way, an interaction between the deck extremities and the embankment soil can
be expected, causing sometimes a not well defined bearing condition in these extremities, [1].
During reanalysis of bridges, it was confirmed that a variable degree of bearing can be expected due
to soil-structure interaction on extremities edges. In this case, for a better representation of soilstructure interaction, springs were assumed instead of free edge on extremities to represent
structure-soil effects observed. Figure 2 illustrate modification of influence lines in function of
structure-soil effects.
3.2

Traffic data

To account for the natural uncertainties inherent to the definition of traffic action in the safety
analysis, different random variables were used: type of vehicle from a set of 8, average daily traffic,
truck total weight and speed. Distribution of total weight to the axles and percentage of vehicles on
roadways were considered as constant and values are presented in Table 3.
Real traffic data of trucks, used in this work, have been registered at roadways of São Paulo State.
Data were collected during 204 days in 2005, using weighing scales. After classification, it was
observed that 8 types of vehicles represent around 99% of traffic observed. Luchi [17] presented
vehicles considered on this survey as well as parameters of the distribution functions governing
total weight of truck (see Table 4).
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Figure 2: Modification of influence lines due to structure-soil effects
Table 3: Percentage of vehicles on a Brazilian roadway and weight distribution to vehicle axles
[17]
______________________________________________________________________________
Vehicle Quantity Axle 1 Axle 2 Axle 3 Axle 4 Axle 5
Type
on road
_____________________________________________________
2C
26%
42%
58%
3C
26%
27%
73%
2S1
2%
27%
33%
39%
2S2
4%
23%
32%
45%
2S3
26%
15%
26%
59%
3S3
5%
12%
34%
54%
2I3
3%
12%
23%
21%
22% 22%
3D4
8%
11%
31%
30%
28%
_____________________________________________________
The bimodal distribution function presented in Table 4 has the following expression:
2
 x  i 

Fx x    pi 

i 1
 i 

(3)

pi is a rate weighting to be applied on normal distribution i;
µi is the mean of normal distribution i;
σi is the standard deviation of normal distribution i.
For the fatigue safety assessment, the dynamic amplification factor (DAF) is needed. As presented
in eq. (4), DAF depends on vehicle velocity. Equation (4) between DAF and speed was obtained in
the dynamic tests. A correlation of 32% between DAF and the parameter S was achieved for main
spans with lengths between 7 and 13 meters. In this case frequency  was assumed equal to the first
natural bending frequency measured during the identification tests. Data of vehicle velocity were
considered based on a study accomplished in 43 roadways in São Paulo State [18]. In these studies
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velocities were registered with instrumented plates inserted in the pavement. Vehicle velocity could
be modelled with a Normal distribution (see Table 5).

DAF  1,114  1,764.C

7 m  L  13 m

(4)

The non-dimensional parameter of speed S [19,20], is expressed as:
C

v
L

(5)

v is vehicle speed in m/s;
L is a characteristic length of bridge in meters;
 is the natural frequency of the bridge in rad/s.
Table 4: Parameters of the distribution functions governing the uncertainties of vehicles total
weight
[17]
_____________________________________________________________________________
Vehicle ____________________________________________
Distribution
Parameters
type
weight* mean coef. var.(%)
____________________________________________________
2C
Lognormal
74.7
66
3C
Bimodal normal* 0.4
220.4
7
0.6
137.3
21
2S1
Normal
158.5
22
2S2
Lognormal
213.0
63
2S3
Bimodal normal
0.76
420.0
5
0.24
229.0
39
3S3
Bimodal normal
0.78
461.8
2
0.22
393.6
15
2I3
Bimodal normal
0.96
458.1
2
0.04
317.3
15
3D4
Normal
578.7
4
______________________________________________________________________________
*This value is the rate weighting to be applied on each normal distribution to obtain bimodal distribution, defined in eq.
(3).

DNIT [21] provides data about traffic flow on Brazilian Roadways. This data presents a great
variation depending on the region of the country it refers to. Last registration provided by DNIT is
from 2001. It comprises 180 observation posts distributed in 20 of the 26 states of Brazil. From
these provided values, mean and standard deviation of average daily traffic (ADT) can be calculated,
as well as the best fit distribution (see Table 5). In this way, a heavy traffic was defined in this work
with ADT of 5000 vehicles/day in two lanes and 30% of heavy trucks [22,23].
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Table 5: Parameters of the distribution functions governing the uncertainties of velocity of vehicles
and
average daily traffic (ADT).
______________________________________________________________________________________________________
Variable
Distribution
Parameters
__________________________________________________________________________________
Mean (m/s)
stnd. deviation (m/s)
Velocity
Normal
29
6
__________________________________________________________________________________
Mean (veh./day)
stnd. deviation (veh./day)
Brazilian
2001
ADT
Normal
6,315
6,119
_______________________________________________________________________________________________________

3.3

Estimation of existing reinforcing steel

To estimate the existing reinforcement in bending, investigated bridges were designed for the
ultimate limit state (ULS), taking as a basis three load models that were considered by Brazilian
Codes since 1950: class 24, class 36 and class 45. The corresponding impact factor as well as
uniformly distributed loads applied over area not covered by vehicle, recommended by Brazilian
Codes, were also different for each class, as presented in Figure 3 and Table 6.
Table 6: Load models specified by Brazilian Codes since 1950 [24]
____________________________________________________________________________________________
Period

vehicle type
____________________________________________

Impact factor

Main vehicle Distributed load

2
)
(kN/m
____________________________________________________________________________________________
Class

1950-1960
24
Fig.3a
5,0
1,3
1960-1985
36
Fig.3b
5,0* and 3,0
1,4-0,007.L**
After
1985
45
Fig.3c
5,0
1,4-0,007.L**
____________________________________________________________________________________________
* to be applied only along lane of main vehicle
** in this case, L is the main span of bridge

Figure 3: Geometrical definition of wheel and axles of vehicle loading classes specified by Brazilian Codes since 1950
Based on the values obtained in compressive test results, a nominal strength fck=14 MPa can be
calculated. In this way, concrete strength was assumed as a C15 class and steel as a CA-50,
frequently used nowadays in Brazil.
In accordance to [25], after calculation of required reinforcement ratio, a coefficient K should be
applied to this value to guarantee fatigue life of the structure. K was calculated in function of
maximum and minimum bending moments acting on the section.
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K

M1  M 2  e
*
M1
1

or

K

M 1  0.5M 2  e
*
M1
1

(6)

M1 and M2 are respectively the absolute values of maximum and minimum moment on crosssection;
e is the characteristic yield strength of reinforcing steel;
1=3600/, and  =1 when applied in heavy loads environments like roadways.
Equation (6) in the left is applied in the case when M1 and M2 are both positive or both negative and
the one in the right in the other case. In this way, values of K were estimated for analyzed sections
of investigated bridges, considering the most and less favourable load scenarios to calculate
maximum and minimum bending moments at mid-span cross section. Results of modified
reinforcement ratio for each analyzed section are presented in Table 7.
Table
7: Estimated reinforcement ratio of investigated bridges according to design assumptions
________________________________________________________________________________
Mk*
Md*
K

(kN.m)
(kN.m)
(%)
________________________________________________________________________________
Bridge

Class



Iriri

45 1.32 2186.12 3060.57 1.60 1.4392
36 1.32 1883.93 3031.29 1.60 1.4255
24 1.30 1414.96 2226.54 1.65 1.0162
________________________________________________________________________________
Escuro

45 1.31 2539.47 3555.26 1.59 1.9608
36 1.31 2188.00 3522.63 1.59 1.9204
24 1.30 1698.09 2681.94 1.62 1.4355
________________________________________________________________________________
Roncador 45 1.32 2109.03 2952.64 1.63 2.2389
36 1.32 1816.21 2921.73 1.63 2.2132
24 1.30 1393.08 2195.64 1.67 1.5796
________________________________________________________________________________
Saracuruna 45 1.26 4042.80 5659.92 1.81 1.6119
36 1.26 3493.75 5635.00 1.82 1.6042
24 1.30 2878.25 4578.80 1.83 1.2703
________________________________________________________________________________
Surui

45 1.26 4526.57 6337.20 1.81 1.3441
36 1.26 3973.05 6329.58 1.81 1.3425
24 1.30 3342.34 5247.28 1.81 1.0852
________________________________________________________________________________
Inhomirim 45 1.25 4456.77 6239.48 1.74 2.0139
36 1.25 3858.01 6224.76 1.74 2.0080
24 1.30 3203.02 5100.79 1.76 1.6218
________________________________________________________________________________
Figueira

45 1.34 1132.92 1586.09 1.81 1.0501
36 1.34 936.13 1552.67 1.81 1.0302
24 1.30 624.73 1018.31 1.90 0.6611
________________________________________________________________________________
Km280

45 1.32 2037.84 2852.98 1.74 0.9497
36 1.32 1726.90 2817.78 1.75 0.9391
24 1.30 1243.81 1988.80 1.80 0.6587
________________________________________________________________________________
Km279

45 1.32 2065.32 2891.45 1.74 0.7785
36 1.32 1754.38 2857.07 1.75 0.7706
24 1.30 1271.29 2028.09 1.80 0.5412
________________________________________________________________________________
Km269

45 1.32 2124.83 2974.76 1.74 1.0978
36 1.32 1810.41 2940.41 1.75 1.0979
24 1.30 1326.19 2109.49 1.80 0.7828
________________________________________________________________________________
Km259

45 1.27 3632.34 5085.28 1.82 0.9673
36 1.27 3255.69 5207.01 1.80 0.9834
24 1.30 2544.85 4038.69 1.82 0.7648
________________________________________________________________________________
Km257

45 1.25 4937.97 6913.16 1.79 1.0017
36 1.25 4331.47 6923.30 1.79 1.0032
24 1.30 3573.52 5622.66 1.80 0.8036
________________________________________________________________________________
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*Mk and Md are respectively characteristic and design loads of the mid-span bending moment, assumed self weight
load (c=25 kN/m3), safety barrier and asphalt layer, live loads calculated for loading classes presented in Figure 3, with
vehicle placed in the most unfavorable position.
** is the reinforcement ratio defined as =K.100As/bw*(H-0.05), As is the reinforcement area, bw and H are the width
and height of the concrete girder.

4.

Results and discussion

With the aim of evaluating Koch’s criteria, measured acceleration induced on bridge decks during
monitoring was calculated in vibrars unit. Based on the definition presented in chapter 2,
acceleration spectrum was calculated from temporal series of acceleration using a common Fast
Fourier Transform (FFT) algorithm, and compared with vibrar curves (see Figure 4). This
procedure was applied to temporal series of acceleration recorded at the mid-span cross-section of
the bridges during passages of a 450 kN truck with different velocities. Maximum values of
vibration calculated for passages of 450 kN truck and for normal traffic are presented in Table 8.

Figure 4: Transformation of time domain to frequency domain of series of measured acceleration in
Escuro bridge and procedure to calculate vibration intensity in vibrars
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Table
8: Vibration intensity measured at mid-span section of bridges
________________________________________________________________________________
Bridge

traffic
vehicle 450 kN
____________________________________________________________________

amax,p-p * Intensity, S
amax,p-p * Intensity, S vehicle speed
(mg)
(vibrars)
(mg)
(vibrars) (km/h)
________________________________________________________________________________
Iriri
277.8
21,1
184,0
18,2
80
Escuro
67.1
2,3
108,8
14,3
80
Roncador
159.9
15,8
45,1
7,3
80
Saracuruna
109,3
19,3
58,3
13,8
80
Suruí
40,8
4,3
52,7
6,5
50
Inhomirim
85,3
17,8
54,9
13,3
80
Figueira
96,7
7,8
43,5
5,8
20
RMV railway 120,2
21,5
161,2
19,5
80
Ipiabas
225,6
11,6
94,4
18,4
40
Boa Esperança 86,0
12,0
171,7
7,3
80
Flores
147,6
13,2
88,9
12,5
40
Inferno
305,8
22,2
200,5
12,3
70
________________________________________________________________________________
* peak-to-peak

4.1

Condition assessment based on vibration level

In order to apply eq. (2) for damage evaluation, a reference model is needed. In the investigated
group of bridges, the reference model was constructed from a calibrated model (see section 3.1),
considering the average of the values measured for modulus of elasticity of concrete, and disregarding cracked regions sometimes present during model up-dating. Since the modulus of elasticity of
investigated bridges was determined with samples extracted from the bridge, it was possible to
evaluate the properties of each element and input them into the model. Other modifications regarding soil-structure interaction in the extremities of these bridges continued to be considered in the
reference model. In doing so, the reference model is a tentative of representing a non-damaged
structure, since the effect of damage is isolated for comparison with measured values of natural
frequencies. In Table 9 is presented the damage index calculated with eq. (2) for all investigated
bridges.
Table 9: Damage index calculated to investigated bridges
_______________________________________________________________________________________________
Bridge

km, Highway Modulus of elasticity Bending natural
of concrete (GPa)
frequency (Hz)
_________________________________________

Damage
index

girder deck
current reference (DI)
_______________________________________________________________________________________________
Iriri
121, BR-040 14.59 23.52
12.50
4.47
-6.82
Escuro
114, BR-040 19.30 19.30
10.69
4.65
-4.29
Roncador
139, BR-040 15.74 23.22
9.52 10.34
0.15
Saracuruna
140, BR-040
21.01 21.01
6.70
4.91
-0.86
Suruí
126, BR-040 19.50 23.10
7.41
3.84
-2.73
Inhomirim
132, BR-040
14.82 16.90
6.25
2.02
-8.54
Figueira
138, BR-040 11.84 18.85
12.50 14.09
0.21
RMV railway
257, BR-393
18.40 18.40
4.88
4.83
-0.02
Ipiabas
259, BR-393 19.30 19.30
5.37
5.33
-0.02
Boa Esperança 269, BR-393
28.00 28.00
7.91
8.80
0.19
Flores
279, BR-393
20.10 20.10
8.79
9.59
0.16
Inferno
280,
BR-393
26.90
26.90
8.39
9.41
0.21
_______________________________________________________________________________________________

Regarding the values presented in Table 9, a value of damage index equal to 1 reflects complete
loss of strength while a value of 0 means no damage. In Table 10, limits of damage index provided
by some researchers are presented.
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Comparing data from Tables 9 and 10, it can be concluded that in all bridges where damage was
detected (DI>0), damage can be classified as repairable. It can be also seen that for some investigated bridges, negative values were obtained. That means that the actual bridge is stiffer than estimated
using the FEM reference model, indicating that the reference model was not properly built. We can
assume for those bridges a damage index equal to 0 (no damage, as verified by the visual inspection).
Table
10: Correlation of the damage index with the damage state, [26]
_________________________________________________
Damage
state

Minimum value of damage index
_____________________________
Park et al Stone
Williams
(1987) et al (1993) et al (1997)
__________________________________________________
Damage
0.10
0.11
0.12
that can be
repaired
Damage that 0.40
0.40
0.39
cannot be
repaired
Collapse
1.00
0.77
1.28
__________________________________________________

As a matter of fact, Kim [26] relates that first cracking can be expected around a damage index of
0.10 to 0.20. Comparing data from Table 9 and data from visual inspection, it can be noticed that
cracks and other damage were observed during visual inspection of bridges with index over 0.1
(see Fig. 5a and 5b). Sometimes cracking had been repaired in the past and a mortar coat could be
observed over affected regions of girder during the visual inspection, Fig. 5b. In this case, it is
known that mortar injection only seals the crack but does not restitute girder stiffness. The author
also suggests that a damage index equal or higher than 0.7 is an indication of beginning of failure.

a)

DI=0.15 (Roncador)

b) DI=0.19 (Boa Esperança)

c)

DI= -4.29 (Escuro)

d) DI= -6.82 (Iriri)

Figure 5: Damages observed in bridges with different damage indexes
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To investigate the correlation between existing damage and measured vibrations, damage index
calculated in Table 9 were plotted versus vibration intensity in Figures 6 and 7. Figure 6 provides a
graph with the variation in the calculated damage indexes as a function of the vibration intensity
provided by normal traffic flow, expressed in vibrars as suggested in [10,12]. In Figure 7, vibration
intensity is expressed in terms of maximum peak-to-peak measured acceleration.

Figure 6: Plot of Vibration intensity in vibrars – damage index for investigated bridges

Figure 7: Plot of the peak-to-peak maximum measured acceleration – damage index for investigated bridges
Figure 6 shows that correlation of damage with vibrars is very low (maximum correlation obtained
was 17 % in the case of the 450 kN vehicle). From the obtained results in figure 7, it can be noticed
that maximum peak-to-peak acceleration is better correlated to damage index. Not only worst correlation was observed in the case of vibrars, but also a trend of damage decreasing with increasing
vibrars, what is not reasonable in this case. This is mainly because of the negative values of the
damage index. As mentioned these negative values should be taken as 0. If we remove the negative
values, then the trend is correct, with increasing damage index as vibration intensity increases.
However, still in this case, there are bridges in good condition with values ranging from 8 to 22. In
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conclusion, the vibration intensity has not the ability to discern between bridges in good or bad
condition. Figure 7 also suggests that there is a limit around 0.15g of the peak-to-peak maximum
acceleration for damage to occur. In fact, values below this limit have a negative damage index,
indicating a good condition state. Above this limit, damage index increases with increasing peak-topeak maximum acceleration. Moreover, the value of 0.15 g establishes a modification in the rate
between damage index and maximum measured peak-to-peak acceleration. This is why regression
lines calculated with damage indexes lower and higher than 0.15 g are presented on the following:
DI  30 .613 ac max, p  p  4.308

ac max, p  p  0.15 g

DI  0.381ac max, p  p  0.044

0.30 g  ac max, p  p  0.15 g

(7)
(8)

Correlation in eq. (8) is 96%, what gives a good reliability for the relation between existing damage
and measured acceleration (maximum peak-to-peak). This fact is confirmed by comparison with
data from the visual inspection.
4.2

Fatigue assessment based on vibration level

A fatigue reliability analysis was carried out for all investigated bridges of Table 8. The expression
of the limit state function to use in this analysis was [1,13,27]:

f  DM 

 

11
1

2.68 *10 32



 

9
2

6.38 *10 27



 

6
3

4.334 *10 20

(9)

DM is the Damage of Miner at failure;
 refers to the summation of stress increments on the branches of the SN curve.
The result of the simulation of external actions provides information about the cumulative distribution function of the summation of stress ranges in the branches of the SN curves. This information
is obtained for the basic interval of traffic simulation, one week. Then, it has to be extended to the
total number of basic time intervals expected for the service life of the structure. Assuming that a
year comprises 52 weeks, and setting the required service life of the structures as 100 years, it immediately follows that the final summation in the limit state function has to be extended to 5,200
weeks. To reduce the number of needed samples, the Latin Hypercube Algorithm [28].
Calculation of fatigue reliability indexes was accomplished for reinforcement ratios estimated for
Classes 24 and 36, that used to be recommended by Brazilian Codes when the investigated bridges
were designed (before 1985, see Table 6). The results are presented in Table 11.
for  classes 24 and 36
Table 11: fat calculated ______________________________
____________________________
 fat Bridge Class  fat
(%)
(%)
____________________________ ______________________________
Bridge
Iriri

Class
36

1.43 6.91 Figueira

36

1.04 8.90

24 1.02 5.77 ______________________________
24 0.66 6.52
____________________________
Escuro

36 1.94 13.08 km280 36 0.94 4.64
24
1.44 10.54 ______________________________
24 0.66 3.18
____________________________
Roncador 36 2.23 14.59 km279 36 0.77 4.94
24 1.58 11.45 ______________________________
24 0.54 3.56
____________________________
Saracuruna 36

1.61 19.64 km269

36

1.10 5.52
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24 1.27 16.48 ______________________________
24 0.78 4.55
____________________________
Surui

36 1.34 15.77 km259 36 0.98 4.52
24 1.09 13.83 ______________________________
24 0.77 3.60
____________________________
Inhomirim 36 2.01 13.85 km257 36 1.00 3.82
24 1.62 11.77 ______________________________
24 0.80 2.75
____________________________

To investigate correlation between likely fatigue and measured vibrations, fatigue reliability indexs
calculated in Table 11 were plotted versus vibration intensity in Figures 8 and 9. Figure 80 provides
a graph with the variation in the calculated fatigue reliability indexes as a function of the vibration
intensity provided by normal traffic flow, expressed in vibrars as suggested by Koch. In Figure 9,
vibration intensity is expressed in terms of peak-to-peak maximum measured acceleration.

Figure 8: Plot of Vibration intensity in vibrars - fatigue for investigated bridges

Figure 9: Plot of peak-to-peak maximum measured acceleration - fatigue for investigated bridges
Regression lines were calculated for 2 bridge classes as presented in Figures 8 and 9. Correlation
index was 42% for maximum vibrars measured for 450 kN vehicle, 25% for maximum vibrars
measured for normal traffic and 67% for maximum measured acceleration peak-to-peak (maximum
between values induced by 450 kN vehicle and induced by traffic). From the obtained results, it can
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be noticed that maximum measured acceleration peak-to-peak is better related to fatigue safety than
vibration intensity measured in vibrars units. The safety to fatigue decreases with increasing maximum acceleration peak-to-peak. In addition to that, Figure 9 also allows to verify that bridges with
reliability indexes under 6.0 (defined as target reliability index for reinforced concrete bridges)
show a maximum measured peak-to-peak acceleration over 0.17 g. In this way, with the aim of
guarantee safety to fatigue, the value of 0.17 g for maximum peak-to-peak acceleration could be
considered as a limit in the design to fatigue of bridge decks. Again, as in the case of the condition
index, it seems that there is a clear threshold value (around 0.17g in this case) for the peak-to-peak
acceleration between safe and not safe bridges.

5.

Conclusions

In this work, a set of Brazilian bridges was used for estimating existing damage and likely
reinforcement fatigue. Measured data were considered for a better estimation of dynamic
amplification factors, natural frequencies, concrete mechanical properties and also Brazilian traffic.
The main objective is to correlate the observed damage and fatigue safety to the actual vibration
level due to traffic.
KIM et al (2005)’s criteria for damage estimation in existing bridges was applied based on dynamic
properties determined from dynamic tests. Estimated values look very well correlated with damage
found during visual inspection. Besides that, results indicate that all damage found in the
investigated bridges is repairable, since all damage indexes are below 0.21.
On the other hand, a reliability analysis was carried out in existing two girders-slab reinforced
concrete bridges to evaluate their fatigue performance to actual Brazilian traffic. Realistic dynamic
amplification factors and concrete properties were considered in the analysis based on measured
values during dynamic tests and concrete tests accomplished with concrete samples extracted from
the bridges. Results indicate that some bridges have very low reliability fatigue indices. This fact
confirms that probability of reinforcement fatigue occurrence in these bridges is higher than values
suggested by current codes, when a 100-years lifetime is required.
Trying to reach a criteria based on bridge mobility, data measured during bridge monitoring was
related to estimated damage and fatigue probability.
The results show that a clear correlation exists between the damage index and fatigue safety with
the bridge mobility measured in terms of peak-to-peak acceleration. Analyzing data correlation, it
can be concluded that maximum peak-to-peak acceleration is a better indicative for design
assumptions than vibrar units, as proposed by some researchers and current codes, like for example
NBR-15307(2005). In some cases, not only worst correlation was observed in the case of vibrars,
but also a tendency of damage decreasing with increasing vibrars, what is not reasonable.
Results show that a maximum peak-to-peak acceleration over 0.17 g seems to indicate high
probability of fatigue occurrence. In the case of relation damage – vibration, a maximum peak-topeak acceleration over 0.15 g indicates the existence of damage. Considering two so different
approaches adopted for calculating fatigue reliability and damage, it must be pointed out that limits
calculated were very close from each other (0.17 and 0.15 g). In this way, even though more
experimental data is necessary to confirm this criteria, it is proposed the value 0.15 g as a the limit
to be considered as the maximum peak-to-peak acceleration during bridge design to guarantee their
durability and safety.
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Summary
This paper focusses on the importance of good detailing, which should provide buildable solutions,
in order to achieve a robust final product. Further it is emphasized that rebar products should have
ductility characteristics, which are in line with the overall demands to the structure.
Keywords: detailing; ductility; robustness; T-headed bars.

1. Introduction
The realisation of a concrete structure from the idea to the finished structure requires a series of steps,
as conceptual design, final design, detailing and execution. Each step is equally important and a step
towards the final product.
During detailing, the results of the analysis are interpreted into drawings, procedures etc., which will
guide the builders on site. Detailing forms the basis for the execution.
During the execution, the real structure is shaped. It is the real structure, which is visible for the public
and has to resist all occurring loads and actions. It will also be the real structure, which displays any
shortcomings of the design, the detailing or the execution.
Detailing and execution are two processes, which are closely connected and interacting. This implies
that the quality of the detailing has direct consequences for the execution, which again shapes the
actual structure. Therefore does not just the design, but also the detailing affect the real properties of
the finished structure – its ability to bear loads and to sustain extraordinary actions, its durability …
its robustness.

2. Detailing for robustness
Detailing has not just to consider all requirements from the design output, as the amount and location
of rebar, but has to provide buildable solutions too. Good detailing paves the way for a safe, correct
and efficient execution, avoids ambiguity and the need for compromises, securing that the real
structure is built as planned, behave as expected and has both, capacity reserves and ductility. Good
detailing is such contributing to a robust structure.
On the other hand, poor detailing will create issues for the execution. Solutions, which are difficult
to build, are increasing the risk for non-conformities. The workplace on site gets unsafe, rebar is
placed incorrectly, the site is tempted to solve issues without involving the designer etc.
Details, which are not conforming to the planned detailed design of a structure, represent a potential
weak spot in the entire construction. Such weak spots make the structure vulnerable, even for the
expected load cases.
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It is advantageous that the detailer has an open
communication with the building site. This
creates the possibility to discuss issues the
planner was unaware of and to find and agree
on suitable solutions, before they become a
practical problem. Some examples will show
how apparently straightforward detailing can
create problems on site during the
construction. The detailer let the site workers
handle the issues and such gives away much
of the control over the quality of the final
works, including its robustness.
Small modifications are often enough to
change a complicated situation into one,
which is easier to build, allowing for better
Fig. 1: labor intensive an inconvenient placing of
control of the result. An example is depicted
long bend bars
in fig.2: longitudinal reinforcement of a
bridge pillar has to be anchored in the
superstructure. This can be done by bending the rebar into the bridge slab. However, this creates
difficulties for the erection of the formwork and later for the correct placement of the rebar around
the bridge pillar. The figure shows an alternative as well: use of T-headed bars to anchor the column
reinforcement, allowing for easier reinforcement work.

Fig. 2: Anchorage of bridge pillar into superstructure – detail with bend bars (left) and alternative
with T-headed bars (middle and right)

3. Human errors
Human errors are frequently the cause of structural shortcomings, failures and accidents. Human
errors are committed by human beings, part of the human nature and unavoidable. The way to go is
to find the potential errors before they get realized in the real structure or at least to minimize their
extent and consequences. Detailing can contribute in different ways:
In the detailing phase, the results of the analysis are “translated” into instructions for the construction
(e.g. drawings). Often, it will be the detailer, who observes discrepancies or difficulties in the
realization of the results of the analysis.
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Figure 3 shows an example: the detailing of a moment resisting wall-slab connection of a concrete
tunnel. The tunnel rood is loaded with app. 8m of rock fill. The detailed solution leads to heavily
congested reinforcement in the frame corner. Additional will the protruding upper reinforcement layer
hamper the correct placement of the rebar in the tunnel roof. Possibilities to resolve this issue could
be a reduction of the loads by using lightweight material for the fill over the tunnel or an increase of
the dimensions of the concrete structure. Further, the use of rebar couplers could improve
constructability of the detail.
The detailer should ask “critical questions” towards the input (the analysis). The detailer has the
opportunity to “filter away” [1] possible design errors, which have been made in an earlier stage of
the design process.
(ø16+2ø20+ø25)c150

Fig. 3: detail of a moment resisting wall-slab connection – very dense reinforcement and
long protruding rebar
The detailer has a certain degree of freedom in interpreting the design results, to create solutions,
which are buildable in the truest sense of the word. The detailer prepares for the work at site and
should therefore keep an eye on the practical realisation. It is obvious, that structures, which are
straightforward to build, are easier to build in good quality too. Complicated detailing leads to
difficult and cumbersome construction, increasing the risk of errors (incorrect placement, missing
bars). Further, the control on site gets more difficult, reducing the possibility to detect human errors,
i.e. rebar being placed non-complying with the drawings. Therefore, the detailer should seek
solutions, which are comparably easy to achieve and at the same time fulfil the demands on rebar
quantity and location, which come from the analysis.

Fig. 4: Detail for shear reinforcement in a bridge superstructure (left) and alternative with T-headed
bars (right)
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Fig. 4 shows the detailed solution for shear reinforcement in a bridge superstructure. The upper layers
of the longitudinal reinforcement must be placed in several steps. This implies lifting up many rebar
after the fixing of the topmost layer. Alternatively, the shear reinforcement could be detailed with Theaded rebar, which are placed after all longitudinal reinforcement is fixed.
Detailing, being the intermediate step between analysis and construction, has the opportunity to find
and prevent human errors by acting both “backwards”, as control of earlier design steps and
“forward”, preparing for an unsophisticated construction process - and the control of it.
Today, there are reinforcement products on the market, which facilitates the detailing work
significantly and contribute to reduced congestion, e.g. mechanical reinforcement couplers and Theaded bars. There are a number of different products of both types. However, the performance of
these products may vary quite much from one type to another. It is thus of great significance to be
aware of the required level of performance, such as the capacity, and to specify it.

4. The importance of capacity
One of the basic ways to achieve a robust structure is to provide ductility. It is ductility, which in the
first place allows the activation of capacity reserves. This is very important for unusual load cases
(e.g. accidental loading, natural forces) in order to avoid total collapse, even for local failure of parts
of the structure. Ductility allows the structure to absorb energy by deformation, but without collapse
and preferably without loss of vital functions, in other words: to be robust.
Reinforcing steel plays an important role in the design of a ductile concrete structure. It is desirable
to utilize the entire existing ductility of the rebar, described by its tensile capacity (strength) and
ability to develop strain.
Almost every rebar heat exceeds the minimum stress and strain requirements, which are specified in
the rebar codes. The use of the real existing characteristics of the rebar provides extra load reserves
and strain capacities, contributing to robustness.
The graphs below (fig. 5 and 6) show the natural variation in yield and tensile strength (ReH and Rm)
and elongation at maximum load (Agt) for ø32mm rebars. The values are taken from all material
certificates for ø32mm rebars used during a three-year period of HRC’s production in Norway. In
comparison does the Norwegian Standard NS 3576-3 require minimum yield strength of 500 MPa,
minimum tensile strength of 600 MPa and minimum elongation at maximum load (Agt) of 8%.

Actual rebar properties ø32mm B500NC NS3576‐3
750
700
MPa

650
600
550

actual yield strength
actual tensile strength

500
450

Fig. 5: variation of values for actual yield- and tensile strength of rebar ø32mm with a
characteristic yield strength of 500 MPa
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Actual rebar properties ø32mm B500NC NS3576‐3
30

Agt [%]

25
20
15

elongation at
maximum load

10
5
0

Fig. 6: variation of values for elongation at maximum load for ø32mm rebars in ductility class C
The marked provides rebar products for effective detailing solutions, like continuity systems,
mechanical splices, T-headed reinforcement etc. The performance of such products is often given by
a strength limit, for example related to the specified yield strength of the rebar to be spliced or
anchored (e.g. “120% fy,spec”).
If the strength limit of the product is
lower than the real tensile strength of the
rebar, will the product under extreme
loads fail before the rebar, working like
a fuse. The actual strength of the rebar,
together with its real strain capacity, is
not reached. The limitation by
insufficient capacity can lead to
situations where the anchorage or a
splice fails before the possible (actual) or
even the specified strain is reached. This
limits the ductility of the overall
reinforcement (acting as a weak link)
and reduces the robustness of the entire
structure - regardless of the quality of the
design.

Fig. 7: effect of combination of products with low capacity
with rebar with high real strength and strain capacity
To avoid such situations the designer should describe the expected performance of special rebar
products, which conforms to the design of the structure. Technical specifications, given by authorities
(e.g. public road authorities) or product standards (e.g. ISO 15698 “Steel for the reinforcement of
concrete – Headed bars”) may be a help.
One may argue that it should be sufficient that the reinforcement product fulfils the formal design
criteria. However, structural robustness is also a question of the ability to tackle unforeseen situations
without collapse and then the development of the full rebar strain is of importance.
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5. Conclusion
Careful detailing prepares for safe and efficient execution. Structures, which can be built safe and
efficiently, are easily built in good quality too. If the detailer does a poor job, the quality of the
execution might be reduced, resulting in reduced quality of the finished structure. Bad detailing is
directly harmful for the final properties of a building – and its robustness. To avoid this, both designer
and detailer have to think execution orientated and should communicate with the contractor.
Insufficient performance of rebar products (used for splicing and anchorage) might limit the
utilisation of the actual ductility of the rebar, creating weak links. This should be prevented for
structures with high demands to ductility and robustness, like structures of major importance for the
society.
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Summary
The paper briefly reports on a current European project developing an advanced design concept for
steel and steel-concrete composite structures under defined impact scenarios. Focus is given on the
robustness of a structure and on the design methods available for the event loss of a column due to
impact, where the residual strength method and the alternate load path method are considered in
more detail. The two methods are combined within a holistic approach on the behaviour of the
global structural response during the loss of a column.
Keywords: robustness; impact; column loss; alternate load path method; residual strength method;
structural redundancy

1. Introduction
A real challenge of future building and construction design is to combine the objectives of further
structural optimization on one hand with robustness requirements on the other hand. Steel and steelconcrete composite are multifunctional materials, where high ratio of strength to weight allows for
reduced weight of construction. Lighter structures are also preferable in case of structural member
loss, i.e. column loss in ground floor, because reduced mass of the upper storeys is advantageous for
redistribution of loading. Moreover the material characteristics of steel such as excellent ductility,
high plastic reserves, high residual strength and high capacity of energy dissipation are beneficial
for accidental dynamic loading. Applying the current concept of impact design, all these advantages
of steel and steel-concrete composite structures are not fully utilized for progressive collapse
assessment.

2.

Impact

2.1 General
In the first stage of the assessment of the structural response against accidental impact action, it is
necessary to define possible impact scenarios that the structure might be subjected to during its
lifetime. Depending on the expected usage of the building, its physical situation within an urban
environment or other considerations related to a risk analysis of the building, the probability of
occurrence of accidental events can be evaluated. Consequently, the amount of impact scenarios for
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a specific structure can be reduced to a reasonable number of cases.
According to the aims of the project, different impact scenarios related to vehicle impact against a
column are identified and subjected to an analysis. In a first step, a categorization of these scenarios
is performed according to the following criteria:
a) type of vehicle; b) type of building; c) environment; d) motivation.
2.2 Type of vehicle
From a mechanical point of view, the response of a column subjected to impact will be basically
determined by the mass, stiffness and velocity of the impact body. These basic parameters mostly
depend on the vehicle type (car, van, truck, fork lift, …) and vary considerably from one type to
another.
Information on vehicle masses are available for most automotives and can be usually assumed to be
1.5 t for cars and 3.5 t for vans, while the mass of trucks in Europe varies from 10 t to 38 t and the
mass of fork lifts ranges from 2.1 t to 11 t. On the other hand, available information about the
impact stiffness of vehicles is rather small. EN 1991-1-7 [1] and SIA261 [2] recommend a stiffness
of 300 kN/m; while other values published in a German guideline [3] are significantly higher (1100
kN/m for cars and 2300 kN/m for vans and trucks). The impact velocity is classified either
according to the type of vehicle (EN 1317-1 [4]) or the type of lane (EN 1991-1-7). Obviously, the
impact velocity for structural members next to highways is significantly higher (up to 90 km/h) than
for gateways and car parks (10 to 20 km/h). It has to be noted that these values should be used only
for accidental impacts; the impact velocity for intended impacts can be considerably higher. In
accidental impacts the initial velocity will be decreased due to the use of brakes after the vehicle has
left the travelled lane.
In numerical simulations, the use of simplified impact vehicle models is a common approach, which
allows for a simplified consideration of the impact object by a mass-spring model showing the same
basic properties as the vehicle, in particular mass, stiffness and initial travelling speed. The
proposed simplified models have been obtained by an extensive review of load-deflection curves of
impacted vehicles against a stiff wall.

Type of vehicle

M [t]

k [kN/m]

Fpl [kN]

Car

1,5

1100

400

Van

3,5

2300

550

Truck

30

2300

550

Fig. 1: Average force-deflection profiles from NCAP test data [5] and simplified model properties
2.3 Type of building
In total three types of buildings are selected to be representative and of special importance for the
study: office buildings, multi-storey car parks and storage buildings. The type of building has a
strong influence on the type and consequences of the impact.
Office buildings can only be affected by an external impact. The type of vehicle and the impact
velocity depends strongly on the location and the surrounding (e.g. building is located next to a
highway). For this building typology all kind of vehicles except fork lifts need to be considered for
impact. Usually the structural members (e.g. columns) are somehow protected by façades, which
might mitigate the effects of the impact against the structural columns.
Multi-storey car parks are endangered by internal (with higher probability) and external vehicle
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impacts. Internal impacts are limited to cars and vans with a low velocity; the external impact is
characterized by the same parameters as the office building. Unlike office buildings, for car parks
the contribution of facades (if existing) is usually negligible.
For storage buildings external impacts of trucks as well as internal impacts of fork lifts are possible.
The velocity is in both cases most likely small. The building envelope of storage buildings mostly
consists of light elements.
2.4 Environment
Another aspect to differentiate the impact scenarios consists of the impacted structural member.
Columns are affected by frontal impacts and the impact area is limited by the width of the member.
However, if the impact happens on a wall, lateral impacts are probable and the area is equal to the
impacting part of the vehicle. The position of the impact area can be influenced by upward and
downward slopes. For flat terrain the impact height can be assumed as 0.5 m for cars or between 0.5
and 1.5 m for trucks. The area of impact should be considered with a height of 0.25 m for cars or
0.5 m for trucks and the width of the impacted member (max. 1.5 m).
2.5 Motivation
In standards only accidental impact scenarios are defined, in which the design parameters are based
on statistical data. These data do not include an intended vehicle impact e.g. undertaken as a
terrorist attack. Particularly the impact velocity can be considerably higher in such cases, while
other design parameters can be assumed as unchanged.
In the case of an intentional crash of the vehicle against a structure, the impact speed cannot be
estimated using the values indicated in 2.2. Generally it can be assumed that the crash speed will be
considerably higher, namely reaching the technical limits of the vehicle in the most unfavourable
scenario. The crash speed depends only on the vehicle type and the building localisation within the
street network. Here a detailed analysis of the obstacles that might be present in the pedestrian side
of the road are to be taken into account, as well as the level of the exposure of the building within
the street plan.

3.

Design Approach

3.1 General overview
In EN 1990 [6] in view of robustness the demand is formulated that “a structure shall be designed
and executed in such a way that it will not be damaged by events such as explosion, impact and
consequences of human errors to an extent disproportionate to the original causes”.
Detailed descriptions for handling an accidental design situation are considered in EN 1991-1-7
[1][1] where two different methods are given:
1. Strategies based on identified accidental actions
2. Strategies based on limiting the extent of localised failure
It may be recognized that EN 1991-1-7 distinguishes the strategies based on identified accidental
actions or on unidentified accidental actions. An introduction on the aspect of robustness according
EN 1991-1-7 is given in [7].
For application of the described methods it is important to consider the global system and the
individual members of the structure on one hand as well as the joints between these individual
members. Therefore the effects on the joints between column and beam as well as between column
and base plate have to be considered and the influence on the behaviour of these joints has to be
investigated.
3.2 Residual strength method
Steel and steel concrete composite columns are characterised by a highly ductile load deformation
behaviour, which enables them to withstand significant axial loads in spite of high lateral
deflections. As opposed to the key element design approach, which is implemented in EN 1991-1-7,
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the residual strength method utilizes this fact. Justified by the extremely low probability of
occurrence, severe damages at member level under exceptional loading are accepted within this
design concept. At the same time certain residual load capacities of the damaged members are
assumed to contribute to the prevention of global failure of the structure.
One requirement, which is crucial for the exploitation of residual load capacities, is the structural
integrity of the member. Therefore, not only sufficient plastic deformation capacity of the affected
member, but also ductile behaviour of the joints, needs to be assured. The high demand on the joints,
requires an adequate design and proper dimensioning of all components. Furthermore, high plastic
deformations of the loaded column are eventually associated with a stiffness reduction of the
element. As a consequence, adjacent members that are not directly exposed to the exceptional load,
need to own additional bearing capacities to allow for a partial load redistribution [8].
3.3 Alternate load path method
A strategy to limit the extent of localized failure is the enhanced redundancy of a structure that
allows the redistribution of loading by facilitating the transfer of action by alternate load paths [1].
The aim of the method is to activate unaffected structural elements in case of a column loss e.g. by
impact and to redistribute internal forces within the remaining structure.
As it is described in [9] and [10] the redundancy of the structure depends on one hand on the design
of the floor system and on the other hand on the design of the frames in the structure. Additionally it
is important to design highly ductile joints in order to enable large deformations in the structure
through development of plastic hinges in the joints. Enabling the activation of a tension band in the
frame or a 3D-effect of the floor system membrane actions of the slab or the girder may lead to a
second mechanism of load transfer and an increased carrying capacity. Therefore a detailed
knowledge of the behaviour and an accurate design of the structure and the individual members and
joints are necessary.
3.4 Combined Approach
In the current European project “RobustImpact” [11] the two design strategies “residual strength
method” and “alternate load path method” are combined to take advantage of each other, see Fig. 2.
Based on defined impact scenarios the dynamic behaviour of steel and composite columns
subjected to high dynamic loads is investigated. By adopting the residual strength method the
degree of structural damage is going to be defined. As a consequence undamaged, partially
damaged, totally damaged members are identified as it is shown in Fig. 2. If the column is only
partially damaged the residual strength of the column may be sufficient to maintain the loading
capacity of the structure. If the residual strength of the partially damaged column is not sufficient or
in case of totally damaged members the alternate load path method is selected as design strategy to
mitigate a progressive collapse.
In order to identify the influence of the partially or totally damaged column and the effects of local
failure on the global structural response different experiments are performed within the project as it
is represented in Fig. 3. These tests also form the basis of numerical calculations investigating the
various effects. As it is shown in Fig. 3 A and B impact tests on columns are performed in order to
obtain the energy absorption of the column. In addition the influence of mass and stiffness of the
adjacent structure and the influence of the joint behaviour on the column behaviour are considered.
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column nearly
„fully functional“

Structural response after accidental event

impact scenario to a column

Column is fully functional

column partially
functional

Column is partially
functional

Column is totally
damaged

Residual strength
method

+
alternate load path
method

alternate load path
method

mitigation of progressive collapse
column loss

Fig. 2: Structural response after an accidental event
As a result the impact capacity and the residual strength of the column will be evaluated.
Additionally the influence of strain rate effects is respected.
Considering the redundancy of the structure a 3D-slab system is tested (Fig. 3 C) investigating the
possibility of the two-way slab developing a 3D-membrane effect. Additional 2D-beam system tests
(Fig. 3 D) are performed in order to investigate the influence of the joint behaviour on the redun-

A

G
F

B
M

E

v0

additional loading by vertical jack

C

horizontal jack

bigbags filled
with sand

D
palette‐europe
safety device

Fig. 3: Overview on the experimental tests within the project
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dancy by the 2D-membrane effect. To evaluate the redundancy joint tests under combined M-Nloading (Fig. 3 E) are performed to obtain the M-N-phi behaviour and the deformation capacity of
the joints and expanding the range of tests investigated in the frame of an earlier RFCS research
project “Robustness” [12]. Within impact loading tests on beam-to-column joints and base plates
(Fig. 3 F) the strain rate effects and the effect of high shear forces are determined which will be
validated in additional T-stub tests (Fig. 3 G). An overview on the performed experiments is represented in Fig. 3 and the performance of the tests is reported in [13] and [14].

4.

Global structural response

Additionally to the investigations on behaviour of the individual members of the structure it is
important to consider the behaviour of the global structure. It is only possible to determine the
effects on the different structural members coming with the event loss of a column through this
consideration of the global structural response.
When a frame undergoes a column loss, two parts may be identified in the structure: the directly
affected and the indirectly affected one (Fig. 4). The directly affected are all beams, columns and
beam-to-column joints located above the lost column. The rest of the structure (i.e. the lateral
partitions and the storeys under the lost column) is defined as the indirectly affected.

Fig. 4: Directly and indirectly affected parts

Fig. 5: NAB-u curve

For a frame losing one of its columns (column AB in Fig. 4), the evolution of the compression force
NAB in the lost member vs. the vertical displacement (u) at the top of this column can be divided in
3 phases as illustrated in Fig. 5.
During Phase 1 (from (1) to (2) in Fig. 5), the column is “normally” loaded (i.e. the column
supports the loads coming from the upper storeys) and the compression load in the column before
its disappearance is defined as equal to NABnormal.
Phase 2 (from (2) to (4) in Fig. 5) begins when the column loss is initiated. During Phase 2, a
plastic mechanism develops in the directly affected part. Each change of slope in the curve of Fig. 5
corresponds to the development of a new hinge in the directly affected part, until reaching a
complete plastic mechanism (point (4) on Fig. 5).
Phase 3 (from (4) to (5) in Fig. 5) starts when this plastic mechanism is formed: the vertical
displacement at the top of the column increases significantly since there is no more first order
rigidity in the structure. Due to these large displacements, catenary actions are developing in the
beams of the directly affected part giving a second-order stiffness to the structure. The role of the
indirectly affected part during phase 3 is to provide a lateral anchorage to these catenary actions: the
stiffer the indirectly affected part is, the more catenary action will develop in the directly affected
part. In the extreme situation where the indirectly affected part has no lateral stiffness, then catenary
action may not develop and Phase 3 does not exist.
Part of the investigations conducted at the University of Liège within the RobustImpact project has
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been dedicated to the behaviour of the structure during Phase 3, the behaviour during Phase 1 and
Phase 2 being easily predicted. In particular, the objective was to develop an analytical method to
estimate the requested ductility of the structural elements of the directly affected part and the
redistribution of loads within the structure during this phase to be able to finally check if the
structure is able to reach point (5), i.e. the full removal of the columns which corresponds to the
worst situation for the frame. Indeed, this point is only reached if there is sufficient resistance and
ductility in the damaged structure to sustain these large displacements and additional forces coming
from the activation of alternative load paths.
In a first step, an analytical model able to predict the static response of a 2D-frame further to a
column loss has been developed [15] which, in a second step, has been extended to 3D-structures.
This analytical model is founded on the definition of a substructure model, as illustrated in Fig. 6,
and has been validated through comparisons to numerical and existing experimental results [16].
This model will also be validated through comparisons to the outcomes of the experimental tests
conducted within the RobustImpact project.
As the loss of a column associated to an impact can also induce some dynamic effects in the
structural response, a second analytical model has been developed to be able to estimate the
maximum dynamic displacement associated to the column loss on the basis of its static response
[17][1]. Knowing this maximum displacement, the maximum loads developing in the structure
through the activation of the alternative load path method can easily be predicted.
However, in order to apply this second analytical model, certain data have to be determined in
addition to the known geometrical and mechanical properties such as the speed of the column loss.
But, the column loss speed is also linked to the global response of the structure. So, it means that in
a next step of the project, the analytical model briefly introduced in this section will have to be
coupled with the models developed to predict the local response of the impacted column.

Fig. 6: Developed substructure model
Also, a last step will consist in implementing the effects of the membrane forces which could be
developed in the floor in the developed model, in particular when the slab is connected to the steel
beams forming composite members. These last steps will be realised during the last period of the
project.

5.

Summary and outlook

Within the present paper the background of the European project RobustImpact is presented.
Therein the robustness of a structure concerning the accidental action of an impact is considered.
Different impact scenarios are introduced and categorized. The two design strategies “residual
strength method” and “alternate load path method” are explained and the concept for a combination
of these methods for achieving a simplified approach for setting the event of a column loss is given.
A link between these two methods is realized considering the behaviour of the global structure for
different degrees of local damage. Within two additional papers [13], [14] the experimental
investigations executed within the project are represented and first results are shown.
As a main outcome of the project recommendations, guidelines and criteria for advanced impact
design of steel and steel-concrete composite structures will be developed enabling the utilization of

Safety, Robustness and Condition Assessment of Structures

45

the residual strength of column members after an impact and allowing a practicable use of the
alternate load paths method for beam- and floor systems, including the joints. Therefore simplified
and practical tools will be developed so that the redundancy and safety of structures will be
increased.
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Summary
Vulnerability of structures to progressive collapse and mitigation of the effects of local damages are
topics widely discussed. The studies worldwide carried out allowed identifying different design
strategies. However, specific knowledge is still limited and this gap is apparent in codes of practice.
A European project focusing on robustness of steel and steel and concrete composite structures
regarding the effects of impact recently started combining the 2 methods of residual strength and
alternate load path. In the framework of the project activities, the Authors aimed their studies on the
redundancy of the structure through slab-beam-systems and ductile joint as well as on the local
behaviour of the impacted members. For this analytical, numerical and experimental investigations
have been planned and executed. The paper describes the experimental activities related to the
investigations on the structural redundancy and presents the preliminary test outcomes.
Keywords: Robustness, alternative load path, redundancy, steel and concrete composite structures,
joint ductility, 3-D full-scale test, slab-beam-systems, steel joints, column bases, strain
rate effect.

1. Introduction
Vulnerability of structures to progressive collapse and mitigation of the effects of local damages are
topics widely discussed. The studies worldwide carried out allowed identifying two main design strategies: structural design based on certain levels of the accidental actions or strategies focused on the
mitigation of the damage caused by localised failures. The consequences that the structural failure
might produce guides the selection to the most appropriate design approach.
Design against accidental actions is usually based on the residual strength or the alternate load path
methods, and a combination of these strategies may lead to an especially effective and cost efficient
design for progressive collapse mitigation by redistributing the loads within the structure. The continuity of the frame and of the floor enable development of membrane action. They hence represent
essential factors contributing to a robust structural response. Therefore, the investigation of robust
design concentrates on the redundancy offered by the joints, including the column bases, and by the
3-D performance capabilities of the floor system.
A European project [1] focusing on robustness of steel and steel-concrete composite structures affected by impact is still ongoing, the key features of which are presented in a companion paper [2].
The main aim of the research proposal is the development and definition of a new combined robust
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design approach for impact loading and the derivation of design guidelines for advanced impact design of framed steel and steel-concrete composite structures. In the framework of the project the authors concentrates their studies on the redundancy of the structure through slab-beam-systems as well
as by ductile joint design. At this aim, analytical, numerical and experimental investigations have
been planned and executed.
The research project started from the “reference project” of a five-storey steel-concrete composite
structure selected as case study. The overall geometry of the building consists of a total height of 18m
with an inter-storey height of 3.60m, and the plan dimensions are 34.2m in the longitudinal direction
and 11.4m in the transverse direction. Two buildings have been designed differing only in the spans
of the transverse bays: equal in length in the first case and unequal in the second one. The design was
based on the relevant Eurocodes, and no seismic checks were carried out in order to decouple the
issues of seismic and of robust design. In order to approximate real practice, the following was
adopted: i) as to the materials, concrete C30/37, rebars grade B450C, structural steel grade S355, and
bolts class 10.9; ii) a solid slab with a thickness of 150 mm; iii) full shear connection between steel
beams and slab; iv) beam-column composite joints (including joints to the external columns) with
flush end-plate steel connections. Rolled sections IPE 240 and HEB 220 were selected for beams and
columns, respectively. The sudden loss of the column was identified as the accidental load scenario.
2-D and 3-D substructures were extracted from the reference building and experimentally investigated with the purpose to get an insight into the mechanisms allowing the activation of the alternate
load paths resources. A total of 8 tests were performed: 2 on 3-D full-scale specimens and 6 on 2-D
systems. Tests on 2-D systems investigated the response of both 2-D composite beam systems and of
the composite joints. Finally, impact tests on steel joints and column bases investigate the dynamic
response of these key structural elements and on the possible development of strain rate effects.
The paper illustrates the main features of both the specimens tested and the experimental campaign.
The preliminary results of the tests are presented and discussed.

2.

The 2-D response

2.1 General
Within the European project [1] and an additional German project [3] eight experiments on beam-tocolumn joints were executed at University of Stuttgart. Within these tests the deformability and the
ductility as well as the behaviour of the composite joint under combined bending and tensile load
have been investigated. Additionally the influence of a high loading speed, resulting from a sudden
column loss due to an impact, was considered. Furthermore two tests on 2-D frames were executed
aiming at the investigation of the development of the catenary action after a column loss within the
two-dimensional structure. The dimensions of the test specimens were extracted from the reference
structure in order to get the same dimensions for all the test specimens within the project in order to
have comparable test results.
2.2 Experimental investigations on composite beam-to-column joints
Within the composite joint tests a configuration with positive moment at the joint (JT 1) as well as a
configuration with negative moment at the joint (JT 2) were tested. Therefore it was possible to investigate the directly affected joint above the column loss as well as the indirectly affected joint at
the beam end next to the lost column. For the joints with positive bending moment (JT 1; see Fig. 1)
as well as for the joints with negative bending moment (JT 2; see Fig. 2) four different tests have
been performed respectively:
 JT 1.1 / 2.1: vertical load and normal load applied successively;
 JT 1.2 / 2.2: vertical load and normal load applied simultaneously with 1 mm/min;
 JT 1.3 / 2.3: vertical load and normal load applied simultaneously with 140 mm/min;
 JT 1.4 / 2.4: vertical load and normal load applied simultaneously with 70 mm/min.
The higher speed loads, chosen for the second part of the tests, resulting from the assumption that a
column loss is in reality a dynamic failure. The real speed that occurs at the top of the column have
to be obtained out of impact tests on the column. The experimental tests on the behaviour on the
column performed within the project are reported in [4].

48

IABSE WORKSHOP HELSINKI 2015

For all the tests a failure of endplate in bending with failure mode 2 (bolt failure with yielding of the
endplate) occurred as it was calculated in advance. Within the negative moment joint tests additionally the rebars failed which was also intended. From the results of the composite joint tests under
combined bending and tension exposure it can be concluded that the transition from pure bending
state up to a membrane state in the joint is possible.
The resistances calculated for the design of the joint specimens considering already over-strength
effects could be exceeded within the experimental tests. The influence of the load speed with which
the load was applied on the rotational capacity of the joint was in fact low.
2.3

Experimental investigations on 2D frames

In order to simulate the load history developing
before and during the loss of a column, 2-D
frame tests were performed according to the
following procedure: in a first step a uniformly
distributed preload was applied simulating the
reaction of the variable loads and the concrete
slab on the beam. In a second step the central
column of the frame was removed to observe
the free deflection of the joint. Additionally
further deformation was applied on the joint
through a vertical force on the central column.
When reaching large deformation of the middle column a tension band should be activated
Fig. 1: Positive moment joint tests.
and additional horizontal force be applied on
both sides of the test specimens in order to simulate the undamaged part of the building as it
is explained in [2]. Within experimental tests
in an earlier RFCS project “Robustness” [5]
the activation of catenary action could be obtained with different dimensions of the test
specimens and joint layout.
As in the first Frame Test (FT 1) the activation
of catenary action could not be achieved the
configuration of the second 2-D-frame test was
modified so that larger bolts were used and the
distance of the bolts to the web of the beam was
increased in order to reach a higher rotation caFig. 2: Negative moment joint tests.
pacity of the joints. Hence in FT 2 due to ductile design of the joint with sufficient rotation
capacity it was possible to activate the normal
force to enable large deformations (see Fig. 3).
The deformations developed at the external
(negative moment) and at the internal (positive
moment) joint are shown in Fig. 4. While failure of the rebars at the external joints occurred
during the test (FT 2), there was no failure at
the steel members of the joints until the end of
the test.
The effect of catenary action is shown within
the load-displacement-curve of the middle column in Fig. 5 where the activation of tension
Fig. 3: Deformed 2D frame test FT 2.
band is represented. Through the activation of
the normal force at 360 mm deflection it was possible to increase the applied vertical load of the
system. The test showed that large ductility and residual resistance remained in the system even when
the concrete slab and the rebars failed, however the pure steel joint allowed increasing the rotations
and developing membrane forces.
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2.3.1 Further investigations
In further investigations it is necessary to perform numerical recalculations of the experimental investigation in order to receive detailed information on the precise behaviour of the composite joint
and to increase the number of parameters influencing the composite joint behaviour.
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Fig. 4: Deformed ext. and int. joint of FT.

Fig. 5: Load-displacement-curve at middle column

3. The effect of impact
Within the project [1], 44 experimental impact tests are performed at the University of Liege:
 22 tests on steel beam-to-column joints;
 22 tests on column base joints.
The objective through the performed tests is to investigate the response of different joint components
under impact loading, for different levels of energy (small, medium and high levels), and to compare
this response to the one obtained through a static test to highlight the possible dynamic effects and,
in particular, the possible strain rate effects. Also, the obtained results will be used for the validation
of analytical models to predict the dynamic response of joints which are under development.
The following joint components are investigated within the conducted test campaign:
 For the beam-to-column joints:
o the end-plate in bending (EPB);
o the column flange in bending (CFB);
o the beam flange in compression (BFC);
o the column web in compression (CWC).
 For the column base joints:
o the concrete block under tension with ductile or non-ductile failure modes;
o the end-plate in bending.
For the beam-to-column joint tests (see the testing setup in Fig. ), an actual joint configuration (called
“real joint”) has been designed first. Then, starting from this real joint, modifications have been made
to “isolate” the components to be tested and to observe the failure mode associated to the studied
components. Accordingly, 5 different specimen configurations have been designed (1 for the real
joint and 4 for the different components to be tested).
However, some properties are common to all the tested beam-to-column joints:
 used profiles: S355 IPE180 for the beams and S355 HEB140 for all the other columns;
 the length of the beams is governed by the dimension of the used testing machine, knowing that
the spacing of the beam support is equal to 1.6m;
 the web stiffeners placed on the beam, at the position of the beam supports, to avoid the buckling
of the web under the associated concentrated loads;
 a 50mm thick plate was placed at the top of the column, where the mass impacted the specimen,
to redistribute the impact load within the column;
 the welds have been designed to be full strength (for S355): a > 0.55t with a, the throat radius of
the weld and t, the maximum thickness of the assembled plates;
 when bolts are used, they are placed with the same pitching.
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For the measurements during the
impact tests, two sets of two high
(from 100kg to 220kg)
speed cameras have been used to
Maximum drop height of 5m measure the global displacement
of the specimens and the defor750
15
mation of some specific parts of
1
the tested specimens.
n
In Fig. 7, first results may be obm
u
l
served. It can be seen on this figo
C
ure that for the joint component
“Beam flange in compression”, no
strain rate effects are observed as
the loads associated to the maxi1600
mum displacements observed during the impact tests correspond
Fig. 6: Global configuration and testing setup for the beam-to- exactly to the static response
column joints .
while for other components, such
as the “column web in compression”, significant strain rate effects are observed as the loads associated to the maximum displacements is higher than the ones observed through the static response.
Impacting mass

m
m
5
=
s
d
l
e
w
t
e
l
l
i
F

460

5
m
a
e
B

5
m
a
e
B

Maximum displacements
through impact tests

Static response

Maximum displacements
through impact tests

Static response

Fig. 7: First experimental results for the beam-to-column joint tests – Applied load vs. vertical
displacement of the column.
For the column base joints, it is also intended to test the behaviour of different joint components under
impact:
 the concrete block under tension with a ductile failure mode (using 1 stirrup or 2 stirrups);
 the concrete block under tension with a non-ductile failure mode and no stirrups;
 the end-plate in bending.
For these specimens, the global configuration of the column base to be tested has been proposed by
the University of Stuttgart. The tested joint configuration and the testing setup is given in Fig. 8. The
test campaign is still under progress and results are not yet available.
IMPACT
1100

L > 1100 mm -H > 400 mm - W > 1000 mm
HEB 140
Threaded bar

H

W

Base plate

Embedded plate

Headed stud
Stirrups
L

Strong floor of the lab
L

Fig. 8: Tested joint configuration (with two stirrups) and testing setup.
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4. The 3-D response
4.1
General
The experimental contribution of the University of Trento to the project [1] aims at investigating on
the redundancy contribution offered by the floor system and the framed structure including the joints
and column bases. For this aim two tests on substructures representative of the first floor of the reference building, assumed as case studies, were planned. Fig. 9, which shows the floor plans of the
two specimens (see the blue dotted squares), allows identifying the position of the specimens with
respect to the full framed structures. In both the tests the collapse of the central column (highlighted
with a red circle in the figure), is simulated.
SYMMETRIC SPECIMEN

AYSMMETRIC SPECIMEN
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Fig. 9: The full-scale specimens (plan view - measures in mm).
In order to analyse
substructures representative of the reference building, a
detailed design of
z
suitable restraints of
y
the specimens was
x
required. The rex
straints in fact assume the key role to
simulate the presence of the remainFig. 10: The restraints of the symmetric specimen.
ing part of the structure. For the prediction of the behaviour, refined Finite Element Models of the full-frames and sub-frames were developed by using the Abaqus program. The analyses, which simulated the test's conditions, allowed
identifying the boundary restraint conditions shown in Fig. 10. The details and outcomes of these
preliminary analyses are reported in [6].
The planned ‘loading’ sequence consists of three steps. In the first step, the factored vertical design
load is applied onto the slab, so defining the condition before the column's collapse, in the second
step the ‘central column’ is gradually ‘removed’ simulating the column collapse in consequence of
an accidental action. In order to get an appraisal of the available safety margin, as a third step, a
tension force is applied at the lost column location and increased until a substantial distress of the
system is observed.
4.2
The catenary and the slab action
The test on the symmetric specimen was already performed, while the second test is in progress.
The results presented in the following are hence related to the symmetric specimen.
Fig. 11 illustrates the specimen at the end of its construction and after the application of the load onto
the slab. As it can be observed in the figure on the right, the load was simulated with sacks filled with
sand reproducing a uniform distributed load of 8,8kN/m2. The central column was simulated by
PLAN VIEW

ELEVATION VIEW
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means of a hydraulic jack which, during the 'constructional phases', was held in place in a non-operating state. The central beams were hence held in position by means of props which were removed
just before the beginning of the test.
The considerable amount of
parameters affecting the response required an accurate
selection of the quantities to
be measured. The attention
was mainly focused on the
response
of
columns,
beams and beam-to-column
joints. During the test, all
the instruments’ signals, including the load cell conFig. 11: The specimen of the symmetric frame.
nected to the hydraulic jack,
were logged with a frequency of 2Hz.
The test comprised the following phases:
1- "Activation" of the hydraulic jack and removal of the props. The load measured by the loading
cell was of 228kN and represents the self-weight portion of the specimen sustained by the central
column;
2- Application of the vertical load to the slab. At the end of this phase the load applied to the central
column was of 668kN;
3- Gradual removal of the column simulated by reducing the pressure of the hydraulic jack down to
zero. The vertical displacement of the central joint was of about 157mm;
4- Stabilization of the specimen with the vertical displacement of the central joint increasing to
163mm;
5- Application of a tensile force increasing up to the end of the test. The final tension load was of
300,9kN and the vertical displacement was 305mm.
Fig. 12 illustrates the deformation of the specimen at the end of the test (Fig. 12a) and the loadcentral joint vertical displacement relation (Fig. 12b). At a load of 286,8kN in tension the collapse of
a bolt of the bottom row of a connection at the central column took place (Point A in Fig. 12b). The
test continued up to a load of 300,9kN when the second bolt in the same row fractured (point B in
Fig. 12b).
b)

Tension Compression

a)

800

Load (kN)

600
400
200

Vertical displacement (mm)

0
-200
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100

200

300
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A
Fig. 12: a) Specimen at the end of the test; b) Load-displacement curve of the central column.
-400

The visual inspection of the specimen allowed identification of significant deformations of the external columns mainly concentrated at the beam-to-column joint. A concentrated ‘rotation' of the column
revealed the plastic shear deformation of the columns web panel. Furthermore, the mechanism of
force transmission between column and beam induced compression at the beam lower flange with
associated instability phenomena. Horizontal cracks developed in the slab over the thickness on the
outer side of the slab at external columns associated with the transmission of shear forces between
concrete slab and column. As to the crack pattern (Fig. 13), the evolution observed at the bottom side
of the slab confirmed the stress distribution calculated by numerical analysis.
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The test has been recently
performed.
The results are still
under evaluation and
no detailed conclusion can be drawn.
However, test's results pointed out the
potential robustness
ensured by the flooring system. The ductility of the beam-tocolumn joints are

also confirmed to play an important role.
5.

Summary and conclusions

A European project [1] focusing on robustness of steel and steel-concrete composite structures recently started aiming at contributing to the development of a combined robust design approach for
impact loading. In the framework of this research project the authors mainly concentrated on their
research on the redundancy of the structure through slab-beam-systems as well as by ductile joint
design. A wide experimental campaign was hence planned which comprises tests on 3-D full-scale
specimens and on 2-D composite beam systems and composite joints systems. Moreover, in order to
investigate on the dynamic response of key structural elements and on the possible development of
strain rate effects, impact tests on steel joints and column bases were also planned. The preliminary
results of the tests, which are still in progress, allow pointing out the moderate influence of strain rate
on both the beam-to-column joints and on the main joint components. 2-D and 3-D tests’ results
pointed out the potential robustness ensured by the membrane action developed by the flooring and
the framed system. The important role of the ductility of the beam-to-column joints has also been
confirmed.
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Summary
Determination of the residual strength of an impacted steel member requires sufficient knowledge
about the deformations caused by the impact. Within this paper, results of six vehicle impact tests
on steel columns are presented. By varying the boundary conditions of the impacted member and
the attached mass at the column head it was possible to study experimentally the influence of
various types of interaction between the column and the surrounding structure. State of the art
commercial software (LS-Dyna) was used to perform verification of the experimental tests with
refined finite element models. In a second step, innovative analytical models were developed to
determine the member behaviour under impact loading and the remaining bearing capacity in a
simplified way, while taking the interaction with the surrounding structure into account.
Keywords: Robustness; Impact; Residual strength; LS-Dyna; SDOF; TDOF.

1. Introduction
The European project “Robustimpact” aims at the development of an innovative design concept that
helps to properly assess and improve the resistance of steel structures subjected to impact loads.
Two fundamental design strategies, the residual strength method as well as the alternate load path
method, are followed and combined to one final, advanced concept. Results obtained from
investigations on the residual strength method are presented in this paper. Two additional papers,
parallel submitted to this workshop, cover detailed information regarding the overall project [1] and
the progress on the alternate load path method [2].
The residual strength method is a design concept that aims for high energy dissipation through
plastic deformation of the impacted member, exploiting the extremely ductile behaviour of steel,
while providing sufficient residual strength for global structural stability after the impact. The level
of residual strength of an impacted steel member highly depends on the deformation caused by the
impact since lateral deflections of the member imply additional bending moments due to axial
loading. Steel members are typically characterised by a high slenderness ratio which means that not
only bending, but also stability failure must be considered as a possible failure mode.
In general, the level of deformation caused by impact loading can’t be assessed properly without
taking the correct boundary conditions as well as the stiffness and mass of the surrounding structure
into account. Earlier studies [3] have shown, that the inertia of the connected mass provides
significant axial restraint during the first phase of the impact, resulting in decreasing deflections at
the point of impact.

2.

Impact tests

To investigate the response of an impacted member, six slightly downscaled vehicle impact tests
(2:3) were performed at RWTH Aachen University. Three different support conditions for the

Safety, Robustness and Condition Assessment of Structures

55

column were examined, including a simply supported column (ideally pinned) with and without a
concentrated mass attached to the column head as well as a column with realistic boundary
conditions and connections at column base and column head. By varying the boundary conditions
and attached mass the influence of various types of interaction between the column and the
surrounding structure was assessed experimentally. For the columns a HEB 140 steel section was
selected; the nominal yield strength of the material was 355 MPa (coupon tests indicated 6%
overstrength). Also the velocity of the impact body varied to achieve different degrees of
impairment and residual strengths of the column. Table 1 summarizes the test program and the
varied parameters.
Table 1: Overview of the test program
Column head

Column configuration

Column base

m0

2.5 m
1,5 t

8 m/s #1-2
10 m/s #2-1

HEB 140, S 355

10 m/s #2-2
m0 , v0

7t

Test

10 m/s #1-1
0.785 m

7t

v0

8 m/s #3-1
1,5 t

10 m/s #3-2

For testing, the columns were arranged horizontally in front of a retaining wall with the strong axis
of the steel section orthogonal to the loading direction. The dimensions of the column and the
height of impact were restricted by the testing facility and can be looked up in Table 1. For test #2-1
& #2-2 a seven ton mass was connected to the pin joint at the column head. For test #3-1 & #3-2 the
total length of the column was increased to 3.0 m with a realistic column-beam connection at a
‘height’ of 2.5 m and the mass rigidly connected at 3.0 m (see Figure 1). In all tests the mass was
supported by round steel bars to allow for free movement in axial direction of the column.
As an impactor, a very stiff impact moving
barrier was used which was adjusted to a
weight m0 of 1500 kg. For the impact tests it
was accelerated to a final impact velocity v0 of
8 or 10 m/s. The kinetic energy, stored in the
impact vehicle at the time of the impact
amounted to 48 or 75 kJ, respectively. A block
of aluminium honeycombs was mounted in
front of the impact moving barrier to account
for an idealised elasto-plastic forcedisplacement behaviour, which corresponds to
the crashworthiness of a standard passenger
vehicle. The plastic strength of the crush-area
Figure 1: Photo of test setup for impact test 3-1/2
was determined to 300 kN under loading in
axial direction by preliminary tests. With a crushable length of 320 mm, a total plastic energy of
around 96 kJ could be absorbed by one honeycomb block. A steel plate was placed in front of the
block to cater for a uniform load distribution in the honeycombs.
The columns were equipped with strain gauges in three different beam sections. Additionally
optical marks were glued along the beam axis to allow for the extraction of displacement
information from video footage, which was captured with a high speed camera (2000 fps).
Acceleration sensors were placed at the point of impact on the column, at the centre of gravity of
the impact vehicle and at the head mass. Draw wire sensors were connected to the supporting
structure and to the head mass to track displacements of the supports and of the head mass. Force
transducers were used to measure the force between the block of honeycombs and the impact
vehicle (which corresponds to the contact force at the impacted section). For tests #2-1/2 and #3-1/2,
additional force transducers were deployed to gauge the forces transferred between the head mass
and the column head.
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Results of the experimental tests are presented together with the outcome of the numerical
recalculations in chapter 3.2.

3. Numerical recalculations
Detailed Finite-Element models were deployed to perform numerical verification of the impact tests
described in Section 2. For this purpose, the software LS-Dyna was used which is a powerful and
proven tool for highly nonlinear problems in the short-term dynamic regime.
3.1 Model description
For the modelling of the steel column, endplates and the beam, connected to the column in test #3-1
and #3-2, shell elements (Belytschko-Tsay
formulation) with a linear shape function and
5 integration points through shell thickness
were
used.
Belytschenko-Wong-Chiang
warping stiffness was added to increase the
accuracy of the elements. The shells were
discretised with a quadrilateral mesh, with an
average element edge length of 10 mm. The
impact moving barrier, including the block of
honeycombs and the steel plate, used for load
introduction, were modelled with hexahedral
solid elements (single point integration
formulation, type 1). Element edge lengths of
10 to 25 mm were applied for the deformable
parts. In preliminary studies, a finer
discretisation did not increase the quality of
the results significantly. Proper hourglass
control settings were applied for each element
type to minimize the impact of zero energy
Figure 2: Model for recalculation of test 3-1/2
hourglass modes.
An isotropic, multilinear material law was used to describe the stress-strain relationship of the S355
mild steel. The multilinear curve was adjusted to fit to the stress-strain curve obtained from tensile
tests on the base material. LS-Dyna offers two material models for the description of honeycomb
material which were investigated in preliminary studies. Although recommended element
formulations
and
hourglass
control
preferences
were
set,
the
usage
of
Mat_126_MODIFIED_HONEYCOMB resulted in an emergence of significant hourglass energy in
the honeycomb block (50% of the internal energy stored in the honeycomb after impact).
Mat_26_HONEYCOMB was found to give much better results in this respect (with hourglass
energies around 5% of the internal energy). The axial behaviour of the honeycomb was determined
in static and dynamic (droptower) compression tests at RWTH Aachen and could be described as a
bilinear function until fully compressed (at a total compression of 80%). However, the behaviour
under off-axis loading was not assessed experimentally. Instead, assumptions for off-axis behaviour
of the honeycombs have been met, based on current literature, e.g. [4]. All other parts of the impact
moving barrier were modelled as non-deformable (rigid) bodies.
The hinges as well as the connection of the head mass were idealised as nodal rigid bodies with
certain boundary conditions at their centre of gravity. To capture the effects of the impact load on
the bolted, semi-strength connection, used in the experimental tests #3-1/2, a more detailed, realistic
approach was followed. The shank of each bolt was modelled as an elastic spotweld beam and
connected to circular shell plates at both ends, which represent the bolt head and the nut. Contact
between the bolt shank and the bolt hole was established with the use of several elastic springs that
behave very stiff under compression and soft in tension. An initial axial force was applied to the
spotweld beams whereby the connected plates were compressed between the bolt head and the nut.
The preload in the bolts and gravity load was initialised in a separate dynamic relaxation phase
before the impact phase.
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Results
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Within this paper, only selected examples of results can be shown and discussed for brevity. The
contact forces between the impact moving barrier and the column as well as the lateral
displacements of the column at the point of impact are shown in Figure 3. Results of the
experimental tests are represented as solid lines, whereby the numerical results are plotted in dashed
lines. In the first phase of the impact, the contact force oscillates at an almost constant level. It can
be observed, that the peak contact varies only slightly in all tests, despite the differences in the test
configurations. However, there is a big difference in the column displacement at the point of impact.
As can be expected, the simple supported setup without head mass and an impact speed of 10 m/s
shows the highest deflections (300 mm plastic deformation) while the setup with the semi-strength
connections and the connected head mass undergoes the lowest deflections (50 mm permanent
deformation). The measured deflections in Test #2-1 and #2-2, which basically had identical test
parameters (simply supported; with head mass; same impact velocity) differ significantly from each
other (25% lower deflections at test #2-1 compared to #2-2). In both tests not negligible
deformations of the support structure were observed, which could be the reason for the notable
difference.
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Figure 3: Contact Force between column and IMB (left), displacement at the point of impact (right)
The energy stored in the column can be determined by integrating the force-displacement data
shown in Figure 3. Furthermore, the deformation energy of the aluminium honeycombs can be
evaluated by integrating the force over the relative displacement between the impact moving barrier
and the displacement of the column at the point of impact. Finally, the kinetic energy of the impact
moving barrier and the head mass, considered in test #2-1/2 and #3-1/2, can be calculated as a
function of their velocity. The total energy is obtained by summing up the separate values. The
energetic (re-)distribution during the tests is shown in Figure 4.
Although the energy balance is not perfectly constant (e.g. friction work, thermal energy are
neglected) it can be stated, that all relevant work portions are considered. The maximum deviation
between input and output energy (10%) can be noticed in test #2-1. During this test, the head mass
moved more than 60 mm in axial direction and strongly oscillated after the impact. Additionally,
parts of the supporting structure slipped at the retaining wall. This resulted in additional energy
dissipation through friction, which is not accounted for in the energy balance.
The kinetic energy is converted mainly into deformation energy in the steel member and the block
of aluminium honeycombs. Since the plastic resistance of the honeycombs is slightly higher than
the load that causes the formation of a plastic hinge in the simply supported case but lower than the
one that is needed to initiate yielding in the realistically supported member, the ratio of the energy
stored in the column and the energy in the aluminium honeycombs differs strongly from one test
setup to another. This fits to the finding that the contact force seems to be roughly the same for all
test setups, although the lateral displacements of the column at the point of impact differ
significantly. The kinetic energy, done by the head could not be calculated for test #2-1, since no
acceleration signal was measured during that test.
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a) Test #1-1
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c) Test #3-2
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Figure 4: Energy (re-)distribution during tests with different setups

4. Development of analytical models
This section focuses on the development of a simple model to study the behaviour of a steel column
under impact loading taking into account the restraint from the surrounding building. The model
can be simplified by a single DOF system so that the contact problem can be solved without much
effort. Biggs introduced a first attempt to determine the equivalent factors for the simple model
from the real column in [5], which was adopted in several studies. However, Biggs model does not
account for the catenary effect, which can increase the robustness of axial restraint members
significantly.
4.1 Simplified model: rigid beam elements with semi rigid connections
As can be seen in Figure 5, for the approach presented in this paper, the column is idealised with
two separate rigid beam elements connected with rotational springs. The model is based on the
assumption that the external energy converts only to deformation energy of the plastic hinges.
Consequently bending and axial stiffness of the column are neglected. The moment rotation
relationship of the rotational springs is described by the elastic-perfectly plastic constitutive law.
The principle of virtual work can be applied to the system shown in Figure 5 in the following form:
F v  2M   k xu u

With:
v
 v  L cos
L

and
Lu
 u  L sin 
cos 
L
2 M  k x uv
F
; u  L  L2  v 2
 L  u

sin  

b) Test #2-1

80

80

(1)
v
L
Lu
cos 
L
sin  

 

 v  L cos
 F  L  u   2 M  k xuv    0
 u  Lsin 
(2)
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Figure 5: Model development: plastic hinge model and rigid beam-element system
The force-displacement relation given in eq. (1) provides a curve as shown in Figure 6.
4.2 Impact loading
The time stepping scheme for the non-smooth
dynamics was developed by Moreau, J. J. in
1999 [7]. His scheme has been a fundamental
concept for later studies such as [6]. However,
the Moreau mid-point rule is an explicit
scheme, which shows convergence problems
in case the time increment is not small enough.
To ensure conservation of energy and
momentum and to avoid the small time
increment condition, an implicit mid-point
algorithm is used to solve the differential
equation.
Figure 6: Force displacement curve (Static case)
Within this work a simple example of a
collision between a rigid mass (m2) and a
mass attached to the simple model (m1) illustrated in Figure 7 is reviewed. The generalized
displacement, generalized velocity, and the mass matrix are given below:

v 
v  1
 v2 

v 
v  1
 v2 

;

;

m 0 
M  1

 0 m2 

The gap function, relative velocity and force direction are provided respectively with:
 1
g N  v2  v1 ; wN   
1

;

 N  wN v

The impact law is described following Newton’s approach:

 N   N

;

gN  0

where  N and  N denote relative normal contact velocity after and before impact. ε describes the
coefficient of restitution.
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During open contact (gN > 0), the motions of the two masses
are governed by the following equations of motion:

kx

Mv  F  0

With:

(3)



 2 M  k v L  L2  v 2
x

F

L2  v 2







0




T

When the contact is close, the motion can be either smooth or
non-smooth. It is smooth when the velocities of the masses in
the system are still continuous in respect to time. In this case,
the equation of motion is given by:

Mv  F  wN N  0

v1 , v1

(4)

where N is the contact force. In the non-smooth case, the
equation of motion is given as:

v2 , v2
m1
m2

Figure 7: unilateral contact model

Mv  F  wN  N  0

(5)

To avoid dealing with two separate equations for the close
contact motion, Moreau [7] used a set of measure-differential
equations to combine the two equations into the one shown
below:

Mdv  Fdt  wN d N  0

(6)

with dv  vdt   v   v   d and d N  N dt    N   N  d . Equation (6) is derived using midpoint prediction in the following manner:
M  vn1  vn   Fn 1 dt  wN  N  0

(7)

2

With displacements, velocities and accelerations given as:

vn  1 
2


v  v 
1
2  v  v 
 vn1  vn  , vn 12  n1 n , vn 12   n1 n  vn 
2
dt
dt 
dt


(8)

For this special case of unilateral contact, the impulsive/contact forces are calculated using a
proximal algorithm which is the solution to normal cone inclusion describing the set-valued force
law, as given below:
 kN1  prox


0



k
N

 r N   max   kN  r N  ,0 ;  N   N   N

(9)

where the arbitrary factor is defined by:

r

m1m2
m1  m2

(10)

Figure 8 shows the energy redistribution from mass m2 to the system of mass m1. The total energy
here refers to the remaining energy after the energy loss due to the inelastic collisions (ε = 0.8) and
yielding of the hinges.
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Figure 8: Total energy (left) and displacement of the two masses (right)( m23m1, ε = 0.8)

5. Summary and outlook
Within this paper, recent findings, resulting from the work on the European project “Robustimpact”
are presented. Impact tests were carried out to determine the response of an impacted column under
various boundary conditions. Detailed Finite-Element models have been developed and calibrated
with the experimental tests. These models will be used to augment additional impact scenarios in
future work. Simultaneously an analytical model was developed to study the behaviour of an
impacted column in a simplified way. The model presented herein is capable of determining the
response of the idealised column due to impact loading, considering the boundary conditions of the
column, the effect of axial restraint from the surrounding structure as well as second order effects.
However, axial and bending stiffness of the member is still disregarded, which could be considered
by introducing additional springs. Furthermore, the model will be extended to account for the
general case of acentric loading.
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Summary
The aim of this paper is to study a beam extracted from a frame and subjected to blast loading. The
demand of ductility depends on six dimensionless parameters: two related to the blast loading, two
referring to the bending behaviour of the beam and two corresponding to the dynamic behaviour of
the rest of the structure. We develop a full analytical procedure that provides the ductility demand
as a function of these six dimensionless parameters.
Keywords: analytical procedure; blast loading; membrane force; p-I diagram.

1. Introduction
Recent standards or norms are concerned about the need to confer robustness to structures subjected
to exceptional events such as natural catastrophes, explosions or impacts, in order to avoid their
progressive collapse.
An accurate finite element modelling of frame structures under explosion is expensive and simpler
analysis tools are welcome. A simple model of the system is developed with a condensation of the
rest of the structure usually referred to as the Indirectly Affected Part (I.A.P.). In this perspective,
this paper focuses on the determination of the required ductility of frame beams subjected to a blast
loading considering the effects of lateral inertia and restraint.
In the literature, the conversion of a continuous beam to an equivalent elastic perfectly-plastic
single-degree-of-freedom (SDOF) system is suggested in order to develop its corresponding p-I
diagram [1]. Some full analytical formulae are proposed to derive the p-I diagram curves [2].
However, the development of internal forces is assumed to be elastic perfectly plastic curve,
neglecting any hardening effect such as the development of the membrane action.
Langdon and Schleyer presented a model of a beam subjected to blast loading, including some
lateral and rotation restraints at the ends as well as the action of the membrane force [3]. Fallah and
Louca proposed to derive a p-I diagram for an equivalent softening or hardening SDOF models
substituting the structural behaviour of a corrugated wall by an equivalent bi-linear resistance vs.
displacement curve [4].
The aim of this paper is to establish the
p-I diagram of a frame beam subjected
to a close-field local internal blast
loading including the effect of
nonlinear membrane action, the
bending
moment-axial
plastic
resistance interaction curve of the
beam as well as the dynamic
interaction with the reduced model of
the I.A.P. of the structure. A full
analytical iterative procedure is
provided
depending
on
six
dimensionless parameters.
Fig. 1: (a) Sketch of the considered problem, (b) Idealized
blast loading, (c) Axial force-bending moment interaction
law.
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2. Problem formulation
2.1 Description of the problem
The main challenge is to develop a full analytical procedure to design a beam extracted from a
frame and subjected to blast loading. We considered that the I.A.P. of the structure provides a lateral
restraint and inertia to the beam. Moreover, the beam is studied in large displacements and small
rotations.
The beam is assumed to be under a uniformly distributed blast loading p(x,t), see Fig. 1. The beam
has a length 2l and is characterized by a lineic mass ms, and an equivalent elastic bending stiffness
ks.
Specific to this problem is the lateral restrain K* and the mass M* that materializes a horizontal
restraint as well as a participating mass; they model the passive interaction of this beam with the
I.A.P. of the structure. The loading is assumed to develop synchronously along the beam and is
idealized as a triangular pulse, see Fig. 1, so that

 t 
(1)
p t   p 0  1  
 td 
where t represents the time variable, p0 is the peak blast pressure and td is the positive phase
duration. The momentum I associated with this pressure field is thus given by
I  p0tdl .

(2)

This problem has been studied numerically by performing the (p0,I) diagram [5] which gives the
maximum response of the beam for various blast durations and intensities.
Further to the explosion, the bending plastic mechanism is formed and the membrane force rises
while the mid-span displacement becomes larger. A general M-N plastic interaction between the
bending moment M and the axial force N is introduced in the model
β

α

 M 
 N 
(3)

  γ 
  1
 M pl 
 N pl 
where Mpl and Npl are the plastic bending and axial resistances. Symbols α, β and γ depend on the
shape of the cross-section properties [6]-[7].

Several assumptions are adopted: (i) the lateral restraint remains elastic; (ii) the beam-to-column
joints are perfectly rigid; (iii) the axial elongation of the beam is neglected; (iv) the material is
elastic-perfectly plastic; (v) the strain rate effect is not considered; (vi) the travelling hinges as well
as the shear mode failure are not included in our study; (vii) the analysis is performed in large
displacements/small rotations.
2.2

Equations of motion

The equation of motion is obtained by differentiating the energy conservation law with respect to
time and dividing by the velocity
2
2

* X 
* XX
 Fint ,b X , X , X  Fint ,K  X   pl
(4)
 Ms  4M 2  X  4M
l 
l2

where Ms=2msl/3 is the generalized mass corresponding to the assumed kinematics. The equivalent
internal force in the beam, the lateral restraint and the membrane force are respectively given by
ks X (for X  Xy )

(5)
F int,b   4
 M N X , X , X  (for Xy  X and X  0)
l
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X3
F int,K  2K 2
l
*

N

(6)


2  * X2
X
 M pl  M * X 2  XX  .
K

l 
2
l






(7)

where Xy is the displacement of the beam when the plastic mechanism is formed.
2.3 Scaling and dimensionless formulation
Introducing reference scales, in length Xy and in time T  Ms / ks (which corresponds to the
characteristic period of the elastic beam without lateral restraint and inertia), the dimensionless
equation of motion of the structure can be written as






τ 
(8)
θ 2X 2  X  ψM θy 2XX 2  Fint ,b X , X , X  Fint ,K  X   p 1  
 τd 
where X  X / Xy is the dimensionless displacement, τ=t/T is the dimensionless time, τd=td/T is the
dimensionless loading duration, ψM=4M*/Ms is the ratio of the lateral mass to the mass of the beam,
ψK=K*/ks is the ratio of the lateral restraint to the stiffness of the beam, θy=Xy/l is the yield rotation,
p  p0 / ps is the dimensionless peak overpressure of the blast loading, ps=4Mpl/l² is the static
pressure at which the plastic beam mechanism is formed and,
X for X  1
Fint ,b  
(9)
Fint ,b 



psl
m n X , X , X  for X  1and X  0

Fint ,K
(10)
Fint ,K 
 2ψK θy 2X 3
psl
The dimensionless axial force n=N/Npl and its interaction with the dimensionless bending moment
m=M/Mpl are given by:

1  ψ

M y











n  4ξθy X  2ψK X 2  ψM X 2  XX 



(11)

m β  γn α  1

(12)

where ξ=(Mpl/2l)/Npl is the ratio of bending to axial strengths.
The set of Equations (8), (11) and (12) is solved by using the nonlinear Newmark algorithm in order
to obtain the maximum response of the beam , i.e. the demand of ductility of the beam.
In our model, the demand of ductility μ is only ruled out by these dimensionless numbers
ψK , ψM , ξ , θy , p , τ d .
US Army Standards [8] provide guidelines regarding the targeted ductility demand μ for steel beam
that should not exceed 10 to ensure
the protection of staff and equipment
(category 1) and 20 for the protection
of structural elements themselves
(c)
(a)
(b)
(category
2).
Fig. 2: Steel structure configurations with IPE 270 beams
(5,4 m), HEA240 columns (4,5 m), CHS 175x5 braces The dimensionless parameters ψK and
ψM depend on the stiffness and the
and a linear mass of the floor equal to 2500 kg/m.
inertia offered by the I.A.P. of the
Table 1: Orders of magnitude of the parameters ψK and structure and can be determined by
carrying out a static condensation of
ψM for the example structures in Fig. 2.
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Structure
(a)
(b)
(c)

ψK
0.3
0.64
1.17
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ψM
6.2
14.8
24.5

the mass and stiffness matrices of the
structure.
In Fig. 2 (a), the structure present a low
lateral restraint and inertia. At the
opposite, the braced frame in Fig. 2 (c)
Table 2: Minimum and maximum values of the dimen- offers a large stiffness to the relative
chord elongation of the beam. The
sionless parameters ξ and θy [mrad] for steel beams values of the parameters ψ and ψ are
K
M
with S355 steel grade according to span-to-depth ratio. given in Table 1.
Ratio 2l/h [-]
15
20
30
The dimensionless parameters ξ and θy
2.2
1.7
1.1
min(ξ) [%]
depend only on the properties of the
2.8
2.1
1.4
max(ξ) [%]
profile and its span.
9.3
12.4
18.7
min(θy) [mrad]
shows the orders of magnitude of these
11
14.6
22
max(θy) [mrad]
parameters according to the ratio of the
span-to-depth ratio 2l/h of the beam. These figures are obtained by considering class-1 S355 steelTable 2: Minimum and maximum values of the grade steel profile (such as I, H-shaped
dimensionless parameters ξ and θy [mrad] for steel or tubular profiles).
beams with S355 steel grade according to span-toThree regimes exist depending on the
depth ratio.
parameter τd, which is the ratio of the
duration of the blast loading to the natural period of the beam. If τd is very low (τd<<1) or very high
(τd>>1), the regime is quasi-static or impulsive respectively and these asymptotic solutions can be
obtained explicitly by writing the energy conservation. If τd is close to the unity, the beam has an
intermediate dynamic behavior and the set of Equations (18), (21) and (22) must be solved numerically.

3.

Numerical solution

The dynamic structural behaviour of
the substructure has been studied in [8]
and will not be analyzed again in this
paper.
P-I diagrams are illustrated for ψK=0
and ψK=1 in Fig. 3 (a) and (b)
respectively, while other parameters
are chosen as follows ψM=10, ξ=2%,
θy=13 mrad. Each curve represents the
(b)
(a)
required ductility of the beam. The
Fig. 3: Normalized p-I diagrams in logarithmic axes for asymptotes of the curves are obtained
(a) ψK =0 and (b) ψK=1 (ψM=10, ξ=2%, θy=13 mrad, from
the
analytical
equations
α=2, β=1, γ=1).
described in the section 4.
The case ψK=0 does not develop any membrane force (the effect of the lateral inertia is indeed
much less influent when ψK is low) contrary to the other case. As a result, the maximum allowable
blast loading to reach a given ductility is lower for the first case.

4.

Analytical solution

4.1 Quasi-static asymptotic solution
The quasi-static asymptote (τd<<1) is obtained by equating the work done by external forces to the
strain energy stored in the structure as it deforms. In the quasi-static (Q.-S.) regime, the
dimensionless work done by the blast loading at maximum displacement Xm is

W

W  Xm 

2U1  Xy 



p0lXm
.
ks Xy2

(13)
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where U1(Xy)=1/2ksXy² and W(Xm)=p0lXm are respectively the strain energy dissipated in the beam
at yielding and the work done by the blast loading.
Assuming β=1, the total strain energy at maximum displacement for Q.-S. loading can be written as
below
Up 

U  Xm 

2U1  Xy 



 ψ μ 4θy2
1 
γ
  μ  1   Φp ,α  μ   Φp ,α (1)   K
2 
θy
2


(14)

X

X 4
1
4 m
1
U  Xm   ks Xy 2   M N  χ , χ , χ  d χ  K * m2
2
l Xy
2
l

(15)


A 
1  α
1 α
.  A2  χ  2 F1  α,1  α; 2  α;  1 χ   (16)
(1  α) 
A2  

where U(Xm) is the total energy dissipated in the beam and stored in the lateral restraint, A1=4ξθy,
A2=8ψKξθy and 2 F1  α,1  α;2  α;  A1 / A2  χ  is the hypergeometric function.
Φp ,α  χ    n  χ , χ , χ  d χ   n  χ , 0, 0  d χ 
α

α

In particular cases such as α=1 or 2, the function Φp,α (χ) can be simplified as:

A 2

A
A2
AA
A

Φp ,1  χ    2 χ 3  1 χ 2  ; Φp ,2  χ    2 χ 5  1 χ 3  2 1 χ 4  .
2
3
2
 3

 5

Equating now the external work to the strain energy gives
p0lXm
 U p  μ , ψK , ξ , θy  .
ks Xy2
Knowing that psl=ksXy, the quasi-static asymptote can be derived
p 

(17)

(18)

p0 1
 U p  μ , ψK , ξ , θy  .
ps μ

(19)

4.2 Impulsive asymptotic solution
When an impulse is delivered to a structure, it produces an instantaneous velocity change;
momentum is acquired and the structure gains kinetic energy which is converted to strain energy [1].
The initial dimensionless kinetic energy is given by
K 0 1 Ms X 02 1 I 2


2U1 2 ks Xy2
2 ks Ms Xy2
where K0 and X 0  I / Ms are the initial kinetic energy and the initial velocity at mid-span.
K0 

(20)

Thus, equating the dimensionless kinetic energy to the dimensionless strain energy gives:
I2
 2U I  μ, ψK , ψM ,ξ , θy , α, γ 
(21)
ks Ms Xy2
where the dimensionless total strain energy at maximum displacement for impulsive loading can be
written as below (assuming β=1)
UI 

U  Xm 

2U1  Xy 



 ψ μ 4θy2
1 
γ
  μ  1   ΦI,α  μ   ΦI,α (1)   K
2 
θy
2




(22)



ΦI,α  χ    n  χ , χ , χ  d χ   4ξθy χ  8ξθy ψK χ 2  4ψM ξθy  χ 2  χχ  d χ.
α

α

(23)
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The impulsive asymptote can be derived
p τd
I
(24)

 2U I  μ, ψK , ψM , ξ , θy , I  , α, γ 
2
ks Ms Xy
where I  is the dimensionless impulse delivered to the beam.
However, the function ΦI,α does not present analytical solution and should therefore be simplified.
The transverse velocity varies from I  to 0 while the displacement rises from 0 to μ. In order to
compute the above integral, it is assumed that the velocity evolves as a linear law of the
displacement
I 

 X
I  1   .
μ

Moreover, it is assumed that XX
X

(25)

X 2 , so that function ΦI,α simplifies in
α

2


χ 
2
ΦI,α  χ   n  χ , χ , χ  d χ    A1 χ  A2 χ  A3 1    d χ

 μ  

where A3  4ψM ξθy I  2 .
α

(26)

In particular cases such as α=1 or 2, the function ΦI,α further simplifies in
A2 3 A1 2 A3 3 A3 2
χ  χ  2 χ  χ  A3 χ
3
2
3μ
μ

ΦI,1  χ  

Φ I,2  χ  


A3 χ

2

2
2
χ 3  A12 μ 2  4AA
1 3 μ  2A2A3 μ  6A3 

 2A3  A1 μ  

3μ 2
χ 5  A2 μ 2  A3 

(27)


χ 4 A1 μ  2A3  A2 μ 2  A3 
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 A32 χ .

μ
5μ
which is an explicit solution for the right-hand side of (24).
Finally, the impulsive solution can be determined as
I 2

4

2U I  μ, ψK , ψM I  2 , ξ , θy , α, γ  .

(29)

An iterative procedure should be used to obtain the impulsive solution. A first approximation of the
solution can be assessed by neglecting the effects of the lateral inertia in (29), imposing therefore
that ψM=0. Then, iterations may be carried out with a fixed-point algorithm and (29).
4.3

Accuracy of the impulsive asymptotic solution

(a)

(b)

(c)

Fig. 4: Relative error on ductility obtained by the approximate impulsive solution for the second category of
protection (a) ξ=1 %, θy=22 mrad; (b) ξ=2 %, θy=13
mrad and (c) ξ=2.8 %, θy=9 mrad. (ψM=20, ψK variable,
α=2, β=1, γ=1).

The impulsive solution can be
approximated by using (29) and the
corresponding error is computed in this
section.
The first step is to target a given level
of damage such as the threshold values
corresponding to the two levels of
protection described in Section 2.3.
Then, the impulsive loading I  is
computed for one level of protection
and introduced in our numerical model
by considering a sharp blast loading,
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i.e. a short load duration (τd=1/40) at which a high overpressure is applied on the beam
( p  2 I  / τ d ). Finally, the required ductility of the beam can be computed numerically and
compared with the corresponding level of protection by writing the relative error defined as
ε   μ  μtarget  / μtarget

(30)

where μ and μtarget are respectively the ductility under the impulsive load I  and the target level of
ductility.
For the second level of protection (μtarget =20), the maximum relative error stands at 5 % (Fig. 4)
when a M-N parabolic plastic interaction is taken into account in the model (α=2, β=1, γ=1), the
span-to-depth ratio varies from 15 to 30, the variable ψM takes its maximum value of 20 and the
parameter ψK fluctuates within its practical range. It should be noted that if ψM=0, there is not any
approximation in the assessment of the impulsive solution. Moreover, if an M-N linear plastic
interaction is selected, α=1, β=1, γ=1, the relative error is below 5.5 %.
4.4 Intermediate dynamic regime
The general formulae proposed to fit the numerical results is written in a traditional interaction way

 p  p  

b

(31)

I  I 

a



where I  pτ d / 2 is the impulsive solution, a and b are real coefficients.
The two coefficients a and b are
determined by using the least mean
square, with a focus on the dynamic
part of the iso-damage curves.
Fig. 5 (a) and (b) illustrate the isodamage curves in both logarithmic
and cartesian axes for ξ=2%, θy=13
mrad, ψM=20, ψK=1. The lines fit
well the iso-damage curves (Fig. 5 (a))
(a)
(b)
although there is an increasing error
Fig. 5: Iso-damage curves for ξ=2%, θy=13 mrad, ψM=20, for extreme behaviour.
ψK=1, α=2, β=1, γ=1 (a) in logarithmic and (b) cartesian
An extensive simulation study
axes. Numerical result: •; Linear fitting of curves: — .
covering the practical ranges of the
dimensionless parameters has resulted
in these analytical expressions of the coefficients a and b:
a  6,7.103 μ  0,7332 ; b  B1 μ 2  B2 μ  B3

(32)

where B1, B2 and B3 are coefficients depending on ψK, ξ and α (assumption that β=1 and γ=1).
This analytical procedure is valid for 5≤ μ≤ 20; 15≤ 2l/h≤ 30; 0.5≤ ψK≤ 2; 5≤ ψM≤ 20 and 0.4≤ τd ≤ 40.
If τd<0.4 or τd>40, the asymptotic solutions should be preferred since they give accurate results.
4.5

Accuracy of the dynamic regime solution
We proceed in the same way to assess
the error of the solution (31) in the
dynamic regime. First, the iso-damage
curve corresponding to a level of
protection is computed numerically.
Then, this curve is read from the
impulsive case (τd =0.4) to the Q.-S.
(a)

(b)
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limit (τd =40) in order to collect a series of blast loadings  p , I  .
Finally, for each couple  p , I  , the demand of ductility is computed
by using the analytical procedure (31).
Fig. 6 illustrates the relative error on the ductility for variable
parameters ψK (ψM=20), ξ and a parabolic M-N plastic interaction,
α=2, β=1, γ=1. Only the second level of protection is considered
since the relative error increases with ductility. The relative error is
higher at extreme behaviour, it peaks at 4 %. The coefficients a and
(c)
b are fitted by considering that ψM is
Fig. 6: Relative error on ductility obtained by the approx- equal to 20. If this parameter is
imate dynamic solution for the second category of protec- decreased to 5, the relative error is
tion (a) ξ=1 %, θy=15 mrad and (b) ξ=2 %, θy=10 mrad still bounded to 5 %. Moreover, if an
(c) ξ=2.8 %, θy=9 mrad. (ψM=20, ψK variable, α=2, β=1, M-N linear plastic interaction is
selected, α=1, β=1, γ=1, the relative
γ=1)
error remains below 5 %.

5.

Conclusions

In this paper, we have derived analytical solutions for the response of a beam subjected blast
loading taking into account the lateral restraint and inertia offered by the rest of the structure. The
main goal was to propose a full analytical method depending on the six dimensionless parameters
of this well-posed problem. We came up with an analytical formulation for the quasi-static
assumption (τd>40), an iterative analytical procedure for the impulsive asymptote (τd<0.4), and an
analytical solution in the intermediate dynamic regime. In all cases, the relative error on ductility is
shown not to exceed 6 % for realistic ranges of values of the dimensionless parameters.
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Summary
Sudden column failure scenarios are commonly proposed by design codes in order to perform
homogeneous robustness assessments of buildings, as they allow measurement of their capacity to
redistribute loads. However, the analysis of such an event is complex as it includes nonlinearities
and dynamics. Simple energy-based approaches can, nevertheless, be used. The proposed method
simplifies the dynamic component, reducing the analysis to the calculation of the static response.
This approach is based on several simplifications that lead to approximate, yet accurate, results.
The theoretical background and physical interpretation of this approach, together with a numerical
parameter study are presented. In addition, this methodology has been applied to an experimental
campaign carried out at the University of Nottingham. The numerical outcome is compared to the
experimental results in order to verify the accuracy and reliability of the approach.
Keywords: structural robustness; alternative load path; sudden column failure; energy
conservation; progressive collapse; nonlinear dynamic response.

1. Introduction
Highly dynamic problems have always been a challenge for structural engineers. Energy-based
methods are a useful tool for analysing scenarios where a great exchange of energy is produced
within a short time period, such as blast or impact events. Time history responses cannot be
estimated through these approaches, which allow only calculation of the maximum structural
response. In explosions, rockfall hazards, vehicles impact and other similar scenarios this maximum
response is the one of interest for structural engineers. Their main objective is to estimate whether
or not the structure will withstand this extreme event.
These methods are based on the classical physical law of energy conservation. That is, the energy
introduced in a system by an external agent must be the same as the energy stored in the system. In
structural engineering, the energy is normally introduced in the system as potential or kinetic energy
and stored as strain energy. Newmark was the first to formally describe this approach for blast
resistant design during the early 1950’s [1]. The approach was further developed and applied for
impact and blast analysis during decades.
The growing awareness about structural robustness and the desire to provide buildings with
alternate load paths that enhance their redundancy have made necessary the analysis of structures
subjected to sudden column failure scenarios. Such events can also be efficiently analysed through
energy conservation. Several authors [2] [3] [4] have developed and adapted the approach of
Newmark for sudden column removal scenarios. This new method consists in estimating the static
pushover response of the system and simplifying the dynamic component through an energy
balance. This approach is a compromise between accuracy and complexity as it includes energy
absorption capacity, ductility supply and redundancy in the analysis [4].
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2. Physical interpretation and description of the approach
The basic assumption for successfully using this energy balance method for structures subjected to
sudden column failure scenarios is that this scenario is similar in effect to applying a step load of
the existing forces on the affected assembly. In other words, it is assumed that the sudden impact of
the existing loads on the structure yields to a similar maximum dynamic response as the one for the
same structure previously loaded subjected to an instantaneous column loss.
This method can be easily described in physical terms. For every step of the deformation process,
the energy balance of the system must be fulfilled as it can be seen in Fig. 1 a). This method
assumes that, before the column is suddenly removed, both, potential and kinetic energy, are zero.
Immediately after the column loss, the potential energy of the gravity loads is suddenly released and
equilibrium is not satisfied. Hence, the structure deflects and deforms in order to increase the stored
strain energy. The excess of external work is then transformed into kinetic energy, increasing the
velocity of the system until a maximum is reached. After this point, as the structures deforms, the
kinetic energy decreases, and so does the difference between the external work and the absorbed
strain energy. When the kinetic energy is zero and the external work and strain energy are equal, no
more energy is available for continuing the deformation process and the maximum dynamic
response is reached.

Fig. 1. a) Energy transformation along the deformation process; b) Application of the energy
balance method with the dynamic capacity curve
This last conclusion can be also described graphically assuming a reference point of the affected
substructure. As it has been explained, the maximum response at this point corresponds to a
deflection for which the external work done by the loads and the internal strain energy stored in the
system are equal. Graphically, the external work is the rectangular area below the horizontal line of
the correspondent loading level, whereas the stored strain energy is the area under the static
response curve. The maximum response for a specific loading therefore corresponds to the
deflection for which these areas are equal as depicted in Fig. 1 b). Proceeding for different loading
levels, a dynamic capacity curve, based only on the static response curve, is obtained.
Mathematically, this curve can be calculated by dividing the stored strain energy by its
corresponding deflection:
1 ud
QLD (u )du
(1)
ud ∫0
where Q d, Q LD, ud and u correspond to the dynamic capacity curve, the static load-deflection curve,
the maximum dynamic deflection and the static deflections, respectively. This dynamic capacity
curve yields to approximate results, which are very similar to the ones given by more rigorous
nonlinear dynamic analyses. Hence, the approximate maximum dynamic response of a system
subjected to a sudden column removal for different loading levels can be obtained by calculating its
static response, without performing a dynamic analysis. The implicit error in the results when
applying the energy balance method arises from several assumptions and simplifications that are
described and analysed in the following section.
Qd (ud ) =
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3. Parameter study
The proposed energy balance method incorporates several simplifications leading to approximate
solutions. Therefore, the main interest of this work is to investigate the impact of these assumptions
on the accuracy of the results. A preliminary analysis and parameter study was already performed
by the authors in [5]. The main conclusions and most relevant results of this study are summarised
in the following paragraphs together with new findings and results from further investigations. It
must be noted that all the errors referred in this section are relative errors between the results given
by this new method and the ones given by the more rigorous method considered for each assumption.
3.1 Sudden column failure as a sudden impact of loads
As it has been previously mentioned, the main simplification of this approach is applying suddenly
the existing loads on the substructure instead of considering a sudden support loss. The error of this
assumption comes from the fact that all the work done by the loads is considered to have a dynamic
nature. The system, however, is originally statically deformed by the existing loads before the
column is removed. Thus, for a sudden column loss scenario a portion of the external work has a
static nature, which is ignored by this energy-based approach. This simplification produces
overestimations in the maximum dynamic response when applying the energy balance method.
Moreover, structures subjected to a uniform step load generally have their maximum deflection at a
different point as structures subjected to sudden column failure scenarios [5].
A parameter study was performed in [5] for simply supported beams and slabs in order to better
estimate the error due to this simplification. The results for beams showed that the error for the
maximum response remains lower than 5% for most usual configurations and depends only in the
position along the beam of the removed support. Slabs are more sensible to this assumption, leading
to larger errors that remain lower than 10% for typical geometries. The error in slabs depends not
only in the position of the removed support but also in the slab’s aspect ratio (length/width).
This study also showed that this error correlates very well with the so-called dynamic factor [5].
This factor represents the ratio of the maximum dynamic displacement originated by the sudden
applied loads without support to the maximum static displacement caused by the same loads before
the support is removed. The larger the value of this factor, the smaller the error when using this
approach, as a higher factor means a higher proportion of the deformation is due to the removal
effect, compared to the pre-existing state. Finally, a last rule extracted from this previous
investigation is that, the more symmetric the structural configuration is before the support removal,
the smaller the error of the energy method will be.
3.2 The affected substructure behaves like a SDOF system
The second assumption of this method is that the response of a structure subjected to a column
failure is controlled by a single deformation mode and that the shape of this mode remains constant
all during the dynamic response. In other words, the method assumes that the structure behaves like
a single degree of freedom (SDOF) system. This simplification allows linking the energy of the
whole substructure to the energy of a reference point of the substructure. The implicit error arises
from assuming that the maximum response occurs when the kinetic energy of the whole system is
zero at some specific time. In real structures, this never happens, as each of the existing infinite
number of deformation modes will reach its peak response at different time moments. Hence, when
using the energy balance method, the stored strain energy of the system is overestimated and so are
the maximum deflections.
The implicit error due to this simplification is, nevertheless, relatively small. For linear elastic
structures, the error in assuming a dynamic behaviour like a SDOF system is zero, as it was proven in
[5]. In addition, a parameter study was performed for a simple case by comparing the results given
by the energy balance method and a nonlinear dynamic analysis calculated with a finite element
software. The study showed that during the elastic stage the dynamic capacity curve is equal to the
nonlinear dynamic response, while the largest error (8% in this case) is produced right after yielding.
Although the study was performed for a simple example, the similarity between the nonlinear
dynamic response and the dynamic capacity curve allows expecting also small errors for real
structures subjected to a step load. Hence, they can be accurately modelled as SDOF systems.
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3.3 Damping and energy dissipation mechanisms
A further simplification of the proposed approach is to consider that all the energy introduced in the
system by the loads is transformed into pure strain energy. That is, the method neglects the energy
dissipated by damping or other mechanisms, and therefore overestimates the maximum responses.
This new approach also does not consider the fracture energy during concrete cracking. Hence, the
possible differences between fracture energies for static and dynamic excitations are not relevant for
this method. Often, this fracture energy is just considered in the analysis as a part of the energy
dissipated by damping. Since the maximum dynamic response for a sudden column failure scenario
is normally reached close to the half of the first oscillation, it is reasonable to assume that the
energy dissipated through damping and cracking during this short period is little in comparison to
the total absorbed strain energy. A study has been performed in order to substantiate this assumption.
An important shortcoming when investigating the effects of damping for sudden column failure
scenarios is to decide which kind of damping simulates better the dissipation mechanism. Structural
engineers commonly model the dissipated energy by means of viscous damping, which is linked to
the velocity of the system. There are, however, other approaches such as Coulomb damping, which
is linked to friction. It is difficult to assert which model suits better for these scenarios. For the
presented simplified parameter study, viscous damping has been used. In case the dissipated energy
has a large influence on the maximum response of the system, further investigations into the nature
of the dissipation mechanisms are required in order to obtain a better-suited model.
In the previous section, it was described that structures subjected to a uniform step load can be
suitably represented by an equivalent SDOF system. Hence, the simple model used for the
parameter study consists in a bilinear SDOF system subjected to a step load for different constant
damping ratios along the response as it can be seen in Fig. 2 a), b) and c). The considered variables
are the damping ratios (ξ) and the ratio of the post-yielding (k 2) to elastic (k 1) stiffness. For the
stiffness ratios, an upper and lower boundary of 10% and 0%, respectively, were set. Different
damping ratios up to 10% were considered in this parameter study as it can be seen in Fig. 2 d).

Fig. 2. a) Equivalent SDOF system; b) Applied step load; c) Resistance function of the structure; d)
Results of the parameter study for different damping and stiffness ratios
In Fig. 2 d), the overestimations of the maximum displacements when using the energy balance
method (no damping) in comparison with the ones considering damping for increasing ductility
values are plotted. Different conclusions can be extracted from these results. Basically, the error
grows exponentially with increasing damping ratios and decreases for larger ductility. Damping
ratios up to 5% lead to moderate overestimations, below 10%. In addition, the stiffness ratios do not
have a large influence in the results for moderate damping ratios. On the other hand, damping ratios
above 5%, produce large overestimations, which would make the energy balance not reliable.
Moreover, the stiffness ratio does play an important role in these cases, for which larger postyielding stiffness lead to significant smaller overestimations.
Damping ratios in structural engineering are rarely larger than 5%. Hence, the proposed approach
should lead to accurate results. In any case, the results of this parameter study should be carefully
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interpreted as several simplifications have been made. Additionally, this investigation is based in the
assumption of pure viscous damping, which almost certainly is not the case for these scenarios.
3.4 Static and dynamic strain energy storage capacity are equal
The last assumption of the energy balance method is that the strain energy storage capacity of a
system for a given displacement is equal when subjected to static and dynamic excitations. In reality,
the material properties of a system vary by the rate they are deformed, they are strain rate dependent.
Construction materials are differently influenced by strain rates. Moreover, strain rates are not
constant along the deformation response, neither in time nor in space and are influenced by a large
number of parameters, making it difficult to assess their impact for a general scenario. Higher strain
rates commonly enhanced the resistance and stiffness properties of materials. The new proposed
method ignores their influence and therefore overestimates the maximum responses of the system.
It was already showed in [5] that the strain rates of systems subjected to a sudden application of the
load are directly proportional to its natural period. A simple parameter study has been performed in
order to obtain an approximate value of the strain rates of a simply supported reinforced concrete
slab subjected to a step load. The dynamic response has been again modelled through a bilinear
SDOF system described in Fig. 2 a), b) and c). A value for the concrete’s E-modulus of 30 GPa and
a stiffness ratio (k 2/k 1) of 5% were used for the study. In addition, a span-thickness ratio of 50,
which is a typical value for slabs subjected to a column loss, has been employed.

Fig. 3. a) Maximum values of the strain rates for increasing natural periods (T 1) of the system and
different slab thickness (h); b) Normalized displacements and strain rates along the response
This study confirms that strain rates depend strongly on the natural periods. In Fig. 3 a), the obtained
maximum strain rates are relative low for influencing the results of the maximum response. It must
be noted that these are the maximum strain rates in time and space. The variation of maximum
strain rates along the dynamic response are plotted in Fig. 3 b). The peak rate occurs before the
maximum displacement response is reached. As the maximum strain rates are moderate and they
occur in a small area of the slab during a short period, it is reasonable to assume that their impact in
the results is small and that the error of the energy balance method due to strain rates is acceptable.

4. Experimental analysis
The described energy balance method has been applied to an experimental campaign performed at
the University of Nottingham [6] as a last step in evaluating its accuracy and reliability. It must be
noted, however, that this campaign was not designed for this specific investigation and therefore
can show large deviations. Hence, the results and conclusions of this experimental analysis must be
carefully interpreted and can be used as an example or reference, but not as a rule.
4.1 Methodology
Two series of 1/3 scale flat slabs were built at the University of Nottingham. These allowed
simulation of the removal of a corner or penultimate edge column. For each of the two series, two
similar slabs were casted. One was tested quasi-statically while the other one was tested
dynamically simulating a sudden column failure for different loading levels.
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In the static case, the slab was placed on permanent supports and the column under investigation
was removed, allowing the slab to deflect. An increasing uniform load was then imposed on the
specimen surface by means of sand bags and the complete load-deflection relationship was recorded.
For the dynamic test, a slab was loaded also with sand bags whilst supported by the permanent and
temporary supports. Once the required uniformly distributed load was reached, the respective
support was removed and the response recorded with a high speed camera. Before conducting the
next dynamic test, the specimen was restored to the original position in order to reduce the effect of
previous cracking, yielding or damage. The energy balance method assumes, however, that for
every different loading level the slab has not suffered any damage and the energy absorption capacity
is the same. This can lead to inaccuracies when comparing experimental and numerical results.
4.2 Description of the test specimens
The series consist of a 2x1 bay flat slab substructure. The main dimensions of the specimens can be
seen in Fig. 4. This assembly was used to simulate both, corner and penultimate column loss.

Fig. 4. Geometry and details for corner and penultimate column removal tests
The substructure was quasi-laterally and -rotationally unrestrained. Columns were replicated by
square steel plates on bearings and horizontal displacements were only restrained through friction.
4.3

Experimental results and application of the energy-based approach

4.3.1 Corner column removal
The results for the static and dynamic tests as well as the dynamic capacity curve can be seen in Fig. 5.
The static response is linear until yielding with no compressive membrane action. After yielding,
the slab’s capacity moderately grows, probably due to strain hardening and tensile membrane action.

Fig. 5. Load-deflection relationship of different responses for corner column removal
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The maximum dynamic responses are very similar to the static ones for the same loading levels,
excluding the largest one. Further results of the tests show that there is a clear dominant frequency
for each loading level. Finally, the viscous damping ratios for the residual vibration for the elastic
range are lower than 1%, while for the inelastic range are much larger reaching values up to 20% [6].
For this test, the dynamic capacity curve shows a significant deviation from the dynamic tests
results. The difference between the numerical and experimental results is very large and it is
difficult to confirm a certain reason. The large damping ratios may be a possible cause but, in the
authors’ opinion, such great errors are not likely to be due to the previously described and analyzed
simplifications and assumptions made by the energy balance method.
Specimens displayed a dominant deformation mode during the tests and therefore the error due to
reducing the system to a SDOF system is expected to be negligible. In addition, strain rates also
remained too low and localized to have a significant influence in the maximum dynamic response.
Damping is the most controversial point of this analysis. The experimental viscous damping ratios
have been extracted from the specimen’s residual oscillation. It is not clear, however, if this
damping ratio is similar to the mean value before the peak response is reached. This point is
difficult to evaluate even with experimental results. Only complex numerical simulations could
somehow answer this question, but due to the nonlinearities the results would not be reliable.
Moreover, viscous damping ratios above 20% are extremely high for structural engineering and this
could underline the fact that, using viscous damping for sudden column loss scenarios is a false
assumption.
Observing the resemblance between the experimental maximum dynamic responses and the static
ones, can lead to the assumption that some errors may have occurred during the performance or
measuring of the dynamic tests, such as incomplete similarity of the specimens, loss of dynamic
effects due to excessive support release times, wrong calibration of the equipment, etc.
4.3.2 Penultimate column removal
The results for the static and dynamic tests as well as the dynamic capacity curve can be seen in Fig. 6.
The static response is linear until yielding without compressive membrane action. Afterwards, the
slab can still bear increasing loads, probably due to strain hardening and tensile membrane action.
The two available readings for the maximum dynamic response are significantly larger than the
static responses for same loading levels, especially for the highest one. Further results of these tests
are only available for the lower loading level. These results [6] show again that there is a clear
dominant frequency for this loading level and that the damping ratio is low during the elastic range.

Fig. 6. Load-deflection relationship of different responses for penultimate column removal
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In this case, the extended dynamic capacity curve yields to very similar results as the ones of the
dynamic tests. Unfortunately, only two dynamic tests were performed, making it difficult to assess
how well the curve would have correlated for intermediate loading levels. Errors due to the
simplifications of the proposed energy-based approach, however, do not largely differ from the ones
of the corner column removal as the specimens also displayed a dominant deformation mode during
the tests and strain rates were of the same order of magnitude.
Moreover, damping ratios were also very similar for corner and penultimate column removal tests
in the elastic range. Even though the inherent error is almost the same for both scenarios, the
experimental maximum dynamic responses for the elastic range correlate completely different with
the numerical results given by the approach. This point also suggests that further errors not
considered in this analysis may have happened during the corner column tests.
The energy balance method leads to very satisfying results for this penultimate column series.

5.

Conclusions

Simple energy-based methods are suitable for analyzing sudden column removal scenarios. The
proposed energy balance method yields to approximate, but still fairly accurate results and does not
require complex calculations. The exact errors when applying this method are difficult to estimate
and the results from the parameter study presented in this paper can be used as a reference. Based
on these results, these implicit errors are not large enough to have a great impact on the results.
Under consideration of all the described errors and simplifications of this new approach, the
dynamic structural capacity of the system would be larger. This means that the energy balance
method underestimates the strength of the structure and overestimates the dynamic component of
the loads, leading always to conservative results. A further advantage of this approach is that it
requires few parameters for the analysis, reducing the uncertainties and helping obtaining more
homogeneous robustness assessments.
The results from applying the energy balance method in both experimental tests are very different
and therefore it is not possible to state a well-founded judgment about its accuracy. While for the
corner column test the energy balance method leads to large underestimations of the slab capacity,
for the penultimate column test it correlates quite well. Further experimental results are needed in
order to be able to better estimate the validity of this approach. The fact that the energy balance
method always leads to conservative results has also been substantiated by the experimental results.
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Summary
As highlighted by the Council on Tall Buildings and Urban Habitat (CTBUH) [1], at the turn of the
millennium there were approximately 250 tall buildings with height in the excess of 200 m across
the globe: the projections for the end of 2015 indicate there will likely be more than 1000. Similarly,
the number of ‘super-tall’ buildings (taller than 300 m) has more than tripled during the course of
the last decade and ‘mega-tall’ buildings (taller than 600 m) are appearing on the map. The dynamic
response of such tall structures to external natural forces such as the ones generated by gusty winds
and – perhaps even more importantly – the ones generated by aerodynamic features such as vortex
shedding, has the potential to strongly influence the choice as well as the design of the structure’s
lateral-stability systems: it is within this context that an accurate understanding of the nature,
strength and directionality of the extreme wind events within the region of interest is particularly
vital in assisting designers to deliver commercially and financially viable schemes. This technical
paper will examine the challenges and inherent limitations which wind engineers are often
confronted with during the analysis of wind records; uncertainties in the prediction of site-specific
design wind speeds as well as their impact on the assessment of key wind-induced load effects such
as accelerations and base overturning moments will be discussed through a detailed case study.
Keywords: Wind engineering; climatology; wind loading; vortex shedding; wind tunnel testing; tall
buildings.

1. Introduction
Wind tunnel technology is nowadays widely utilised in the evaluation of the structural performance
of tall and super-tall buildings under wind loading excitation. In this process wind tunnel data –
which can be obtained employing different techniques (e.g. high-frequency force balance (HFFB,
see also [2]); simultaneous pressure integration (SPI); or aeroelastic technique) – need to be
appropriately combined with information about the wind climate specific for the project site. This
information is in some cases fully provided by codes of practice (e.g. Eurocode 1 [3] and related
National Annexes) but, when it is not, it needs to be determined by the wind specialists through a
thorough extreme value analysis of long-term wind records, often obtained from an airfield or a
weather station within the region of interest. It cannot be denied that this particular process of
accurately estimating design wind speeds (that is strength and directionality of the extreme wind
events) is probably one of the biggest challenge for wind engineers: quality of surface data coming
from multiple weather stations is key and supplementary information coming from weather
balloons and / or more sophisticated mesoscale numerical modelling techniques often need to be
utilised.
Let’s assume for instance that a structural engineering firm is working on a tall building scheme and,
as a result of their preliminary estimates, for the most critical direction for stability they are
expecting a peak wind-induced bending moment at foundation level of the order of 200 MNm. Now,
if the outcome of the wind tunnel study is for instance 220 MNm then the design has the potential
to almost go back to the drawing board; if, instead, the result is 180 MNm the design could easily
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go through a value-engineering process. This may sound rather extreme but, in the experience of the
authors of this technical paper, this scenario is not that untypical – the key question here is: is this at
all sensible? How accurate are the design wind speeds that are used in the post-processing of the
acquired wind tunnel data? How does any uncertainty in the actual wind records propagates through
the Alan G. Davenport Wind Loading Chain [4]? It is the aim of the next sections of this technical
paper to try to answer these questions and shed some light on the role of extreme wind events in the
structural design of tall buildings.

2. Wind climate
2.1 General
There are different types of storm mechanisms that can develop near the surface of our planet; the
most relevant ones for the structural design of the lateral-stability system of tall & super-tall
buildings are: monsoons, tropical cyclones (typhoon and hurricanes) and extra-tropical depressions
(gales and fronts). Amongst these, tropical cyclones have the potential to generate some of the
strongest winds experienced on Earth: these types of storms typically form over large masses of
warm water at latitudes approximately ranging between 10° to 30° (e.g. South China Sea, south
coast of Japan, Gulf of Thailand, Coral Sea, north coast of Australia, Bay of Bengal, Gulf of
Mexico, Caribbean Sea and west coast of Mexico).
2.2

Extreme Value Analysis

2.2.1 Background
The prediction of design wind speeds from long-term wind records is a subset of “wind
engineering” that has a long history. Early approaches to this typically drew on the work of Gumbel
[5], and it has not been until recent times that the wind engineering industry has moved away from
these more simple methods into more sophisticated approaches that consider in greater detail the
meteorological phenomena behind the different types of storm mechanisms. In recent years, in fact,
developments of these analysis methods (most notably by Gomes and Vickery [6], Cook [7] and
Harris [8]) have led to improvements in the accuracy of estimates, and more importantly –
especially with regard to the work of Gomes and Vickery [6] and Cook et al. [9] – the ability to take
into account the specific nature of the storm types at the location of interest.
2.2.2 Typical approach to design wind speed prediction
As a first step one must acquire long-term wind records from weather stations within the region
(ideally in excess of 30-years). In recent years this is a relatively straightforward procedure as the
US Government (via the National Oceanic and Atmospheric Administration (NOAA) [10]) now
provides (free of charge) wind records for over 100,000 stations (see Figure 1).

Fig. 1: Location of NOAA stations worldwide
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In an ideal situation one would consider multiple stations for the analysis, which would allow for an
easy identification of any unreliable / spurious data that may exist at one of the stations. This is a
rather important exercise as the analysis of different weather stations within the same region of
interest can significantly improve the robustness of the statistical dispersion (1/a) of the local wind
climate.
An analysis of the local terrain (including topographical features) / building morphology
surrounding the anemometer site is subsequently undertaken to “transpose” the wind records to
some common reference point (such as open terrain at 10 m above sea level, as it is typically
specified in design codes [3]). This of course requires the accurate identification of the anemometer
location, which, depending on the country of interest may prove challenging (see Figure 2).

Fig. 2: WMO compliant (left) and non-compliant anemometer (right)
The specific geographic location of the station may lead itself to experiencing more than one type
of storm mechanism (e.g. Hong Kong, where extreme wind speeds are driven by large-scale
typhoon events, yet the more “day-to-day” winds are driven by monsoonal weather patterns). In
these cases the storms associated to these different meteorological events must be separately
identified, analysed and combined [6] such that the true probability of exceedance of both storm
types can be derived.

Fig. 3: Example of the graphical output of a mixed climate extreme value analysis
Following these steps one would then arrive at transposed time-traces of storm events which
represent the main input of the subsequent detailed extreme value analysis.
2.3 Uncertainties in the extreme wind speed analysis process
In each of the above steps there is of course the potential for uncertainties, whether from: the nature
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of the sampling of the wind records; the actual anemometer location (nature of the surface
roughness around the weather station as well as the height of the instrument itself); the specific type
of extreme value analysis adopted.
In the experience of the authors in dealing with numerous meteorological agencies worldwide, it is
not that uncommon for storm-traces to be sampled not in a continuous and rigorous manner (e.g. the
average wind speed and wind direction of the first / last 2 minutes / 10 minutes of each hour as
opposed to true 10-min. mean or true mean-hourly speeds). Non-continuous sampling is particularly
concerning especially when operating in regions where the wind climate is dominated by nonstationary events such as thunderstorms. Confusing a true 10-min. mean wind record with a meanhourly one could lead to over-estimations of the order of approximately +5%. Also, large gaps in
the wind speed records (e.g. Gulf War in Kuwait in the 90s or the Cultural revolution in China in
the 60s and 70s) as well as rounding in the data reported by the NOAA (the NOAA in fact
exclusively deals in miles per hour converted to integers, alluding to some rounding of the actual
recorded values) can make the statistical analysis of such data extremely challenging. In the
authors’ experience the level of uncertainty associated with the rounding process of the wind
records could lead to uncertainties in the design wind speed predictions of the order of
approximately ±2-3%.
Incorrect assumptions made about the surrounding terrain can also have an influence on the use of
the wind records. For example, if a weather station was located within an area that over time has
seen a significant amount of development (i.e. rapidly urbanised areas of China), then the average
wind speeds recorded at the weather station are very likely to have reduced in strength with time.
As such, it is important to consider the evolution of the urbanisation in any terrain categorisation
that is done for the purpose of transposing wind records to a common reference for further analysis.
Also, conducting sensitivity analyses to ascertain the impact of uncertainties in the surface
roughness classification on the transposition factors is rather important. Uncertainties in the
assumptions made for the nature of the surface roughness around the anemometer site could lead to
uncertainties of the order of approximately ±8-10%. It should be noted that it is not that uncommon
to see anemometers installed on the roof of a meteorological station (see Figure 2), without meeting
the WMO standards. This is obviously far from ideal: localised wind speed-ups generated by the
close proximity of the instrumentation with the edge of the actual roof can easily lead to overestimation of the order of approximately +10%.
Lack of proper treatment of different storm mechanisms via an appropriate mixed climate analysis
could lead to final uncertainties in design wind speeds of the order of approximately ±5-10%.
Finally one can examine the variation between different extreme value analysis methods (see for
example Figure 4 which shows the predicted 50-year return period design wind speed for a
particular station based on two methods – Method of Independent Storms (MIS) [7] and Lieblein
BLUE [11] – showing discrepancies of the order of approximately ±5%).
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Fig. 4: Design wind speed prediction via two different analysis methods
Most of the above uncertainties can, in principle, be mitigated: the most critical ones an experienced
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wind engineer is very often left with are those associated with terrain roughness and analysis
method. It is therefore fair to say that the overall uncertainty level in the estimation of the basic
design wind speeds when starting from wind records at surface level is likely to be in the region of
±10-12%.

3.

A case study

The building here taken in examination is a prismatic tower approximately 120 m tall with a
diamond-shaped cross-section approximately 20 m x 40 m in size.
The lateral stability of the tower is provided by a central reinforced concrete core. The numerically
predicted structural frequencies of the three fundamental modes of vibration of the building are:
0.25 Hz, 0.29 Hz and 0.37 Hz, with the first two describing almost pure sway of the structure along
the principal axes of the central core (exponent of these mode shapes ~ 1.5) and the third one being
torsional.
The surface roughness characterising the area in the immediate vicinity of the structure is z0 ~ 0.3 m.
For the purpose of this example, the wind data presented in Figure 4 will be used. The
characteristics product  (being the ratio of the statistical mode, U, to the statistical dispersion, 1/a)
for this specific set of wind records is approximately in the range of 4-5, which is very typical for
weather systems driven by monsoonal / synoptic front weather patterns. The result of the MIS
method [7] will be used (Vb ~ 21 m/s in z0 = 0.03 m). The transposition factor from 10 m (z0 = 0.03
m) to 120 m / z0 = 0.3 m is approximately 1.3, making the site-specific design wind speed at the top
of the building ~ 27 m/s (directionality associated with the extreme wind events will be ignore in
this case study).
Figure 5 illustrates the peak static and peak dynamic (1% structural damping) wind base moment
acting on the tall building (for the most critical direction for stability) as a function of the mean
wind speed at the top of the structure.

Fig. 5: Peak wind base moment vs. mean-hourly wind speed at the top of the building
The results presented in Figure 5 show a relatively high dynamic load augmentation at the 50-yr
speed (driven by the vortex-shedding excitation) and a variation of the peak dynamic response with
wind speed much steeper than what prescribed in [3] (the yellow dot represents the load at the 50-yr
speed multiplied by ‘1.5’, a figure which is approximately 25% lower than the load at the 1700-yr
return period speed). Uncertainties in the basic wind speed of the order of say ±10% could in this
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case lead to under- / over-predictions of the peak dynamic cross-wind moments of approximately
35-40%, with rather obvious implications on the actual reliability of the design.

4.

Conclusions

With designers more and more frequently relying on the output of wind climate analyses for the
structural design of tall buildings and, with high-rises becoming taller, lighter and more slender, it is
increasingly important to understand the effects that items such as: i) the nature of the sampling of
the wind records; ii) the nature of the surface roughness around the weather station; iii) the location,
height and type of anemometer; and iv) the specific type of extreme value analysis adopted can
have on design wind speed predictions.
Particularly when it comes to dynamically-sensitive structures, even small uncertainties in the
prediction of design wind speeds can lead to large differences in design wind loads / wind-induced
accelerations, with potentially significant financial / safety implications for the project.
In order to better manage the risk associated with the different uncertainties presented within this
technical paper, the following is recommended:
 When possible, time-traces of continuous 3-s gust wind speeds should be sourced;
 When possible, wind records from different weather stations should be sourced;
 The source of wind records should always be thoroughly checked;
 In mixed climates, wind records associated with different storm mechanisms should always
be separated;
 The statistical dispersion of the extreme value analysis predictions should always be
checked against regional expectations;

5. References
[1]
[2]
[3]
[4]
[5]

http://www.ctbuh.org/Home/FactsData/TallBuildingsover200m/tabid/2777/language/enUS/Default.aspx
TSCHANZ T., and DAVENPORT A. G., “The base balance technique for the determination of
dynamic wind loads”, Journal of Wind Engineering & Industrial Aerodynamics, Vol. 13, 1983.
EN1991-1-4: Eurocode 1: Actions on Structures – Part 1-4: General actions – Wind Actions.
http://www.iawe.org/about/Wind_Loading_Chain.pdf
GUMBEL E. J., “Statistics of Extremes”, Columbia University Press, New York, 1958.

GOMES L., and VICKERY B.J., “Extreme wind speeds in mixed climates”, Journal of Wind
Engineering & Industrial Aerodynamics, Vol. 2, 1978.
[7] COOK N. J., “Towards better estimation of extreme winds”, Journal of Wind Engineering &
Industrial Aerodynamics, Vol. 9, 1982.
[8] HARRIS, R. I., “Improvements to the `Method of Independent Storms`”, Journal of Wind
Engineering & Industrial Aerodynamics, Vol. 80, 1999.
[9] COOK N. J., HARRIS, R. I., WHITING R., “Extreme wind speeds in mixed climates
revisited”, Journal of Wind Engineering & Industrial Aerodynamics, Vol. 91, 2003.
[10] www.noaa.gov
[11] LIEBLEIN J., “Efficient methods of extreme-value methodology”, Report NBSIR 74-602,
National Bureau of Standards, Washington, 1974.
[6]

86

IABSE WORKSHOP HELSINKI 2015

Offshore platform structural damage identification versus robustness
Michele Betti
Assistant Professor
Dept. Civil & Env. Eng.
Florence, Italy

Michele Rizzo
Research Assistant
Dept. Civil & Env. Eng.
Florence, Italy

Ostilio Spadaccini
Associate Professor
Dept. Civil & Env. Eng.
Florence, Italy

mbetti@dicea.unifi.it

mrizzo@dicea.unifi.it

ostilio.spadaccini@dicea.unifi.it

Andrea Vignoli
Full Professor
Dept. Civil & Env. Eng.
Florence, Italy
avignoli@dicea.unifi.it

Summary
The assessment of existing offshore steel jacket structures for use beyond their initial life requires a
proper design of an inspection plan aimed to constantly check-up the integrity of the structural
elements. In most cases the visual inspection of structural members or joints is hard to perform and
evermore economically demanding. To this aim, within the framework of the Structural Health
Monitoring, and taking into account that a damage originates changes in stiffness that are reflected
in changes in main frequencies, a dynamic monitoring system able to evaluate the structural
frequencies can be used as a sound indicator for major damage of the structure. The capability and
limitations of a structural monitoring system as effective instrument to check-up the presence of a
member failure are discussed in the paper through the discussion of a specific case study taking into
account robustness and damage tolerance indicators. A proposal for possible improvements of the
actual monitoring system is eventually reported.
Keywords: Offshore steel jacket platform; Data analysis; Output only identification; Non-linear
structural analysis, Stochastic subspace identification; Structural robustness indexes.

1. Introduction
The control plan for offshore structures, or the verification of such structures for use beyond their
initial life, requires a proper design of an inspection plan aimed to constantly check-up the
structural elements (both members and joints). The amount of inspections, their frequency, and their
typology (i.e. the proper selection of the elements and/or joints to check-up) is a critical issue (since,
for instance, it may not be feasible to inspect all critical components), and inspection planning was
for the last decade, and still is, based mainly on probabilistic analysis (Risk Based Inspection, RBI)
[1]. In addition the visual inspection of structural damages is in most cases hard to perform (taking
into account both the water depth and the marine growth plants that hides the structural member)
and evermore economically demanding.
To overcome these problems, since the early seventies, monitoring techniques for damage
identification through the analysis of the changes in the modal properties of offshore structures have
been developed and the results of previous researches showed that the MAC (Modal Assurance
Criterion), the COMAC (Coordinate Modal Assurance Criterion) and the MSF (Modal Scale Factor)
are indexes capable to detect both offshore damages and mass changes (provided that a proper and
reliable monitoring system has been designed and installed). It is expected, however, that the more
the offshore platform is robust (i.e. damage tolerant), the less a structural damage can be detected
through the changes in its first modal properties. To deepen these aspects the paper investigates the
ability of monitoring systems and damage measures to assess possible structural damage in
conjunction with the robustness and damage tolerance of such structures. To characterize the
platform robustness indexes such as the Reserve Strength Ratio (RSR) and the Residual Strength
Factor (RSF) evaluated through pushover analyses are considered.
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Fig. 1:VEGA-A platform.
As a reference case study the VEGA-A offshore platform (Fig. 1), an eight-leg steel fixed jacket
platform operating in the Sicily Channel, 25 km offshore, in 122.3 m water depth, was considered.
The structure comprises a steel jacket platform, which is 140 m high, having eight columns
connected using horizontal bracings with four vertical bracings in the transversal direction and two
vertical bracings in longitudinal direction. The dimensions of the jacket at the sea bed are 70 m by
48 m, while at the top they are 50 m by 18 m [2]. Six horizontal bracing frames, spaced at
approximately 24 m, are also used to support the well conductor guides. The jacket is supported by
20 vertical steel piles, 85 m long with a diameter of 2.6 m. These piles have been driven to a depth
of 65 m below the seabed by means of an underwater hammer.
Capability and limitation of the existing dynamic structural monitoring systems, that allow to
identify mode shapes and main frequencies from only above-water measurements, are herein
discussed investigating possible improvements of the actual monitoring system (such as additional
under-water measurements, made now possible by the technological development through the
availability of fiber optic accelerometers).

2.

The monitoring system

Since March 1988 the structural behaviour of the platform has been object of study by the
Department of Civil and Environmental Engineering of the University of Florence, and a system of
vibration monitoring is still active that records structural and environmental data [3]. The VEGA-A
structural monitoring systems is constituted of 9 linear accelerometers (6 linear and 3 rotational)
disposed at the level of the skid-beams (above-water). The environmental monitoring system is
constituted by a current meter and a depth gauge that allow to reconstruct the wave characteristics.
In addition speed and direction of both wind and current are recorded together with the
meteorological data (air pressure, temperature and humidity). Last updating of the monitoring
system date back to 2001.

Fig. 2: Statistical analysis of the frequency: L1x year 2000 (left), L1x (right) year 2013.
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Table 1: Main characteristics of the storm of 2014/01/25.
Month
day:h
Hs
Hmax Tz
Ts
(m)
(m)
(s)
(s)
January 2014/01/25:02
5.6
9.5
8.1
9.3

Thmax Dseas Wwind Dwind
(s)
(degN) (m/s) (degN)
9.6
244
27.23
236

2.1 Signal description
The acceleration data are recorded with a sampling frequency of 10 Hz, instead the meteocean data
are recorded with a sampling frequency of 2 Hz. The accelerometer data, the atmospheric pressure,
the humidity and the wind and air temperature are acquired for a period of 10 min/h. The depth
gauge and the current meter data are acquired for a period of 17 min/h. As an example Table 1
summarizes the main features of the storm occurred on 2014/01/25.
2.2 Signal analysis
The main structural frequencies of the platform were evaluated through the FFT technique. In 2001
one of the superstructure (the Derrick, approximately 2800 ton taking into account additional
structures) was removed during a reconfiguration of the platform. The statistical analysis of the first
frequency over the period 2000-2013 is reported in Fig. 2. It is possible to read clearly the
frequency shift: before the removal of the Derrick the first two frequency of the platform were f1mean,
2000 = 0.431 Hz and f2mean, 2000 = 0,483 Hz; after the removal they become f1mean, 2013 = 0,439 Hz
(+1.85%) and f2mean, 2013 = 0,504 Hz (+4.35%).
A more efficient identification of the frequencies was also performed by means of the Subspace
Stochastic Identification (SSI) analysing the data recorded at the midnight of each day over the
years 2000-2013. Subsequently, the identified eigenfrequencies were employed to evaluate the
corresponding modal shapes by means of a Singular Value Decomposition (SVD). The Probability
Density Function (PDF) was built by means of a Gaussian base and Fig. 3 shows the stabilization
diagram and the PDF of structural resonance (the identified mode shapes are reported in Fig. 7).
Despite the ability of the SSI to evaluate exactly the main frequencies of the platform, the SVD
allows for a poor identification of the corresponding modal shapes (Fig. 7) since the actual
monitoring system record only above-water acceleration.
Stochastic Subspace Identification (SSI) stabilization diagram
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Fig. 3: SSI analysis: stabilization diagram and PDF (storm of 2014/01/25).

3. The numerical modelling
A 3D numerical model of the VEGA-A platform was built with the finite element code ANSYS (Fig.
4) modelling main columns and vertical and horizontal bracing elements by means of 1D beam
elements with elasto-plastic behaviour. The numerical model was first employed to assess
robustness and damage tolerance of the platform. Subsequently, after dynamic identification, modal
analyses were performed to assess sensibility of frequencies to damages with the aim to discuss
improvement of the actual monitoring system to allow identifying of the modal shapes.
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Fig. 4: Vega A, numerical model.
3.1 Robustness assessment
Robustness and structural redundancy were evaluated through non-linear collapse analyses.
Damages (or deteriorations) of structural primary and secondary components were assumed in order
to evaluate their effects on the robustness of the structure. The nonlinear analyses were developed
through a pushover approach: load distributions derived by waves were modelled using the Stokes
3th order theory and, under conditions of constant gravity loads, the horizontal loads induced by
waves were monotonically increased until collapse. The collapse load was assumed as the
maximum load that the structure can withstand before the load-deflection capacity curve started a
negative trend. The analyses were developed assuming the environmental load distribution acting in
the two main direction of the offshore platform (the x-direction, the longitudinal one, and the ydirection, the transversal one, Fig. 4). In addition two further directions were considered: one with
an angle of 30° with respect the longitudinal direction and one with an angle of 60° again with
respect the longitudinal direction. For each load direction several damage scenarios were considered
assuming the failure of a member or a joint. From a numerical point of view the failure of a member,
or a joint, is assumed removing the corresponding beam element in the numerical model.
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More details about the pushover analyses are reported in [4]; in this context the non-linear
redundancy analysis was regarded as a possible sound method to be combined with a dynamic
monitoring to ensure proper future safety of the structure beyond its original design life. In fact,
taking into account that changes in stiffness are reflected in changes in main frequencies, a dynamic
monitoring system able to evaluate the structural frequencies and the corresponding modal shapes
can be used as a sound indicator for major damage of the structure. The redundancy, strictly related
with the concept of robustness, is analysed on the basis of the results of the pushover analyses by
evaluating the following indexes:

CLi
CL
; RSF  di
(1)
L fi
CLnd
where CLi is the collapse load of the structure; Lfi is the load at first member failure; CLnd is the
collapse load of the structure in undamaged condition and CLdi denotes the collapse load of the
structure in damaged condition (i-member has failed). The Structural Redundancy (SR) index is a
measure of the load level at first member failure with respect to the collapse load of the structure.
The Residual Strength Factor (RSF) is a measure of the relative reduction of capacity from the
intact state to one damaged state. Fig. 5a reports the SR evaluated for the case of load acting in xdirection. The ratio between the numerical collapse load and the first member failure was found to
be in the range between 1.6 and 1.8. This denotes a significant redundancy in the structure, as the
structural collapse does not occur until the loading is increased of about 80% from the load level at
first member failure. The SR evaluated for the case of load acting in y-direction is reported in Fig.
6a, and in this case the SR was found to be in a range between 1.2 and 1.5, less than the previous
according to the fact that the strong direction is the x-direction. It is noteworthy to observe that the
major values of redundancy are obtained in the x-direction even if the maximum collapse load is
found in the y-direction. The above results are confirmed by the values obtained for the RSF. Fig.
5b shows the reduction of capacity from the intact state to the damaged state in case of load acting
in x-direction: the RSF range between 0.88 and 0.98. The evaluation of the RSF in y-direction,
reported in Fig. 6b, shows an index that range between 0.76 and 0.98. The analysis of the indexes
shows high values of both RSF and SR denoting in addition that a (single) member damage, thanks
to the structural redundancy (and damage tolerance), does not affect the whole safety of the
platform.
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Fig. 7: Experimental and numerical modal shape: first three frequencies.
3.2 Modal assessment and model sensitivity
The dynamic identification of the model was performed employing Genetic algorithms (GA). The
basic flowchart of a GA works as follows: 1) Start with a randomly generated population of n
chromosomes (candidate solutions to a problem); 2) Calculate the fitness ƒ(x) of each chromosome
x in the population; 3) Generate a new population selecting the chromosomes according to their
fitness value and recombining new chromosomes through crossover and mutation; 4) Replace the
current population with the new population; 5) Step 2 to step 4 are repeated (iteration) until a
termination criteria is verified.
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Table 2: Experimental and Numerical frequencies.
Frequency
2013
2000
(without Derrick)
(with Derrick)
Exp.
Num.
Exp.
Num.
f1 (Hz)
0.44
0.441
0.43
0.429
f2 (Hz)
0.50
0.498
0.48
0.479

0

0

-2

-2

-2

-4

-4

-4

-6
-8
-10

 f3 [%]

0

 f2 [%]

 f1 [%]

A real-coded genetic algorithm (RCGA) was employed, and the chromosome was built in order to
collect the selected unknown parameters of the model: the added masses (water and marine growth )
and the stiffness of the 20 vertical steel piles. The numerical model of the platform was hence built
parametrically in order to accept as input these parameters (the topside masses were assumed as
fixed values). The fitness function was built based on the Modified Total Modal Assurance
Criterion (MTMAC) [5], an improvement of the MAC with the introduction of the frequencies as
penalty functions to account for differences between experimental and numerical results. The
optimization procedure allowed to identify the first three frequencies although the reduced number
of data does not allow to reproduce with the same accuracy the modal shape. In fact being the
accelerometers positioned only at the skid-beams level the analysis of the experimental data allows
for an approximate identification of the modal shape. In this respect additional under-water
measurements, made now possible by the availability of fiber optic accelerometers, can offer
effective data to substantially improve experimental modal identification through the monitoring of
level #3 (Fig. 4). A comparison between the experimental and the numerical modal shape is
reported in Fig. 7. Despite the difficulties in identifying the modal shape, the identified FE model
reproduce quite accurately the modal behaviour of the platform since it is able to reproduce with
great accuracy the frequency changes produced by the removal of the Derrick masses occurred in
2001 as summarized in Table 2.
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Fig. 8: Sensitivity of frequencies due to possible damage of main legs.
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Fig. 9: Sensitivity of frequencies due to possible damage of vertical bracings.
The identified numerical model was also employed to estimate the changes in frequencies due to a
possible damage based on the assumption adopted for the robustness assessment: damages of
structural primary (columns, the main legs) and secondary (vertical bracings) components were
assumed and the main three frequency of the structure were evaluated. Results of the analyses are
illustrated in Fig. 8 and Fig. 9. It is possible to observe that the damage of one element of the main
columns can affects directly and significantly both the first two frequency. Damage of one of the
element of the vertical bracings interests mainly the third frequency (the torsional one). This result
(in agreement with the RSF and SR indexes of the platform) confirms that even though a major
damage can be detected by a change of main frequencies, an improvement of the monitoring system
is needed to detected damage of secondary elements.
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4. Novelty index and damage
A proper identification of the dynamic structural behaviour of the platform for the application of
vibration-based SHM (Structural Health Monitoring) methods requires to remove operational and
environmental effects. To this aim the Principal Components Analysis (PCA) and the Novelty
Detection can be employed. Assuming that the environmental conditions have a linear effect on the
identiﬁed parameters, PCA can efﬁciently remove environmental and operational effects [6] [7] and
the Novelty Detection (ND) may help assessment of possible damages. The basic idea of the
methodology is the comparison of the extracted features with a set of features established as a
baseline for the structure assumed in safety conditions. Below, the basic steps of the PCA and the
ND are employed for the case of the VEGA-A platform analysing the period 2000-2013 through the
construction of a control charts. The charts constitute a primary techniques of statistical process
control, and can be used to analyse the new calculated Novelty Index (NI) vector. In statistical
analysis, control charts plot some relevant index as a function of the samples. The charts have low
and upper limits, which are computed from those samples, recorded when the process is assumed to
be in control. When unusual sources of variability are present, sample statistics will deviate from
controlled state and plot outside the control limits appear. In this paper, an X-bar control chart is
constructed by drawing two lines: a center line (CL) and an additional horizontal line corresponding
to an upper limit (UCL), which are given by:
(2)
C L  NI ; UCL  NI  
where N I and  denote the mean value and the standard deviation of NI in the reference state,
respectively. In the present application,  is taken as 3, which corresponds to a 99.7% conﬁdence.
Novelty Index vs Samples, years 2000-2013
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Fig. 10: Novelty index: variation over the years 2000-2013.
Two criteria can be employed as damage warning: the outlier analysis, counting the percentage of
the N I laying outside the UCL and the ratio of N I between safety and damaged state. In the safety
state, the new vibration features should stay in the hyperplane spanned by the features in reference
state, so the percentage of the N I overpassing UCL should be small and the ratio of N I should
tend to 1 ( N I 1). On the contrary, upon the occurrence of damage, the new vibration features will
depart from the hyperplane in the reference state, which will cause the percentage of outliers to
increase signiﬁcantly and lead to relatively large ratio of N I . The application of the PCA-based
method to the 14 years monitoring data leads to the Novelty Index (NI) and center line (CL) for
each year shown in Fig. 10. It is noted that no clear long term variation of NI is observed and thus
the adverse environmental effects are removed. The healthy indicator CL is nearly at the same level
and the outlier analysis evidences a similar trend, as shown in Table 3. Only in the year 2001-2002,
when the Derrick was removed, it is possible to observe a significant change of the NI. Anyway,
from January 2001 to December 2013, NIk<UCL.
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Table 3: Outlier analisys and ratio NI.
Year
Ratio
Outlier
NI
(%)
2000
1.000
2.36
2001
1.212
2.55
2002
1.467
1.49
2003
1.930
5.28
2004
1.800
5.22
2005
2.104
3.59
2006
1.823
4.00

Year
2007
2008
2009
2010
2011
2012
2013

Ratio
NI
1.904
1.812
2.170
2.230
2.013
1.767
1.587

93

Outlier
(%)
4.18
4.37
4.11
3.56
5.75
3.83
2.38

5. Conclusive remarks
Through the analysis of a specific case study the paper investigated the aspects of robustness and
damage tolerance of a steel jacket platform in conjunction with the data obtained through a
structural monitoring system with the aim to evaluate the ability of the monitoring system to detect
damage in structural members. The analysis of the Residual Strength Factor (RSF) and the
Structural Redundancy (SR) shows that a (single) member damage, thanks to the structural
redundancy (and damage tolerance), does not affect the whole safety of the platform. From a point
of view this shows that the structural redundancy is a key factor in design of such typology of
structure. From another point of view the results show that, due to the robustness of the structure,
the dynamic monitoring system in order to check-up the presence of a failure in secondary elements
should be improved to allows to identify the modal shapes of higher modes. In this respect
additional under-water measurements, made now possible by the technological development
through the availability of fiber optic accelerometers, can offer effective data to substantially
improve experimental modal identification. Nonetheless the actual monitoring system, as also
demonstrated by the analysis of the Novelty index, is able to identify damage in main elements and
hence it can be considered an effective component of an inspection plan helpful to optimize the
amount of inspection.
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Summary
This paper presents a framework for quantitative measure and mathematically reproducible
definitions of structural resiliency as it pertains to a bridge's ability to minimize the potential for
undesirable consequences. The resiliency assessment and design process follows logical
progression of steps, starting with the characterization of hazards, continuing through analysis
simulations, damage modelling and loss assessment by finding and subsequently balancing
functional relationships between design, analysis, damages and consequences. The outcomes of
each process are articulated through a series of generalized variables, termed as Topology,
Geometry and Hazard functions. Topology is a quantitative function establishing relationship
between bridge structure and hazard characteristics, such as type of hazard and location of hazard.
Geometry is a quantitative function establishing relationship between localized damage and
consequences due to this damage. Hazard magnitude is a quantitative measure of the hazard
magnitude that structure is subjected to. In this paper we demonstrate that quantitative measure of
structural robustness can be estimated by integration of Topology and Geometry functions. The
resiliency of a structure can be estimated by integration of Robustness and Hazard functions. A
rigorous probabilistic framework permits consistent characterization of the inherent uncertainties
through the process. The proposed framework is well suited for design process through stochastic
characterization of assessment measures. Through stepwise approach, the framework facilitates a
system wide approach to multi-hazard threats by establishing functional relationships between the
development of appropriate models, design methods, damage acceptance criteria and tools
necessary for implementation. The proposed methodology can be implemented directly for
performance assessment, or can be used to as a basis for establishing simpler performance criteria
and provisions to achieve resilient structural solutions. The application of the process is
demonstrated through assessment of example cable stayed bridge.
Keywords: Bridge, Robustness, Resiliency, Air-blast, Performance Based

1. Introduction
The recent past has witnessed unprecedented levels of structural failures in response to extreme
loading events and structural deterioration. Despite engineers' efforts to implement an elevated level
of design, these incidents have highlighted the significant threat to our built infrastructure posed by
low-probability-high-consequence events and the shortcomings of conventional design approaches
in providing an effective engineering process to confront failure propagation as part of the design
process. Emerging trends in the engineering community suggest the problem is rooted in the
misnomer of achieving a "collapse proof" structure using design approaches that address a limited
range of performance in response to specific extreme loading conditions to incrementally increase
resistance. The resulting design, however, may be unable to cope with even slight variability in the
initial design assumptions or structural response.
Given the need to preserve building functionality, designers are turning to concepts of resiliency,
which stress the need for a system to resist, adapt to, and recover from exposure to a broad range of
hazards. The resiliency of a system is measured by its ability to mitigate the effects of an extreme
load and minimize the recovery needed to restore functionality. The concept of resilience is
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applicable at multiple levels within the scale of the built environment, progressing from structural
components to single structures to networks of structures to entire communities. Evaluations of
resilience at each level are critical to the overall ability of our infrastructure to withstand and
recover from extreme events. The framework developed in this paper will focus on the resilience of
a single structure to blast loads and potential local damage.
This paper outlines a decision-based framework by which the magnitude of the consequences to
blast-induced local damage can be calculated and used to assess structural resiliency. Current
models define system resiliency as the time to full (or nearly full) recovery after a shock, insult or
disturbance (i.e. hazards). In this context, it is difficult to understand the engineering process by
which to evaluate and implement resilience. This paper proposes an alternate definition of resilience
in which the amount of required recovery is correlated with the amount and severity of damage
inflicted by an air-blast threat. In this framework, the user determines the likely damage for a range
of increasing threats and decides whether the corresponding consequences based on the sequence of
damage (which quantifies the resilience) is acceptable. Current performance-based methodologies
are adapted to provide a procedural framework that is multi-deterministic and therefore more
accessible to engineers who rely on the current state of practice. The mathematical formulation of
the proposed approach is discussed, and a design example is provided in which the proposed
framework is demonstrated.

2. Resilience and Robustness
The key issue confronted by collapse resistant design approaches is the formulation of a structural
solution to resist an unexpected and unpredictable event without a priori knowledge of the location
of the local damage and, thus, the load redistribution mechanism is a requirement. At the epicentre
of progressive collapse theories and design practices is the concept of robustness. This quality of a
structural system characterizes the extent to which stability can be maintained when equilibrium is
perturbed. Collapse resistant design is essentially the practice of calculating structural robustness
and enhancing the ability of the system to cope with extreme load conditions where it is necessary.
Lacking clear guidance in how to achieve robustness, engineers have extended their understanding
of conventional structural theories in the pursuit of collapse resistant design. The predominant
technical methods employed in this exercise are deterministic in nature and rely on a series of
assumptions to reconcile unknowns associated with damage scenarios, initial conditions that define
system resistance, and observed variability in structural performance at the brink of collapse and
provide an achievable path to implement collapse resistance. The design process is largely
characterized by a component-by-component validation of the structure and subsequent local
strengthening of the system until a prescribed level of resistance is achieved. This process is
predicated on the assumption that robustness is a variable property of the structure, correlated to
strength and load path redundancy. However, observed structural behaviour in the aftermath of
extreme loading events contradicts this assumption. There are many examples where seemingly
highly redundant structures have failed and, conversely, where expected building failure was not
observed.
This paper argues that the disparity between expected and observed building performance is rooted
in the assumption that strength-based methods, applied at the component level effectively, will
adequately alter the global resistance from which structural robustness is derived. Rather than
consider the resistance as a sliding scale in relation to a fixed load, the proposed alternative is to
consider robustness as a fixed property of the system that is uniquely tied to the structural
configuration as expressed in Eq. 1:
Robustness = f(topology, geometry)

(1)

In this formulation of robustness, topology refers to the structural configuration relative to the site
or location. This property defines the expected exposure of the structure to concentrations of
extreme loads. The geometry term refers to the layout of the structural load bearing elements. Both
are absolute properties that cannot be changed without modifications to the overall system (both
location - topology and structural system - geometry) configuration. In this way, once the structural
system location and geometry has been defined so too has its robustness.
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If robustness is held to be an absolute property of the system, then resilience represents the variable
property that fluctuates with specific design decisions. Pursuit of resilience is typically considered
to be an exercise in balancing the ability of a given structure to resist, adapt to, and recover from
extreme events (see Eq. 2). The resistance component of Eq. 2 represents engineering effort to
withstand a prescribed hazard. Load resistance allows the structure to achieve rapid recovery to a
wide range of threats by avoiding damage. However, even robust structures may experience some
damage when subject to extreme loads. To resist blast loads, structural elements are designed to
experience allowable levels of plastic deformation. Even if element failure (i.e. collapse) is avoided,
damaged elements will require repair or replacement, resulting in a temporary loss of functionality.
Resistance should therefore be provided such that potential damage minimizes casualties and
reduces the likelihood of catastrophic structural losses. The adaptation component is largely
understood to consist of high-level emergency planning efforts to restore function in the aftermath
of a catastrophe. The recovery component represents the process over time in which system
function is restored via repair and/or replacement. The perceived balance of these variables, as it
impacts system resilience is visually depicted in Fig. 1, which plots functionality on a time scale.
Resilience = f(resistance, adaptation, recovery)

(2)

Eq. 3 revises the common expression of resilience to exclude the recovery and adaptation
components, as these parameters cannot be easily and directly quantified as part of engineering
design efforts. The resistance component of resilience is broken into robustness and hazard
parameters.
Resilience = f(hazard, robustness) = f(hazard, topology, geometry)

(3)

In this modified expression of resilience, the structural performance associated with a specific
system configuration is considered to be independent from the contribution of component
strengthening to address a prescribed load or hazard. The resulting equation for resilience represents
the specific hazard magnitude mitigated by a structural design with an assigned robustness. This
definition of resilience allows engineers to quantify resilience and robustness in more certain terms
and provides a basis to better assess post-event structural behaviour. By extension, resilience, R, can
be expressed mathematically as the normalized integration of the functionality, Q as shown in Fig. 1
(Bocchini and Frangopol 2012), in which Q is represented as a function of topology, T; geometry, G;
and hazard, H:
 1 r
  Q( H , T , G)dt
R  f(H, T, G)  
 t r  t 0 t 0
t

Figure 1. Graphical representation of functional recovery following an extreme event which causes damage.

(4)
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Proposed Resiliency Framework

The proposed framework is centred on a performance-based calculation of the consequences due to
blast-induced local damage. The consequences, C, quantify the loss of functionality which
constitutes the initial condition needed for integration in Eq. 4. As a starting point, a risk-based
integration based on the total probability theorem is constructed, similar to that used by several
performance-based approaches (Barbato et al. 2013; FEMA 2012), to calculate the likely magnitude
of the consequences based on the topology, geometry, and hazards:

 (c)      G(C | DM )  p( DM | ERP )  p( ERP | IM )  p( IT | T )  p(T )  dDM  dERP  dIM  dT (5)
where G(…|…) is the conditional cumulative distribution function; p(…|…) is the conditional
probability density function; T is the threat location and size (accounting for the standoff and
orientation of the explosive threat to the structure as well as its charge weight); IM is the intensity
measure (i.e. the magnitude of blast pressure and impulse due to the threat); ERP is the engineering
response parameter (such as ductility, rotation, shear, or breach) due to the IM’s and T’s; DM is the
direct damage caused by the blast according to the ERP’s; and C is the indirect consequence of the
damage (i.e. the resulting structural and/or functional losses). Eq. 5 can solved by sequentially
solving for the probability of exceedance for each successive parameter by integrating its
probability density function as conditional of the upstream parameters. To achieve a quantitative
solution, a conditional probability density function must therefore be developed, available, or
assumed for each step of integration.
To reduce the number of required probability density functions, Eq. 5 can be simplified by
selectively designating some of the parameters as deterministic variables. The IM at every target on
the structure can be assumed to be a deterministic function of the threat location and size, as is
commonly done in blast engineering practice (DoD 2008). If threats are examined one at a time,
then the probability of DM becomes directly correlated to the IM and the integration over T is
eliminated. Also, the integration over ERP can be eliminated if deterministic, pre-defined response
limits are chosen (i.e. variability in the ERP is removed):

 (c)   G(C | DM )  p( DM | IM )  dDM  dIM

(6)

Eq. 6 is used to evaluate the consequences for each threat location, which can then be compared
either graphically or numerically for all likely or potential threat locations. Even though its
integration has been simplified, Eq. 6 still requires that the user provide probabilistic functions
relating the damage to the blast effects as well as the consequences given the damage. To complete
the transition toward using deterministic rather than probabilistic methods, we can replace the
probabilistic functions G(C|DM) and p(DM|IM) with direct functions for C and DM. As is done in
practice, DM can be considered to be a deterministic function of the exceedance of the ERP by the
corresponding IM. DM(IM) can be calculated using single degree of freedom analysis of the
elements (DoD 2008) according to response limits representing “failure” (USACE 2006). The
function for C describes the increase of consequences as a function of the pattern of DM (i.e. as a
function of DM given IM). C(DM|IM) is a user-defined function that describes the increasing
amount of structural loss (and therefore functional loss) associated with the location and extent of
damage. The calculated value for total consequences can then be expressed as follows:
C (T )   G( DM | IM )  DM ( IM )  dDM  dIM

(7)

The functions within the double integral in Eq. 7 represent a surface that graphically describes the
overall consequences in response to increase threat intensity for the given threat and geometry. The
volume under this surface is calculated via the double integration and represents the initial
condition for the calculation of resilience, R. If the shape of functionality Q in Fig. 1 and Eq. 4 is
assumed to include an instantaneous drop of magnitude C(T) due to an extreme event at time t0 and
is followed by a linear recovery to full functionality at time tr, then Eq. 4 can be rewritten as
follows:
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t

 1  r  C (T ) 
  
t  t 0  dt
(8)
R(T)  
 t r  t 0 t0  t r  t 0 

If the rate of recovery is assumed to be independent of the magnitude or type of functionality loss,
the resilience can be more simply calculated as inversely proportional to the consequences that
result from the intensity of the given threat:

1
(9)
C (T )
The framework proposed in this paper establishes a correlation between the pattern and sequence of
damage due to the spatial distribution of blast effects on the system to the resulting consequences.
In other words, the consequences in terms of structural loss are governed by the order and location
of element failure as the intensity of the blast threat increases. By developing the consequences as a
function of the damage due to the distribution of threat intensity (i.e. C(DM|IM)), the relative
resilience of the building to damage caused by a range of threat intensities (i.e. DM(IM)) can be
evaluated.
R(T ) 

4.

Example

A simplified design example is provided to illustrate the implementation of the proposed resilient
framework in the context of blast resistant bridge design. This example, ultimately, demonstrates
the process by which resilience can be assessed and high-level design decisions can be made
regarding structural system configuration as part of early stages of the design process where a fixed
threat is considered.
4.1 Site-Layout: Topology
The prototype bridge structure used to illustrate the proposed framework to calculate resilience is
shown in Figs. 2a and 2b. Bridge failure models associated with only cable losses are considered for
the simplicity reasons. The cables are numbered sequentially as shown in Fig. 2a. As indicated
previously, all cables are assumed to be characterized by the same material and section properties
such that the same blast load intensity will cause an exceedance of the selected ERP of any one
cable. In practice, variable element design and failure models would be accounted for in
determining the sequence in which failure propagates from one cable to the next given the IM
distribution.

Figure 2a. Example Bridge lay-out: Cable numbering
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Figure 2b. Example Bridge lay-out: Threat location

4.2 Threat Locations and Intensity Measure: Hazard
For this example, four explosive weapon threats were considered. All threats are assumed to be
equal in magnitude. The threats locations are as followed:
 Threat 1: Located at 1m distance from Cable-18
 Threat 2: Located at 1m offset and at equal distance between Cables 18 and 19
 Threat 3: Located at the middle of the bridge at equal distance from cables 18 and 44
 Threat 4: Located at the middle of the bridge at equal distance from cables 18. 19, 44, and 45
Fig. 3 depicts a scatter plot of air-blast pressures and impulses (i.e. the blast IM) for each cable for
Threat 1. In Fig. 4, the points are ordered according to descending intensity as a percentage of the
maximum intensity to identify columns that are exposed to the highest magnitude loads.

Figure 3. Hazard Intensity Measure (IM) Scatter Plot for Each Column for Threat-1
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4.3 Consequence and Damage
For the purpose of this example, we assume that the bridge is designed to sustain the loss of two
consecutively located cables. If the loss extends beyond two consecutive cables, the bridge will
collapse. The acceptable damage is therefore is the failure of two cables.
4.4 The Sequence of Damage
Given the assumption that all cables are equal and bound by a singular ERP, cables with the greatest
exposure to extreme loads are considered to also experience the greatest extent of damage. In this
way, the example establishes a direct correlation between the DM and IM components of the
mathematical formulation and simplifies the process of assessing damage propagation. As shown in
Fig. 4, for instance, Cable 18 is expected to experience the highest loads and incur the greatest
levels of damage. In practice, the IM field can be used to assess damage on a component-bycomponent basis to establish a design-specific correlation between the DM and IM parameters.

Figure 4. Topology plot of relative Intensity Measure (IM) Plot for All Cables.

Figure 5. Geometry plot of Consequence Function for Threat 1

4.5 Damage and Consequence Functions
In general, the consequence function can be derived by rigorous finite element analysis of the
structure to assess damage propagation given a sequence of element failures. However, for the
purpose of the illustration of the example, the consequence function is derived empirically based on
the number of lost cables. In this way, failure of an individual cable can be deterministically
correlated to a structural loss measure. Each consequence function is unique not only to structure
but also to threat location.
Fig. 5 illustrates the consequence function for the bridge. Failure of less than two cables is assigned
a consequence of zero. If cable loss exceeds 2, the consequence is set at 100% (ie total collapse of
the bridge).
4.6

Consequence and Resilience

An overall consequence measure (CM) can be obtained by multiplying the consequence function (C)
of Fig. 5 with the plot of relative IM portrayed in Fig. 4, which is directly correlated to the Damage
Measure (DM) for this example. Fig. 6 shows the CM surfaces for example bridge structure for
each considered threat location over the domain of IM and DM. The consequence C(T) is then
obtained by calculating the volume under each surface (i.e. by solving Eq. 7).
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Additionally, Fig. 6 indicates a Relative Resilience Indicator (RRI) for each threat, which is a direct
estimate of Eq. 9. The consequence is a summation of the total consequence associated with the
variable damage field across all elements. Thus, a high RRI can be achieved through a combination
of – (1) consequence minimization for a given threat or (2) threat reduction for an expected
consequence.

Figure 6. Consequence Measure and Resilience Indicator for Example Bridge

Examining the results, several key conclusions can be made as follows:
 The bridge is most resilient to Threat -3 (RRI = 7.8%) and least resilient to Threat -1 (RRI =
2.76%).
 In general, the structure is only as resilient as the weakest link, or in the case of this example the
RRI associated with the limiting threat (Threat 1)
Based on these results, the structural engineer is able to make one of several decisions to dictate the
final design of the structure:
1. "No Action" - Proceed with conventional design of the bridge and accept consequence for the
specified threats
2. "Collapse Resistance" - Implement collapse resistance of three consecutive cables
3. "Selective strengthening" - Retain the configuration of the bridge but selectively strengthen
columns to minimize damage. This approach will not alter the formulation of the consequence
function, which assumes failure, but results in an adjusted Consequence Measure (CM) and
Resilience Indicator (RI).
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4. "Reconfigure Bridge" - Alter the configuration of the bridge. This approach will effectively
change column orientation relative to the threat and result in a different Intensity Measure (IM)
and Damage Measure (DM).
5. “Reconfigure Site” – Alter the configuration of the site. This action will require participation of
the architect, site planners, and owners to change the site layout to mitigate the explosive threats.
This action would involve the relocation of roadway, fences, locations of potential screening, or
obstructions that may hinder surveillance of potential blast threat locations.
Each of these decisions can be framed in the context of overall impact to the building design, as
well as construction cost, to determine the most ideal solution to optimize system resilience.
4.7 Conclusions and Future Work
This paper outlines a decision-based framework by which the magnitude of the consequences to
blast-induced local damage can be calculated and used to assess structural resiliency. The procedure
for resiliency assessment starts with the characterization of hazards and calculates the resulting
damage modelling and functional loss by deriving and subsequently balancing functional
relationships between design and consequences. The outcomes of each process are articulated
through a series of generalized variables, termed as topology, geometry, damage and hazard
intensity measures. The framework is multi-deterministic and therefore more accessible to
engineers who rely on the current state of practice. A design example using a cable stayed bridge
was used to demonstrate the implementation of the framework.
The proposed framework has potential to be adapted for other hazard types such as impact or fire
exposure that, like blast, are typically characterized by concentrated intensities. To address these
additional hazards, future work is needed to develop methods to calculate the spatial distribution of
hazard intensity and characterize the resulting damage and consequences. Adapting this procedure
for impact loads would be fairly straightforward since most elements that are affected by the impact
could be evaluated on a pass-fail basis similar to the use of performance criteria for blast load.
Including fire exposure poses a greater challenge since elements with thermally induced material
weakening and restraint of thermal expansion will develop a broader spectrum of damage across the
structural system.
Ideally, the framework would be extended to be multi-hazard to capture the resilience of the
structure to the entirety of an extreme event (i.e. blast or impact followed by fire at the location of
damage). In a previous study, the authors have examined the consequences of fire that follows an
initial extreme event that results in local damage (Quiel and Marjanishvili 2012), and the
incorporation of fire in the framework would allow users to leverage studies such as these to
develop a holistic rather than hazard-dependent assessment of structural resilience.

5.
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Summary
Timber structures are becoming an important element in sustainable and economic development.
However, the combustibility of timber still limits its use as a building material due to restrictions in
building regulations in most countries. Most of the research and calculation methods related to the
behaviour of wood, including charring, are based on standard fire exposure. This study presents the
results of numerical thermal analysis conducted for three different timber structures in natural fires,
for which experimental results are available. The results are compared to those from calculation
methods of EC5 part 1.2. Applied material properties are based on EC5 part 1.2 and novel studies.
Wood is combustible material and especially in the cooling phase of fire this may have considerable
effect on charring. It is shown in this paper how this increase in fire load can be taken iteratively
into account in numerical analysis.
Keywords: charring of wood; timber structures; natural fires; numerical analysis.

1. Introduction
1.1 Fire safety in timber buildings
In recent years, the building design industry has been turning towards timber with an interest in
taller buildings [1]. Tall timber buildings can cause notable safety concerns in fire situation. The
failure of load-bearing structure may cause significant consequences in the terms of fatalities,
injuries and economic losses. Many standards strongly restrict the use of timber as a building
material because of the combustibility of timber. The current knowledge in the area of fire design of
timber structures including etc. sprinkler systems allow the use of timber in a wide field of
application. As a result, many countries have started to revise their fire regulations, thus allowing
greater use of timber in buildings [2]. According to reference [2], in most countries, there are two
alternative ways of satisfying the national requirements:
- Prescriptive code: The building is designed and built with standard concepts (standard fire)
by applying detailed rules with regard to fire classes and criteria provided by the regulations.
- Performance-based code: The building is designed and built based on design fire scenarios,
which covers the conditions that are likely to occur in the building.
Performance-based design (PBD) means designing a building to a target level of performance rather
than simply meeting the requirements of a prescriptive building code. According to report of NIST
[3], PBD can mean many different things, e.g. providing fire resistance to a complete burnout in the
absence of fire-fighting. According to reference [3] the research and design concepts related to
timber structures in fire are mostly limited to standard time-temperature exposure (e.g. ISO 834-1
[4]). Standard temperature fire-curve is in many cases very unrealistic scenario because it mainly
describes the fully developed fire, does not include the cooling phase and the fire load cannot be
specified. In reference [3] it is concluded that the need for further studies of the fire behaviour is
large, in particular with regard to the global structural behaviour of realistic buildings exposed to
natural fires.
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Calculation methods for defining char depth in natural fires

According to the fire part of Eurocodes for timber structures EN 1995-1-2 [5] (referred as EC5), the
position of the char-line should be taken as the position of the 300-degree isotherm. The basic
hypothesis in the calculation of fire resistance of timber structures is that the charred portion is no
longer able to sustain any load. In EC5, informative Annex A there is a calculation method to define
the char depth in parametric fires when parametric fire is defined according to EN 1991-1-2 [6]
(referred as EC1). Advanced calculation methods (EC5, informative Annex B) can also be used to
define the char depth. However, the parametric fires do not describe the temperatures of real fires in
all cases, as shown in e.g. fire tests conducted by Hakkarainen [7] and there are also limitations for
the use of parametric fire curve. Moreover, the material properties given in EC5 Annex B are valid
only for standard fire exposure. Cachim & Franssen [8] and Hopkin et al. [9] have proposed
modified material properties for timber in fire (see Chapter 2.2 for more details).
1.3 Increase in fire load
According to EC1: “the fire load should consist of all combustible building contents and the
relevant combustible parts of the construction, including linings and finishings. Combustible parts
of the combustion which do not char during the fire need not to be taken into account.” The relevant
combustible parts of the construction depend on the fire exposure, which in turn depends on the fire
load, which also includes the relevant combustible parts of the construction. It can be seen that the
determination of the final fire load and the final char depth have to be defined iteratively. The
iterative process is described clearly e.g. in dissertation of Friquin [10].

2. Scope of the work
2.1

Considered cases

This paper presents a comparison between experimental results, analytical methods and numerical
analysis of charring of timber structures in natural fires. The three test results are taken from
following references: Kinjo et al. (glulam beam, Japan, 2014) [11], König et al. (timber frame
assembly, Sweden) [12] and Hakkarainen (heavy timber construction compartment, Finland) [7]. In
this paper, only charring of timber is studied. The mechanical behavior of structures is not
considered.
2.2

Applied methods

The following methods are applied in the calculation of charring of the considered timber structure
(in brackets is shown the abbreviation used from now on):
- Hand-calculation method of EC5 Annex A (EC5,A)
- Advanced calculation method of EC5 Annex B, material properties taken directly from EC5
Annex B (EC5,B)
- Advanced calculation method of EC5 Annex B, modified material properties according to
Cachim & Franssen and Hopkin et al. (EC5,Bmod)
- Advanced calculation method of EC5 Annex B, modified material properties according to
Cachim & Franssen and a proposed model based on the results of this study (EC5,prop)
All the advanced calculations are conducted using SAFIR-software [13], which is a special purpose
finite element (FE) program developed at University of Liege, Belgium, for analyzing the behavior
of structures under ambient and elevated temperatures. It should be noted that in the case of timber
frame assembly (König et al.) methods EC5,A and EC5,Bmod were not applied because method
EC5,A is only valid for unprotected wood and there were no parameters for the parametric fire
needed in EC5,Bmod. Tables 1 and 2 show the modified thermal properties according to Cachim &
Franssen and Hopkin et al, respectively. Cachim & Franssen proposed a modified specific heat
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capacity curve allowing to consider different moisture contents, w. The modified conductivity
model (MCM) proposed by Hopkin et al. uses the model of Cachim & Franssen for specific heat
capacity and modifies the conductivity presented in EC5 Annex B.
Table 1: Modified thermal parameters according to Cachim & Franssen.

Temperature [oC]
20
99
99
120
120
200
> 200

Density ratio, G
1+w
1+w
1+w
1.00
1.00
1.00
According to EC5

Specific heat capacity of timber with water, cw [J/kgK]
(1210 + 4190·w) / G
(1480 + 4190·w) / G
(1480 + 114600·w) / G
(2120 + 95500·w) / G
2120 / G
2000 / G
According to EC5

Table 2: Modified thermal conductivity according to Hopkin et al.
Temperature [oC]
20
200
350
500
800
1200

Modified thermal conductivity
according to Hopkin et al. [W/mK]
0.12
0.15
0.07
0.09·k,mod
0.35·k,mod
1.50·k,mod

Thermal conductivity according to
EC5 [W/mK]
0.12
0.15
0.07
0.09
0.35
1.50

According to MCM-model of Hopkin et al, the thermal conductivity specified in EC5 should be
multiplied by factor k,mod at temperatures hotter than 500 oC. The factor k,mod should be calculated
as follows [9]:
,

,

(1-3)

Where is a factor accounting for the thermal properties of the boundaries of the compartment as
defined in EC5 Annex A and qt,d is the design fire load density (MJ/m2) related to the total area of
floors, walls and ceilings which enclose the fire compartment.

3. Results
3.1

Test results of Kinjo et al.

A novel Japanese study presents the results of fire tests conducted for glulam beams [11]. The
researchers were particularly interested in the results at the cooling phase of the fire, because this
kind of test data has not been published widely. The dimensions of the tested beams were 6000 mm
(length) x 210 mm (width) x 420 mm (height). The cross-section of the beam was exposed to fire
from three sides. The top of the cross-section was insulated. Two fire tests were conducted in the
test series, where the temperature of the furnace followed the standard-fire-curve for one hour and
then followed a long cooling phase (Fig. 1). Vertical and horizontal charring depths were measured.
Fig. 1 also shows the parametric fire curve according to EC1 Annex A which is applied in method
EC5,A. In the cooling phase, the temperature of the parametric fire decreases clearly slower than
those from the tests. The parameters of the parametric fire curve were defined by trial so that the
heating phase temperatures were close to those from the tests. Thus, the applied parameters had
nothing to do with the actual fire tests in this case. Moreover, in this parametric fire curve, the
parameter t0 = 45 min, which is higher than the maximum value (t0 = 45 min) according to EC5
Annex A. However, method EC5,A was applied in the calculation of char depth for comparison.
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The right-hand side of Fig. 1 shows the numerically calculated (method EC5,B) temperature
distribution and the location of the 300 oC-isotherm, which is applied to define the char depth.

Fig. 1: The furnace temperature from the tests (left) and SAFIR-model of the beam (right).
The comparison between char depths from tests and the calculated values are shown in Fig. 2.

Fig. 2: The experimental and calculated values for char depth in tests 2 (left) and 3 (right) from
reference [11].
In the heating phase of the fire the charring rate was in the tests between 0.61 – 0.68 mm/min and in
the cooling phase it was very low. Method EC5,B gave good predictions for charring rate (0.68 –
0.71) and for the maximum char depth. Method EC5,Bmod gave results that were clearly on the
safe side. It should be noted that Kinjo et al performed loading tests for the beams. In these tests,
the deflections of the beams increased clearly in the cooling phase of the fire and the beams lost
their resistance after 79 and 121.5 minutes even though the cooling phase of the fire started after 60
minutes and according to their calculations there should have been resistance left. Kinjo et al.
concluded that charring of timber structures in natural fires is an area which needs further studies.
3.2

Test results of König et al.

A research report published by Trätek in 1997 [12] presents test results of timber frame assemblies
exposed to parametric fires. In the following the fire tests VE13, VE16 and VE22 of the mentioned
report are considered. These tests were similar except that the vertical studs were loaded by
different force. Figure 3 shows the furnace temperatures compared to standard-fire curve (left) and
the applied SAFIR-model (right).
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Fig. 3: The furnace temperature in test VE13 (left) and SAFIR-model of the wall (right).
The structure of the tested walls was as follows (the exposed side mentioned first): type F gypsum
board (15.4 mm); type A gypsum board (12 mm), timber frame (45 mm x 145 mm spacing 600 mm,
rock fibre as cavity insulation) and type A gypsum board (12 mm). In each fire test, the char depths
were defined from two studs (overall from 6 studs). The material properties in the calculations were
based on the average values from the test report. The thermal properties of rock wool were taken
from the dissertation of Schleifer [14]. The default material properties of SAFIR for gypsum board
(based on reference [15]) were applied in the calculation. It is recognized that the modelling of
gypsum boards in fire situation is challenging task and the so-called effective material properties
may vary significantly depending on the test results as can be seen e.g. in the report of Jones [16].
In a short sensitivity study, the default material model of SAFIR yielded in most cases conservative
results compared to the material models proposed by Jones and Schleifer.
The report of Trätek concludes that the increase in fire load due to the burning timber frame should
be taken into account. According to the report, the charring continued in the cooling phase even
when the temperatures were moderately low. In the calculations of this paper, the increase in the fire
load was taken into account iteratively by adding the heat flux from the burning wood into the of
timber stud edge as shown in Fig. 3. In the calculation of the heat flux, the heat losses as proposed
in the report of VTT [17] were considered. Four iteration rounds were performed in this case. Fig. 4
shows the minimum-, average and maximum values for the measured charring depths from fire tests.
Moreover, it presents the results of method EC5,B and shows the results from each iteration round.
The fire tests were terminated when the structures could not resist the applied force anymore. At
this point the calculated maximum char depth was very close to those from the tests. The charring
of the studs started approximately 10 minutes earlier in the calculations than in the tests. The
material properties of gypsum boards have a major effect on when the charring starts.

Fig. 4: Experimental and iteratively calculated values for char depth from reference [12].
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Test results of Hakkarainen

Hakkarainen studied experimentally the temperatures and charring depths of heavy timber
construction compartments. The size of the compartments was 4.5 m x 3.5 m x 2.5 m (length x
width x height). There was a window in the compartment with size of 2.3 m x 1.2 m (width x
height). In this paper, an experiment which was performed for unprotected timber structure is
considered (Test 1 in reference [7]). The left-hand side of Fig. 5 shows the measured furnace
temperature and the parametric fire-curve according to EC1 Annex A when using the parameters
from the fire test: opening factor, O = 0.042 m0.5; fire load density, qt,d = 160 MJ/m2; thermal inertia,
b = 330 J/m2s0.5K. The right-hand side of Fig. 5 presents measured char depths from some points of
wall and ceiling and the comparison to the results of calculations. The experimental values in Fig. 5
are not average- or maximum values for measured char depths but they are the only one which were
presented as a function of time in reference [7]. The maximum char depths from fire test was 41
mm and the calculated values using methods EC5,A; EC5,B and EC5,Bmod were 75 mm, 34 mm
and 65 mm, respectively. Thus, in this case, method EC5,B gave an unsafe result.

Fig. 5: Furnace temperature compared to the calculated values of EC1, Annex A (left) and
experimental and calculated values of char depth (right).
Left-hand side of Fig. 5 shows that the parametric fire curve gives highly conservative temperatures
compared to the experimental values. According to Hakkarainen the parametric fire of EC1 gave
300 – 500 oC too high temperatures when the timber structures were unprotected or they were
protected by one gypsum board. Methods EC5,A and EC5,Bmod are dependent on the parameters
of parametric fire curve of EC1 and because of that they also gave highly conservative results.

4. Proposed material model
4.1

Basic idea

The basic idea in this material model is the same as in the MCM-model of Hopkin et al. [9] (see
Table 2). Thermal conductivity of the wood is increased compared to the values presented in EC5
Annex B. Based on the results of the numerical analysis presented in this paper, a constant value
factor k,mod = 1.45 was chosen (see Table 2). Moreover, the proposed material model of EC5 Annex
B is modified according to the studies of Cachim & Franssen (see Table 1). This makes it possible
to take the moisture content of wood (if something else than 12 %) into account in calculations.
4.2

Comparison to FE-results

Figures 6 and 7 present the comparison between the experimental and calculated values of char
depth when using the proposed material model. Table 3 presents the maximum values of char
depths.
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Fig. 6: Comparison of experimental results of Kinjo et al. and calculations conducted using
proposed material model.

Fig. 7: Comparison of experimental results of König et al (left) and Hakkarainen (right) and
calculations conducted using proposed material model.
Table 3: Comparison of experimental and calculated maximum char depths.
Fire test
Kinjo et al: test 2 and 3 – vertical
Kinjo et al: test 2 and 3 - horizontal
König: VE13, VE16, VE22
Hakkarainen: wall and ceiling

Char depth from
test dchar,test [mm]
47 and 47
41 and 40
54
30

Char depth from calculations
dchar,prop [mm] (EC5,B,prop)
51 and 50
50 and 49
64
41

dchar,prop / dchar,test
1.09 and 1.06
1.21 and 1.22
1.19
1.38

Figures 6 and 7 and Table 3 show that method EC5,B,prop gave in all considered cases reliable and
conservative predictions for charring rate and the maximum value of char depth. However, it should
be noted the wider use of this material model needs more research related to different kinds of
natural fires. It is assumed that the use of factor k,mod = 1.45 does not lead to realistic results in all
cases.

5. Conclusions
Based on the calculations conducted in this study, the following conclusions can be drawn:
- The method presented in EC5 Annex A does not apply for all cases because the fire has to be
defined based on EC1 Annex A. Moreover, it overestimated the temperatures in a room with
timber enclosure and the char depths in the considered cases.
- The use of advanced calculation methods with the material properties of Annex B gave in
most cases reliable and in some cases unsafe results compared to tests. The use of material
properties of Annex B is intended in standard fire only.
- The use of advanced calculation methods with the material properties proposed Cachim &
Franssen and Hopkin et al. does not apply for all cases because the fire has to be defined
based on EC1 Annex A. In the considered cases the results of this method were clearly on
the safe side compared to test results.
- The use of advanced calculation methods with the material properties proposed by Cachim
& Franssen and based on this study gave reliable results in the considered cases.
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It is extremely important to increase the fire load due to the burning wood if it is not already
included in the fire load or in temperature curve.
Fire tests related to timber structures in natural fires, including cooling phase, are needed.
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Summary
Experimental study and numerical analysis are performed on the robustness of large span trussbeam structures. A high efficiency experimental system for progressive collapse research on spatial
structures was established and validated by progressive collapse tests of planar and spatial trussbeam structures induced by initial member break. Experimental and corresponding numerical
analysis results show that the safety margin of the bearing capacity of members plays a vital role in
the resistance to progressive collapse and spatial action may enhance robustness for spatial
structures.
Keywords: truss-beam structure; progressive collapse; experimental system; model test; non-linear
analysis.

1. Introduction
Progressive collapse of structures is initiated by local damage and subsequently extends to the
whole structural system, leading to a final damage state that is disproportionate to the initial local
damage area. Abnormal events that cause initial local damage, either natural disasters or induced by
human behaviours, are hard, if not impossible, to foresee and control. Meanwhile, the location of
local damage is also difficult to predict, which makes traditional probability-statistics-based load
analysis method inappropriate for progressive collapse analysis. Therefore, research on progressive
collapse is not merely of great significance, but also brings challenges to researchers.
The great majority of studies on structural progressive collapse are conducted by means of FE
method, while not much experimental research has been performed. From the aspect of
experimental technique, progressive collapse tests are much more difficult than other dynamic tests
in terms of model establishment, accurate application of abnormal load, generation of local damage
and recording of experimental data. All these problems are discussed in this paper.
Meanwhile, specific requirements for resisting progressive collapse, such as requirement of
redundancy, vary with different structural systems. Therefore, research must be done according to
structural types. Published research focused more upon multi-story frame structures other than
large-span structures to date. Among all types of large-span structures, truss-beam structures are
studied in this paper. Truss-beam structure is characterized by two properties: loads are mainly
transferred in plane structure, and members bearing transverse force are of lattice form, such as
normal truss. However, the term “truss-beam structure” is introduced to distinguish itself from
normal truss and give a better description of actual structure. In engineering applications, chord
members are designed to be continuous and connections between chord and web members are
partially rigid. While for the term “truss” which is conceptual and idealized, all the members are
connected by hinges. Moment in members of an actual structure under normal loads is usually small
enough that the use of “idealized” truss does not cause accuracy problem for both internal force and
displacement. Nevertheless, flexural resistance of connections and statically indeterminate
properties in structures must be considered in progressive collapse analysis, which means local
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resistance must be taken into account quantitatively. Another reason for introducing the term “trussbeam structure” is due to its wide application, for instance it includes hybrid-string structure in
which members are subjected to transverse loads.
This paper presents experimental research on progressive collapse of large-span truss-beam
structures, with special focus on planar truss-beam structures. Emphasis is given on the
establishment of experimental system for progressive collapse study. To the author’s knowledge
little or no research on experimental research on progressive collapse of truss-beam structures has
been presented in the publications.

2. Test setup
The following features are desired for experimental systems established for progressive collapse
research: (1) small-scale models are taken so that large numbers of parametric studies can be
performed in a relative economic way; (2) appropriate failure initiating devices are adopted in
experimental models to cause sudden failure of local members; (3) data acquisition system should
be able to measure and record dynamic developments of strains and displacements.
2.1 Design of experimental models
Both planar and spatial structural models were studied by the experimental research. The planar
model was bilaterally symmetrical and the dimensional properties are shown in Fig.1 (a). Two
planar models was tested (P-A and P-B), they had the same geometrical properties but were loaded
with different external load. There were two spatial models, i.e., S2-A and S3-A. Each model was
consist of three planar truss-beams, and only the middle truss-bream was loaded. The middle trussbeam was tied to the side truss-beams through out-of-plane assisting components which connected
upper chord joints of planar truss-beams. In S2-A, out-of-plane assisting components included six
assisting components that are perpendicular to the planar trusses and four diagonal assisting
components between middle truss-beam and side truss-beam B (Fig.2 (b)); while in S3-A, another
four diagonal assisting components were added between the middle truss-beam and the side trussbeam A. Geometrical properties of the three truss-beams are identical with that of planar model.
There are two types of spatial models. All structural members in the models are aluminum pipes
with diameter of 10mm and wall thickness of 1mm.

Fig.1. (a) Planar truss-beam model

(b) Spatial truss-beam model S2-A

2.1.1 Failure initiating device
It has been proved that sudden element loss, such as sudden column removal from frame structures,
is event-independent and represents an appropriate scenario for progressive collapse. This method is
adopted here, and the second diagonal web member from the left is chosen as the sudden lost
member in all tests.
It is of the utmost importance that appropriate failure initiating device is adopted to realize sudden
loss of the diagonal web member. The following guiding principles should be considered[1]: (1)
principle of noninterference, which means failure initiating device must not change the mechanical
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properties of the model structures significantly; (2) principle of expeditiousness, which means the
bearing capacity of the diagonal web member should be lost soon after the device is triggered; (3)
principle of wide application, which means the device can be used to replace any members in the
experimental model; (4) principle of easy-handling, requiring stable performance and easy
operation.
Based on these principles, failure initiating device is designed as shown in Fig.2 (a), containing of
two aluminum pipes, two jagged steel blocks and a steel clip. The two jagged steel blocks are made
from one solid steel bar by cutting in the middle so that they can occlude precisely, and each jagged
steel block is connected to an aluminum pipe through screw thread (Fig.2 (b)). Construction details
of the steel clip are shown in Fig.2(c). A rope is wrapped around the steel rods with pretension so as
to make steel sleeve close and provide radial band pressure for the jagged steel blocks, which brings
two jagged steel blocks together and form one component that bears tensile or compressive internal
force. When the rope is cut, steel sleeve opens instantly due to the tensile force in the rubber band.
With no radial band pressure, the jagged steel blocks will start to slide from each other
simultaneously due to unbalanced forces, causing sudden member removal.

b) Jagged steel block
steel rods

steel clip

steel sleeve

rubber band

jagged steel blocks
aluminum pipe

hinged pin
rope

a) Assembly of failure initiating device

c) Steel clip construction

Fig.2 Failure initiating device

2.1.2 Connections and supports
Connections between chord and web members are made of two steel blocks (Fig.3 (a)). The steel
blocks, with tightened bolts, provide friction between connections and continuous chord members.
A pin bolt with a diameter of 3 mm is also needed to prevent any possible sliding. Diagonal web
members are pined to the steel blocks through bolts, avoiding uncertainty on connection bending
stiffness.
suspenders

pin bolt

diagonal web member

bolts

lower chord

pin bolt
two steel blocks

steel block

supporting bracket

upper chord

Fig. 3. a) Upper chord connection detail

b) Support detail
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The testing model was installed on two supports (Fig.3 (b)). Each support includes one steel block
and one supporting bracket. Web member and lower chord member are inserted into the steel block,
and the steel block is pined to the supporting bracket, which is then fixed on the supporting racks
made of angle bars. The whole support device merely permits in-plane rotation of the model.
Attention should be paid to the axial connection stiffness of the web-chord connection region,
because the pin bolt undergoes bending and shearing deformation and the bolt hole is also elongated
when axial force is applied on the web member. Therefore a series of tensile tests were designed
and conducted. Load-displacement relations of both an alumimum pipe and a combined specimen
that includes two web-chord connections and one aluminum pipe were obtained. Thus the loaddisplacement relation for the connection region is obtained by subtracting aluminum pipe
deformation from the total specimen deformation under given tensile force. It is found that all
performance parameters of the web-chord connection region, including load carrying capacity, axial
stiffness and ductility, are well below that of the aluminum pipe, implying that the connections
rather than aluminum pipes will fail first during the progressive collapse.
2.1.3 Out-of-plane constraint
In the planar models, lateral deformation constraining device is necessary in avoiding out-of-plane
global buckling of the tested model. The device, which is installed on the supporting racks, is
composed of two plexiglass plates located on both side of the planar model to prevent deformation
of testing models in either direction. The plexiglass plates are transparent so that the movement of
key points can be observed and captured by high-speed camera.
2.2 Loading and dynamic data acquisition
Vertical dead load is applied by means of external suspending weight, which is adjustable according
to different loading level. One suspender is fixed onto each upper chord connection, and steel
blocks are added to the suspenders as suspending weight gradually, and one loading level
corresponds to one steel block on each suspender. Two planar models were applied with different
load: model P-A is of loading level 7 and model P-B is of loading level4. There was only one load
level for the spatial models, i.e., loading level 7.
In consideration of the dynamic response of progressive collapse process, strain data were obtained
by a dynamic data acquiring and analysis system DH5922. The highest sampling frequency of the
dynamic strain gauges is 20 kHz, which has been proved to be capable of acquiring strain frequency
change during progressive collapse process. Dynamic displacement is obtained through non-contact
measuring technique and digital image identification method, which is expressly developed for
progressive collapse tests. Two observing points are attached to concerned spots as shown in Fig.1.
The deformation is recorded by high-speed camera that are fixed on ground, and the whole
deformation process can be translated into photos at a fixed time interval of 0.04s using the video
software. Then dynamic displacements at observing points can be obtained by a Matlab program
which is generated to read configuration data in recorded photos and to obtain position changes of
the observing points.
2.3 Validations
Model validations, including validations of global stiffness and dynamic behavior of all models,
were conducted before progressive collapse tests were carried out. The objective of global stiffness
validation is to investigate whether “principle of noninterference” of failure initiating device is
satisfied. Validation was conducted by means of comparison of static vertical displacement between
intact model and substitute model. It is found that the deviation of global stiffness is 0.25% for
planar models and 3.1% for spatial models, with global stiffness of the substitute model being larger.
So there is no significant change for modal static behavior when failure initiating device is adopted.
The main objective of dynamic behavior validation is to study the dominant frequency of damaged
models and to determine the sampling frequency of dynamic strain gauge for experimental use.
Nine validation tests were performed by triggering failure initiating device at relative low loading
levels, and strain data were recorded under different sampling frequencies from 50Hz to 5 kHz. The
results showed that those dynamic strain data were in good agreement with each other, indicating
that 50Hz and 1kHz is precise enough to acquire dynamic strain change. Dominant frequency is
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calculated using both FFT Method and Period Method. Dominant frequency based on strain data at
different measuring points is found to be in consistency, and different calculating methods gave
quite close results. The highest value among dominant frequencies of all experimental models is
12.5Hz, which means sampling frequency of 100Hz is an appropriate choice.

3. Test results
3.1 Testing and observations
First, the testing model was installed onto the supporting racks. Then suspenders were fixed on the
upper chord connections and steel blocks were then added to the suspenders gradually. Lastly,
failure initiating device was triggered, and the damaged model started to deform due to the sudden
geometric change of the testing model.
For model P-A(Fig.4(a)), the whole model dropped downwards at a remarkable speed as soon as the
failure initiating device was triggered, and the suspender steel blocks touched the ground one after
another in a short time, indicating the happening of collapse. In the process, two types of member
failure were observed: (1) buckling of member 2, 3, and 5; (2) breaking at the left end of member
11 and 15. However for model P-B (Fig.4 (b)), the model regained stability after apparent vibration,
and damage was limited to local members, i.e., buckling of upper chord 2. Although the spatial
models were also under loading level 7, progressive collapse did not happen in model S2-A and S3A. For model S2-A, upper chord 2 and 3 exhibited local buckling (Fig.4 (c)). For model S3-A, no
local damages occurred and large local deformation only occurred near the lost diagonal web
member (Fig.4 (d)).

2

a) Model P-A

b) Model P-B

1
2
3
4

c) Model S2-A

d) Model S3-A

Fig.4. Observation of experimental results
3.2 Experimental results of planar model tests
Test of model P-A is a representative progressive collapse test because both member buckling and
member breaking were observed during the experimental process. The yielding strain of aluminum
pipe is 1800  according to material tensile tests. It is observed in Fig.5 that most members, such
as the upper chord 1, behaved elastically during the whole experimental process because the
maximum strain values resulted in these members were below 1800  . However, the maximum
strain of member 2, 3, 5, 11and 15 were far beyond yield strain, and these members will be the main
concern of this section.
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There are two noteworthy time point: T0 (133.30s) and T1 (133.62s). T0 is the moment when
failure initiating device was triggered. After T0, the first internal force redistribution took place due
to the sudden geometric configuration change. Therefore, there were obvious increases in both
member strains and displacements. T1 is the moment when the second weight from left touched the
ground due to large vertical deformation. Then other suspender weight dropped to the ground one
after another, causing impact effect and internal force redistribution. Therefore T1 is regarded as the
critical time point that distinguishes the first and the second internal force redistribution process.
The redistribution process is revealed by the dramatic change of strain values. After T1, the values
of strain gauges 2, 3 and 5 decreased abruptly after several fluctuations and exceeded the lower
valid bound of strain measuring range (-9709  ), which means those members have buckled under
compressive force. Meanwhile, members 11 and 15 broke due to tension, which is indicated by the
fact that the strain values of these members kept very low on tensile side after one sharp fluctuation.
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Fig.5 Strain history curves during progressive collapse
It is found in Fig.6 that vertical displacement increased all along with time until T1 when impact
took place. Then the observing points started to move backwards. Displacement of the left
observing point is larger than that of the right one, indicating that damage in the left part of the
experimental model is more severe, which coincides with the fact that local failure is initiated at the
left part of the model. Maximum displacement of the observing points is equal to the distance
between the suspender steel blocks and the ground, verifying the accuracy of the dynamic
displacement measuring technique.
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observed point B
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133.50

TIME(s)

133.60

Fig.6 Vertical displacements at observed points
Progressive collapse process, including failure types and the order of member failing, is shown in
Fig.7 based on the analysis above, and is consistent with the physical occurrence.

Fig.7 Progressive collapse process in test P-A
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3.3

Experimental results of the spatial model tests

As already noted, spatial model regained stability after apparent vibration without undergoing
progressive collapse. The developments of strain and vertical displacements of model S2-A are
shown in Fig.8.
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Fig.8 Experimental results of model S2-A
It is seen from Fig.8 that no strain values except that at strain gauges 2 and 3 exceed 1800  ,
indicating only the upper chord members 2 and 3 buckled due to compression. This is consistent
with experimental observation. The experimental model regained stability soon after a brief
vibration of about only half a second.
3.4

Discussion on experimental results

3.4.1 Comparison between test P-A and P-B
Geometric configurations and constructions of model P-A and P-B are identical; hence the large
difference in experimental phenomena results from the difference in loading levels. It is obvious
that under higher loading level, the safety margin of the member bearing capacity will be less.
Hence, it may be concluded that safety margin of member bearing capacity is significant for
structures in resisting progressive collapse.
3.4.2 Comparison between test P-A and S2-A
Although the planar model P-A and the middle truss-beam of model S2-A have the same geometric
configuration, failure initiating location and loading level, the difference in out-of-plane constraint
is not negligible and thus makes model responses fundamentally distinct. In test P-A, unbalanced
internal force had to be redistributed within the planar truss-beam members and thus caused
progressive collapse due to insufficient redundancy of vertical load carrying capacity. However in
test S2-A, those assisting components slanted downwards with the development of vertical
deformation of the middle truss-beam, and provided vertical load resistance for the middle trussbeam. Therefore, part of the suspending weight was carried by the side truss-beams through the
slanted assisting components. The whole process of internal force transfer from the middle trussbeam to the side truss-beam was reflected by strain gauges 10-15 in test S2-A (Fig.8(b-c)), which
showed that the side truss-beams participated in the internal force redistribution.
The capability of spatial truss-beam structures to transfer unbalanced force to undamaged adjacent
truss-beams is a form of spatial action, which improves the ability of structures in resisting
progressive collapse and is similar to catenary action developed in frame structures.
3.4.3 Comparison between test S2-A and S3-A
The conclusion of the above last paragraph is further supported by the fact that model S3-A with
four more out-of-plane assisting components is less vulnerable to progressive collapse compared
with model S2-A. Table 1 shows the upper chord strain obtained from both tests. In test S3-A, the
distribution pattern of strains at upper chord members (strain gauge 1-4) changed compared with
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test S2-A and no upper chord members buckled. Meanwhile, maximum strain values at lower chord
(strain gauge 5 and 6) were decreased effectively. Moreover, the displacements of the observing
point A in test S2-A and S3-A were 42mm and 19 mm, respectively. This also indicate that spatial
action helps to prevent structures from progressive collapsing.
Table1. Absolute values of strains obtained from test S2-A and S3-A (unit:  )
test

strain gauge strain gauge strain gauge strain gauge strain gauge strain gauge
1
2
3
4
5
6

S2-A

553

>εy

>εy

1447

1443

1503

S3-A

583

1027

123

1700

670

640

4. Conclusions
In this study the progressive collapse behavior of truss-beam structure was investigated
experimentally. A high efficiency experimental system for progressive collapse research on trussbeam structures was established and validated. Failure initiating device is designed and has been
proved to satisfy the requirements of progressive collapse tests. Dynamic acquisition technique is
developed and adopted to obtain dynamic development of strain and displacement. The
experimental results showed that the safety margin of member bearing capacity plays significant
role in resisting progressive collapse, i.e. structures with more safety margin are less vulnerable for
progressive collapse. It was also observed that the spatial action enhances robustness for spatial
structures.
Suggestions were proposed on prevention of structural progressive collapse on the basis of the test
and analysis above: (1) increase the safety margin of structural member bearing capacity; (2)
special attention should be laid on chord members in the middle and web members at the end of the
truss-beam structures; (3) spatial action should be enhanced by applying adequate out-of-plane
assisting components.
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Summary
The demands on existing bridge structures have increased over the last decades due to rising traffic
loads and will continue to rise in the future. In this research project, funded by the Federal Highway
Research Institute of Germany, different refined shear design approaches for the shear assessment
of existing bridges have been verified on a short term basis. For this, advanced scientific design
procedures on the basis of the so-called Level 4 of the German guidelines for the recalculation of
existing bridges were taken into account as well as recent research results. Afterwards, possible
modifications of current design procedures and alternative design procedures have been worked out
and were in part recommended to be included in an update of the German recalculation guidelines.
Since the use of Level 4 methods is restricted to scientific institutions, these modified approaches
were now be recommended for general use within Level 2 of the recalculation guidelines. By this,
the assessment and refurbishment of reinforced and prestressed concrete bridges will become more
efficient and economical. The modified and refined approaches were also exemplarily used on
existing bridge structures to demonstrate their effectiveness for the shear assessment.
Keywords: bridges, assessment, shear design

1. Introduction
The requirements for existing bridge structures have been increasing in the past, particularly
concerning heavy goods traffic, and will continue to rise in the next years according to current
studies [1]. Many of these bridges were designed according to design codes from the 1950s and
1960s. The application of current load models according to the German bridge code DINFachbericht 101 [2] and Eurocode 1 [3] may therefore lead to design deficits in the structural
assessment. In addition, the shear design check was modified several times in the past so that a
higher shear reinforcement than actually provided is often needed in the web [4] if the shear check
is performed according to current standards [5][6]. At the same time, many of the existing bridges
in Germany are generally in a critical condition [7].
To allow for a nationally uniform assessment of existing bridges, the German Federal Ministry of
Transport published the German Structural Assessment Provisions for Older Road Bridges (SAP) in
2011 [8]. A stepwise verification procedure that accounts for the characteristics of older bridges
enables a more refined determination of the capacity (Fig. 1). First, a target load model should be
defined in order to represent the actual loads on a specific structure more precisely. This load model
depends on the road type (e.g. highway, local traffic, number of lanes), the number of trucks, as
well as the distribution of cars and trucks. For example, while the highly loaded bridges of the
German highway network are typically checked by applying traffic load model 1, the loads may be
reduced for less frequented or less important structures.
Based on the target load model, the load-bearing capacity can be verified in four different steps. In
the first step, also called the standard verification, the resistance is determined according to the
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current design rules for concrete bridges [5][6] without any modifications. Step 2 describes
modifications of the current verification procedures involving the calculation of design loads and
the resistance (e.g. other permitted values, alternative design procedures). In addition to these
modifications, measurements taken at the structure (e.g. under proof loading) can be considered for
the verification in step 3. The verification in step 4 is based on scientific methods and corresponds
to an expert opinion. Here, more refined approaches are typically applied to determine the
resistance; examples of methods include the Modified Compression Field Theory [9], extended
shear models [10][11][12], nonlinear Finite Element Analysis and probabilistic methods [13][14].
Depending on the step and the modifications used to verify the resistance in the ultimate and
serviceability limit states, the structure is assigned to a verification class (Fig. 1). Classes A and B
do not imply usage restrictions, since the verifications in the serviceability limit state are fulfilled.
In contrast, a restricted usage is mandated for class C. These restrictions may have resulted from
required actions that reduce the operating lifespan (e.g. increasing permitted crack width) or
influence the traffic on the bridge (e.g. limitation of weight of cars). The assessment can also lead to
strengthening or replacing an existing structure.
target load model

class
step 1

standard verification according to current codes

A

step 2

modified verification procedures (load, resistance)

step 3

verification based on measurements

step 4

verification based on scientific methods

B
C
strengthening
replacement

Fig. 1: Stepwise verification of older road bridges according to [8]
Other modifications which had previously been utilized in expert opinions were not considered in
the SAP since they had not yet been verified. Therefore, the aim of this research project was to
verify progressive design methods for recalculating existing bridge structures under shear and
torsion on a short term basis. By evaluating existing expert opinions, which were rendered on the
basis of step 4 of the SAP, and by taking into account recent research findings, potential
modifications of current design approaches and alternative verification methods were verified. The
following points were investigated within the research project:
 shear check of the longitudinal system under static and cyclic loading
 shear check of the connection between flanges and web
 allowable reduction of the torsional stiffness in the course of internal forces calculations
 allowable consideration of tendons for torsional checks
 procedure in case of impermissible detailing of stirrups
 shear check in transverse direction, in particular the determination of the effective width
These alternative methods will be included in step 2 of the SAP in the near future in order to make
the reassessment and refurbishment of RC and PC bridges of the German highways more time and
cost efficient. By using modified checks, strengthening measures or rebuilding might be avoided in
some cases. In the following, different approaches for shear design will be compared within a
recalculation of an existing bridge structure. Afterwards, the propositions for an update of the SAP
concerning the shear check of the longitudinal system under static loading will be presented. A
complete overview of the proposals is given in [15].
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2. Recalculation of existing bridge structures
2.1 Introduction
Within this research project, recalculations of existing bridge structures, for which expert opinins
were available, were performed. Generally, these expert opinins included shear design checks
according to steps 1 and 2 according to the SAP [8], meaning that either current design approaches
were utilized or design approaches from the time that these bridges were built. However, in some
cases scientific methods according to step 4 were used, which includes nonlinear Finite Element
Analysis (FEA) or extended shear design models, e.g. the models by Maurer [11] and Görtz [12]
with additional concrete contributions or models based on the Modified Compression Field Theory
(MCFT) (e.g. [16]). In this project, the shear capacity of the longitudinal system and the deck slabs
of three bridges was calculated. In addition, the detailing of stirrups was assessed since the current
requirements were not met. The calculations can be found in the final report of this project [15]. In
the following, the results of the recalculation of a bridge structure in longitudinal direction will be
presented.
2.2 Bridge structure “Mersmannsstiege“
The bridge structure Mersmannsstiege is a highway bridge in the course of the German Federal
Highway B51. The bridge has a total length of 381 m with a maximum span of 37,5 m. It was built
in 1964 and it consists of two connected box girders with a mean cross-section height of 1,79 m,
using prestressed concrete as material (Fig. 2). The bridge has a calculative concrete strength of
C30/37 and a shear reinforcement ratio of w = 0,13 % in the critical cross-section, which is about
the required minimum shear reinforcement according to [5].
Cross-section in the field

Cross-section over the support

Fig. 2: Cross-sections of the connected box girders
For this bridge, the shear design check
according to steps 1 and 2 of the SAP is not
fulfilled in the governing section if the load
5
model LM1 according to [2] is utilized. The
shear check according to the truss model with
4
crack friction (CFM) [17] according to the
German bridge code DIN-FB 102 [5] leads to a
3
utilization VEd/VRd of 298 % in step 1 of the
SAP (with an allowable minimum strut
2
inclination of  ≥ 29,7°). According to step 2 of
the SAP, the partial safety factor for the dead
1
load may be reduced to G = 1,20. In addition,
the
allowable minimum strut inclination is
0
reduced
to  ≥ 18,4 which in total leads to a
CFM
CFM
PTSC Görtz Maurer CSA
lower utilization of 167 % but still exceeds
St. 1
St. 2
100 %. The shear check can also not be
Fig. 3: Results of the shear check in the govern- performed according to the principal tensile
ing section for different approaches
stress criterion (PTSC), first because the

Utilization VEd / VRd
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flexural stresses exceed the concrete tensile strength in the critical sections and second because the
allowable principal tensile stresses were also exceeded.
However, the shear design check can in some cases be performed by approaches which are
currently limited to step 4 of the SAP. The approach by Görtz [12], which includes a truss
contribution, a concrete contribution of the uncracked compression zone and a compressive strut
contribution yields a utilization of 89 %. Likewise, the shear design check can be performed with
the compressive arch model proposed by Maurer [11]. The shear design check according to the
Canadian Standard CSA Standard A23.3-04 [16] reveals a utilization of 74 % of the shear resistance
VRd. The results of this recalculation are summarized in Fig. 3.
In addition to the recalculations in this project, a nonlinear FEA was previously performed within
an expert opinion [18] using the FEA-software LIMFES [19]. Within this calculation, the critical
part of the bridge was modeled using solid elements for concrete and truss elements for the steel
reinforcement and the tendons (Fig. 4 a). The Microplane Model [20] was used as a material model
for concrete, since it is able to determine the angle of the damage parameter within the solid
elements and is therefore suitable for modeling shear failure. For the steel reinforcement and the
tendons nonlinear stress-strain relationships were used.

a)

b)
Fig. 4: a) Finite Element model of the box girder b) Visualization of cracks in the ULS

In order to determine the shear capacity of the bridge the dead load g of the cross-section was
applied in the first step. In the second step, the additional dead load g and traffic loads Q
according to [2] were applied and increased until failure, at which point no equilibrium could be
achieved within the program (Fig. 4 b). In this calculation, a load factor (LF) for traffic loads and
additional dead load of 2,0 was determined. The percentages of the different loads in the ULS were
55 % (g), 15 % (g) and 30 % (Q). The global safety factor was then determined according to
Eq. (1), resulting in a global safety factor of global = 2,2 with c being the partial safety factor for the
material.
global = c[1,35g + LF( 1,35g + 1,5Q)] = 1,5[1,350,55+1,1(1,350,15+1,50,30)] = 2,2

(1)

Therefore, this nonlinear FEA calculation has also shown that this bridge structure presumably still
has a sufficient shear capacity even if current load models are applied and that current design
approaches may in some cases be too conservative for the assessment of existing bridge structures.
2.3 Conclusions
The shear design check of an existing bridge structure has been performed according to the truss
model with crack friction (CFM) according to steps 1 and 2 of the SAP, the principal tensile stress
criterion (PTSC) according to former German bridge code generations and approaches according to
step 4 of the SAP, such as Görtz, Maurer, MCFT and nonlinear FEA. The calculation has shown
that the shear design check of the existing bridge cannot be performed within steps 1 and 2 of the
SAP since there is not enough shear reinforcement given in the webs. However, by utilizing
scientific state of the art shear models according to step 4 of the SAP the shear check can be
performed in the presented example.
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Propositions for an update of the Structural Assessment Provisions (SAP)

3.1 Introduction
Based on the evaluation of expert opinions, previous research findings and recalculations performed
within this project, a proposal for the modification and extension of step 2 of the SAP has been
worked out. The modified design approaches and detailing rules have been summarized in text
modules after their utilization and validation. The basic content and background of the text modules
will be presented in the following. These modifications have been included in the SAP by an
addendum. However, other approaches according to step 4 of the SAP could not be taken into
account at this point (e.g. Görtz, Maurer, MCFT), since additional theoretical and experimental
research on the safety level of these approaches is still necessary. In the following, only the
modifications of the shear design checks under static loading will be presented.
3.2 Shear capacity of the longitudinal system
3.2.1 Principal tensile stress criterion (PTSC)
Many of the existing bridges were designed with the PTSC according to former German bridge
code generations like DIN 4227 [21]. Though the PTSC is still existent in the current code [5], its
original form has been changed such that a shear resistance VRd,ct is calculated instead of a principal
tensile stress I,Ed. This leads to complicated calculations, if the maximum principal tensile stress is
not in the center of gravity, which is the case for most I- and T-sections. In this case, the shear
resistance VRd,ct has to be calculated by iteration. For practical reasons it is therefore proposed to
perform the shear check according to the PTSC according to Eq. (2).
2
2
 I , Ed ,i  0,5   cx, Ed ,i  0,25   cx
, Ed ,i  V , Ed ,i  T , Ed   k1  f ctd

(2)

with
cx, Ed ,i 

V , Ed , i 

T , Ed 

fctd

N Ed M Ed

 zi
Ac
Iy

VEd  S y , i
I y  bw, i

TEd
WT
= ct · fctm / c (design value of the concrete tensile strength, c = 1,5)

k1

1,0 for  w, prov  0,5   w, min

0,8 for  w, prov  0,5   w, min

zi

distance of the design point from the center of gravity

Iy
2nd order moment of inertia
Sy,i
1st order moment of inertia in the design point
bw,i
cross-section width in the design point under consideration of ducts according to [5]
WT
torsional moment of inertia
The stresses may be calculated in the center area of the webs. Experimental investigations in [22]
have shown that the shear capacity of PC beams with a low amount of shear reinforcement is
accurately predicted by the PTSC even if the flexural stresses have already exceeded the concrete
tensile strength. For step 2 of the SAP it is therefore proposed to regard members as uncracked in
regions, where the flexural stresses do not exceed the mean concrete tensile strength fctm in the
ultimate limit state if the cross-section is provided with a flange in the tension zone (e.g. box girders
or upper side of T-beams). In all other cases, the flexural stresses haven to be limited to fctd in order
to user the PTSC.
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In [22] it has also been shown that a small amount of shear reinforcement is sufficient to ensure a
ductile shear failure. A brittle failure is not expected for PC beams if the provided shear
reinforcement is at least 50 % of the required minimum shear reinforcement according to [5]. Since
PC beams become less ductile with increasing prestressing degree, a limitation of the compressive
stresses due to prestressing is proposed on the basis of research performed in [5]. For beams which
possess at least the minimum shear reinforcement required by DIN-FB 102, a limitation of the
prestressing in the center of gravity of cp ≤ 0,20·fck is proposed. For beams with 50 % of required
minimum shear reinforcement a limitation of the compressive stresses cp ≤ 0,15·fck is proposed.
The allowable compressive stresses for values of the shear reinforcement ratio between 0,5 and 1,0times the minimum shear reinforcement may be interpolated linearly. For beams with less than 0,5times the minimum shear reinforcement a limitation of the allowed principal tensile stresses to
0,8·fctd is proposed as well as the utilization of a reduced tensile strength coefficient of ct = 0,85.
The reason for this is the fact that low amounts of shear reinforcement might result in a brittle
behavior of the structure. For structures with at least 0,5-times of the minimum shear reinforcement
a tensile strength coefficient of ct = 1,0 may be utilized, since experimental investigations have
shown that in this case sufficient reserves exist after the formation of shear cracks [22].
3.2.2 Modification of the truss model with crack friction
Within a truss model, the shear capacity of the stirrups may generally be calculated according to
Eq. (3).
VRd , sy   Asw s   z  f ywd  cot 

with
Asw

(3)

Area of the stirrups

s
spacing of the stirrups
z
inner lever arm
fywd
design value of the stirrup yield strength

compressive strut angle
In the Eurocode 2, the compressive strut angle  may be chosen freely in the range of 1,0 ≤ cot  ≤
2,5, as long as the maximum shear capacity of the compressive strut VRd,max is not exceeded. In
Germany however, the strut angle  is additionally limited through a crack friction criterion
according to Eq. (4).
1,2  1,4  cp f cd 7
4
cot r
 cot  


(4)
7
1  VRd ,c VEd
1  VRd ,c VEd
4
with
r
calculative shear crack angle
cp
longitudinal concrete compressive stresses in the center of gravity
fcd
design value of the concrete compressive strength
VEd
design value of the shear force





VRd ,c  0,24  fck1 3  1  1,2  cp fcd  bw  z

fck

characteristic value of the concrete compressive strength

bw
width of the web
z
inner lever arm
In step 2 of the SAP the value for cot  is limited to 2,5 and 3,0 respectively. But since cot  is
limited by a crack friction criterion in Eq. (4), the values for cot  can often not exceed a value of
about ~2,0.
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Previous research has however shown, that the shear crack angle r of an RC or PC beams is also
influenced by the given shear reinforcement ratio w [12]. This leads to flatter crack angles for
beams with low amounts of shear reinforcement. Therefore, it is proposed to modify the calculation
of the compressive strut angle cot  in Eq. (4) in style of [12]. Eq. (4) was also modified with regard
to the recalculation of existing structures, for which the shear capacity VRd,sy has to be calculated,
without knowing VEd in advance (i.e. VRd,sy = VEd). VEd was therefore eliminated from Eq. (4), so
that the compressive strut angle  can now be calculated according to Eq. (5).
V Rd ,c
4
 cot   cot  r 
 2,5
(5)
 Asw s  z  f ywd
7
The crack angle cot r may be calculated according to Eq. (6).
 cp 9
f cd
1
cot  r  1,2 

 1,4 

(6)
70  w  f yd
f cd 4
Recent experiences by practitioners with this modified approach have already shown that this
modification provides a notable increase in shear capacity while maintaining the ease of use. A
recently published recalculation of an existing box girder has yielded an increase of shear capacity
of 19 % by using this approach [23].
4.

Conclusions and future work

The requirements for existing bridge structures have been increasing in the past, particularly
concerning heavy goods traffic, and will continue to rise in the next years according to current
studies. Within this research project, progressive design methods for recalculating existing bridge
structures under shear and torsion were verified and compared on a short term basis. This was done
by evaluating existing expert opinions, which were rendered on the basis of step 4 of the Structural
Assessment Provisions (SAP), and by taking into account recent research findings. The modified
and refined methods were exemplarily used on different bridge structures. After their validation, the
modified approaches and detailing rules were summarized by means of text modules as a
proposition for step 2 of the Structural Assessment Provisions. Other scientific methods according
to step 4, like the compressive arch model by Maurer, the model according to Görtz or the MCFT,
should remain in step 4 of the SAP, since a validation by means of additional testing and shear
databases is necessary.
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Summary
In order to provide relevant data for calibration and development of methods for assessment of
existing bridges, a 55 year old posttensioned concrete bridge has been subjected to non-destructive
and destructive tests. The bridge, located in Kiruna, Sweden, was a 121 m long girder bridge
continuous in five spans. The test programme included failure loading of the girders and slab,
respectively, condition assessment of the post-tensioned cables and material tests. Moreover, two
strengthening systems, using carbon fibre reinforcing polymer (CFRP), were evaluated. In this paper
the experimental programme and some preliminary results are presented to give an insight to research
project.
Keywords: Assessment, bridges, FRP, concrete, destructive test, full-scale test, NSM, nondestructive test, prestressed laminates; post-tension, structural behaviour.

1. Introduction
Repair, strengthening and replacement of existing bridges are required in order to meet current and
future demands on sustainability of existing infrastructure. For instance, a survey carried out within
the project MAINLINE in twelve EU countries, indicated a need for strengthening of 1500 bridges,
replacement of 4500 bridges and replacement of 3000 bridge decks [1]. In Sweden such actions are
planned during the next decade and the costs are estimated to be about 60 billion EUR [2]. It is
believed that for some of these structures these interventions can be avoided if more accurate
assessment methods are used [3]. Where it is shown to be necessary, repair and strengthening can be
utilised to avoid replacement [4]. According to Jalayer et al. [5] this process should be decided based
on the minimisation of life-cycle costs.
An effective life cycle analysis is based on a reliable assessment that can mitigate uncertainties related
to structural and loading parameters and deterioration mechanisms [6]. In the past decade the
monitoring concepts has been developed to update models for bridge assessment, reducing the
number of uncertainties, based on monitored data [7]. Moreover, proof loading has been suggested
by Faber et al. [8], and later implemented for reinforced concrete structures in ACI Standard [9], as
an approach to verify the reliability and reduce the uncertainties of existing bridges. Thus, test and
monitoring of bridges in service-load levels is an accepted and well-known approach for assessment.
With the aim to provide better understanding of the true structural behaviour, and also calibrate
methods and models, a limited amount of complete full-scale bridges have been tested to failure. Such
tests are seldom performed due to high costs and lack of test objects. Only few destructive
investigations have been reported for bridges or structural members of non-prestressed reinforced
[10-17], of prestressed concrete [18] and post-tensioned concrete [19, 20].
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In the study presented here a 55-year-old post-tensioned concrete bridge was thoroughly instrumented
(with up to 141 sensors) and tested to failure. The aims were to calibrate and refine methods and
models for assessing existing reinforced concrete bridges, and to assess the utility of methods using
carbon fibre reinforced polymers (CFRPs) for upgrading reinforced concrete structures. The failure
test and its results are described here.

2. The Kiruna Bridge
The test object, located in Kiruna, Sweden, was a viaduct across the European road E10, see Fig. 1.
It was constructed in 1959 as a part of the road connecting the city centre and the LKAB mining area.
Due to underground mining the entire area underwent excessive settlement. The owner of the bridge,
LKAB, decided to permanently close the bridge in October 2013 and planned to decommission the
bridge in September 2014. In May-August 2014 the Kiruna Bridge was an object for experimental
studies carried out by LTU.

Fig. 1: Photograph of the Kiruna Bridge with LKAB iron ore mine in background, view from N-E.
2.1 Geometry and materials
The bridge was a 121.5 m continuous post-tensioned concrete girder bridge in five spans, see Fig. 2.
The system consisted of three parallel longitudinal girders, of about 1.9 m in height, supporting a RC
slab. The beams were supported on individual columns, see Fig. 2. The western part (84.2 m) was
curved with a radius of 500 m while the eastern part (37.2 m) was straight. According to construction
drawings both the longitudinal girders and the bridge slab were supposed to be curved for the western
part. However visual inspections revealed that only the slab was curved according to drawings, while
the girders consisted of straight segments with discontinuities at the supports. The bridge had an
inclination of 5.0 % in longitudinal direction and 2.5 % in transverse direction, respectively.
At the western abutment, support 1 in Fig. 2, three rolling bearings were used to enable movements
in longitudinal direction of the bridge. The eastern abutment, support 6, was fixed. At the bases of the
columns from intermediate supports, i.e. 2-5, devices were installed to counter the uneven vertical
settlement of the foundations.
Including the edge beams the cross-section was 15.60 m in width, and the free distance between the
girders was 5.00 m. In the spans the girders were 410 mm wide, gradually increasing to 650 mm 4.00
m from the intermediate supports and widened to 550 mm at anchorage locations of the posttensioned cables, two fifths of the span lengths west of support 3 and three tenths of the span length
east of support 4. The bridge slab was 300 mm thick at the girder-slab intersection and 220 mm 1.00
m beside to the girders.
The Kiruna Bridge was post-tensioned in two stages with the system BBRV. In the first stage, six
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cables per girder were post-tensioned in each end of the central segment. In the second stage, four
and six cables per girder were post-tensioned from the free end of the western and eastern segment,
respectively. Each cable was composed by 32 wires with a diameter of 6 mm. Additionally the girders
were reinforced with three bars of 16 mm diameter at the tensile side and 10 mm diameter bars at the
sides with either 150 mm spacing for the central girder or 200 mm for the others. Stirrups of 10 mm
diameter were distributed at 150 mm spacing. The thickness of the concrete cover was about 30 mm.
Kiruna

The span lengths correspond to the
centre line of the bridge
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Fig. 2: Geometry of the Kiruna Bridge and location of the load application in the test programme.
Prior to the tests the pavement on the slab was removed from the road crossing the bridge.
According to construction drawings the concrete quality was about 30 MPa in the substructure and
about 40 MPa in the superstructure, respectively. The reinforcing steel quality was Ks 40 (about 400
MPa yield strength), except in the bridge slab (Ks 60-about 600 MPa). The steel quality for the posttensioned reinforcing system BBRV was denoted St 145/170.

3.

Strengthening

The experimental programme included tests of two separate systems for strengthening concrete
structures using carbon fibre reinforcing polymers, which were attached to the lower sides of the
central and southern girders in span 2-3 (Fig. 3). However, the northern girder remained
unstrengthened.
A system of three near-surface mounted (NSM) 10x10 mm2 CFRP rods was installed in the concrete
cover of the central girder [4, 21]. The bar lengths were limited to 10 m, due to transportation
constraints, thus several overlaps (1.00 m) were required to apply the strengthening over the entire
span length. A set of full-length CFRP rods was installed centrically in span 2-3, with sets of 5.80 and
5.74 m CFRP rods on the western and eastern sides, respectively. To strengthen the southern girder,
a system of three 1.4x80 mm2 prestressed CFRP laminates was applied to the blasted concrete surface
[22]. The lengths of the middle and outer laminates were 14.17 and 18.91 m, respectively, in order to
provide space for the anchorage device at each end. Each laminate was tensioned to 100 kN at the
eastern end, controlled with a load cell, as the force was applied using a manually operated hydraulic
jack. The force was gradually transferred to the concrete by the anchorage device. In this manner no
force is expected to be transferred at the end, while it is fully transferred after 1.20 m. The anchorage
devices were attached to the bridge until disassembly after Preloading Test Schedule 2. This
experimental programme was the first reported full-scale installation and test of the strengthening
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method using prestressed laminates with these innovative anchor devices. For the CFRP rods and
laminates, denoted StoFRP Bar IM 10 C and, StoFRP Plate IM 80 C respectively, the mean modulus
of elasticity and tensile strength were 210 GPa (200 GPa) and 3300 MPa (2900 MPa), respectively,
with mean values specified in parenthesis. Epoxi StoPox SK41, a commercially available and CEapproved thixotropic epoxy adhesive, was used to bond both strengthening systems.
1500
4 hydraulic jacks
with cables anchored
in bedrock

12000

3

4

Beam 2
3 prestressed
CFRP laminates
(1.4x80 mm2)

1500

2

N

1

Beam 1

3 NSM CFRP
rods (10x10 mm2)

Fig. 3: View of the cross-section of the Kiruna Bridge and the loading system used.
The design of the FRP strengthening systems was carried out based on non-linear finite element
analysis (FEA).The capacity of the bridge before and after strengthening was investigated at different
increments of prestressing. This parametric study was conducted using ATENA software and
considered a 2D idealization of the structure. The results of these analyses were cross-checked with
another independent FEA carried out with ABAQUS software using 3D idealization of the structure.
The later focused more on details of the geometry and reinforcement. Predictions of the two FEAs
were used to decide upon the design of the strengthening.

4. Test procedures
An experimental programme was designed to assess the behaviour and load-carrying capacity of the
bridge using both non-destructive and destructive test procedures. For safety reasons, related to
continuing use of the European route E10 during the tests, the experimental programme was
developed for loading in span 2-3, with associated monitoring in spans 1-4 (Fig. 2). The experimental
programme can be summarised by the following, chronologically, listed steps:
1. Non-destructive determination of residual post-tensioned forces in cables in span 2-3.
2. Preloading Test Schedule 1, of unstrengthened bridge girders, including destructive
determination of residual post-tensioned forces in cables in span 2-3.
3. Preloading Test Schedule 2, of strengthened bridge girders.
4. Failure test of the bridge girders.
5. Failure test of the bridge slab.
6. Complementary non-destructive determination of residual post-tensioned forces in cables in
midspans 1-4.
7. Material tests of concrete, reinforcing steel and post-tensioned steel.
8. Condition assessment of post-tensioned cables.
Steps 1-6 were carried out on site, while steps 7-8 are undergoing at LTU laboratory. For brevity here
only the results of the step 4 will be presented.
Before initiating any experimental investigation existing cracks in the entire span 2-3 and the half-spans
1-2 and 3-4 adjacent to the loaded span were mapped. The focus was on cracks in the girders, the crossing
beams and the slab at the loading point. In order to follow the formation of cracks, the mapping was
repeated after each test sequence. The cracks were mapped manually and their widths were not measured,
apart from several cracks specified in the measuring programme.
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4.1 Preloading
In span 2-3 two steel beams were arranged horizontally to apply loads in the midspans of each girder,
as viewed in Fig. 3. The beams were supported by steel load distribution plates, with areas of 700x700
mm2 and total thicknesses ranging from 20 to 265 mm, due to the inclination of the bridge slab. A
horizontal concrete surface was also cast locally under the plates. The bridge was loaded using four
hydraulic jacks with cables, threaded through drilled holes in the bridge slab, anchored over a length
of 14.60 m in the bedrock. The distances from the centre of the jacks and cables to the centre of the
support of the transverse steel beam were 885 mm. The capacity of the jacks was approximately 7
MN, with a 150 mm stroke length. The piston cross-section area was 1282 cm2 for jacks 1, 3 and 4,
and 1284 cm2 for jack 2. Each cable consisted of 31 wires with 15.7 mm diameter.
The bridge was preloaded by applying two schedules of incrementally increasing loads using the four
jacks to both strengthened and unstrengthened girders in midspan 2-3. The schedules were designed
to reach the cracking load of the girders, as predicted by preliminary nonlinear finite element analysis.
Before the force-controlled loading to a specified level, given by the actual load case, the bridge was
unloaded.
4.2 Bridge girder failure test
Preloading was followed by a test to failure of the strengthened girders, according to the setup
described in the previous section. Each girder was equally loaded to 12 MN in total (the approximate
load-carrying capacity predicted by preliminary nonlinear finite element analysis): 4 MN delivered
by the outer jacks and 2 MN by the inner jacks. The pressure in jack 4 was subsequently increased to
failure of the southern girder and then the pressure in jacks 2 and 3 was increased to failure of the
central girder, while the settings of the other jacks remained unchanged so they provided
approximately constant loads. The jacks’ grip positions were changed as necessary to accommodate
deflections exceeding the stroke length.

5. Instrumentation
A battery of instruments was installed before the tests of the longitudinal bridge girders to obtain as
comprehensive measurements as possible, within budgetary constraints, of the resulting forces,
displacements, curvatures, strains and temperatures. These measurements were complemented by
monitoring using several video and still cameras. Data were acquired from all the instrumentation
during the full programme. However, due to content limitation of the present paper, here will be
discussed only the force and displacement monitoring plans. Other monitoring setups can be
consulted in [23].
The applied load on the structure was measured by monitoring the oil pressure in each hydraulic jack
(1-4), illustrated in Fig. 3, using UNIK 5000 sensors (GE Measuring and Control; A5075-TB-A1CA-H1-PA), which have a measuring range between 0 and 600 bar.
Displacements of the bridge were measured using the following instruments. Draw-wire displacement
sensors were installed to measure deflections at positions 1-10 and 13-15 (Fig. 2): in midspan 2-3 on the
lower sides of the girders, and lower sides of the crossing beams 500 mm from the outer columns
(positions 4-5 and 9-10). All these sensors had a measuring length of 500 mm except those used at
positions 6-8 (1000 mm). At positions 11 and 12 (Fig. 2) both the longitudinal and transverse displacement
were monitored using Noptel PSM-200 sensor.
In addition, the displacement of the basements’ upper side at support 2-3 was manually measured
during the girder failure test, 500 mm against the centre of the bridge in transverse direction, in
relation to positions 4-5 and 9-10, and the reference point was an unaffected point beside the bridge.
For safety reasons, the incremental monitoring proceeded until a certain load was reached, 9 MN in
total.
At positions 16-17 (Fig. 2) longitudinal displacements of the upper part of the rolling bearings, i.e.
the lower side of the girders, was measured using linear displacement sensors with a 102 mm
measurement range, and positions in the abutment as reference points.
In Preloading Test Schedule 1, the width of one crack in the centre of the lower side of each girder (110,
910 and 1380 mm east of midspan for the northern, central and southern girders, respectively) was
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measured, using crack opening displacement sensors with the measuring range of 10 mm. Data were also
acquired from the sensor on the girder strengthened with laminates during Preloading Test Schedule 2 and
the bridge girder failure test.

6. Results of the girders tests
Fig. 4 shows the load-displacement curve for the failure test and the two FE analyses, total load versus
midspan deflection of the central girder. The first step was equal loading of all three girders up to a total
load of 12 MN (4 MN in the outer jacks and 2 MN in the inner jacks). The CFRP laminates, however,
reached an anchorage debonding failure at a total load of 10.3 MN and the draw-wire sensor, monitoring
the midspan deflections of the southern girder, was damaged by the detaching laminates. The
corresponding deflections for this load were 55, 55 and 46 mm for the southern, central and northern
girders, respectively. After reaching 12 MN the load in jack 4 was solely increased up to ultimately 5.5
MN (totally 13.5 MN), with a central girder midspan deflection of 136 mm. After failure of the southern
beam, the oil pressure in jack 2 and 3 was further increased until failure of the central beam. The load
associated to the jacks adjacent to the northern and southern girders decreased as the load on the central
girder increased. This is caused by the bridge deformation and thus decreased oil pressure. At the point of
failure, the loads were 3.2 MN in jack 1, 3.1 MN in jack 2 and 3 and 3.5 in jack 4 MN (totally 12.8 MN),
and the midspan deflection was 159 mm. Due to following slab failure test the northern beam was not
loaded to failure.
16
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Fig. 4: Load-displacement relationship for the failure test of the bridge girders and a photograph of
the girders after failure.
The longitudinal tensile reinforcement yielded already during the preloading tests (up to 6 MN). In
the first step of the failure loading yielding of several stirrups was observed. The failure modes in
both beams were combinations of flexure and shear, including concrete crushing under the load and
ultimately stirrup rupture. The failure of the southern girder initiated on the west side of the load,
whereas the central girder initiated failure on the east side of the load. Severe cracking was found in
the soffit at midspan and in the slab over the columns. The NSM showed no signs of slip in the
anchorage zones and the CFRP sustained maximum strains of about 1.2 % without fibre rupture.
However, intermediate crack debonding of the NSM, emerged under the cracks at the ultimate failure.

7. Concluding remarks and future research
Closure of the Kiruna Bridge provided a rare opportunity for LTU to monitor a post-tensioned
concrete bridge during tests to failure using a wide array of instruments. The primary aim was to
acquire relevant data for calibration and development of methods for assessing prestressed and posttensioned concrete structures. The test programme included evaluations of the super-structure’s
behaviour, two CFRP strengthening systems and conditions of the post-tensioned cables. Thus, the
results provide abundant information for refining existing methods and models, which is a key aim
for this ongoing research project.
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The NSM CFRP systems used for strengthening did not exhibit debonding failure until late loading
stage of failure proving its reliability. The prestressed laminates debonded at rather early stages of
loading. Further analysis of the recorded strains is need to identify the utilization of the fibers and
the contribution of this strengthening system to the capacity of the bridge.
Both FE models showed good agreement with the test for loads up to approximately 9 MN. These
models were, however, based on characteristic material properties, with no bond models for the
laminates and with assumed levels of post-tensioning force. Before the failure test the bridge girders
was already loaded to concrete cracking adjacent to the load application. This process was not the
taken into account in the FE analysis, hence the difference in stiffness. Moreover the FE analysis is
based on equally loaded beams. This confirms that even with limited amount of information good
predictions of the behaviour of the bridges can be obtained using this method.
Closure of the Kiruna Bridge provided a rare opportunity to monitor a post-tensioned concrete bridge
during tests to failure using a wide array of instruments. The results acquired during the investigations
suggest that the following aspects warrant further attention:
Robustness, ductility and bridge behaviour;
Shear force resistance of bridge girders;
Shear force and punching resistance of bridge slabs;
Condition assessment of post-tensioned steel cables;
-

Temperature effects on deformations and strains;
Strengthening methods using CFRP;
Finite element model updating;
Reliability-based analysis.
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Summary
During the 1960’s and 1970’s a number of reinforced concrete (RC) bridges were constructed with
‘half-joints’ introduced into bridge decks. A half-joint is a particular type of RC structure that was
introduced into bridge decks as a means of simplifying the design and construction operations.
However, a major disadvantage is that there are problems associated with leakage of water through
the joint leading to concrete deterioration and corrosion of the reinforcement.
When assessing the integrity of existing half-joint structures, determining the influence of material
deterioration and/or repair works is a challenge as current code provisions or guidelines do not provide guidance on how to take any associated strength losses into consideration.
This paper focusses on the impact of changes in the material properties (such as compressive
strength, yield strength of the reinforcement, reinforcement bar diameter, etc.) on the load bearing
capacity of reinforced half-joint structures. The vulnerability of a typical half-joint design to these
changes is analysed using finite element models. The results allow designers, assessors and decision
makers to better quantify the impact of observed deterioration phenomena on the predicted strength
of the studied half-joint.
Keywords: assessment, bearing capacity, concrete bridge, corrosion, deterioration, half-joint.

1.

Introduction

In the UK, existing infrastructure is aging and this has consequences for the safety of tunnels,
bridges, dams, etc. [1].
A number of bridges built in the 60’s and 70’s were designed with half-joints. A half-joint (sometimes referred to as dapped end) is a particular type of RC structure (Figure 1) that was introduced
as a means of simplifying design and construction operations. It is a support detail where an Lshaped nib supports an inverted nib of a drop-in span. The advantages of this construction type include a level running surface along the bridge deck and the support spans. In addition, precast
beams can be easily lifted into place and supported during construction.
However, leakage through the joint can cause significant problems. For example, chloride rich
seepage can cause concrete deterioration and corrosion of the reinforcement near the nib. Loss of
part of the reinforcement bar cross-section due to corrosion can induce higher stresses in certain
regions of the structural member and significantly reduce the safety margins [2]. TS Interim
Amendment No. 20 [2] states: ‘Half-joints are a particular concern because they are not easily accessible for inspection or maintenance and they are mostly located over or under live traffic lanes.’
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Beari ng strip

Suspended span

Half-joint,
detailed alongside

Columns

Lower nib of
half-joint

Figure 1: Typical half-joint geometry (based on [1])
After the collapse of the de la Concorde Overpass in Canada and tragic death of five people, the
shear resistance of half-joints has come under intense scrutiny. A Commission of Inquiry [3] conducted a thorough investigation and concluded that the overpass was sufficient to carry the applied
loads. However, the concrete freeze-thaw resistance was deficient and the detailing did not comply
with best practice. The detailing vulnerabilities may have been exacerbated during construction
when some reinforcing bars were misplaced. Furthermore, repair interventions, during which regions of concrete were removed and replaced, could also have had a negative impact. This incident
shows that the load capacity of half-joint structures can be influenced to a significant extent by improper execution during the construction of a bridge, deterioration processes, repair works, etc.
With respect to bridge assessments, strut-and-tie methods are often used [4] but can be overly conservative. A structure with deteriorated elements may still be serviceable, but there is a distinct lack
of validated tools to accurately predict the residual capacity. In the past, a number of experimental
studies on half-joint beams have been conducted [5], [6] but those have typically focussed on new
construction. Older structures with deteriorated concrete represent an additional challenge. The two
main shear failure planes in a half-joint structure are a full slab failure and a failure at the re-entrant
corner (Figure 2). But there are complex interactions between these failure modes and they are sensitive to small changes in the detailing and/or strength reductions due to concrete deterioration.

Figure 2: Potential failure modes in half-joint connections (based on [7])
To quantify the effect of deterioration of a half-joint, a nonlinear finite element (NLFE) model of a
typical detail was developed. The properties of the reinforcement and concrete are varied and results analysed with respect to failure load and deformations.
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2.

Simulation Process

2.1

Half-joint geometry and reinforcement lay-out

In order to obtain meaningful results on a representative half-joint detail, a literature review was
carried out to identify common dimensions and reinforcement lay-outs. Two major categories of
half-joint reinforcement lay-outs were noticed. One group of designs (type A) consisted of a diagonal bar being placed near the nib (bringing the load on the nib back up to the top level of the beam)
and the other group (type B) consisted of denser shear reinforcement near the nib often combined
with longitudinal reinforcement anchored by anchor plates. Both lay-outs are shown in Figure 3.

Based on the literature review, a typical
half-joint design was developed. A height
of 700 mm was chosen for the dapped
end support. The ratio of the nib height to
the overall height of the beam for most
half-joints is about 0.45 to 0.5. In the selected design a value of 0.47 was applied.
As most common reinforcement lay-outs
in UK bridges are those with a diagonal
reinforcing bar in the nib, the selected
half-joint was designed based on that
approach. The required reinforcement
cross-sectional areas were calculated using a simple strut-and-tie model assuming
a design load on the dapped end support
of 300 kN.
Figure 3: Typical reinforcement lay-outs for half-joints
The final geometry of the 400 mm wide beam is shown in Figure 4. Table 1 provides information
on the applied reinforcement lay-out.
Top reinforcement

370

Diagonal hanger
reinforcement

330

U-bar

Stirrups
Group 1

Stirrups
Group 2

Bottom reinforcement

280

1400

150

Figure 4: Geometry and reinforcement layout of studied half-joint detail
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Table 1: Applied reinforcement sections for the baseline half-joint
Reinforcing bars
As [mm2]
Lay-out
Top reinforcement
1963
4 x  25 mm
Bottom reinforcement
603
3 x  16 mm
Diagonal hanger reinforcement
603
3 x  16 mm
U-bar
402
2 x  16 mm
Stirrups group 1
4 x 151
4 x 3 x  8 mm
Stirrups group 2
4 x 151
4 x 3 x  8 mm
2.2

FE Modelling

A 2D-model of the half-joint geometry and reinforcement lay-out shown in Figure 4 has been implemented in the finite element program TNO DIANA 9.5 [8]. Eight-noded quadrilateral isoparametric plane stress elements were used for the concrete. These elements are based on quadratic
interpolation and Gaussian integration. The reinforcement was modelled as embedded reinforcing
bars, adding stiffness to the mother elements in the finite element model. In this modelling approach, full bond between the reinforcing bars and concrete is maintained throughout.
Non-linear finite element analyses were carried out in which a non-linear concrete behaviour in
compression as well as in tension was applied. The tensile behaviour of the concrete was modelled
by means of a total strain based smeared crack approach with rotating cracks. The compressive behaviour was modelled as a bilinear relationship between stresses and strain. The baseline concrete
and steel properties can be found in Table 2.
Table 2: Assumed concrete and steel properties
Concrete
Young modulus
Ec
30.000 MPa

Poisson ratio
0.2
Compr. strength
fc
30 MPa
Tensile strength
fct
3 MPa
Tensile strain
0.0027
cu

3.

Young modulus
Poisson ratio
Yield stress

Steel
Es

fy

210.000 MPa
0.3
525 MPa

Results and discussion

Due to deterioration processes, the mechanical properties of concrete and steel can alter over the
life-time of a reinforced concrete half-joint. The extent to which carbonation, chloride ingress,
cracking and other processes affect the compressive strength, tensile strength and modulus of elasticity of the concrete has been discussed in an earlier publication [9].
The largest effect on the bearing capacity is expected to be linked to the corrosion of the reinforcing
steel. As half-joints are heavily reinforced it is rather unclear which bars will have the biggest impact on the overall load bearing capacity of the element. Therefore in this study a stepwise approach
is applied where an increasing extent of corrosion is modelled for each bar independently, in order
to detect the bars that will lead to the most significant load bearing capacity reductions.
In the past, studies have determined the properties of corroded reinforcing bars. Almusallam et al.
[10] proved that corroded reinforcing bars do not show significant changes in yield strength when
the actual rebar diameter is considered (where the diameter reduces for increasing corrosion). However when the nominal rebar diameter is used (regardless of the actual reduction), a distinct reduction in fy can be seen. Results of Apostolopoulos et al. [11] confirm these observations. In this way,
the effect of corrosion can be modelled by either reducing the bar diameter  or by maintaining 
and reducing the yield stress of the steel. Hereafter both approaches will be applied.
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3.1

Influence of reinforcing bar diameters

3.1.1 Longitudinal top reinforcement

450.0
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300.0

Load [kN]

Load [kN]

As the water proofing layers on concrete bridge decks have a tendency to fail, the top reinforcement
is vulnerable to corrosion along its entire length. In order to investigate the effect of a reduction of
the steel amount/quality in the top reinforcing layer, NLFE simulations have been performed using
the two approaches for modelling corrosion discussed previously. In the first series of analyses the
cross-sectional area As of the top bars was decreased in steps of 10% up to 50% of the original value.
In a second series, the diameter was kept constant but the yield strength of the bar was decreased in
steps of 10% up to 50%. The impact on the load bearing capacity is shown in Figure 5.
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Figure 5: Load bearing capacity as a function of
top bar yield strength and As reduction

0.0

2.0

4.0

6.0

8.0

Deflection [mm]

Figure 6: Load -deflection curves as a function
of top bar As reduction

When there is no corrosion, the NLFE prediction for the load bearing capacity of the original design
is 383 kN, which is significantly above the design load of 300 kN, suggesting that strut-and-tie
approach used to detail the half-joint has given a satisfactory design and presumably a lower bound
on the half-joint capacity. It can be seen that both corrosion modelling approaches give the same
trend with respect to the overall decrease in bearing capacity. Slightly higher capacities are obtained
with the yield stress reduction approach, but the differences between both methods is smaller than
4%. As the applied approach does not lead to significant differences in load bearing capacity,
hereafter only the decreasing cross-sectional area method will be applied.
Figure 6 shows the load – deflection curves (deflection at the bottom of the nib) for different crosssectional areas of the top reinforcement. In the initial stage of loading the behaviour does not
depend on As, whereas after first cracking (load of 120 kN), the stiffness of the beam is reduced
with a lower As. In all cases, the simulations predict that failure is initiated due to the yielding of the
top layer of reinforcement at the support.
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3.1.2 Longitudinal bottom reinforcement
450.0

400.0

Load [kN]

Since the dominant failure mode of the studied
350.0
half-joint is by yielding of the top reinforcement
300.0
near the support followed by concrete crushing
at the bottom, a reduction of the amount of rein250.0
forcement in the compressive zone influences
200.0
the bearing capacity. However, the impact is
150.0
smaller than that of the tensile reinforcement
reduction. A decrease of 50% in compression
100.0
reinforcement cross-section leads to a reduction
50.0
of the failure load of 13% to a value of 332 kN
0.0
(see Figure 7).
0%
10%
20%
30%
40%
50%
60%
Overall the decrease is more or less linear with
Property reduction [-]
increasing corrosion level and so with decreasing bar diameter.
Figure 7: Load bearing capacity as a function of
longitudinal bottom bar As reduction
3.1.3 Diagonal hanger reinforcement
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A reduction of up to 20% in the diagonal hanger reinforcement does not lead to an immediate
reduction in the load capacity (Figure 8). This is because the dominant failure mode remains as the
yielding of the top reinforcement. In addition, as the diagonal bar area reduces there is a
redistribution of the forces from the diagonal hanger towards the vertical stirrups and U-bar. Hence
a reduction in load capacity is only observed after a 30% loss of section. The failure mode at this
point then shifts from a top-bar yield failure towards a nib shear failure.
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Figure 8: Load bearing capacity as a function of Figure 9: Load bearing capacity as a function of
diagonal hanger As reduction
stirrup As reduction
3.1.4 Shear reinforcement in the beam and near the nib
The influence of the shear reinforcement was studied by reducing the bar diameters in two separate
groups of stirrups. The first group consisted of stirrups 1 to 4 starting from the nib (the vertical reinforcement interacting with the diagonal hanger) and a second group consisting of the shear rein-
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forcement in the bulk part of the beam (stirrups 5 to 8). The FE results indicate that even with a
significant reduction of the shear reinforcement the dominant failure mode remains by yielding of
the top reinforcement and hence the failure load is not significantly influenced. Even when the stirrup cross-sectional area is reduced by 50%, this still provides sufficient shear reinforcement.
3.2

Influence of concrete properties

450.0

450.0
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400.0
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350.0
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300.0

Load [kN]
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Earlier studies have taken concrete deterioration into consideration when running non-linear FE
analyses. Mitchell at al. [12] reduced the width of the concrete elements in their FE model to
simulate a reduced capacity and account for potential cracking. Two sets of simulations have been
performed in this study. In the first set the original width of 400 mm is reduced to 200 mm in
40 mm steps while maintaining to original reinforcement lay-out, whereas in the second set the
concrete compressive strength fc is decreased to 50% of its original value. The tensile strength fct
and Young modulus Ec have been adjusted accordingly using the relationships given in EuroCode 2
and the actual compressive strength. Figure 10 compares the results from both approaches.
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Figure 10: Load bearing capacity as a function
of thickness and reduction in concrete properties
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Figure 11: Load bearing capacity as a function
of diagonal, U-bar and stirrup As reduction

The decrease in concrete properties does not lead to an as significant decrease in capacity as the
reduction of the concrete thickness. Although the stiffness does increase leading to larger
deformations, the failure load is only influenced to a minor extent. This observation leads to the
conclusion that reducing the concrete width differs significantly from altering the concrete
properties and so caution is required when this method is applied.
3.3

Combined effects

It was noted in the previous sections that a reduction in the diagonal hanger reinforcement or the
vertical shear reinforcement close to the nib does not lead to an immediate reduction in the overall
capacity as a redistribution of forces takes place. As any deterioration of a half-joint is likely to
primarily affect the reinforcement bar regions close to the re-entrant corner of the nib, a local
reduction of the U-bar, diagonal bar and first shear stirrup has been modelled. In this way, the
potential for redistribution is limited as all rebars show a reduction in the area with highest steel
stresses. The obtained failure loads (Figure 11) show a clear decrease with increasing reduction of
the bar diameters. A decrease of 20-30% can reduce the load carrying capacity to 93% of the
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original value, whereas decreases of 40% can lead to a reduction of the load carrying capacity by as
much as 19%.

4.

Conclusions

Half-joints in RC bridges have significant advantages, but are prone to deterioration. Robust
guidance on how to assess these structures and interpret visual inspection data is currently not
available. Therefore this study tries to identify the effect of corrosion and concrete deterioration for
a specific half-joint detail by means of non-linear finite element modelling. The results show that:
-

-

5.

Rebar corrosion can be modelled by reducing the bar diameter or reducing the yield strength.
Both methods tend to give similar results.
Structures failing by yielding of the top reinforcement are most affected by a reduction in
the cross-sectional area of this top reinforcement.
Reducing the cross-sectional area of reinforcing bars near the nib can result in a
redistribution of forces resulting in a minor impact on the overall load carrying capacity.
However, the combined effect of locally reducing several bars at once (in regions most
affected by deterioration) can significantly impact the overall behaviour.
Simulating the effect of concrete deterioration by means of reducing the width of the
concrete section tends to have a higher impact on the results than reducing the concrete
properties (fc, fct and Ec) for the detail studied in the current work.
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Summary
The quantity of fatal structural failures and collapses in the last fifteen years in Finland has been
alarming. There is an clear need for an efficient and sufficiently comprehensive procedure to assess
and inspect the structural safety of large and high-risk buildings. Additionally, a better
understanding of the benefits of systematic maintenance is required. A procedure for this has been
developed as a joint effort by stakeholders and has been managed by the Finnish Association of
Civil Engineers (RIL). In 2015 there will also be legal requirements for assessing the structural
safety of public and commercial buildings with large spans and large public spaces.
Keywords: Structural safety, structural assessment, condition survey, high-risk buildings, structural
maintenance

1. Introduction
Ensuring the structural safety of buildings with large spans has been a major problem in Finland
since the beginning of the 21st century. Especially, 2006 and 2011-2013 were challenging due to
high snow loads, although the loads did not exceed the design values. The failures have shown that
the quality of the design, production and maintenance process is unsatisfactory. The reason for the
collapses has rarely been overloading, but rather due to design or production errors – or a
combination of these. The lack of proper maintenance has also had an effect.
Following some major failures in 2002 (arenas in Mustasaari and Jyväskylä) the Minister of
Environment Jan-Erik Enestam reminded the construction and real estate sector that there must
always be a “zero tolerance” for structural collapses. A Board for Structural Safety was founded
including members from all main organisations in the construction and real estate sector and the
Ministry of Environment. The task was to act as a co-operation body for developing the
construction processes to reach a higher level of structural safety. Many projects were carried out by
different stakeholders to improve the structural safety. At the same time the development of a new
National Building Code for the supervision of construction work was initiated.

2.

The special procedure for design and execution of load bearing structures

The new National Building Code RakMK A1 “Supervision of construction work. Regulations and
guidelines 2006” [1] included a requirement for a special procedure for quality assurance in the
design and execution of load bearing structures in new buildings. The special procedure was to be
applied to buildings, where an error in design, construction or the maintenance of structures could
cause a “major disaster”.
The building supervision authorities decideswhen the special procedure has to be applied. It can
also be used voluntarily. The procedure is meant for demanding and large structures with a high risk
level, with work methods with high risks or difficulties or otherwise methods that requires high
standard of quality assurance.
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The procedure, included e.g.third party inspection of the design, third party inspection of the
construction phase (on site and in factories) and the control of the competence of the designers and
work management.
RIL developed an application guide (RIL 241-2007 [2]) for the code requirements, which helped the
participants in the building process (designer, authorities, supervisor etc.) to determine the need for
the procedure and how and when different methods of the procedure should be used.
The overall experience of the special procedure has been positive and the quality of demanding load
bearing structures in new buildings is now better than ten years ago. The special procedure has in
2014 been integrated into the Finnish Land Use and Building Act[3].

3.

The Assessment procedure for the structural safety of existing buildings

3.1 Background
Although the Building Code A1 raised the structural safety level of new buildings, the problems
with existing building was not solved and remained a huge challenge. In many structural failure
investigation reports from 2003 onwards [4], the national Safety Investigation Authority
recommended, that in order to avoid damages similar to the incidents investigated, an inspection
procedure should be established for buildings, with its main focus on structural safety.
3.2 The development of voluntary based procedure
In 2008 RIL conducted a survey [5] among the stakeholders to assess the needs and opinions of
such an inspection procedure. The result was two-folded: among some stakeholders the procedure
was considered necessary while others rejected it as not efficient enough to provide cost-effective
results. The authorities were also reluctant to produce new laws and acts in this matter, as the
responsibility of the structural safety of buildings in the existing laws was clearly specified to
belong to the owner.
Finally, in 2012 RIL put forward a project proposal to the board of structural safety to develop a
new, voluntary based inspection procedure. The project was approved and funded by the board.
3.3 The legislation process
At the beginning of 2013 the procedure development was close to completion, when the tragic
manege (covered horse arena) collapse occurred in Laukaa, with a young girl as a victim. This
accident started new legislation work to assess the structural safety of buildings with large spans.
The legislation process was conducted in 2013-2014 in close co-operation between the Ministry of
Environment and the stakeholders. The development of the voluntary based procedure (RIL project)
was integrated into the legislation process. In the summer of 2014 six buildings were assessed (pilot
project) by using a preliminary version of the RIL procedure. The results of the pilot project were
used in completing the RIL procedure and in the legislation process.
The legislation process has now produced a law proposal [6] for the Finnish Parliament. The final
vote on contents of the law will take place in March 2015 or earlier.
3.4 The contents of the law proposal
The main goal of the proposed procedure is to locate the most critical defects and shortcomings of
the load-bearing structures and support a better level of building management. The proposal
consists of the following elements (see also fig. 1):
- the owner of the building is obligated to ensure that an assessment of the structural safety of the
building is conducted by an expert
- the owner is also obligated to continuously follow the condition of the critical load-bearing
structures
- the law shall be applied to long-span buildings
A) where a large amount of people gather, such as sport arenas, recreation and leisure facilities
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and markets and
B) agricultural buildings
with the following characteristics:
1) the building has a part (space) with an area of at least 1 000 m2 and
2) the loadbearing vertical structures (beams, trusses etc.)
a) are factory-made and have a span width of at least 18 m or
b) are made on site and have a span width of at least 15 m
The area criteria of 1 000 m2 is not applied to manege buildings (covered horse arenas), only the
span width.
the law does not have to be applied to buildings with the aforementioned characteristics, if the
compliance of requirements for loadbearing structures has been established by the “special
procedure for design and execution” (voluntarily or authority requirement) during the design or
execution stage of the structures, or in a another manner which fulfils the requirements of the
law.
the assessment is to be carried out by a structural expert with qualifications according to the
qualification requirements for a structural designer described in the Land Use and Building Act
(building law) [6].
the results of the assessment shall be documented in an assessment certificate, which shall be
given to the owner. The certificate shall contain:
1) an assessment of whether defects or shortcomings have been detected in the critical
loadbearing structures, which can cause a partial or total collapse of the building and
2) recommendations for follow-up, management, maintenance and other upkeep measures for
the critical structures involved in the structural safety of the building. This means, that e.g.
recommendations for repairing or adding new structures shall be made.
if it is evident, that the defects or shortcomings can cause a partial or total collapse of the
building, the certificate must also contain recommendations for actions to improve the structural
safety and an estimate of the urgency of the actions. The owner has the responsibility to take
actions based on the recommendations, i.e. order a more thorough inspection or order repair or
modification of the structures.
The expert must add a report to the certificate on his/her qualifications according to Land Use
and Building Act (building law) [3]. The certificate must be shown to the authorities when
asked.
if the expert detects a defect or shortcoming that causes immediate mortal danger to users of the
building, he must immediately inform the owner and the possessor, local supervision authorities
and fire and rescue authorities.
it is the owners responsibility that a maintenance book (manual) for the critical load bearing
structures is made, containing maintenance actions and a time-table for the actions. The book
shall also contain relevant structural drawings. The manual shall guide the owner to follow up
on the condition of the structures and take required actions.
the assessments must take place within four years after the law has been enforced, or within two
years for buildings where the design and execution has been the responsibility of the same
company (design-and-build).
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Sport arenas, recreation and leisure buildings, markets and agricultural buildings
>1000 m2 or covered
horse arena

AND

L >15 m (on site) or
L>18 m (pre-fabricated)
Yes

”Special procedure” used, inspected
earlier or other similar action

Yes

No actions
required

No
Asessment by a qualified expert
No

Immediate danger?

Yes
Report to the owner and authorities

Certificate to the owner:
- risks of collape?
- recommendations for
actions,
- further inspections etc.

Maintenance manual
(owners responsibility)

Prohibition of using the building?
Repair or dismantel

Fig 1. The key phases in the law proposal for assessment of structural safety in existing buildings.
3.5 The contents of the RIL guide
The RIL guide [7] for assessment of the structural safety is compatible with the law proposal and
describes one way to fulfil the requirements of the law. It can also be used for other buildings with
high risks on a voluntarily basis. Additionally, it contains guidelines for a larger assessment scope
of structures (building physics, non-bearing structures etc.) and guidelines for more thorough
structural inspections (fig. 2).

Voluntarily
based action

No

The building is ”critical”?

Normal maintenance
measures

Yes

Law proposal

Procurement of the assesment

RIL Assessment procedure of structural safety
Asessment according to law proposal:

Inspection
Book

Inspection of the design
Inspection of the critical
structures in the building.
Assessment
Certificate

Other
voluntarily
based
inspections

Maintenance
Manual

Additional inspections

Repair
Restrictions in
the building
use

Follow‐up and maintenance measures

Fig 2. The RIL assessment procedure for the structural safety of existing buildings.
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The tool for the procedure is an Excel-based “inspection book”, in which the expert collects the
information of the building, its critical structures and inspection actions for them, results of the
design inspection, results of the structural inspection and, finally, the total result of the assessment.
The official assessment certificate will be automatically produced from these results. A tool for
producing the maintenance book is also provided. The guide will be commercially available as soon
as the law has been passed and the final content is known.

4.

Conclusions

The official assessment procedure of the law proposal and the scope of it will evidently not reveal
all critical defects and shortcomings in the existing buildings. However, this is a good start. These
new legal requirements are necessary, because unfortunately the quality of many existing building
is unsufficient and the owner is often unaware of this. The owner is also not aware of his
responsibilities to maintain the building safety with the aid of professionals.
The wider voluntary assessment procedure described in the RIL guide book will hopefully have an
important effect in detecting defects and shortcomings in high risk buildings beyond the scope of
the law proposal.
The scope of the law proposal includes about 10 000 – 12 000 buildings. The total assessment work
will be quite encompassing. It has been estimated that it will require 50 – 100 man-years in the
coming years each year, which will perhaps cause a shortage of designers of new buildings.
Furthermore, the costs will be challenging for many owners, especially owners of agricultural and
commercial buildings, where a typical 4 000 – 10 000 fee for an assessment has a considerable
effect on the total economic results. Not to forget the additional cost of repairs, that eventually will
be required.
However, the new assessment procedures will raise the importance of structural safety in the whole
design, execution and maintenance process. An increased attention will now hopefully be paid by
all participants in the process towards achieving and maintaining the desired level of structural
safety.
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Summary
Reinforced concrete (RC) structures constitute an essential part of the building infrastructure. This
infrastructure is aging and a large number of structures will exceed the prescribed service period in
the near future. The aging of concrete structures is often accompanied by corresponding
deterioration mechanisms. One of the major deterioration mechanisms is the corrosion of the
reinforcing steel, caused by chloride ions and carbon dioxide exposure.
Corrosion is a complex physical, chemical and mechanical process. The modelling of this process is
subjected to significant uncertainties, which originate from a simplistic representation of the actual
physical process and limited information on material, environmental and loading characteristics.
The present work proposes a probabilistic model for the assessment of spatial and temporal effects
of corrosion for the estimation of structural reliability of a potentially corroded RC structure. The
model is developed for the consideration of simply supported RC beams in flexure. In a case study
various member spans, bar diameters and number of bars in a given cross-section are considered.
The study concludes with an analysis of model results and a discussion on how the model can be
extended to complex structural details and systems.
Keywords: Corrosion; reinforced concrete;
probabilistic modelling.
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1. Introduction
Reinforced concrete (RC) is a versatile and widely used building construction material. In many
countries, RC is the dominant structural material in engineered structures. Under certain
circumstances deterioration of a RC structure leads to a loss of structural functionality. One of the
major deterioration mechanisms is corrosion of the reinforcing steel. This process causes effects
such as cracking, spalling, or delamination of the concrete and it also leads not only to a reduction
in the reinforcement cross-section but also to a loss of bond strength [1]. These changes are
accompanied by a decrease of the load bearing capacity and the structural reliability of the
corresponding structural elements.
A vast number of research has been done over the last decades and significant progress has been
made on the development of stochastic models, which can be used to understand and characterize
the corrosion process [2,3]. These findings are adopted in many different engineering applications
(e.g. [4-8]). Especially pitting corrosion has been recognized as a significant degradation
mechanism in engineering praxis [9].
Pitting corrosion is a complex process in space and time. Current research has been mainly focused
on the time-dependent aspect of pitting corrosion (eg. [12,13]). Spatial properties of corrosion are
treated mainly in a simplistic way or are often neglected. For instance, Stewart [6] assumes that the
deepest pit occurs in the middle of an element with an element length in the range between 100 mm
to over 1000 mm. The spatial distribution of pitting corrosion can also be modelled by an extreme
value distribution representing the maximum pit depth per length unit. This representation is
already used for structural reliability analysis of concrete elements with corroded reinforcement
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bars (e.g. [10,11]).
Organ et al. [14] state that pitting events can lead to clustering of pit locations on the surface, where
the initial pits are formed randomly. Consequently, the maximum loss of reinforcement bar cross
section might be determined by the maximum pit or the most critical combination of several pits.
Thus, the two effects should be considered when estimating the structural reliability of corroded
reinforced concrete elements.
In this paper, a probabilistic model to assess spatial and temporal effects of corrosion for the
estimation of structural reliability of a potentially corroded RC structure is presented that takes into
account the loss of reinforcement bar cross section due to the combination of pits. The model for
the spatial-temporal description of the pits is an extension of the general extreme value (GEV)
distribution. The spatial properties of the RC structure are described via random fields.
Further, a brief review of the deterioration mechanism of RC structures, including the presentation
of a chloride ingress model, is given. It follows a derivation of the GEV distribution in the context
of a spatial-temporal probabilistic model for pitting corrosion and the introduction of a spatialtemporal reliability model, based on the point-in-time probability of failure.
The proposed models are used to evaluate an application example. Beside a brief description of the
used structural configuration, the computational method is explained. Finally, the results of the
investigation are presented, followed by conclusions and a brief discussion.

2.

Degradation and reliability models

2.1 Chloride induced corrosion
A frequent cause of reinforcement steel corrosion is contamination by chloride [15]. To initiate the
corrosion process, the chloride content at the surface of the reinforcement has to reach a certain
threshold value [1]. However, the chloride transport in concrete is a rather complicate process,
which involves, inter alia, ion diffusion and convection [16]. This complex transport mechanism
can be simplified and estimated by use of Fick’s second law of diffusion [17]. The solution of this
partial differential equation is:




x
(1)
Ccl ( x, t )  Cs 1  erf 

 2 t  D (t )  

cl



where Cs is the surface concentration of chlorides, Ccl is the concentration of chloride ions at
distance x from the concrete surface after time t of exposure to chlorides, and Dcl(t) is the chloride
diffusion coefficient. According to DuraCrete [18] Dcl(t) can be calculated as:
n

t 
Dcl (t )  ke  kt  kc  Do   o 
(2)
t 
where ke is the environmental parameter, kt is a test method parameter, kc is the execution parameter,
Do is the empirical diffusion coefficient, to is the reference time and, n is the age factor. Each
parameter can be expressed as a random variable. The corresponding distributions and parameters
that are used in this study are documented in the Appendix.
If the depth x is taken to be the depth of the reinforcement dc, then eq. (1) can be transformed to:
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where Tcl represents the time until initiation. Correspondingly, the event of corrosion initiation can
be represented by the limit state function gcl(t):
gcl (t )   M Tcl  t

where θM is a model uncertainty, taking into account that eq. (3) is an idealization of reality [8].

(4)
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Spatial-temporal probabilistic model for pitting corrosion

After the depassivation of the reinforcement has occurred and the passive layer broke down, the socalled propagation phase starts and the reinforcement steel starts to corrode. Local or pitting
corrosion is only associated with chloride induced corrosion. The area of the anode (active zone)
may be relatively small, but once corrosion has been initiated the resulting electrical field attracts
negative chloride ions towards the pit. Hence, the corrosion rate can be relatively high, which leads
to an extreme loss of steel cross section [19].
Therefore, a model for the depth of the deepest pits in an exposed surface area a of a reinforcement
bar after an exposure time tex is needed. To model maxima a limiting extreme value distribution can
be used [20]. Given a sample of n independent identically distributed (iid) random variables
X1,…,Xn, the distribution of Xmax (i.e. the maximum pit depth) depends on n. If there exist location
and scale factors an and bn, such that Y = an+bnXmax has a distribution that is independent of n, then
the limiting distribution must satisfy the functional equation F(x)n=F(an+bnx) [21]. The solution of
this functional equation is the generalized extreme value (GEV) distribution, in the 3-parameter
form [22]:
1/ 

 

 x    
(5)
F ( x;  ,  ,  )  exp  1   
 









for 1+ξ(x-µ)/σ>0, where µ is the location parameter, σ is the scale parameter and ξ is the shape
parameter. The parameter values can be estimated by fitting the GEV to data observed from test
specimens.
Hence, to use GEV for a larger area than the sample area eq. (5) has to be extrapolated. Therefore,
the distribution of the maximum over an area A is a multiple M of the specimen area a. Assuming a
multiplicator M = A/a, the parameters of GVE are given by:

M     1  M     1 ,

M  M  ,

M  

(6)

Time-dependency is incorporated through pit growth. Therefore, a power-law growth for the mean
maximum pit depth is assumed. In literature simple growth in mean pit depth is modelled as a
power of t [23]. The parameters of eq. (5), adopted for pit growth are:

t    t  ,

 t    t ,

t  

(7)

According to the properties of GEV and considering an extrapolation in space and time, the
expected extreme pit depths over time can be expressed as:
E[ X max ]    t     t  1  M   1       1

(8)

The spatial proximity of pits can be described as a non-homogeneous Poisson point process (NHPPP) [24,25]. If Xmax follows the GEV distribution from eq. (5) and the pit depths exceedances a
certain threshold u per unit area, the intensity is given by Scarfe & Laycock[26]:
1/ 

  (u   M  t  ) 
 (t )  1 
(9)

 M  t


For structural reliability analysis the effects of pitting on reinforced cross-section are needed.
Hence, the maximum steel loss along a reinforcing bar has to be found. Due to the fact that pits
occur in a random pattern on the surface of the reinforcement bar, the maximum pit might be no
decisive factor anymore. Instead a cluster of smaller pits in a certain configuration might affect the
cross-section stronger. Therefore, the maximum loss of cross-section over the length of the
reinforcing bar can be found by minimizing the remaining steel cross-section:

min  As ( x, t ) 

0 x  L

2 R

with

As ( x, t ) 

  r ( x, t ,  )drd
0 0

(10)
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where the cross-section depends on the location, time since the corrosion started and the random
distribution of pits with varying depths (see Fig. 1).
2.3 Spatial-temporal reliability analysis
Using the approach proposed in section 2.1, modelling of pitting corrosion becomes a spatialtemporal problem. Hence, also the reliability analysis has to take spatial variability of the model
parameters into account. This allows to characterizes not only the probability of degradation, but
also the extent of damage [27].
A point-in-space probability of failure is defined for this purpose, according to Sudret [27]. The
model parameters are treated as random fields Z(x)={Z1(x),…,ZN(x)}. This set describes the
randomness of the model where x is the spatial coordinate. For the probabilistic descriptions of
these fields the following assumptions are applied [27]:
i) Not all components of Z have a spatial variability. Hence, they can be modelled as random
variables, it has to be considered that this reduces the amount of random fields. ii) Random fields
are treated as homogeneous fields, due to the fact that the size of the structure is rather small
compared to the scale of the degradation parameters (e.g. environmental parameter, such as surface
chloride concentration).
The failure criterion is represented by a limit state function g(Z(x),t), which is defined in the space
of spatial parameters at time instant t∈[0,T]. Furthermore, it is assumed that the input parameters
Z(x) are not time-dependent, such that they can be modelled as random variables and not by random
processes [27].
Taking this assumption into consideration, the point-in-space probability of failure is defined as
followed:

Pf (x, t ) 



g ( Z ( x ),t ) 0

f Z ( x ) (z)dz  E 1g ( Z ( x),t )0 (z, t ) 

(11)

The probability of failure is computed by fixing x and t, and by applying standard time-invariant
reliability methods, such as Monte Carlo Simulation (MCS), FORM, SORM, etc. The point-in-time
probability of failure is independent of x [27]; therefore, the critical limit state for the structure is
related to a series system where the load effect exceeds resistance at any element:

g (Z(x), t )  min  R(x, t )  S(x, t ) 
0 x  L

3.

(12)

Application example: bending beam

3.1 Structural configuration
In order to illustrate the concept of spatial-temporal progression of corrosion as described above, a
RC beam of length L=5m is considered. This beam is reinforced by N={2,3,5} reinforcing bars,
which initial diameter ds is modelled by a lognormal random variable. The beam length h and width
b follow normal distributions. As univariate homogeneous random fields the concrete cover dc, the
chloride diffusion coefficient Do, and the chloride surface concentration Cs are modelled.
Dependencies between correlated random variables are described by Gaussian copulas. A complete
overview of the used parameters, their distributions and values are given in the Appendix.
The beam is loaded with a uniform load composed of dead load g, long-term load qlt, and short-term
load qst. The parameters of the long-term load correspond to the distribution of a 5 years maximum.
Load combinations are done accordingly to the recommendations of JCSS [28]. The influence
length e is choosen in order to satisfy the yearly target reliability index β(t=0)=4.2, (without taking
corrosion into account). The load effects can be written as:
S(x)   S  g  e  qlt  qst  

x
(13)
 L  x
2
The resistance of a simply supported RC beams in flexure can be expressed as the ultimate flexural
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capacity [29]. Thereby it is assumed that the section strength and reinforcing bar capacity is directly
proportional to yield capacity. This capacity also depends on the cross-sectional area of the
reinforcement, which is affected by pitting corrosion [5,6].

As ( x, t )  f y 

(14)
R(x, t)  M u   R  As ( x, t )  f y  h  dc 

1.7

f

b
c


The minimal remaining steel cross-section As(x,t) is calculated from eq. (10); thereby, the GEV
distribution and the NH-PPP have to be considered. Buxton et al. [30] have carried out experiments
where fifteen rectangular test specimens with a distinct areas of 8.2 cm² were suspended a in
deionized warm water bath under free corrosion. A GEV distribution was fitted to the observed pit
depths, giving the specimens parameter values [31]:µ=7.041, σ=0.467, and ξ=-0.513. A power-law
dependence of β=0.54 was chosen, such that a long-term rate of pit development is considered
[13,23] and which is also consistent with the observations from González et al. [32].
With the given data the expected extreme pit depth over time can be calculated from eq. (8) as
shown in Fig. 1.i. The area of interest is assumed as 10 cm × 10 cm, i.e. a cylinder with the diameter
3.2 cm and the length 10 cm. Since the specimen size is 8.2 cm² the GEV parameters have to be
extrapolated by M=100/8.2. Fig. 1.ii shows the mean number of pits per 100 cm² at time t. Only pits
with a pit depth larger than u={1,2,3,5} mm are considered. For example, after 15 years of
exposure, the mean number of pits grater than u=3 mm are approximately 100. In Fig. 1.iii the
unrolled lateral surface is plotted with a random pit pattern corresponding to the NH-PPP after 20
years of exposure (u=5mm). The loss of steel cross-section due to corrosion is shown in Fig. 1.iv.
Here, it can be observed that the maximum pit depth is not determinative for the maximum steel
area loss.

Fig.1: Pitting: i) extreme pit depths; ii) mean number of pits; iii) pit pattern; iv) bar cross-section
3.2 Computational method
The RC beam length is subdivided into 51 elements à 100 mm, allowing to evaluate a point-inspace probability of failure. Similarly, the beam width is subdivided into n sup parts, where n
depends on the number of reinforcement bars. Eq. (11) is computed using MCS. Therefore, a large
number of samples are simulated for the set of random variables Z. For every simulation the limit
state function from eqs. (4) and (12) are evaluated. The load effects for eq. (12) are described by eq.
(13) and the resistance is given in eq. (14).
If gcl(t)≤0, chloride induced corrosion has already started. The time since when the reinforcing bar
is exposed to chloride ions can be estimated with eq. (3). This time is used to generate a random
pattern of pits for the affected element of the beam, as shown above. According to eq. (10) the
minimum remaining steel cross-section for the exposed element is calculated. This result is used to
recalculate the steel cross-section in eq. (14). It has to be noted that the reinforcing bars in an
element are represented as an ideal parallel system, i.e. if one bar fails, the load will be redistributed
to the remaining ones.
This process continues for successive annual time increments and elements until the service life is
reached. The target service life of the RC beam is 50 years. This time horizon is discretized into 1year time increments.

Safety, Robustness and Condition Assessment of Structures
3.3

157

Results

The analyses presended herein will consider different member spans L, bar diameters ds, number of
bars N, and pitting thresholds u. A reference RC beam is considered with a length of 5 m, three
reinforcement bars with 27 mm diameter, and a threshold of minimum pit depth larger than u=3
mm.
Fig. 2.i shows the estimated cumulative probability of failure for the different RC beam
specifications. The uncertainty due to the limited number of MCS is illustrated as the shaded area
95%-confidence interval for the reference beam. Compared with the RC beam without corrosion
(g), the reference beam (a) displays a pronaounces decrease in probability of failure after corrosion
is likeli to be initiated, i.e. in this setup corrosion has a clear effect on the structural reliability after
20-25 years in service.
The decrease of the reinforcement bars leads to an increase in the probability of failure (a-c). The
present analysis shows that also a reducing of the bar diameter (d) leads to a significant increase of
the failure probability. If a higher threshold of pitting depths (e) is assumed, it leads to the result
that the effects of corrosion can only be observed in a later state of the service live. This
corresponds to the fact that deeper pits occur in a late state of the corrosion process.
The results are compared with those from an analysis where only the deepest pit, in the center of an
element, is considered (h). It can be observed that the probability of failure after 50 years is three
times higher, if the spatial properties of the pits are taken into account.
Since spatial variability is considered, the simple supported RC beam can also fail beside the midspan, especially when the pits occur randomly on the steel surface. Fig. 2.ii shows the proportion of
failures per 50 cm intervals over the span of the beam. It can be seen that the governing critical
limit state for pitting corrosion is not always at the mid-span. However, if the diameter or the
amount of rebars increase, it becomes more likely that the failure is observed near the mid-span.
Fig. 2.iii shows the average corrosion loss of one element over time. By considering spatial and
temporal effects of corrosion, higher expected values for the cross-section losses are observed,
compared to the classical approach. This is due to the fact, that not only the deepest pit is
considered, but also smaller pits and their spatial variations. This might cause a distribution of the
pitting area Apit as plotted in Fig.iv. If no pit exceeds the threshold u, then there is no loss of steel.
However, if pits occur the maximum loss might be at the deepest single pit or a combination of
several pits.

Fig. 2: Results: i) probability of failure; ii) proportional spatial position; iii) mean area loss; iv)
pitting area.

4.

Conclusions

An improved method for the assessment of spatial and temporal effects of corrosion for the
estimation of structural reliability of a potentially corroded RC structure has been presented. The
analysis considers the spatial and time-dependent variability of pitting corrosion and structural
resistance. This involves discretising the RC beam in various elements and simulating, pit pattern
for each reinforcing bar in each element. Since the randomly generated locations and sizes of the
pits are taken into account, it could be shown that not only the maximum pit has an influence, but
also clusters of several smaller pits can significantly influence the structural reliability.
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Appendix
Table 1: Probabilistic parameters
Name
age factor
bar diameter
beam height
beam length
beam width
compressive strength
concrete cover
concrete density
critical concentration
critical threshold
diffusion coefficient
environmental parameter
execution parameter
extrapolation area
long-term load
model uncertainty
pit growth parameter
Short-term load
surface concentration
test method parameter
test specimen area
uncertainty load
uncertainty resistance
yield strength

6.
[1]

Sym.
n
ds
h
L
b
fc
dc
gc
Cc
u
Do
ke
kc
A
qlt
θM
γ
qst
Cs
kt
a
θS
θR
fy

Type
Beta
Norm
Norm
Det.
Norm
Lognorm
Lognorm
Norm
Norm
Det.
Norm
Gamma
Beta
Det.
Gamma
Lognorm
Norm
Gamma
Norm
Norm
Det.
Lognorm
Lognorm
Lognorm

Mean
0.37
27
500
5000
300
30
50
25
0.8
3
220.92
0.924
0.8
100
0.5
1
0.54
0.2
3.4911
0.832
8.2
1
1.1
560

CoV
0.19
0.01
0.02
0.03
0.17
0.30
0.04
0.13
0.12
0.17
0.13
1.34
0.05
0.01
2.00
0.34
0.03
0.20
0.07
0.05

Unit
mm
mm
mm
mm
MPa
mm
kN/m3
wb
mm
mm2/year
cm2
kN/m2
kN/m2
wb
cm2
MPa

A.c.f.
ρdc
ρDo
ρCs
-
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Summary
Nowadays, the prediction of wire damage caused by fatigue and corrosion is not consistently taken
into account for the design of large and unreplaceable cables for suspension or cable-stayed bridges.
As a consequence, cables may be overdesigned and not optimized when larger investments in
technologically advanced protection systems are applied.
In the present paper it is discussed how the different damage mechanisms can be considered in the
probabilistic representation of the cable capacity. Furthermore it is demonstrated how a better
representation of the cable capacity could be utilized for the calibration of the corresponding partial
safety factor. Both mitigation of predicted damages and reduction of their uncertainties lead to
lower partial safety factors without compromising safety. The framework is suited to reliability
updating and to evaluate the optimal amount of resources expendable in cable protection.
Keywords: partial safety factor, cables, corrosion, fatigue, probabilistic modelling.

1.

Introduction

Steel cables are important components of major load bearing structures as bridges and roof
structures. When they are newly installed they demonstrate good structural properties that are
mainly characterised by a high tension capacity that is also well predictable due to the very low
variability. However, when cables in their service life are exposed to potential deterioration
mechanisms as fatigue, corrosion and/or other processes the tension capacity will be reduced and its
variability increased. In the current state of the art design formats of cables for suspension bridges
this aspect is considered with the application of a partial safety factor (psf) on the characteristic
value of the wire capacity in the range of 1.70 to 2.00.
The article reports a literature review on partial safety factor calibration for large cables of
suspended and cable-stayed bridges as well as a review of the probabilistic models describing the
most relevant damaging processes. It is further discussed how the damage processes and the
updated knowledge about the state of damage during service life can be consistently integrated in
the probabilistic model of the cable tension capacity. In a simple example it is demonstrated how
the framework can be applied for the calibration of the partial safety factor. The paper concludes
with a discussion on possible further research needs in the area.

2.

Design requirements

The damages experienced by cables during their life time are not explicitly accounted in the
Eurocode and in the Norwegian Public Road Administration Handbook for design of bridges. A
summary of the ULS requirements of these regulations follows.
Eurocode 3 Part 1-11 [1] covers the design of main cables for suspension and cable-stayed bridges
in Europe. Although the standard is covering the design of adjustable and replaceable cables, it is
stated that the provisions can also be applied to non-replaceable cables. A principle states that the
design axial force shall not exceed the design resistance. One possibility for calculating the tension
resistance is given in the application rule (adapted from [1])
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 r
r 
rd  min  uk ; k  ,
(1)
1.5   EC  EC 
where:
- ruk is the cable breaking strength characteristic value obtained multiplying the metallic cross
section by the wires tensile strength characteristic value ( ruk  am  zuk );
- rk is the cable proof strength characteristic value (i.e. the strength at 0.1% elongation) and
-  EC is a partial safety factor whose values are reported in Table 1.
The design capacity is the minimum of two terms where the first is the ultimate capacity and the
second ensures that the cable remains in the elastic
Table 1:  EC for the cable design capacity domain when the axial force reaches its design
(  Z  1.5   EC in parenthesis)
value. The latter can be neglected in parallel wire
cables and fully locked coil ropes since the plastic
Measures to minimize Recommended Norwegian
behaviour is minimal.
bending stresses at
values [1]
National
anchorage
Annex of [1]
The Eurocode formula is also included in the
Norwegian Public Road Administration Handbook
Yes
0.90 (1.35)
1.20 (1.80)
number 185 for design of bridges [2]. The second
term of (1) is disregarded and ruk is referred to as
No
1.00 (1.50)
1.20 (1.80)
the cable specified minimum breaking load.

3.

Calibration of the partial safety factor for parallel wire cables

The partial safety factor (  Z ) for the design resistance of bridge cables depends on four main
aspects [3]: i) the effect of the cable length; ii) the Daniels’ effect; iii) the target reliability and iv)
the damage allowance. The first two effects are named system effects. The partial safety factor is
calculated by the following equation (adapted from [3]):

zk
(2)
 L   D  Z  1   Z  t VZ   1   all 
where:
- zk is the wire strength characteristic value;
-  L represents the strength reduction due to the weakest link effect considering each wire as a
series of elements with independent and identically distributed strength. The number of links is
related to the strength correlation length ( L ) which decreases in time due to the damage processes.
 L reaches a minimum asymptotic value of 0.90 for common cable lengths when constant load
along the wire is assumed and L is in the order of the wire diameter [3].
-  D reduces the capacity due to the so-called Daniels’ effect which states that the strength of a
bundle of N threads tends to normal distribution when N gets large [4]. The mean and standard
deviation decrease with increasing N ; the latter, in particular, converges quickly to zero making
the coefficient of variation ( VZ ) small. The assumption at the basis of the Daniels’ theory is that the
probability FZ ( z ) that a thread breaks under the load z is such that 1  FZ ( z ) tends to zero faster
than 1 / z . Being the strength of a thread equal to its weakest link, the thread resistance is well
represented by a Weibull which fulfils the assumption. For typical cables for suspension bridges a
mean strength reduction of 8 % (  D  0.92 ) and a coefficient of variation of around 1 % can be
reached [3].
- The target reliability index  t is included in the formula through the typical format derived from
the FORM (see e.g. [5])

Z 

X 

xk

 X  1   X  t VX 

,

(3)

where:
xk ,  X , VX and  X are the characteristic value, the mean, the coefficient of variation and the
FORM sensitivity factor of the basic variable X .
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-  all ensures that the cable maintains a given level of reliability even after a fraction    all  of
wires is broken.
The cable reliability is time variant. In details,  L   L ( t ) depends on time since L is reduced by
possible damage processes. The time dependency of   ( t ) is obvious. The most critical
situation is reached at the end of the cable life when the two parameters reach their minimum and
maximum values, respectively.
While the asymptotic values of  L and  D can be conservatively used for calibrating  Z (with
negligible loss of efficiency), the other two parameters (  t and  all ) require some more
considerations.
Table 2: Values of  Z (  L  0.90 ; The target reliability index is given in codes, e.g. [6] and
 D  0.92 ; Z  1850MPa ; VZ  2% ; [7]. Nevertheless, the selected value of  t is not
influencing much the psf due to low values of the
 Z  1.00 and zk  1789MPa )
coefficient of variation (see Table 2). The damage

t
allowance (  all ) is historically fixed to values around say
Z
3.00
4.00
5.00
30% (obtained indirectly from Table 2 for Norwegian
0.00 1.24
1.27
1.30
psf). This value is not related to the magnitude of the
0.15 1.46
1.49
1.53
fatigue and corrosion loads and the performance of the
 all  0.30 1.78
1.81
1.85
protection system. A procedure keeping into account
0.45 2.26
2.31
2.36
these aspects is therefore essential for designing cables
efficiently without compromising reliability. The domain
of an optimized psf is limited to values larger than say 1.30 (corresponding to  all  0 , see Table 2).
Such a wide domain means that significant gains can be obtained.

4.

Models predicting damages – Literature review

The mechanisms which damage or break the wires are mainly overload, fatigue and corrosion; the
last two are further subdivided into different types. This part reports and summarizes literature
concerning these mechanisms focusing on predictive probabilistic models.
Among the many publications on fatigue and corrosion of metals there is still a lack of studies
dedicated to cables for bridges fabricated and protected with the most cutting-edge technologies
(e.g. dehumidification systems). The majority of studies on bridge cables deal with old deteriorated
cables which required a re-assessment.
4.1 Fatigue
Fracture in wires due to fatigue has been a common problem in bridge engineering and a wide
literature is available for modelling the mechanisms and predicting the damage.
Rackwitz and Faber [3] present a probabilistic model for fatigue strength of single wires and cables
made of identical parallel wires. They discuss the role of the endurance limit and state that, under
specific assumptions, the mean life of the system (cable) is reduced compared to the mean life time
of a wire; this is due to system effects. The authors propose a formulation for the number of broken
wires at a given point in time. Maljaars and Vrouwenvelder [8] studied fatigue deterioration due to
lamination defects in wires. They propose a failure domain in the 2-dimensional space spanned by
the fracture ratio and the plasticity ratio; this allows evaluating simultaneously the area reduction
due to crack growth over time and the plastic failure of the remained ligament of wire.
Fretting is an additional mechanism which may lead to reduction of fatigue life. It arises from the
friction forces among wires. Different types of inter-wire contact are present [9]. Fretting fatigue is
more severe for locked-coil cables than for parallel wire cables due to the presence of larger and
more concentrated contact forces between wires. A complete literature review on the topic is
proposed by Raoof [10]. Fretting is a possible reason for having fatigue capacity of a cable lower
than the one of single wires. Hobbs and Raoof [9] propose to account fretting by reducing the
fatigue endurance limit. The main factors influencing fretting-fatigue are the surface finishing (e.g.
zinc coating), the environment and the effectiveness of lubrication [11]. A large variety of models
are present for evaluating the fatigue life, the damage over time and the effects of different factors
over them.
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Corrosion

Baussaron et al. [12] summarize that corrosion is affecting wires by two means: the uniform
corrosion and the pit corrosion. The first is reducing the cross section of the wires all around them
while the second is attacking them in concentrated points. The authors have modelled
probabilistically both mechanisms. The pitting corrosion depth is represented by a Gumbel
distribution being the largest pit in a wire governing its capacity. Feliu et al. [13] predict the
atmospheric corrosion at a certain time with a power law of time with two parameters representing
the influence of the material and climate characteristics. The parameters are estimated from
experimental results and depend on relative humidity, temperature, number of rainy days and
wetness time. Melchers [14] reports that the classical approach using the Gumbel distribution for
the pit depth and the power law in time mentioned above is not valid for long periods as required in
civil engineering. A Frechet distribution is proposed instead. Although these considerations are
based on data collected from steel plates in seawater, they may be appropriate for cable, too. No
literature is found reporting studies on wire corrosion in atmosphere in the light of these recent
findings. Li et al. [15] propose a model for predicting the uniform and pitting corrosion of wires for
bridge cables by mean of probabilistic modelling and validate it through test performed with
accelerated corrosion experiments. A probabilistic model of wire corrosion for pre-stressed concrete
elements is also developed in [16]; the model may be adapted to wires in atmosphere.
Many publications report investigations of old bridge cables. The corrosion level of wires changes
through the cable cross section [17]. This is ascribable to different conditions inside the cable cross
section. The corrosion rate and the diversity inside the cable are largely related to the protection
technology, bridge location and climate. The minimum conditions which must be guaranteed by
dehumidification systems in order to avoid corrosion are evaluated in [17].
4.3 Correlation of damage mechanisms
The damage mechanisms discussed before are related in the sense that corrosion decreases the
fatigue strength of wires. On the contrary, the tensile strength of the remaining non-corroded part of
the cross section is constant, see Suzumura and Nakamura [18]. Moreover, this study shows that
fatigue strength is constant until the coating layer is present and significantly decreases when the
steel is attacked.

5.

The cable capacity

The uncertain nature of damaging processes and inspection outcomes is included in the cable
reliability evaluation.
5.1 Cable damage
The number of undamaged wires at time t can be
expressed as * ( t )  N being * ( t )  1  ( t ) the fraction
of undamaged wires (see Figure 1) and N the total number
of wires. * ( t ) is represented by a discrete distribution
defined over the interval [0,1] that, for large N , can be
approximated by a continuous distribution, e.g. a distribution (Equation (4)). The distribution represents the
result of probabilistic models predicting the damage based
on the available information at a certain time ( t ).
Figure 1: Damaged cable at a given Furthermore, the distribution of * ( t ) can be updated
time.
when new information from inspections is available.
f *  * |  ,  , t  

    

       

  * 1  1   * 

 1

(4)

5.2 Predicted wire capacity
The wire capacity, considering all wires part of the same population, is represented by the Weibull
distribution [3]:
k 1
  z k 
 k  z 
(5)
f Z  z | aw ,  , k , u  

 exp   
 
u  aw  u  aw 
  u  aw  
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that is conditional on four parameters:
- the shape and scale parameters ( k and u ) keep into account the material properties and inherent
variability due to different factors (e.g. fabrication defects, inclusions etc.) and do not depend on
time being the strength of the material not influenced by fatigue and corrosion [18];
-  keeps into account the weakest link behaviour. In fact, (5) can be considered the distribution of
the minimum capacity of  independent links, for further details see [3];
- aw is the cross-sectional area of the wire carrying the load ( aw  a0 the initial wire cross sectional
area).
The two last parameters are time dependent,
 increases while aw decreases in time. Both are
direct consequences of the damaging processes
described before. The uncertainties on these four
parameters can be integrated in f Z using the
Bayes’ rule:
f Z ( z | aw ,  )   f Z ( z | u, k , aw ,  ) fU , K (u, k )dudk (6)
f Z ( z )   f Z ( z | aw ,  ) f Aw (aw ) f  ( )d daw

(7)

The probability density functions are obtained by
applying the Maximum Likelihood Method (MLE)
on test results. When doing so, the parameters u
Figure 2 f Z varying  and aw and and k are estimated and represented as normal
integrating their uncertainties ( u and k from distributed random variables U and K . The
[3]; aw and  represented by plausible associated uncertainty can be integrated into the
normal distributions).
density function of Z by the use of Equation (6).
The example illustrated in Figure 2 shows the
influence of the parameters. The distribution f Z ( z | u,k ) is found to be very sensitive to the
coefficient of variation of Aw .
5.3

Predicted cable capacity

The cable capacity R (for large number of wires) can be represented by a normal distribution, [3]
and [4]. Its mean and standard deviation are (adapted from [3]):

E  R *N    * N  z0  1  FZ  z0    c *N  *  ; D  R *N   z0   * N  FZ  z0   1  FZ  z0  

(8)

where  *  N is the number of unbroken wires in the cable at a given time t ; z0 and c * N are
defined below.
1/3
f Z2  z0   z04
*


.
(9)
z0  max  z  1  FZ  z   ; c * N  0.966   N   3
2  f Z  z0   z0  f Z'  z0 
The dependency on t is omitted for simplifying the equations. The f R conditional on  * is
 r  E  R *  ( * ) 
  N
*

(10)
fR *  r |     
 N
 D  R *  ( * ) 
  N


with  being the normal standard probability density operator. The unconditional distribution of R
is, in general, no longer normal and it can be obtained through integration

1

f R  r    f R  r |  *  f *  *  d *

(11)

0

The distribution contains information about the damage status of the wires as well as the system
effects. It can now be introduced in the calculation of the cable reliability using for example First
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Order Reliability Method (FORM). Figure 3 shows the dependencies among all variables
previously discussed.
5.4 Comments
Wires composing the cable may, for different
reasons, belong to different populations.
They can be produced with material coming
from different batches and/or exposed to
different load histories and environments (e.g.
external wires can be more corroded than
internal ones, as observed in many old
bridges). This situation is not further
modelled in this paper; however, a similar
framework might be utilized with the
following assumptions: the wires can be
divided into n groups and, if the number of
wires in each group is large enough, any
group capacity can be modelled as presented
before in this paper. The whole cable is then
modelled as a parallel system with n
elements.
Figure 3: Influence diagram representing
dependencies of variables (decision nodes squared,
uncertainty nodes rounded).

6.

Numerical example

This numerical example is a continuation of
the example reported in [3]. The scope is to
present how the partial safety factors can be
calibrated by mean of the proposed framework. Plausible inputs are used when real data are missing.
The damaged wire capacity is represented by the dashed line illustrated in Figure 2. This
correspond to wires with an average area reduction of 10 % ( aw  0.9  a0 ) and   100 .
Calculations are performed for different mean and standard deviation of f * . The application of
Equations (5) to (11) results in the unconditional pdf of R representing the cable resistance at the
end of the intended lifetime of the corresponding structure. For large uncertainties on * the
distribution is no longer normal and its left-hand tail is well approximated by a Weibull distribution
(marked with # in Table 3). The approximation is performed in order to simplify the application of
FORM in the calculations that follow.
The cable can be designed using a classical load and resistance factor design (LRFD) format and
the corresponding reliability index can be calculated. A simplified limit state function

g ( R, G,Q)  R  G  Q  0

(12)

and the related design equation
rk

(13)
 g k   G  qk   Q
R
are assumed. The subscript k indicates the characteristic values. The real design parameter is the
cable initial cross section (either N , a0 or both) which is not explicitly shown in (13) since both
are implicitly included in the distribution of R and thus in rk . The calibration is performed with
numerical routines implementing FORM and finding the set of partial safety factors that result in
design solutions that fulfil the target reliability. The number of wires in the cable ( N ) is designed
imposing equality in (13), this correspond to a “just safe” design. Partial safety factors for loads are
arbitrarily fixed to  G  1.10 and  Q  1.50 . For simplicity, G and Q yearly maxima are
represented by normal distributions ( G  2.75MN , CoVG  15% ; Q  1.10MN , CoVQ  60% ).
Values of N obtained for different parameters of f  are reported in Table 3 where it is clearly
shown the dependency between N and the cable damage. The same Table reports the values of
 Z ,eq , i.e. the partial safety factors to be applied to the undamaged wire characteristic strength in
order to get the same design. These are calculated knowing the dimension of the cable designed
*
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Table 3: N and equivalent  Z for different f * ,
calibrated  R in parentheses.

according to Eq. (1) that gives N  183 (with
 Z  1.80 , u  1789MPa , k  72.6MPa ,
  1 , aw  a0  38.5mm2 and zuk  66.1kN ).


*
N §  Z ,eq

In addition, Table 3 reports the values of the
( R )
0.7
0.8
0.9
calibrated  R .
176 § 1.73
164 § 1.61
137 § 1.35
The target reliability referred to the last year
0.01
(0.96)
(0.96)
(0.96)
of service life of the structure is assumed
191 § 1.88
166 § 1.63
145 § 1.43
t  3.50 which corresponds to an accepted
0.05
(0.95)#
(0.95)#
(0.94)#
yearly
reliability of using the structure.
V* 
243 § 2.39
203 § 2.00
166 § 1.63
0.10
The calibrated  R are of little practical
(1.09)#
(1.06)#
(1.01)#
interest since it is too cumbersome to design
424 § 4.17
329 § 3.24
0.20
cables based on their predicted capacity. For
(1.55)#
(1.44)#
easing the procedure, one or more
modification factors ( i ) can be introduced and applied on  Z in order to obtain  Z ,eq  f ( i , Z )
as the ones reported in Table 3. These modification factors will keep into account, for example, the
performance of the corrosion protection technology, the length of the service life, fatigue loads and
the other parameters influencing damaging processes.

7.

Conclusions and future work

A new methodology is proposed for calibrating the partial safety factor for the resistance of parallel
wire cables. This keeps into account the uncertainties on the wire damage as well as the system
effects. With the proposed method the target reliability becomes an important variable for
determining the partial safety factor and the damage is no longer considered deterministically. The
framework can also be used for updating the reliability when new information from inspection is
available and for supporting decision problems. The framework is proven to consistently manage
uncertainties.
The implementation of the framework proposed here requires firstly accurate models predicting
damages. These models shall be obtained from measurements of cable produced and protected with
modern technologies in order to predict as accurate as possible the processes of damage in cables
installed and/or designed in the present. Correlation between parameters of different damage
mechanisms has a significant effect and it shall be further studied. In addition, model uncertainties,
treatment of wires belonging to different populations and a complete sensitivity analysis are among
parts that shall complete this work. A possible further development of the framework is the creation
of simplified design equations which give reliable and efficient design. For this purpose the modern
LRFD format is the natural choice and modification factors for  Z may be introduced. Additional
studies are necessary for obtaining a simple, efficient and reliable design format. Moreover, a
framework assisting the decision of maximum resources expendable in cable protection can be
formulated so to optimize the life-cycle costs.

8.
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Summary
This paper aims to study the sensitivity of response quantities of an earthquake-resistant reinforced
concrete frame subjected to sudden column removal scenarios. Uncertainties in stiffness, strength,
damping, and live load were studied using Tornado Diagram Analysis and the First-Order SecondMoment method. Stiffness and strength are found to be the major influential variables for
uncertainties in global response quantities such as the maximum vertical displacement. As for the
local response quantities such as the curvature, the yielding strength of the reinforcing steel is found
to be the most important variable. Furthermore, using nonlinear incremental dynamic analysis,
sensitivity of the vertical displacement is evaluated at different load factors. Results show that the
nonlinear dynamic redistribution of forces is a strength-sensitive problem at higher load factors
where the structure is prone to progressive collapse.
Keywords: Progressive collapse; alternate path analysis; sensitivity analysis; reinforced concrete;
moment resisting frames; first-order second-moment; tornado diagram analysis.

1. Introduction
Following the partial collapse of the Ronan Point apartment building in London in 1968, several
research studies were conducted to find a solution for mitigating the risk of disproportionate
progressive collapse. As a result, a number of prescriptive provisions were offered. However,
typically the suggested requirements implicitly consider the resistance of structures to progressive
collapse, and remained relatively unchanged [1]. The catastrophic collapse of the Alfred P. Murrah
Federal Building in 1995 and the collapse of World Trade Center towers on 11 September 2001
propelled the research communities to develop provisions for such a system-level problem.
Progressive collapse indicates a situation where the spread of local failure from element to element,
results in the collapse of the entire structure or a large part of it, which is disproportionate to the
triggering action [2].
Among the proposed approaches for the progressive collapse evaluation of structures, the thread
independent alternate path (AP) method is widely used in the recent research studies. This method
provides an insight into the ability of the structure in redistributing of the gravity loads through
bridging over failed elements. Typically, three analytical procedures can be employed in the AP
method: Linear Static (LS), Nonlinear Static (NLS) and Nonlinear Dynamic (NLD). The linear
static approach relies on the iterative check of the demand-capacity ratio of the structural members.
Although the linear static analysis is readily feasible in any computer program, it may not be
accurate as nonlinearity and dynamic effects are not properly accounted for [3]. The most exact
method for evaluating of the structural response following the instantaneous loss of a load-bearing
element is the nonlinear dynamic procedure. To investigate the dynamic response of the structure,
internal forces at the top of the columns to be removed have to be found in an undamaged finite
element model of the structure through a nonlinear static analysis of the structure under the gravity
loads. Then, the resultant forces have to be applied into the damaged model, and shall be scaled
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from 100% to zero in a short period of time. Despite extensive research work on the inelastic
alternate path response of the structures, recent works mainly addressed the problem of progressive
collapse deterministically. On the other hand, a reliable performance-based evaluation of structures
is a function of structural response uncertainty characterization. Thus, uncertainties in structural
properties, which is the major source of uncertainty in response quantities needed to be investigated
using sensitivity analysis.
Several research works investigated the influence of uncertainties on the structural response
quantities. Porter et al. [4] studied the major sources of uncertainty in repair cost of a high-rise
nonductile reinforced concrete moment frame building using the first-order second-moment (FOSM)
method. Lee and Mosalam [5] also investigated the seismic demand uncertainty of a reinforced
concrete shear-wall building considering uncertainties in ground motion and in structural properties
using FOSM method. Recently, Kim et al. [6] studied the sensitivity of design parameters such as
yield strength of structural members, live load, and damping ratio of moment-resisting steel frames
subjected to progressive collapse according to various probabilistic approaches.
The objective of this paper is to find out the major sources of uncertainty in the alternate path
response of an earthquake-resistant reinforced concrete frame subjected to sudden column removal
scenarios. Uncertainties in stiffness, strength, damping, and live load were studied using Tornado
Diagram Analysis (TDA) and the FOSM method. Furthermore, using nonlinear incremental
dynamic analysis sensitivity of progressive collapse mechanism is addressed.

2. Case study building: four-story office building
2.1 Building description
The case study building is a four-story, reinforced concrete moment-resisting office building
designed in accordance with the requirements of the National Building Codes of Iran [7, 8]. The
imposed gravity loads include additional dead load of 3.25 kN/m2 and live load of 2.5 kN/m2.
Permanent load of perimeter walls is set to 4.0 kN/m. Interior columns are composed of 450 mm
squared sections, and exterior columns are of 550 mm. The depth of interior beams is 450 mm
while the depth of the exterior beams, where structural-architectural interferences is minimum is set
to 600 mm for drift controlling of the structure under seismic loads. The floors consist of two way
solid slab systems with thickness of 150 mm. The concrete has nominal compressive strength of 30
MPa. The reinforcing steel is of A3 type with nominal yield strength of 400 MPa and minimum
tensile strength of 600 MPa. Fig. 1 shows the plan view of the model frame and the elevation view
as well as the column removal scenarios (crossed columns). The exterior frame in longitudinal
direction (labelled 4 in Fig. 1) is investigated in the present study, where two sudden column
removals as shown in Fig. 1 were assumed as possible progressive collapse triggering scenarios.
2.2 Structural Model
The finite element model of the frame was developed in the object-oriented, open-source software
framework OpenSees [9]. All beam-column elements are modelled using nonlinear force-based
elements. Each beam-span is discretized into six beam elements where four Gauss-Lobatto
integration points are assigned to each element. Columns are modelled using a single nonlinear
beam-column element with seven Gauss-Lobatto integration points.
As the problem of disproportionate progressive collapse is associated with large deformations, the
‘Corotational’ geometric transformation object is used. However, this transformation object does
not deal with elemental loads [9]. Thus, gravity loads were applied as nodal loads. The gravity loads
account for the self-weight of beam-column elements and solid slab system. The equivalent uniform
distributed load of superimposed dead loads, and live load is also accounted for. The structure is
analyzed according to the load combination proposed by DoD [10]:

G ND  1.2D  (0.5L or 0.2S )

(1)

where, GND is the applied gravity load combination to the entire structure, D is dead load including
façade loads, L is live load, and S stands for the snow loads.
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As for the constitutive models, the
uniaxial Mander model [11] is used for
both unconfined and confined concrete
fibres considering tensile strength of
concrete. The uniaxial ‘Reinforcing
Steel’ model from the OpenSees material
library is also accepted for the stressstrain relation of steel fibres. A classical
mass proportional damping with nominal
5% damping ratio for the first mode of
vibration following column loss is used.
The solution algorithm is initially set to
the common used Newton-Raphson, and
a combination of solution algorithms
such as ‘Broyden’ and ‘Newton Line
Search’ is used to overcome convergence
problems. As for the numerical integrator,
the Nemark-Beta method is used.

Fig.1: Plan and elevation views of case study building

2.3 Deterministic analysis
In the deterministic analysis of the
structural model, all input variables were
assumed as their mean values, and the
frame is analysed using direct integration
nonlinear dynamic time history analysis.
Following the removal of interior and
exterior columns, instantaneous vertical
displacement of 19.1 mm and 25.7 mm
are obtained for joints C4 and A4,
respectively. Displacement-time histories
of critical nodes, at second-floor level
are depicted in Fig. 2. Moment-curvature
relationships of critically loaded beam
sections shown in Fig. 1(b), are
presented in Fig. 3 for the interior and
exterior column removal scenarios. As
Fig. 3 shows severe plastic deformations
occur in 4th floor beam sections.

3. Sensitivity analysis
Sensitivity analysis can be used to assess
the uncertainty propagation in the
outputs resulting from different sources
of uncertainty in the inputs of a
numerical model. Various methods such
as Monte Carlo Simulation (MCS), the
FOSM method, and the TDA have been
used by researchers to compute
uncertainty propagation of engineering
demand parameters (EDPs) of a
Fig.2: Vertical displacement at the top of removed
numerical model. The MCS technique,
columns versus time
which is the most robust technique for
sensitivity and reliability analyses, relies
on computation of uncertainty through analyzing of a numerical model by using sets of
deterministic random variables for producing sets of deterministic outputs. However, this method is
computationally costly, and thus the TDA and the FOSM method were used in this study.
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(a) Removal of interior column
(b) Removal of exterior column
Fig. 3: Moment-curvature relation at critically loaded beam sections (see Fig. 1)
3.1 Tornado diagram analysis
TDA is a common tool for relative importance
evaluation of input variables in a deterministic
sensitivity analysis. In TDA, sensitivity of a
numerical model to an input variable is
expressed according to the difference between
corresponding outputs of the upper and lower
bounds of that input random variable, which is
usually called as swing. The schematic TDA
procedure is shown in Fig. 4.
3.2 First-Order Second-Moment method
In the FOSM method, using Taylor series
expansion mean and standard deviation (s) of
outputs can be estimated according to the
predefined means and standard deviations of
input variables. Assuming random input vector
of X = [X1, X2, X3, …, Xn]T with mean and
variance-covariance matrices of µX = [µ1, µ2,
µ3, …, µn], and VC[X], respectively, the first
and the second moment approximations of a
function Y = g(X) at mean value are as follows
[5]:

Fig. 4: TDA procedure [12]

Table 1: Statistical properties of variables
Random variables

Mean

COV(%)

f c'

30 MPa

17.5

fy

400 MPa

10.0

Ec

27386.13 MPa

8.0

Es

2.0×105 MPa

3.3

Live Load

2.5 kN/m2

17.8

Damping

0.05

40.0

 Y  g ( X )

(2)

 Y2   T g ( X ) VC X  g ( X )

(3)

where g (X ) is the gradient vector of g(X)
with respect to X. The function g is the finite
element model of the structure. Furthermore,
the gradients of g can be obtained using finite
difference. Gradients in this study are obtained
using the five-point centred-difference formula.
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3.3 Input random variables
Random variables used in this study reflect major sources of uncertainty in structural properties and
gravity loading. Uncertainties in strength and stiffness are expressed through constitutive
formulation of materials. The compressive strength of concrete f c' and the yield strength of
reinforcements f y reflect strength uncertainty, and the initial stiffness of concrete E c and Young’s
modulus of reinforcements E s reflect stiffness uncertainty. Statistical properties of investigated
input random variables are taken from available literature [5,6,12] and are summarized in Table 1.

4. Discussion and results
4.1 Uncertainty in global response quantities
The instantaneous vertical displacement at the location of removed columns is considered as a
measure of global response quantity. Fig. 5 shows sensitivity of maximum vertical displacement to
variability of input random variables using FOSM method. As shown in Fig. 5 the most influential
random variables are stiffness and strength. Furthermore, sensitivity of maximum vertical
displacement to each individual random variable for the FOSM method and the TDA is presented in
Table 2. It should be noted that TDA and FOSM method results are developed based on ±2s of
input variables. The importance order of random variables obtained from TDA slightly differs from
those obtained from the FOSM method, and larger swing differences observed for those of strengthrelated random input variables compared to the stiffness-related ones.

(a) Removal of interior column
(b) Removal of exterior column
Fig. 5: Variability of maximum vertical displacement using FOSM method based on ±2s
Table 2: Swing sizes for the TDA and FOSM method based on ±2s
Random
variables
'
c

f
fy

Interior column removal

Corner column removal

TDA (mm) FOSM (mm) TDA/FOSM TDA (mm) FOSM (mm) TDA/FOSM

6.35

5.27

1.20

7.80

6.68

1.17

0.54

0.43

1.26

1.31

1.48

0.89

Ec
Es

6.19

6.81

0.91

7.78

7.99

0.97

1.10

1.23

0.89

1.37

1.43

0.96

Damping

1.20

1.32

0.91

1.44

1.39

1.04

Live Load

2.25

1.81

1.24

3.88

3.35

1.16

4.2 Uncertainty in local response quantities
The maximum curvature at critically loaded cross-sections (labelled in Fig. 1) is considered as a
measure of local response quantity for uncertainty analysis. Sensitivity of maximum curvature of
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beam sections following sudden removal of interior and exterior columns is illustrated in Fig. 6 and
Fig. 7, respectively. Results show that uncertainty in yielding strength of reinforcing steel is the
most influential parameter in curvature uncertainty for both column removal scenarios. Following
the sudden loss of interior column beam sections at 4th floor undergo larger plastic deformations
compared to other beam sections. Comparison of curvature sensitivity of beam sections at different
floor levels reveals that material strength parameters become more important as plastic
deformations increase. Furthermore, in-depth investigation of curvature sensitivity of critically
loaded beam sections in different column removal scenarios shows that in a more extreme scenario
(exterior column removal in this study), sensitivity of curvature to the material strength relevant
input variables increases significantly while stiffness-related input variables become less important.

(a) Section 20708

(b) Section 40708

Fig. 6: Variability of maximum curvature using FOSM method based on ±2s, for the interior
column removal scenario

(a) Section 20607
(b) Section 40607
Fig. 7: Variability of maximum curvature using FOSM method based on ±2s, for the exterior
column removal scenario
4.3 Uncertainty at different load factors
The vertical nonlinear incremental dynamic analysis (NIDA) which is inspired from the lateral IDA
is a promising method for progressive collapse resistance evaluation of structures. This method
enables us to find out possible collapse mechanisms following the sudden loss of a load-bearing
element. A series of vertical NLD analyses under incrementally increasing of the gravity load affine
to the load combination from Equation 1 are conducted. Fig. 8 shows the load-displacement
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relationship of the NIDA for the interior column removal scenario. Sensitivity of maximum vertical
displacement following the loss of interior column is investigated at different load factors using
FOSM method. According to the uncertainty analysis illustrated in Fig. 9, the dynamic
redistribution of forces found to be a stiffness-sensitive problem at low load factors while the
strength is the dominant variable for uncertainties at higher load factors where the structure is prone
to progressive collapse.

Fig. 8: NIDA load-displacement relationship of interior column removal

(a) Load factor = 1.0

(b) Load factor = 1.3

(c) Load Factor = 1.4
Fig. 9: Variability of maximum vertical displacement at different load factors using FOSM method
and based on ±2s, Interior column removal scenario
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5. Conclusions
Sensitivity of alternate path response quantities of an earthquake-resistant RC frame to random
input variables such as stiffness, strength, damping, and live load is studied using TDA and the
FOSM method. Stiffness and strength are found to be the major influential variables for
uncertainties in the global response quantities such as the maximum vertical displacement. As for
the local response quantities such as the curvature, yielding strength of reinforcing steel is found to
be the most important variable. In-depth investigation of curvature sensitivity showed that material
strength-related variables become more influential as plastic deformations increase. Furthermore,
using NIDA sensitivity of progressive collapse mechanism is evaluated at different load factors.
Results showed that the inelastic alternate path tends to shift from a stiffness-sensitive problem at
low load factors to a strength-sensitive one at higher load factors where the structure is prone to
progressive collapse. Besides, the importance order of random variables obtained from TDA
slightly differs from those obtained from the FOSM method, and larger swing differences observed
for those of strength-related random input variables. Nevertheless, robustness of the applied
sensitivity analysis methods for the problem of alternate path analysis needed to be investigated
using a more reliable method such as MCS technique, which is under study.
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Summary
Reinforced concrete slabs are traditionally designed to carry a specified design load for adequate
capacity at ULS. In case of an accidental situation, however, tensile membrane action can be
activated in order to establish an alternate load path, which delays or prevents the collapse of the
structure. As such, this tensile action increases the bearing capacity, safety and hence the robustness
of structures. In this contribution, a validated numerical model is used to perform a parameter study
in order to identify the influence of the most important design parameters e.g. span length, slab
thickness and reinforcement properties (ultimate strain). Further, the boundary conditions show to
have an important influence on the development of tensile membrane action and this effect is
investigated both considering different restraint conditions as well as using a FEM analysis of a
frame.
Keywords: reinforced concrete slabs; membrane action; design parameters;

1. Introduction
In case of large deformations of statically indeterminate concrete slabs, the load-bearing mechanism
is altered from a bending behaviour to membrane action. This can result in a significant increase of
the load-carrying capacity compared to predictions obtained from small deformation theories
neglecting these membrane forces. Thus, these actions can prevent a progressive collapse and hence
increase the robustness of concrete structures. As such, this beneficial effect is of major importance
when assessing the strength reserve and robustness of concrete structures. Specifically in case of
accidental situations, the risk of a structural failure increases and can result in the establishment of
large deformations. The activation of membrane action is only possible when sufficient axial
restraint is provided by adjacent structural members.
Although membrane behaviour in laterally restrained slab specimens was already investigated by
other researchers [1-4], most investigations focus on compressive membrane behaviour [5,6].
Tensile membrane action, especially in real-scale structural elements, has been the subject of much
less research. However, in case of robustness assessment of concrete structures subjected to
accidental actions, this tensile behaviour of reinforced concrete slabs is of crucial importance.
Based on experimental research on real-scale one-way reinforced concrete slabs, a numerical model
was developed and validated. In this contribution, the numerical model is used to investigate the
influence of different design parameters.

2.

Experimental investigations and numerical modelling

2.1 Experimental investigations
In order to investigate the behaviour of reinforced concrete slabs under tensile membrane action,
three real-scale one-way, statically indeterminate concrete slabs (slab 1, 2 and 3) were exposed to a
simulated failure of the central support. The test set-up is illustrated in Fig. 1. The general
configuration of a test specimen consisted of two inner spans of 4 m and two outer spans of 3.15 m.
Each test specimen had a width of 1.8 m. Outward movement of the slab was allowed, while inward
movement was restricted by contact between edge beams and concrete anchor blocks, which were
anchored in the strong floor of the laboratory.
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Fig. 1: Test set-up [9].

The configuration of the different slabs was as follows: in case of slab 1, both the top and bottom
longitudinal reinforcement was continuous over the entire length of the slab (14.3 m), hence no
curtailment was applied. Further, in case of slab 2, the longitudinal flexural reinforcement was
curtailed for 50% of the reinforcement bars according to EN 1992-1-1(2004) [7]. Finally, a third
specimen was tested in order to investigate the effect of the slab thickness. The longitudinal flexural
reinforcement was curtailed similarly to slab 2, but the thickness was reduced from 160 mm to 140
mm.
Each slab specimen was subjected to the same loading procedure, which consisted of three different
loading phases: first, the line loads at the center of each inner span were increased up to a
predefined load of 60 kN and subsequently removed (phase 1); then, the two inner spans of 4 m
each were transformed into one span of 8 m by removing the central support (phase 2); finally, the
line loads were increased until the collapse of the slab specimen. A detailed description of the test
set-up and the results for slab 1 are provided in previous papers of the authors [8,9].
Generally, for all slab specimens three different stages were observed: an elastic, a plastic and a
tensile membrane stage.
2.2 Numerical modelling
Based on the experimental investigations, a finite element model was developed and validated. This
validated model allows for a parameter study on the influencing variables.
The DIANA software was used to perform the finite element analysis. Regarding the geometry and
loading of the slabs, only half of the specimen was modelled. As significant cracking was expected
to occur all over the slab, a relative dense mesh was applied. Eight-node quadrilateral isoparametric
plane stress elements based on quadratic interpolation and Gauss integration were used to model the
concrete elements. Non-linear material properties were assigned to these concrete elements and a
total-strain based fixed-crack model was used to allow for cracking. A Hordijk tension softening
model was used. For concrete in compression, a bi-linear stress-strain relationship was implemented.
This simplified material model was found to be a suitable approximation for the material behaviour
of concrete in compression, as no concrete crushing was observed in the experiments.
For the reinforcement, one-dimensional fully-embedded reinforcement was applied (i.e. a two-node
directly integrated truss-element), with perfect bond between the reinforcement and the
neighbouring concrete elements. Non-linear material properties were assigned to these
reinforcement elements since plastic deformation of the rebars was considered. The non-linear
properties were introduced in accordance with the laboratory test performed on reference specimens.
Note that also the sudden decrease in strength after rupture of the reinforcement bars was
considered as it was the intention to investigate the slabs up to failure. Further, the strain hardening
hypothesis together with the Von Mises plastic criterion was used.
Because of symmetry considerations, lateral displacements were prohibited at the central support.
At the appropriate positions, i.e. the supports, vertical displacements were prohibited.
In accordance with the real-scale test set-up, outward movement of the edge beams was not
prevented. In order to do so, the finite element model was equipped with line interfaces for
unrestrained outward translation, while restraining the model against inward movement by

180

IABSE WORKSHOP HELSINKI 2015

transferring the occurring horizontal forces to spring elements with multi-linear characteristics
(representing the anchor blocks). The relationship between the occurring horizontal forces and the
corresponding horizontal displacement was based on the measured load-displacement
characteristics of the anchor blocks obtained during testing.
The loading procedure was applied in accordance with the laboratory tests by making use of a
phased analysis. Each phase was calculated separately, using the results from the previous phase as
initial values.
Apart from physical nonlinearity, also geometrical nonlinearities were considered as large
deformations and displacements were observed during the experiments. This was of particular
importance for the transition from horizontal outward movement to inward movement.
In Fig. 2 the experimental results for slab 1 (continuous reinforcement), slab 2 (curtailed
reinforcement) and slab 3 (reduced thickness) are compared with the results from the numerical
simulation, in terms of the load-displacement diagram. The failure mechanism in the FEM analysis
was observed to be related to the reinforcement strain. The curves representing the loaddisplacement behaviour of the slabs and the failure load (i.e. related the first load peak) were
calculated with a reasonable accuracy and showed good agreement with the experimental results.

Fig. 2: Comparison of the load-displacement diagram obtained by experimental results and numerical simulations for slabs 1-3.

3.

Parametric study

The validated numerical model as described in section 2, is now used to investigate the effect of
different design parameters on the development of tensile membrane action. In this paragraph, the
effect of the span length, the stiffness of the horizontal boundary conditions, the reinforcement
ultimate strain and the slab thickness is investigated. The basis for these investigations was the
model for slab 1 (i.e. with continuous reinforcement).
3.1 Span length
In order to investigate the effect of the span length on the development of tensile membrane action,
four additional FEM models were developed. The distance between the inner support was changed
with respect to the basic model of slab 1 (8 m) to 6 m, 7 m, 9 m and 10 m. It should be noted that
the slab thickness (160 mm) and the effective depth (135 mm) were kept constant. This resulted in
span-to-depth ratios l/h of 37.5 (6 m); 43.75 (7 m); 50 (8 m); 56.25 (9 m) and 62.5 (10 m). The
material properties and reinforcement ratio for the additional models remained the same as for slab
1. The load-displacement response and the corresponding membrane forces for the different span
lengths are illustrated in Fig. 3. The displacement is measured at mid-span (i.e. at the position
where the intermediate support was removed). The indicated load is the load applied by one of the
two loads.
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Fig. 3: Load-displacement response and corresponding membrane forces for different span lengths.

Note that there is an initial deflection due to the gravity load. It is obvious that this deflection
increases with increasing span lengths between the inner supports. As such, displacements between
2.5 mm in case of the slab with a span length of 6 m and around 60 mm for the same slab with a 10
m span were observed. Further, the stiffness of the slabs in the elastic phase right before yielding of
the reinforcement bars decreased accordingly with increasing span lengths. The yielding plateau of
the 6 m slab established at a load of 105 kN while the other slabs showed a similar behaviour at
load levels of around 80 kN (7 m), 60 kN (8 m), 45 kN (9 m) and 35 kN (10 m).
When a displacement in mid-span of approximately 300 mm was reached, each of the numerical
models started to develop a load-displacement behaviour corresponding to tensile membrane action.
The slope of this load-displacement behaviour under tensile membrane action was similar for each
of the model slabs under investigation. This behaviour may be attributed to the material model used
for the reinforcing steel being unchanged for all simulations.
Fig. 3 shows that slabs with shorter spans were able to carry a higher load when being exposed to
the same deformation in the tensile membrane range. In other words, an increasing span length of
the slab will result in larger displacements at the same load level.
Note that the ultimate load level of the slabs with inner spans of 9 and 10 m was considerably
higher than the final loads observed during the experiment and the respective numerical simulation
of slab 1, although the spans are longer. This behaviour, however, can be attributed to the full
development of a second set of plastic hinges, not only over the inner supports, but also at the
locations of the load application points. This behaviour was not observed for slab 1 due to the
limited slenderness.
3.2 Slab thickness
The influence of the slab thickness was investigated by means of two additional FEM models. The
analyses were performed on the validated model of the slab 1 experiment varying only in slab
thickness while keeping the same amount of reinforcement and concrete cover. In addition, a
perfect edge rigidity was assumed. Fig. 4 shows the load-displacement plots for different slab
thicknesses as well as the associated membrane forces.

Fig. 4: Influence of the slab thickness on the structural behaviour for slabs with perfect edge restraint.
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Fig. 4 shows that there is a significant influence of the slab thickness on the structural performance
due to compressive membrane forces. Although the 160 mm thick model slab (effective depth of
135 mm) is developing maximum compressive membrane forces with a magnitude of 690 kN, it
can be seen that the influence on the initial peak load is rather small. When the slab thickness is
increased to 180 mm (effective depth of 155 mm) or 200 mm (effective depth of 175 mm) a clear
distinction between a compressive membrane region, transition region and tensile membrane region
can be made. It is shown that increasing the slab thickness leads to an increased compressive
membrane force. As such, the 180 mm thick model slab generated a compressive force at the lateral
edge restraints of around 1050 kN resulting in a first (vertical) peak load of 85 kN. The
corresponding slab with a thickness of 200 mm developed a compressive membrane force of around
1450 kN, yielding a first (vertical) peak load of 115 kN.
Further, it is noted that increasing the slab thickness leads to later start of the tensile membrane
phase in terms of displacements.
3.3 Reinforcement properties
In this section the influence of the ultimate strain of the reinforcing steel on the load-carrying
capacity is investigated. Different finite element simulations have been performed on the basis of
the validated model for slab 1, only varying the ultimate strain εu of the reinforcement. For each
simulation, the overall stress-strain relationship of the reinforcement was modelled in accordance
with the tensile tests on five reinforcement bars. However, the ultimate strain εu was considered to
be 4.3 %, 6.3 %, 8.3% (validation slab 1) or 10.3 %, at an ultimate tensile strength of 605 MPa.
The load-displacement response obtained from the different simulations is presented in Fig. 5. Each
slab simulation stopped when the implemented ultimate strain of the top reinforcement bars over
the inner support was exceeded, hence, exhibiting tensile failure. Generally, it is observed that the
ultimate load is strongly influenced by the ultimate strain of the reinforcement. Higher ultimate
strain values result in a higher load-carrying capacity. This was to be expected since the plastic
deformation capacity of reinforced concrete elements mainly depends on the ductility of the steel
reinforcement. Especially, in case of severe loading and the development of very large deformations,
the plastic material reserves are of crucial importance.
In the extreme case, where the ultimate reinforcement strain was only 4.3 %, failure occurred
already before changing over to the tensile membrane stage, i.e. at a load of around 64 kN. In the
simulation for εu= 6.3 % , the tensile membrane stage was reached, increasing the failure load to 97
kN. The load-displacement response of the slab for which the ultimate strain of the reinforcement
was 8.3 % corresponds to the response of the validated model for the slab 1 experiment. A further
increase of the ultimate reinforcement strain up to 10.3 % results in an exceedance of the loadcarrying capacity observed in the experimental investigation as the increased ultimate strain value
allows for larger deformations and rotation angles at the section of the inner supports. Consequently,
the reinforcement failure over the support is predicted to occur at a load level of around 216 kN in
that case.

Fig. 5: Load-displacement response for different ultimate reinforcement strains εu.

3.4 Horizontal boundary conditions
The influence of the stiffness of the horizontal boundary conditions is investigated in this section.
Therefore, the properties of the springs in the model of slab 1 were varied. Initially, four different
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boundary conditions were analysed comprising values for the spring constant K of 100 kN/mm, 50
kN/mm, 25 kN/mm and 10 kN/mm.
Two boundaries for the slope of the load-displacement curve in the tensile membrane range were
found. The case of a perfectly restrained slab (K = infinite) can be considered as an upper bound.
On the other hand, the unrestrained model slab (K = 0) is not able to develop any increase in the
load-carrying capacity subsequent to the yielding of the reinforcement (aside from a relatively small
enhancement provided by the strain-hardening of the reinforcing steel bars), resulting in a lower
bound of the stiffness in the tensile membrane phase for the considered slab dimensions and
material characteristics.
Fig. 6 illustrates the load-displacement response and corresponding membrane forces for slabs
exposed to the varying restraint levels as indicated above. Note that the springs at the edge beams
were modelled with linear springs acting in two directions (i.e. for inward as well as outward
movements).

Fig. 6: Load-displacement response and corresponding membrane forces for different restraint levels.

Further, it is observed that compressive membrane forces formed in each model slab while a
decreasing value of the spring constant K implicates a decrease in the resulting compressive
membrane force. Note that these compressive forces are far below the membrane forces developed
in case of a perfect edge restraint, indicating the importance of considering the actual stiffness of
the horizontal boundary condition. It was, however, generally noticed that the influence of
compressive membrane action on the load-displacement behaviour for the varying K values was of
marginal influence and, hence, it can be seen in Fig. 6 that the load-displacement curves are
practically the same prior to the tensile membrane stage. Only in case of the slab with K=100
kN/mm a slight decrease in the load-carrying capacity is visible after the maximum compression
force is reached. This negligibly small influence on the load-carrying capacity under compressive
membrane action appears to be reasonable as in the (relatively unrealistic) case of perfect edge
restraint the influence of the restrained outward movement was already seen to be rather
insignificant for this model slab.
The spring constants as mentioned above are a simplification for the structural deformability, i.e.
translating the influence of the stiffness of possible neighbouring structural elements. Hence, for
practical situations, these spring constants should represent the stiffness of columns, column-plate
connections, bracings… Therefore, and in order to take into account the influence of column-slab
connections, the numerical model of slab 1 is expanded with square columns as shown in Fig. 7.
Columns with dimension 200 x 200 mm are considered, being reinforced with six bars of diameter
10 mm, symmetrically placed. The length of each column is equal to 3 m. The end section of each
column is assumed to be clamped. Other parameters such as the slab dimensions, concrete
properties, reinforcement properties… remain the same as for the previously validated slab model.
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Fig. 7: FEM model, considering realistic boundary conditions

Two extreme cases can be considered: a first one where the horizontal movement of the slab is only
restricted by the stiffness of the columns; and a second one where the horizontal movement of the
slab is completely prevented. Note that the reality is situated between both extremities and depends
on the specific design of a frame (i.e. sway or non-sway, braced or unbraced and the existence of
possible shear walls).
In the first case, the configuration as described above can be considered as a part of a sway frame,
and no modifications are made to the configuration as shown in Fig. 10, since the horizontal
stiffness is provided only by the stiffness of the columns. However, in the second case the FEM
model was modified as follows: the horizontal displacement of the slab end was prevented (i.e. the
end was horizontally fixed). In this way, this configuration can be considered as part of a
horizontally rigid non-sway frame. Fig. 8 shows the results for the different FEM calculations,
together with the result for the validated model of slab 1 and for the perfectly horizontally
restrained slab configuration 1.

Fig. 8: load-displacement response of a RC slab with realistic column-plate connections.

The simulations show that the initial stiffness is higher for a slab supported by columns compared
to the results from the FEM models for slab 1 as considered before, since the columns restrict
outward movement of the slab.
According to the finite element simulations, the residual bearing capacity due to (tensile) membrane
action is very limited for this structural system in case no horizontal restraint is provided (i.e. sway
frame). In case the horizontal movement of the slab is prevented, the load-bearing capacity
significantly increases. Note that a higher peak load due to compressive membrane action is
activated in case columns are present at the intermediate supports (up to 700 kN). After the first
peak load provided by compressive membrane action, tensile membrane action is activated. The
slope of the load-displacement curve in this stage is similar for both the model with columns and
without columns. However, the collapse load is reduced from 195 kN to 112 kN, while the tensile
membrane force at collapse is reduced from -1000 kN to -495 kN. The increase of the peak load due
to compressive membrane action and the reduction of the collapse load and tensile membrane
action should be attributed to the limitation of the rotation and horizontal outward movement at the
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intermediate support due to the surrounding structural elements.
Finally, it is noted that the column-slab interaction was modelled in 2D, while in reality 3D-effects
could have an important influence on the development of membrane action effects. These 3D
effects are the subject of further research and fall outside the scope of the current contribution

4.

Conclusions

In order to investigate the effect of different design parameters on the membrane behaviour of oneway reinforced concrete slabs, a validated numerical model was used to perform a parametric study.
The investigated parameters were: span length, slab thickness, ultimate strain of reinforcement and
boundary conditions. The following conclusions can be drawn:
 The effect of the span length (assuming a constant thickness and reinforcement ratio) and
the slab thickness on the yield load and membrane action were investigated in a quantitative
way;
 An increase in the ultimate reinforcement strain significantly increased the ultimately
carried load;
 Slabs with perfect edge restraint gave an upper bound for the stiffness of the loading
response in the tensile membrane range, while slabs with no horizontal restraint provide a
lower bound, being exposed to bending action only. Load-displacement plots with varying
edge rigidities resulted in loading capacities under tensile membrane action between those
two responses.
 In case of the investigated column-slab system the following observations are made: in case
of a sway frame, there was almost no increase of the load-bearing capacity, while there was
an increase in case of a non-sway frame. However, this increase was less compared to the
situation without columns (unexpanded FEM model), due to the limited rotation at the
intermediate support in case of a realistic column-plate connection.
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Summary
The first tank in Finland for storage of liquefied natural gas (LNG) is currently being built in the
port of Pori. It is a full containment tank, capable for 30,000 m3. Two of the many load cases
considered in the design correspond to postulated accidents that give rise to complex thermalmechanical problems and are of especial interest in the Pori tank: the major leak event (in which the
liquid at -168ºC contacts the concrete outer tank) and the external fire (with the tank being
subjected to large thermal fluxes from a postulated fire). The paper describes the calculations
conducted to verify that the design adopted satisfies the success criteria established for those events.
Keywords: liquefied natural gas tanks; major leak; fire; thermal-mechanical problems.

1. Introduction

Fig. 1: Cross-section of the tank

The first tank in Finland for storage of liquefied natural
gas (LNG) is currently being built in the Tahkoluoto
terminal in the port of Pori. The overall works include a
storage tank where the liquid LNG is temporarily kept,
facilities for transferring LNG to barges and lorries, and a
vaporisation plant to return the liquid to gas form for
distribution and use. The present paper is primarily
concerned with the design of the storage tank from the
structural point of view.
The tank has a storage capacity of 30,000 m3 and is of the
full containment type, which indicates that it is designed
to maintain impermeability to both liquid and gas at the
operating temperature of -168ºC. Tanks of this type are
actually double tanks, composed of an outer tank and a
self-supporting inner tank. The outer tank consists of a
pre-stressed concrete cylindrical wall, capped by a
reinforced concrete spherical dome and supported on a
reinforced concrete slab. The inner tank is an open top
cylindrical tank, made of cryogenic 9% Ni steel in order to
ensure good ductility at operating temperatures.
Traditionally, the connection of the wall and the base slab
is protected by cryogenic steel and foamglass insulation
up to an elevation of 5 m, a detail known as the thermal
corner protection (TCP). Also, perlite insulation is placed
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between the two tanks to minimise heat exchanges across the outer tank and the associated liquid
boil-off. The base slab is heated to prevent the ground from freezing under the tank to avoid heave
and volume changes in the ground, since the structure, especially the inner tank, is rather sensitive
to differential settlements.

2. Description of the tank and materials

Stress (σ/fc)

The Pori tank, a typical cross-section of which appears in Fig.1, is supported on 196 drilled steel
piles filled with concrete. The wall of the outer tank has an internal radius of 20.35 m and a
thickness of 0.60 m. The space left between the
1.0
inner and outer tanks is 1 m, the inner 0.30 m
20
occupied
by the resilient blanket and 0.70 m
100
0.9
filled
with
perlite.
200
300
The external wall is built with C40/50 concrete.
0.8
400
Its uniaxial compressive behaviour is shown in
500
Fig. 2 for ambient and higher temperatures; the
600
0.7
improvement in properties experienced for
700
lower temperatures has been conservatively
800
0.6
neglected. The temperature dependence of the
900
thermal properties, such as specific heat, was
0.5
also taken into account. The concrete was
described with a continuum, plasticity-based,
0.4
damage model. It assumes that the two main
failure mechanisms are tensile cracking and
0.3
compressive crushing. The evolution of the
yield surface is controlled by two hardening
variables linked to those two failure
0.2
mechanisms.
0.1
Two types of steel are used: reinforcing
KRYBAR-165 for locations with cryogenic
0.0
requirements and B500 otherwise. The basic
0
2
4
6
8
10
12
14
16
mechanical properties at 20ºC of the reinforcing
-3
Strain (10 )
steel, the pre-stressing steel, and the concrete
Fig. 2: Concrete uniaxial compressive behaviour are summarised in Table 1.
A uniform arrangement of reinforcing bars,

Table 1: Mechanical properties at 20ºC
Mechanical property
Concrete

Reinf. steel

Cryog. steel

Prestress. steel

Young’s modulus (GPa)
Poisson’s ratio (-)
Yield stress (MPa)
Tensile strength (MPa)
Density (kg/m³)

200
0.3
500
7,850

200
0.3
460
7,850

200
0.3
1,770
1,860
7,850

35.0
0.2
2,500

20@200, is used for both the inner and outer wall surfaces of the wall. There are 64 pre-stressing
tendons in the vertical direction with a cross-section of 2400 mm2 and are pre-stressed to 3.348
MN; for the horizontal tendons the corresponding figures are 42, 2100 mm2, and 2.929 MN.
Standard elasto-plastic descriptions were used for the steel of both the reinforcing bars and the prestressing tendons.

3. Postulated accidents and requirements
In Europe the design of LNG tanks is governed by the standard EN 14620 [1]. The structure must
satisfy a number of requirements in respect of the service limit state (SLS) and the ultimate limit
state (ULS). Apart from the usual gravity, pre-stressing and operating loads, stringent criteria must
be satisfied in respect of test loads (the hydraulic test, in which the tank is filled with water to reach
pressures 25% above the operating LNG pressures) and, particularly, accidental loads.
Seismic demands tend to be among the governing accidental loads in these tanks, but they are very
secondary at Pori because of its exceptionally quiet seismic environment. The load cases discussed
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here are the major leak (whereupon the LNG is assumed to leak into the annular space between the
two tanks), and an external fire (in which the tank is subjected to a history of radiating fluxes from a
postulated external fire). Other events such as missile impact, overpressures from deflagration of a
hydrocarbon cloud, etc., are studied but cannot be discussed within the limits of this paper.
In the major leak accident, when LNG is assumed to leak into the annular space, four situations are
considered, corresponding to different elevations reached by the liquid; all major leaks are assumed
to last sufficiently for steady state thermal conditions to develop. In the external fire the heat flux
received by the tank evolves with time: during the first hour a heat flux of 42 kW/m2 is applied on
the wall, which reduces to 32 kW/m2 for the next 5 hours.
The specific requirements include limitations on the width of the cracks developed in the concrete
(0.3 mm), a minimum residual compressed zone (RCZ) in the concrete (90 mm), a minimum value
of the compressive force maintained by the concrete in the wall (400 kN/m), an upper limit on the
plastified wall thickness (50 mm) and a minimum thickness of the elastic zone (100 mm); also,
neither the reinforcing bars nor the pre-stressing tendons are allowed to yield.

4. Analysis of major leaks
As mentioned earlier, in a major leak the liquid LNG is assumed to leak into the annular space
between the two tanks and to impose its temperatures on all wetted surfaces. The four liquid levels
considered are 7.0, 10.0, 15.0, and 22.8 m. Given the weak coupling of the thermal and mechanical
problems, a thermal analysis was conducted first for each leak configuration, followed by a
mechanical analysis that incorporates the thermal results as input. All calculations, for both the
major leak and the external fire, were performed with Abaqus [3].
4.1 Thermal analyses
Thermal analyses are needed to establish both the initial conditions before the accident and the
steady state temperatures for the different liquid levels. The results are imported for conducting the
mechanical analyses. Five steady-state temperature distributions were calculated, corresponding to:
a) Normal operation. Temperatures in normal operation are obtained for a normal ambient
temperature of 5.0ºC. The air temperature is imposed on the outer surface of the wall, the
top surface of the dome, and the lower surface of the bottom slab. All surfaces in contact
with the liquid are assumed to be at -168ºC, which is the LNG design temperature.
b) Major leak. Four temperature distributions were also calculated for the four major leak
hypotheses, in which a temperature of -168ºC is imposed on surfaces wetted by the LNG.
The temperature of the outer surface is 5ºC, which is the normal ambient temperature.
The heating system is also introduced: 20.66 W/m² in the central region of the slab and a
circumferential heating of 31.44 W/m² below the foamglass insulation, both active 50% of the time.
Of special interest is the case of the full major leak, in which the liquid reaches a level of 22.8 m.
The analysis indicates that cryogenic reinforcement, needed for temperatures below -20ºC, must be
used in the inner face of the tank wall at all elevations between 4.3 m and 27.7 m. Also, relatively
sharp vertical thermal gradients occur around the top of the TCP and in the region near the free
surface of the liquid, with important effects on the local concrete stresses.
4.2 Mechanical analyses
The initial stress state of the structure correspond to normal operating conditions. The mechanical
analyses then consist of three sequential steps, in which loads are applied as described below:
a) Pre-stressing loads. The tendon loads are kept constant in the course of this first step. The
analysis determines the stable configuration on which additional loads will be applied.
b) Vapour pressure, liquid pressure and gravity. These include a vapour pressure of 40 kPa, the
hydrostatic pressure corresponding to each liquid level, and gravity loads.
c) Thermal loads. The temperatures arising from the major leak accident are now introduced,
which generates most of the cracking and redistribution of stresses.
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As an example, for the case of the full major leak with the liquid reaching a level of 22.8 m, Figs. 3
and 4 present the vertical and hoop stresses in the regions of the main transitions. For lack of space,
the stresses at the connection between the wall and the dome are not shown here. All stresses remain below 40 MPa.

Fig. 3: Vertical stressess near the top of the
TCP and the free surface

Fig. 4: Hoop stressess near the top of the
TCP and the free surface

Figs. 5 and 6 show the thickness of the RCZ for the vertical and hoop stresses, respectively, for the
four liquid levels; as required, they exceed 90 mm. To guarantee the containment function of the
outer tank, the compressive force per unit length of the wall must exceed 400 kN/m. Alyhough not
shown here, both the vertical and hoop forces satisfy the requirement for all four liquid levels.

Fig. 5: Vertical residual compressed zone for
various leak levels

Fig. 6: Horizontal residual compressed zone for
various leak levels
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The stresses in the reinforcement are also limited to 460 MPa; Figs. 7 and 8 present those stresses,
together with the allowable limit. For the pre-stressing tendons, the stresses should not exceed 1770
MPa; as shown in Figs. 9 and 10, these requirements are again fulfilled.
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Fig. 8: Stresses in horizontal reinforcement

Fig. 7: Stresses in vertical reinforcement
7m

200

Stress (MPa)

Stress (MPa)

15.0

15.0

10.0

10.0

5.0

5.0

0.0

0.0
0

500

1000

1500

Stress (MPa)

Fig. 9: Stresses in vertical tendons
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Fig. 10: Stresses in horizontal tendons

The crack widths, calculated from the reinforcement stresses for the four leak cases, are plotted together with the allowable limits in Figs. 11 and 12. Limiting the width to 0.3 mm around the TCP
anchor intends to prevent leakage paths in that area.
The shear demands and capacities were evaluated along the wall to ensure that the reinforcement
provided is adequate. The mechanical (total minus thermal) strains in the concrete were also com-
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puted to verify that they remain below 0.23%, especially in the outer face of the wall, which experiences greater compression. Table 2 summarises the main verifications for elevations above 4 m.
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Fig. 11: Vertical crack width
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Fig. 12: Horizontal crack width

Table 2: Verifications above elevation 4 m
Requirement
Horizontal

Vertical

Limit

Concrete compressive stress (MPa)
Rebar stress (MPa)
Pre-stressing tendon stress (MPa)
Compressed zone, RCZ (mm)
Force per unit length, NRCZ (kN/m)
Average compression, σRCZ (MPa)
Concrete mechanical strain (%)
Crack width around TCP (mm)

28.9
207.3
1365
210
2705
0.10
0.24

<40
<460
<1770
>90
>400
>1
<0.23
<0.30

19.9
247.7
1288
120
500
4.2
0.05
0.27

5. Analysis of external fire
As mentioned, the heat fluxes specified evolve with time: during the first hour a heat flux of 42
kW/m2 is applied on the outer tank wall, which reduces to 32 kW/m2 for the next five hours. As its
surface temperature increases, the outer wall radiates heat, characterised with an emissivity
coefficient of 0.63 [2]. Finally, the inner surface of the insulation layer is kept at -168ºC. As for the
major leaks, the thermal problem was solved first, followed by the structural analysis.
5.1 Thermal problem
The thermal problem was addressed assuming axial symmetry and an infinite wall. The mesh
represented the resilient blanket, the perlite, and the concrete. Wall temperatures evolve due to the
heat flux imposed by the fire and that radiated by the wall.
Fig. 13 presents the temperatures in one hour intervals. The maximum temperature in the wall is
675ºC, at which the heat radiated by the wall balances the incoming heat flux from the fire.
Temperatures in the horizontal and vertical tendons remain below 185ºC and 54ºC, respectively.
The consequences of the external fire are fairly independent of the initial temperatures outside the
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tank. Also, because of the thermal inertia of the wall, the fire induces noticeable temperature
changes only in the outer 20-30 cm of the wall.
5.2 Mechanical problem
The model used includes the vertical and
horizontal tendons, as well as the
reinforcing bars in the outer and inner
faces of the wall. The concrete was
represented with the same non-linear
model of the previous section, except that
its properties deteriorate with temperature.
Since pre-stressing levels are not uniform
in the wall, four sections were monitored,
at 1.5, 5.7, 8.1, and 24.2 m.
The vertical and hoop stresses across the
thickness of the wall are shown in Fig. 14
for one of the monitored sections; the
compressed thickness always exceeds 100
mm. The vertical and hoop strains appear
in Fig. 15; none of the concrete regions
suffer plastic deformations. Table 3
summarises the compliance with the
requirements for the section with the more
severe demands.

Fig. 13: Temperatures in 1 hr intervals

Table 3: Stresses developed in the different steel elements for section D
Structural elements
Stress (MPa)
Temperature (ºC)

Limit (MPa)

Vertical cryogenic rebars
Hoop cryogenic rebars
Vertical prestressing tendons
Hoop prestressing tendons
Hoop normal rebars
Vertical normal rebars

460
460
1770
1770
500
500

σ<0 Compression

211
417
1421
1153
-261
-307

5
4
54
185
486
444
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Fig. 15: Strain distributions in concrete
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Fig. 16: Stress distributions in concrete
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6. Conclusions
The paper described the thermal-mechanical calculations conducted to verify that the design of the
Pori tank satisfies the design requirements in respect of two postulated events: various levels of
major leaks and an external fire. The calculations were carried out with the finite element code
Abaqus, using temperature dependent properties for all materials, a damage plasticity model for
mass concrete, and elasto-plastic formulations for the reinforcing bars and pre-stressing tendons.
As a result of the work conducted, the following conclusions can be proposed:
a) As a general conclusion, it can be stated that all of the design requirements are satisfied
under both the major leak conditions and the external fire scenario.
b) The basic verifications included the thickness of the residual compressed zone (RCZ), the
compressive forces per unit length of wall, the stress levels in reinforcing bars and prestressing tendons, the crack widths developed, the shear demands on the wall section, and
the compressive mechanical strains.
c) Cryogenic reinforcement is required in the inner face of the wall at elevations between 4.3
and 27.7 m, as their temperatures go below -20ºC during the major leak.
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Summary
The reliability assessment of heritage structures represents a complex issue beyond traditional
assessment procedures. Probabilistic methods and Bayesian updating techniques are often invoked in
order to estimate the actual probability of failure. However a factor that should be considered is the
potential bias arising with the refinement of probabilistic models. The bias may be significant if the
structure has been altered during its working life and it may lead to undependable reliability
assessment. In this paper a procedure that increases the robustness of the Bayesian analysis for the
reliability assessment of historical buildings is presented. At the same time the process exploits
probabilistic methods in order to better identify structural alteration. A practical application to a
relevant case study is finally presented.
Keywords: Reliability assessment, heritage structures, Bayesian analysis.

1. Introduction
Environmental, economic, socio-political reasons and sustainability reasons call for a progressive and
rapid extension of significance and field of application of existing structures assessments, also in view
of preservation of cultural heritage.
The reliability assessment of existing buildings is a process affected by uncertainties; nowadays
uncertainties in random basic variables are handled in a simplified way through partial factors. Since
the partial factor method is a generally safe-sided approach, it can lead to conservative estimation of
actual reliability of the structure, so inducing unnecessary and expensive interventions conflicting,
especially in case of heritage buildings, with the necessity to preserve the predominant cultural value.
In order to perform more ‘realistic’ reliability assessment, probabilistic methods must be adopted.
A probabilistic reliability assessment is based on the following steps:
1. Identification of the relevant limit states, e.g. ultimate limit state and serviceability limit state;
2. Identification of the failure modes leading to the limit state, e.g. yielding, bending, buckling,
fatigue;
3. Identification of the basic variables that govern the failure mode, e.g. dimensions of the structural
elements, intensity and nature of actions , material properties, model uncertainties and internal
forces. Internal forces are defined by transfer functions that convert action in action effects; also
transfer functions are affected by randomness, since they depend inter alia on the adopted or
identified structural scheme, on actual material properties, and mechanical models.
4. Definition of appropriate limit state functions expressing in the considered cases the fundamental
requirement of the theory of structural reliability:
(1)
where the resistance R and the action effect E are suitably distributed random variables. This
condition leads to the fundamental forms of the limit state functions [1]:
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⁄
0 or
1
(2)
being G the so-called safety margin and Z the so called safety factor.
The essential object of the reliability theory is to assess the probability of failure:
⁄
0
0 or, equivalently,
1
1.
(3)
The failure probability in structural engineering can be obtained using a simplified approach,
based on the estimation of the reliability index , which is a function of ,
Φ
.
(4)
5. Definition of a probability distribution function (PDF) for each random variable; when assessing
an existing building is a general principle that actual characteristics of basic variables should be
considered, since, at the end of the erection phase, the actual reliability of a new structure can be
greater or lesser than the theoretical reliability estimated in the design phase. Furthermore an
existing structure is the result of the time passage, in which aging, deterioration, environmental
influences and human interventions modify the actual reliability level during the time. Therefore,
actual characteristics are the result of 3 different factors: the design process, the construction
process, and the history of the building. If information has been gathered investigating the actual
structure, the knowledge implicit in that information might be applied to improve, or update,
original information about those
variables and therefore previous
estimate of structural reliability.
The framework for doing this is the
Bayesian statistic, which uses
Bayes Theorem [2]. The concept
can be illustrated quite simply for
the updating of PDF of . If
.
represents the a priori (conditional)
Fig.1: Updating of .
PDF of , and . represents the
(conditional) PDF based on new (measured) data, an a posteriori or updated PDF
. can be
derived as sketched in Fig. 1.
6. Verification of the structural reliability; the goal for reliability analysis is to document that the
target reliability reflecting the ‘accepted’ level of risk in terms of possible failure consequences
in a given reference time period is achieved. The following verification formats are considered:
or, equivalently,
(5)
or .
where the target reliability is represented by
Obviously, different kinds of uncertainties classified regarding their source, e.g. inherent,
measurements, statistical and model uncertainty are associated at each step of the procedure. Model
uncertainty especially refers to the epistemic uncertainty which are implicit in the reliability
assessment. For a random sample of structures, it is then possible to estimate the bias arising from
model uncertainty, and treat it as a random variable, so that, for a given structure, model uncertainty
manifests as a model bias. In conclusion the probabilistic reliability assessment of a particular
structure will be dependable only when the potential bias due to epistemic uncertainty is negligible
[3].

2. Challenges in assessing historical buildings
The bias can be particularly great in case of historical structures, referring with this term to important
monuments but also to vernacular heritage. These buildings are designed according to empirical basis
and they are mainly made of materials such as masonry and wood that present significant
heterogeneity and anisotropy. Furthermore structures are complex, characterised by an high degree
of indeterminacy and no distinction between decorative and structural elements. In these
circumstances failure modes, PDFs for material characteristics, and transfer functions that convert
action in action effects are affected by great uncertainties. Uncertainty in transfer functions is

196

IABSE WORKSHOP HELSINKI 2015

especially great if the structure has been altered over the course of its working life. With structural
alteration we referred to modifications to the structural scheme and deterioration processes. Examples
of altered structures are presented in [4] and [5]. The first example is a wooden roof that has been
subjected to different kinds of damages and modification. Modifications were aimed at strengthening
the structure, but they actually result in additional damage. The second example is a masonry chapel
whose walls have been reinforced later with counterforts. The method of bounding with counterforts
may significantly vary, therefore also the behavior of the compound buttress is uncertain.
Modification and degradation are seldom documented and not easily recognizable, often hidden
behind a cosmetic maintenance that brings to an erroneous perception of the structural reliability.
Furthermore, they usually lead to weak points and defects, e.g. heterogeneity, inclusions, voids and
cracks, that have a great impact on the structural integrity. As it is shown in [6], disregarding these
anomalies entails a misunderstanding of the structural scheme that leads to an unacceptable error in
the reliability assessment: therefore, a preliminary careful examination of the structure is necessary
in order to understand the actual structural behavior and to diagnose correctly possible causes of
failure.

3. Flow chart for planning tests and inspection on historical structures

Fig. 2: Flow chart for planning tests and inspection on historical structures.
3.1

General consideration

A flow chart representing a process for planning extensive investigation on historical structures has
been developed (Fig. 2). The flow chart is an extension of the ISO 13822 general flow for the
assessment of existing structures when a detailed evaluation is required [7]. The ISO 13822 general
flow considers the assessment as a cyclic process, from a preliminary to a more detailed appraisal.
In a detailed assessment, investigation on the structure should be carried out; however no direction
for planning investigation is given, e.g. the object of the investigation, what to do with the data
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collected. The extension would provide the engineer with some indications about these important
issues. The new flow chart has been developed considering that the main source of error in the
reliability assessment of historical buildings is represented by disregarding defects due to structural
alterations; therefore a strategy for their identification is suggested. The process is not compulsory
and it has to be interpreted for each individual case. Investigation should be carried out mainly with
non-destructive tests (NDTs), because destructive tests (DTs) endanger both the cultural value and
the structural integrity of the building.
3.2

Detailed documentary search and review and detailed inspection

The first step of the procedure is represented by a detailed documentary search and review and a
detailed inspection; information about construction techniques dating back to the period when the
structure was designed, similar structures and similar building materials are collected from the
existing literature, as well as documented historical actions, e.g. earthquakes and flooding. If original
drawings and Codes of that period are available, they represent an abundant source of information,
and a simulation of the original design can be carried out; however this is one of a kind in the
assessment of historical buildings. Detailed inspection are mainly carried out through visual
recognition and geometrical surveys. According with those information the original design and the
building history are sketched, the actual geometry is defined, and material properties and actions are
evaluated.
3.3

Global model and analysis

Then a global model of the structure is set up and analysed. The analysis reveals static and dynamic
properties, the stress condition and the state of damage. It is possible to gather experimental data
about those issues, e.g. performing dynamic tests; if theoretical and experimental information don’t
match, system characteristics or action models are updated until investigation and analysis results
correspond. The analysis also reveals critical elements for the structural stability, e.g. non-redundant
members; those elements have to be deeply investigated, especially if the history of the building
points out they have been altered.
3.4

Local model

A local model for critical elements is set up; possible failure modes and the dominant random
variables are identified, and limit states formulated. Prior probabilistic models based on the
information available so far are established for each random variable, including model uncertainty. It
is important to underline that vagueness regarding structural alterations may lead to rough knowledge
of some random variables such as model uncertainty and transfer functions, or to unclear failure
modes and associated formulation of limit states. In the first case a greater variation of the referred
random variable is considered; in the second case it is necessary to account the sensitivity of pf on
different failure modes and mathematical expressions of limit state functions.
3.5

Verification of the structural reliability

Then reliability is verified considering all the established limit states: if the alteration may lead to
insufficient reliability, defects should be identified with the complementary use of several NDTs 6 .
A more refined model is set up: if reliability is still not verified, it is possible to further investigate
and reduce the uncertainty referred to the other random variables, or intervene on the structure. In the
first case a sensitivity analysis reveals which variable has the greater impact on the reliability
assessment. Investigation will be focused on that variable and results will be implemented in a
Bayesian analysis in order to update prior PDFs; in the second case probabilistic methods will be used
in order to assess the impact of the intervention and design the optimal operation.
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4. Case study
4.1

Introduction

A practical application of the flow
chart to a relevant case study is
presented below. The Medicean
Aqueduct of Pisa is a masonry water
work built over the 17° century by the
Granduke Ferdinando First de’ Medici
to convey fresh water from the
mountains in the nearby of Pisa to the
Fig. 3: Front of the Medicean Aqueduct.
centre of the city. Nowadays the
Aqueduct is disused and in a state of decay; in view of its preservation, a detailed reliability
assessment is carried out.
4.2

Detailed documentary search and review and detailed inspection

In-depth visual inspection and geometric surveys reveal the actual geometry of the structure, the crack
pattern and the material condition. The aqueduct is a 954 spans masonry arch structure characterised
by a total length of 6 km; each span is from 7 to 4 m tall, 7 m width and 1.2 m depth; the structure is
affected by vertical settlements and out of plane overturning; cracks are especially observed in the
key section of arches and in the upper section of pillars; since the masonry is still in good condition,
we assume that it has a good quality: according to [8], it’s resistance is assessed around
2.60 ⁄
. The historical evolution of the building is traced back comparing maps and pictures
collected through a detailed archive study: the structure has been affected by settlements since the
construction phase, probably because foundation has been undersized. In order to limit the torsional
movement that affects the whole structure, buttresses have been added later one each 11 arches. The
historical documentation reveals that the structure was struck by 2 earthquakes that provoked the
collapse of several arches, some of them reconstructed later. A study of the available literature points
out that the Aqueduct rests on a layer of organic cohesive soil, characterised by a width of 3-5 m, a
soft consistency and a low resistance of 0.20 MPa.
4.3

Global model and analysis

Fig. 4: Global model.

Fig. 5: Stresses in the masonry. The lightest
area corresponds to tension stresses.

For the sake of this study, the structural analysis
focused on a significant portion of the Aqueduct
composed by eleven arches and bound by two
buttresses. A finite element model built with
Shell elements is set up and then analysed with
the software SAP2000 (Fig. 4). The soilstructure interaction is simulated through a
Winkler surface model. Actions are applied to
the model in order to understand causes of
damage. In Fig. 5, the level of stresses
associated to self-weight, a vertical settlements
of 40 mm and an out of plane overturning of 4°
applied to the pillar’s foot is represented.
Tension stresses match with the frequently
detected crack pattern, especially with vertical
cracks in the key section of arches and
horizontal cracks on pillars: therefore it is
possible to state that the crack pattern is induced
by the applied actions.
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Local model

In order to assess the reliability of the
considered portion of Aqueduct,
attention is then focused on a sequence
of arches whose pillars are affected by
an out of plane rotation of 4° . The
arches appear in good condition and no
critical crack pattern has been detected
by visual inspection. Nonetheless, as
the global analysis reveals, the key
Fig. 6: Geometric quantities and actions considered in the section of the arches maybe affected by
hidden cracks. In order to assess the
local model.
impact of this defect on the reliability
assessment, a local model composed by a pillar and half portion of each adjacent arch is set up (Fig.
6); the height of the considered element is some order of magnitude greater than the dimension of the
foundation, therefore it can be classified as a tall element. A tall structure founded on deformable soil
may experience a collapse due to a particular form of instability that is governed by the deformation
rather than strength properties of the soil. In this paper the problem is modelled as that an inverted
pendulum [9]. The stabilizing forces are represented by the soil resistance and the masonry shear
resistance in the key sections, while the overturn force is the self-weight. If cracks occurred in the
key section of the arch, the contribution due to the shear resistance is limited or even nul: therefore
the impact of hidden cracks on the reliability assessment have to be evaluated and cracks eventually
recognized.
4.5

Verification of structural reliability

According to [7], the following limit state has been considered:
(6)
where

is the stabilizing reacting moment and

is the acting moment.

∗
∗ ∗ 1
2∗ ∗ ∗
(7)
∗
∗
∗2∗
∗
2 ∗
(8)
∗ ∗
(9)
∗ ∗
(10)
We consider as deterministic the parameters and , included in the inverted pendulum model. The
geometric data can be easily measured e.g. dimensions of elements, out of plane rotation , geometric
centre and other points were the forces are applied. Other relevant parameters are considered random.
Each random variable is probabilistically described by a prior PDF based on detailed documentary
search and review and detailed inspection. According to [10], a normal distribution is frequently used
as a theoretical model of self-weight, strength and geometric properties if the coefficient of variation
0.20 and the skewness
0. Also [11] suggests that a normal distribution cannot be rejected
for a wide variety of soil properties and geometric dimension. Therefore a normal distribution is
chosen for the following parameters: soil resistance, self-weight and geometric properties of the
foundation. A Log-normal distribution is chosen, instead, for masonry shear resistance and for model
uncertainty [11].
The pillar is characterised by a square section whose area is given by
2 . The pillar stands on
a foundation whose dimensions are uncertain but larger than the pillar section. Therefore an additional
geometric parameter is introduced, that represents the enlargement of the foundation compared to
the basis of the pillar. The PDF that describes the geometric properties of the foundation is
characterised by
0.40 and
0.15.

200

IABSE WORKSHOP HELSINKI 2015

The inner core of the masonry, revealed by several collapses looks as a heterogeneous historic
masonry: the PDF describing its self-weight is characterised by
470
, and
0.10.
5.60 ⁄
0.10 are assumed for the PDF describing the masonry
According to [8],
and
shear strength.
The soil resistance, which is affected by higher coefficient of variation, can be described by a PDF
⁄
with
250
and
0.20, as suggested in [11]. The soil bearing capacity is assumed to
be uniformly distributed with constant intensity over a part of the surface of the foundation, such that
its centre coincides with the point of application of the external load [9]. However this assumption is
hardly verified if the foundation-soil interface presents some heterogeneities.
Therefore a variable that takes into account this model uncertainty referred to the soil resistance is
introduced;
1 and
0.15 are assumed for its PDF. Deterministic values and prior
probabilistic models are presented in Tables 1 and 2.
Table 1: Random variables.
DIST
Normal

250

Normal

0.40

0.15

Normal

470

0.1

Log-Normal

56

Log-Normal

1

⁄

⁄

0.2

5
4
3

0.1

2

0.15

1

Table1,22: Deterministic
1
0,8 parameters.
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VALUEthickness
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VALUE
0.57: The reliability4 index
°
Fig.
associated to the
1
effective
thickness of 0.88
the arch key section ̅ .
0.60

1.20

1.80

5.78

3.77

The reliability analysis is carried out with the software VAP, applying the FORM method.
Verification of the structural reliability is firstly based on prior information: the estimated reliability
index
4.40, corresponding to a probability of failure
5.3 10 , points out that, despite the
out of plane rotation of 4°, the reliability of the element is sufficient. However hidden cracks may
occur in the key sections of arches: in this case a reduced shear resistance should be considered due
to the effective thickness ̅ of the key section. A parametric study evaluating the impact of the
parameter ̅ on the reliability assessment is performed. Results shown in Fig. 7 reveals that the
considered parameter has a dramatic impact on the reliability assessment: as ̅ decreases from 1.20
to zero, the reliability index β ranges from 4.40 to 0.79, corresponding to a probability of failure p
2.110 . Therefore if long cracks occur in the key sections, the reliability of the element is
significantly reduced. In order to obtain dependable estimate of the structural reliability, it is
necessary firstly to recognize alteration and define the actual behaviour of the structure; investigation
on the actual condition of the key sections will be carried out with NDTs, e.g. sonic and radar tests.
If investigation results will reveal that the key sections are intact, the structure is reliable and no
further study is required, but it does not seem the case; if the extensive crack pattern is confirmed, an
intervention is necessary in order to improve the reliability of the structural element; where only few
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signs of decay are detected, a more refined reliability assessment will be performed, considering the
effective thickness ̅ of the key section. In this last case, the uncertainty related to the updated model
will be established and considered as a random variable. If reliability is still not verified, it is possible
to intervene on the structure or further investigate. Investigation can be planned with a pre-posterior
Bayesian Analysis.

5. Conclusion
Probabilistic methods and Bayesian updating techniques are often invoked in order to perform more
‘realistic’ reliability assessment of existing structures. However if structural alteration are not firstly
recognized, the probabilistic reliability assessment is not dependable. A procedure aimed at
increasing the robustness of the Bayesian Analysis against structural alteration is suggested. The
experimental research is especially based on the following steps:
1. Definition of the building history, in order to locate possible defects;
2. Global analysis, in order to recognize critical elements for the structural stability;
3. Evaluation of the impact of the defects on the reliability assessment.
An application to a relevant case study has been presented. Results reveals that the crack pattern
should be carefully recognized, because it has a great effect on the assessment: in fact, the value
strongly reduces as the crack length increases. It is so confirmed that probabilistic methods represent
a powerful tool in assessing existing structures, provided that the sensitiveness of the result to
uncertainty regarding basic variables and limit states formulation are duly taken into account.
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Summary
The target reliability of the Eurocodes is given clearly: One-year reliability is 4.7 and 50-year
reliability 3.8 correspondingly. However, the implementation of the direction is unclear in many ways:
The reliability calculations for the Eurocodes are made sometimes by using one-year reliability 4.45
or 4.2.
The Eurocodes does not instruct for which reference time the reliability is calculated. Normally, the
reliability is calculated for the service time, 50 years, but sometimes for one year. The paper concludes
that the reliability must be calculated for the service time.
The independent versus the dependent load combination results in different reliability. The
independent load combination results in higher reliability with fixed safety factors and up to about
10 % less safety factors with fixed target reliability when two loads are combined and with three loads
even less. The loads are combined in the Eurocodes sometimes independently and sometimes
dependently. Arguments are given here that the loads must be combined dependently.
The variable load distribution is generally assumed Gumbel. However, this distribution is excessively
safe as it has a robust upper tail which unrealistically affects the reliability. Normal distribution is one
possible alternative, however obviously somewhat unsafe. In the paper, the safety factors are given
based on Gumbel and normal distribution. The combination of 20 % Gumbel and 80 % normal
distribution is one feasible option.
In the current reliability calculation 50-year return load, i.e. 0.98 fractile of the load distribution is
usually set at the characteristic load with the target reliability of the service time. This means that
one-year loads are only considered in the reliability calculation. For this reason the variable load
safety factors are unrealistically low as the target reliability corresponds to the service time loads.
Gumbel distribution partly counterbalances the unsafe error but the overall effect is unsafe.
The material factors of the Eurocodes are given based on the current calculation and modified
calculation. The paper concludes that the reliability should be calculated for the service time loads
with the distributions set at the service time location and the reference reliability should be 3.8. The
issue of partial factors and design values is shortly addressed and concluded that the design value
code is simple with better reliability accuracy than the current partial factor code when the
characteristic variable load is made variable.
Keywords:

code, reliability, partial factor, design value, Gumbel distribution, normal distribution

1. Introduction
The load factors of the current Eurocodes [1] are gG = 1.35 and gQ = 1.5 when the most common
combination rule 6.10 is applied. Material factors gM are normally calculated as follows [1, 2, 3, 4, 5]:

The permanent load distribution is normal and the characteristic load is the mean load. The variable
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load distribution is Gumbel, the characteristic load is 50-year return load set at one-year location, i.e.
0.98 fractile value is the characteristic load. These loads are normally combined independently in the
material safety factor calculation and dependently (combination rule 6.10) or independently
(combination rules 6.10a,b and 6.10a, mod) in the load factor calculation. The dependent load
combination rule 6.10 is applied here. The material distribution is lognormal and the characteristic
strength value is 5 % fractile value. The uncertainty is sometimes considered and sometimes
disregarded. If considered, the distribution is lognormal which is combined independently with the
material property, the uncertainty is normally VU = 5…10 %. Such uncertainty calculation results in
a negligible uncertainty effect. The uncertainty is disregarded here. The target 50-year reliability is
3.8 (b50 = 3.826, b1 = 4.7).
Fig. 1 shows the material factors of the current Eurocodes according to the present typical calculation
as the function of the load ratio a i.e. the proportion of the variable load in the whole load
(a = Q/G+Q).
gM
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Fig. 1: Material factors gM of the current Eurocodes without uncertaity as the function of the load
ratio a, % (a = Q/G+Q, permanent load only a = 0, variable load only a = 100). The blue lines
denote VM = 0.3 (≈sawn timber), the red lines VM = 0.2 (≈glue lam and concrete) and the black lines
VM = 0.1 (≈ metal). Dashed lines denote independent and wrong load combination, solid lines
dependent and correct combination; the variable load values (a = 100) are wrongly too low as oneyear variable loads are considered only.

2. The target reliability
The target reliability of the Eurocodes is given clearly: One-year reliability is 4.7 and 50-year
reliability 3.8 correspondingly. However, the implementation of the direction is unclear. The
reliability and the safety factors are calculated for the Eurocodes sometimes by using one year
reliability 4.2 [6] or 4.45 [7]. The authors explain that the target reliability of the Eurocodes b1 = 4.7
is too high and therefore less target reliability is selected. This explanation is comprehensible as the
authors calculate the reliability for one year which results in unrealistically high permanent load
reliability and variable load distribution is assumed Gumbel which is excessively safe and the variable
load reliability is exceedingly high.
The Eurocodes does not advise if the reliability is calculated for one year or for the service time i.e.
for 50 years. The basic requirement for the reliability calculations is that the reliability must be the
same in all loads. Therefore, in the author’s opinion, the reliability must be calculated for the service
time. If the reliability is calculated for one year, the permanent load reliability becomes unrealistically
high. In this case, the reliability was the same during the first year, but thereafter the variable load
reliability was less. A feasible assumption is that at the end of the service time the permanent load
reliability and the variable load reliability are the same.

3. The load combination
The load combination is unclear in the Eurocodes.
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3.1 The current combination
Loads are often combined dependently:
· Permanent loads are always combined dependently.
· Loads are always combined dependently in the serviceability design.
· The permanent load and the variable load are combined dependently in the combination rule
6.10.
Loads are combined independently in many cases, too:
· The permanent load and the variable load are combined independently in the combination
rules 6.10a,b and 6.10a,mod.
· The material factors are evidently calculated by assuming independent permanent and
variable load combination regardless which combination rule is applied.
Variable loads are combined always (in the serviceability and the failure design) semi-dependently if
the loads are the first and the second load in the combination.
The author has presented earlier arguments [8, 9, 10, 11, 12] that the loads must be combined
dependently i.e. never independently nor semi-dependently. The main argument is that the
independent load combination contradicts the basic rules of the statics e.g. Hook’s law. One further
argument is presented next.
3.2 The permanent load and the variable load have full correlation in the combination
The actual permanent load gi and the variable load qj usually are independent and uncorrelated but
sometimes the combination loads are not actual loads gi, qj but design loads gd, qd which are selected
from the actual loads in a way the design loads gd, qd have full correlation. This is illustrated in the
permanent load and the variable load - snow load in this case - combination of roof girders:
The roof has n similar girders, which are designed in one design i.e. by using one design load pair
only gd, qd. Each girder has different permanent load gi, i = 1…n. The roof is designed for the service
time, 50 years. In each year the snow load qj, j = 1…50, is different, but the snow load is uniform and
always the same in all girders. In one year of the service time, the snow load hits the maximum load
qmax and it attains all girders, also the girder with the maximum permanent load gmax. Consequently,
these loads gmax, qmax definitively, by probability one, are simultaneous, i.e. they occur at the same
time and the maximum combination load is gqmax = gmax + qmax. Analogously, the biggest but one
combination load gqmax-1 is obtained by combining the biggest but one loads gqmax-1 = gmax-1 + qmax-1.
Accordingly full correlation exists in the combination gqmax-i = gmax-i + qmax-i. If the load distributions
are continuous, the combination load in fractile i is obtained by adding up the permanent load in
fractile i and the variable load in fractile i is: gqi = gi + qi.
If the loads are combined independently, the probability for the maximum loads to occur
simultaneously is negligible, in this case 1/50. Therefore the load combination includes too little load
and a part of the load wrongly vanishes in the combination. This load vanishing results in too low
safety factors, in the Eurocodes up to 12 % too low safety factors when two loads are combined. The
actual error in the code is less as the safety factors are not selected according to the most critical cases.
The reasoning above is analogously valid if the permanent load is combined with one-year variable
load only.
The arguing above was based on the assumption that the snow load is uniform over the roof. This
may not be quite correct if n is big. In any case, the assumption is correct if n is small and therefore
the proof is valid.
3.3 Amendments in the load combination for the Eurocodes
The combination rules 6.10a,b and 6.10a,mod are independent, therefore these combination rules
should be deleted. Material factors are normally calculated by assuming the independent load
combination regardless which combination rule is applied. The material factors should always be
calculated dependently, too.
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4. The variable load distribution
In the reliability calculation 50-year return load is usually set at the design point, i.e. at the
characteristic load. It means that one year loads are only considered. Therefore the safety factors for
the variable load become unrealistically low which is seen in Fig. 1. When the variable load
distribution is set for one year location and one year target reliability is used the same variable load
safety factors are obtained as by setting the distribution at the service time location and by using the
service time target reliability. However, the calculation must be based on the service time and the
service time reliability, otherwise the permanent load reliability will be incorrect.
The variable load distribution is usually assumed Gumbel in reliability calculations but normal
distribution is sometimes used, too. The material factors of the Eurocodes are given in Fig. 2
calculated for Gumbel and normal distribution.
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Fig. 2: Material factors gM of the Eurocodes without uncertaity as the function of the load ratio a, %
(a = Q/G+Q, permanent load only a = 0, variable load only a = 100). The blue lines denote VM = 0.3
(≈sawn timber), the red lines VM = 0.2 (≈glue lam and concrete) and the black lines VM = 0.1
(≈ metal). Loads are combined dependently. Solid lines denote Gumbel variable load distribution and
dashed lines normal distribution respectively.
Actual load measurements based on some decades imply that Gumbel is a feasible distribution [13].
However, there are several reasons which show that Gumbel distribution is excessively safe:
· If Gumbel distribution was correct the current material factors of the Eurocodes should be
increased by about 30 % which is unrealistic.
· Gumbel distribution has a robust upper tail which unrealistically affects the reliability. If the
material is ideal with no variation and the load distribution is Gumbel, the load must be 2.5
times the characteristic load to produce failure in this material. Such high loads need not be
prepared in the structural design. In the author’s opinion, the variable loads higher than
1.6…1.7 times the characteristic load may be disregarded.
On the other hand, the normal distribution evidently is unsafe:
· Actual load measurements poorly match with the normal distribution.
· We may assume that the minimum target reliability of the code is 3.1 [4]. Consider the material
is ideal with no variation, if the variable load distribution is normal, the material fails when
the load is 1.45 times the characteristic load and if the target reliability is 3.8 this value is 1.58
correspondingly. In the author’s opinion, these values are too low.
One option is to assume that the variable load distribution is a combination of Gumbel and normal
distributions e.g. 20 % Gumbel and 80 % normal. The material factors of Fig. 3 are based on such
variable load distribution, solid lines, dashed lines denote normal distribution.
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5. Partial factors versus design values
The structural codes published during recent decades are partial factor codes. There are several
reasons why the partial factor method was implemented:
· The major reason for the partial factor method is that in the current codes the characteristic
load of the variable load is constant, 50-year load. It results in the different permanent load
factor from the variable load factor, gG ¹ gQ ¹ 1, in the Erocodes gG = 1.35, gQ = 1.5. A new
finding is that the characteristic variable load can be set variable which results in two benefits:
The reliability accuracy increases and the permanent load safety factor and the variable load
safety factor can be set equal, gG = gQ and in most cases gG = gQ = 1.
· Earlier reliability calculation methods require a safety factor in each random variable, the
permanent load, the variable load and the material property. The current Eurocodes, for
example, explain a method for the safety factor calculation for each random variable. This
restriction is not valid any more as new methods allow the safety factor to be set in the action
only, in the resistance only or in both.
· The independent load combination favours a partial factor method where the load factor is
variable. The variable load factor is often realized by implementing two permanent load
factors e.g. combination rules 6.10a,b and 6.10a,mod of the Eurocodes are independent with
two permanent load factors. Such combination results in concave material factors as seen in
Fig. 1. However, as explained above, the loads must be combined dependently which results
in linear load factors as seen in Fig. 2 and 3.
· A misconception, sometimes presented is that the limit state design, material plasticity or
material nonlinearity require the partial factor method. Though these things never require the
partial factor method i.e. in the normal structural design the design value design is possible.
In some rare cases e.g. geometric nonlinear analysis and overturning design, loads must be
increased.
The current Eurocodes can be changed into the design values code, with the same design outcome.
The basic design equation is presently
1.35× + 1.5× = ,
g

(1)

where G, Q and M are the permanent load, the variable load and the material property and gM is the
material safety factor.
We can always modify eq. 1 into
1.35× + 1.35×

.

.

× =g .

(2)

We denote Qu updated variable load which is 1.11 times (1.5/1.35) higher than the current load based
on 50 year return load i.e. it is about 100 year return load,
=

.

×

Now, we can change eq. 1 into

(3)

1.35× + 1.35×

(4)

.

= 1.11× .

=g .

It is important to notice that eq. 1 and 4 are equivalent in the failure design in all cases regardless
whether the design is based on geometric or physical nonlinearity. However, the serviceability design
is a little different and eq. 4 results somewhat safer results. In almost all cases, eq. 4 can be simplified
further
+

=g

× .

.

(5)
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Consequently, the Eurocodes can be updated into the design value code in an editorial update. In the
author’s opinion, the Eurocodes should be updated into the design value code as in almost all cases
eq. 5 can be used and the design work decreases about 40 % as the analysis is the same in the
serviceability design and in the failure design. In special cases where loads must be increased in the
analysis, eq. 4 should be used. In these cases too, the code simplifies as gG = gQ = 1.35 in comparison
with the current code but the design work remains unchanged.
The design value method is introduced into soil mechanics in [14].
The revise explained above has a further advantage: the reliability accuracy improves. The variable
load safety factor gQ = 1.5 of the Eurocodes is based on the coefficient of variation 0.4. Some loads
have less variability and should have a reduced safety factor. In the Eurocodes, these loads have
excess reliability as the safety factor is not changed for these loads and the characteristic load is the
same for all loads. When we make the characteristic variable load variable, we avoid this excess
reliability.
The material factors of the updated Eurocodes are given is Fig. 3.
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Fig. 3: Material factors gM of the Eurocodes updated into the design value code without uncertainty
as the function of the load ratio a, % The variable load distribution is combination of Gumbel, 20 %
and normal 80 %, solid lines. Dashed lines denote normal distribution which apparently is somewhat
unsafe. Notations are the same as in Fig. 2. The variable load characteristic load is 1.11 times 50
year return load i.e the current variable load tables are increased 11 %, when VQ = 0.4 and somewhat
less when VQ < 0.4.

6. Conclusions
The reliability calculation should be based on the service time, normally 50 years and the variable
load distribution should be in the service time location.
Loads must be combined dependently. The combination rules 6.10a,b and 6.10a,mod should be
deleted and the material factors should be calculated by assuming the dependent load combination.
Gumbel distribution is not a suitable variable load distribution as it has a robust upper tail which
unrealistically affects the reliability and the result was excessively safe.
The current partial factor codes should be changed into design value codes due to simplicity, less
calculation work and better reliability accuracy.
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Summary
The approach proposed here is linked to Maxwell’s reciprocal representation of force and geometry
for structural modelling. It is based on the approach of Fivet & Zastavni [2014] of modelling
interactive constraint-based structural equilibriums in which geometrical regions are computed to
assess a domain of solutions. An examination is undertaken to establish whether the integral of
relevant characterising domains can represent an interactive measure of the level of robustness. The
approach is applied to case studies, one of which is the Ponte della Musica in Rome, Italy (by the
architect Kit Powell-Williams and engineers C. Lotti & Associati and BuroHappold). Structures are
analysed in terms of their strength for withstanding different load combinations and degrees of
damage. Allowable geometric areas for thrust line(s) are calculated, synthesising the strengths and
dimensional constraints, as well as the redistribution of internal forces.
Keywords: structural robustness, geometrical approach, graphical methods, structural design,
engineering tools, structural reliability and efficiency, computer modelling.

 Introduction
Most methods proposed today for assessing the robustness of structures are based on probabilistic
approaches [1]. Of the few that have adopted a deterministic formulation, all provide a type of
survey that is based on an in-depth analysis of the structure once it has been designed, according to
specific scenarios. A central challenge in structural design should involve managing the issue of
robustness earlier on in the design process, or even being able to interact with a model of the future
structure to adjust the features of robustness. This paper contains an overview of a geometrical
approach for evaluating constitutive elements of structural robustness. This research is linked to
modelling methods and the analysis and refinement of structural designs using geometrical tools
almost exclusively, even if they are implemented by means of computers and dynamic geometry.
This is a way of simplifying analyses and making them more visual, enabling the designer to
interact with the structure during the early stages of its design.
The paper commences with a literature review of methods to assess robustness issues and explains
how they have been interpreted in the context of the geometrical approaches taken. It then
introduces the geometrical methods that provide the origin of this geometrical approach to
robustness [2]. A characterisation of two case studies is then presented to highlight the major
features of the geometrical results when considering undamaged and damaged structures. Elements
of deterministic and energetic approaches are consequently resorted to that are compared with the
geometrical assessment. The paper finally provides conclusions and future recommendations about
the advocate approach.
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The issue of robustness in literature

A series of methods are proposed in literature to characterise robustness [1,3]. Four major
approaches can be identified: risk-based, probabilistic, deterministic and energetic approaches.
Risk-based approaches and probabilistic approaches are adopted by specialists and require very
specific methods. In short, probabilistic approaches can be evaluated by a reliability-based index
linked to redundancy that compares the probability of ruptures as in:
RI=

Pf (damaged )− Pf (intact )
P f (intact )

[4]

Risk-based approaches are based on a comparison of direct and indirect risks:
I rob =

R Dir
R Dir +RInd

[5]

They are said to be of limited practical interest [3]. This is certainly the case at the design stage.
Deterministic and energetic approaches provide indicators produced by structural analyses. They
will be used below as references for the assessment of the two case studies presented here.
2.1 Deterministic approaches
A deterministic approach is proposed by Frangopol & Curley[4] as the application of a reserve strength
factor based on the Residual Influence Factor used in the offshore industry. It compares the
structural capacity of intact and damaged structures where an element has been completely
damaged.
A simple way of appropriating this approach is to compare the load capacity of damaged and intact
structures according to chosen scenarios:
R=

L intact
L intact − L damaged

2.2 Energetic approaches
Energetic approaches classically consist of calculating the deformation energy (work of failure) of a
structure led to failure [6]. It consists of integrating the space below the curve that characterises the
stain-stress relation of the structure up to the collapse point.
The energetic approach considered here is slightly different and is adapted from the deterministic
approach of Starossek and Haberland [7,1]
R = 1 - max j (Er,j/Ef,k)
where Er,j is the energy released by the initial failure of an element j and available for the damage
of the next structural element k and Ef,k is the energy required for the failure of the next structural
element k. The appropriation of the method in this study consists in dividing the structure into its
elements. The most fragile element is researched as being the one that reduces stiffness most. For a
model made of bars, the stiffness matrix is calculated and Kx = f is solved. The deformation energy
of the system is 1/2 x^T K x. The structural elements i considered in scenarios are removed and K_i
x_i = f is calculated. The difference in deformation energy in each structural element is calculated
with the deformation energy before and after the element i is removed.
This numerical method has been developed by Jean-François Remacle (IMMC/UCLouvain,
Louvain-la-Neuve, Belgium - Jean-Francois.Remacle@UCLouvain.be).
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 Geometrical domains of available equilibriums
The originality of the approach depicted in this paper mainly lies in its use of graphical
representations of solution spaces within reciprocal diagrams. The following sub-sections introduce
these two concepts.
3.1 Maxwell’s reciprocal diagrams
Reciprocal diagrams, as formalised by Maxwell [8], are networks of connected segments satisfying
the following rules (Fig. 1): (1) each segment in a diagram is related to one unique “reciprocal”
segment in the other diagram such that the difference in angle between them is always the same (a
common practice is to choose an angle equal to zero so that both segments of a same pair are
parallel); (2) all the segments that connect one point in a diagram have reciprocal segments that
form a closed polygon in the other diagram.

Fig.1 - Two reciprocal diagrams [8]. Pairs of segments
are tagged with the same letter

Fig.2 - A form diagram on the left and its
reciprocal force diagram on the right

Graphic statics [9,10,11] employs two reciprocal diagrams: a “form diagram” that represents the
geometry of a network of bars in compression and tension, and a “force diagram” in which the
length of every segment is equal to the force magnitude of its reciprocal segment (a bar or an
applied load) in the form diagram (Fig. 2). The existence of reciprocity ensures that the form
diagram is in static equilibrium. Indeed, a closed polygon in the force diagram corresponds to every
point in the form diagram, meaning that the vectorial sum of the forces acting on each point is zero.
3.2 Graphical solution spaces
Constraint-Based Graphic Statics [2,12] is a recent development in graphic statics. If both diagrams
are built parametrically, geometric constraints can be applied on every node in order to control the
range of possible equilibriums. For instance, the position of a node in the form diagram can be
limited by constraining this point inside a bounding box (Fig. 3, left). Furthermore, the force
magnitude of a bar can be limited in the force diagram by compelling one extremity of a segment to
remain inside a circle of a given radius (equal to the scaled maximum magnitude) and centred on
the other extremity (Fig. 3, circle in the force diagram). Since the only variables are nodes in two
planes, these geometric constraints can be computationally propagated to any other node defining
its parameterisation. As a result, every node in the form diagram and in the force diagram will be
restricted inside a graphical region that is equal to its solution space, i.e. the set of all positions for
which no constraint applied on the diagram is violated (Fig. 3).

Fig. 3 - The shaded area in the force diagram (right) is the solution space of the node p* such that
the strut-and-tie network (left) is not higher than 1 metre and the magnitudes are below 10kN.

Safety, Robustness and Condition Assessment of Structures

213

 Geometrical approach to robustness
“Robustness is defined as insensitivity to local failure” [13]. This definition emphasises the capacity
of force redistribution in a structure. In other words, it is about the possibility of finding alternative
load paths in a structure.
Under certain conditions, the geometrical domains presented above are a convenient tool for
exploring the possible redistributions of forces in a strut-and-tie model, and hence for characterising
its robustness. The first condition is the necessary aptitude in the structure for developing a plastic
redistribution of forces so that the lower bound theorem of plastic design can be implemented. Such
behaviour is commonly assumed for steel frames, concrete frames, arches and shear walls, masonry
structures, timber with screw or threaded rods etc.
4.1 Presentation and methods
According to the analysis of dimensions of robustness proposed by Knoll & Vogel [14,15], five
dimensions of robustness are likely to concern the design more directly: strength, second line of
defence, multiple load paths and redundancy, stiffness considerations and post-buckling resistance.
These dimensions come from the authors’ complete list of elements of robustness, as follows:
1/ Strength – 2/ Structural integrity and solidarisation – 3/ Second line of defence – 4/ Multiple load
path or redundancy – 5/ Ductility versus brittle failure – 6/ Progressive failure versus zipper stopper
– 7/ Capacity design and fuse element – 8/ Sacrificial and protective devices – 9/ the knock-out
scenario – 10/ Stiffness considerations – 11/ The benefits of strain hardening – 12/ Post-buckling
resistance – 13/ Warning, active intervention and rescue – 14/ Testing – 15/ Monitoring, quality
control, correction and prevention – 16/ Mechanical devices. These strategies are not all applicable
simultaneously. Some of them are related to the ductility of the structure or its constitutive elements
(2, 5, 7, 11), making a link with the theorems of plastic design that provide the scope of application
of the approach presented in this paper. Others are specific to the erection of the structure, its life
and maintenance, or disruptive elements to be implemented.
Implementing the dimensions related to design – geometry and dimensioning – means (inter)acting
with the design, with key milestones mainly associated with the designer’s experience. Features
linked to the resistance and redistribution of forces are likely to be modelled by load paths, struts
and ties or thrust lines, close to geometrical thinking.
The key idea is to associate with the structure a load path made of struts, ties and/or thrust lines. In
the context of constraint-based graphic statics, allowable stresses and spatial limits are likely to be
represented by geometrical constraints applied on this load path. The extent to which a node of this
load path is free to move can then be seen as a measure of the model’s capacity to redistribute loads.
The assumption will be that the integral (in the mathematical meaning of a sum) of relevant
characterising domains represents an interactive measure of the level of robustness.

 Application to study cases
The analysis of the geometrical domains characterising two structures has been performed for
different scenarios of integrity: the whole intact structure, variations due to damages and variations
of design geometry. The first set of scenarios refers to a comparison of the capacity of redistribution
between the undamaged structure and damaged structures according to several scenarios. The
second series, implementing geometrical variations, shows the influence of design choices on the
capacity to redistribute loads. The extent of geometrical domains is understood to be a constitutive
dimension of the robustness. The two study cases analyse (1) a concrete shear wall with openings
and (2) the Ponte della Musica in Rome, Italy.
5.1 Study case 1: Concrete shear wall
The first study case is adapted from the classic example developed by Schlaich, Schäfer and
Jennewein [16]. Struts and ties are modelled inside a shear wall essentially constituting a D-region
(Fig. 5). The analysis of the structure as presented here is partial since it only considers one
typology out of all the possible strut-and-tie models. However, the analysis of considered points is
already representative.
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Fig.
4:
Shear wall
and
partial
and
simplified
geometric
al domain
correspon
ding to the
pole of the
arched
trajectory
of forces.
The final
geometric
al domain is comprised of the sum of domains corresponding to several scenarios which are:
damage of the column-support (Z3) or the support to the right of the shear wall (Z1) and
displacement of the reactions under the wall in different parts of the wall (Z2, Z4 and the larger
zone). The scenario corresponding to the reaction forces as represented in the right-hand figure is
linked to Z2 for a domain of 0,817 MN².
Fig. 5: Strut-and-tie modelling of the shear wall
The geometrical analysis shows a sensible reduction
of the possible variation of the pole in the case of a
damaged support (Z3 only in Fig. 4) corresponding
to 0,592 MN² compared to an undamaged
arrangement (whole domain in Fig. 4). The
geometrical domain shown in grey characterises the
possibility of finding variations in the drawing of the
load path leading the forces to the support.
If, for instance, the supporting left column
disappears, the domain is moved. The redistribution
of the load path can be found elsewhere.
Similarly, if the width of the left column is modified
(Fig. 6), the possible base geometrical domain of
(Fig. 4) is displaced, but it will extend the domain of
the base scenario of Z2. It is therefore a better option
for a robustness-oriented design. Diagrams may also Fig.6: Shear wall and geometrical domain
show the cases where there is no solution according corresponding to the pole of the
to the design constraints, or where the existence of a discharging arch when a variant in the
solution requires an increase in the magnitude of
design is taken with a thin column in Fig. 5
forces and therefore a revision of the dimensioning.
In summary, the correlation can be shown between the aptitude of the structure to redistribute forces
– comprised as an indicator of some constitutive dimensions of the robustness – and a geometrical
characterisation of the admitted variations of the position of nodes constituting a strut-and-tie
modelling of the structure.
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5.2 Study case 2: Ponte della Musica
The Ponte della Musica in Rome (Fig. 7), built in 2011 in Italy by the architect Kit Powell-Williams
and engineers C. Lotti & Associati and BuroHappold, is a hybrid typology between a steel arch
bridge and a bow-string bridge with a clear span of 130m. The hangers are made of rigid steel
profiles moving forwards towards the longitudinal central symmetrical axis of the structure. The
bridge is used as a footbridge, but is likely to be implemented as a bridge carrying buses and trams
as well. The exercise consists in simulating the possible redistributions of forces in the arch
according to different support conditions. Finally it compares these redistributions with those
allowed when some of the hangers sustaining the deck are damaged.
Fig.7
Ponte
della
Musica,
Rome
2011,
PowellWilliams,
Lotti &
Associati
and Buro
Happold,
Firstly, the bridge’s bending resistance is analysed. Bending forces are modelled as thrust lines, the
off-centring of which is related to the magnitude of the axial compression forces (Fig. 8). Using
graphic statics, the geometry of this thrust line is actually defined by a single point in the force
diagram. The domain of this point consequently informs all the possible configurations of bending
resistance. Other domains are then generated for altered structures in which hangers are damaged.
In the first instance, the structural collaboration between hangers and the arch are neglected.
Fig. 8 Ponte
della
Musica:
resistance
to bending
forces
shown in
blue as off-centring, with a possible thrust line in the case of limited bending forces in the
support.
The result of the analysis (Fig. 9) shows a domain (1) of 18,8 MN² for the pole of the thrust line
defining the extent of possible geometries for the load path in the case of symmetrical loading. In
the case of damage to four central hangers (2), this domain is reduced by 24 % to 14,4 MN² but still
allows multiple load paths. Under asymmetrical loadings, the structure has an aptitude to
redistribute load paths that equals 16,4 MN² (3), i.e. slightly less than the reference maximum
symmetrical loading. The slightly different position of this domain demonstrates the ability of the
structure to redistribute bending forces on both sides of the arch.
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Fig. 9 - Ponte della Musica: domains corresponding to the characteristic point (pole) of the curve
of the thrust line (load path in the arch) for: (1) symmetrical loading, (2) symmetrical
loading in the case of four central hangers being damaged, (3) asymmetrical loadings in
the undamaged structure.

 Comparison with deterministic and energetic approaches to robustness
6.1 Deterministic approach: Ponte della Musica
A simulation was undertaken for different cases for the factor multiplying service loadings to lead
to the failure. The structure was modelled as an arch in the software for maximum bending
resistance of 29,6 MN.m (considering the axial compression force in the arch) in steel tubes and
146 MN.m in concrete bases of the arch, with an elastic embedding in the foundation of
60 MN.m/degree enabling a plastic redistribution of forces. The results are given below:
- symmetrical loading, undamaged structure: 23,8 * the usual service load
- asymmetrical loading, undamaged structure: 2,49 * the usual service load
- symmetrical loading, structure with 4 central hangers damaged: 6,5 * the usual service load
- asymmetrical loading, structure with 4 central hangers damaged: 1,84 * the usual service load.
The factor for the symmetrical loading is quite large, leading to a complex comparison between the
different cases. If the 74 % reduction between the damaged and undamaged structure in the
asymmetrical case can be taken as a temporary reference, the reduction was 77 % in the geometrical
approach (symmetrical loads). However without more investigation the comparison cannot be
sustained further between these different indices.
6.2 Energetic approach: Ponte della Musica
The energetic approach used here is a stiffness-based measure of robustness expressed in energies
computed as described above in paragraph 2.2. The cases and the energies obtained for services
loading | yielding loading (as computed in 6.1) are:
- symmetrical loading, undamaged structure: 3,08*10^2 kJ | 1,75*10^5 kJ
- asymmetrical loading, undamaged structure: 2,54*10^2 kJ | 1,58*10^3 kJ
- symmetrical loading, structure with 4 central hangers damaged: 3,69*10^2 kJ | 1,56*10^3 kJ
- asymmetrical loading, structure with 4 central hangers damaged: 3,21*10^2 kJ | 1,09*10^3 kJ
During the service phase, the total asymmetric loading is half the symmetric total loading, so for a
similar total loading, energies in the asymmetric case will be greater. As has been seen in 6.1, the
damage occurs earlier if loading is asymmetrical, so the work is reduced. A comparison between the
undamaged and damaged bridge shows that the energy of deformation is greater in the latter case,
since there will be larger deformations between the start and the point when the failure occurs.

Safety, Robustness and Condition Assessment of Structures

217

Again, it was observed that both measures – the geometrical domain approach and the energetic
approach – were not directly correlated, as they were not correlated to the deterministic approach
shown in 6.1. Nevertheless, a similar evolution between different measures is observed, but at
variable scales. The impact of the asymmetrical loading was observed for the two approaches, but
to a rather different extent. Indeed, one analysis referred to the complete structure (energetic
approach) and the other to the extent of availabilities for redistributing load paths. The parallel
evolution of the indicators of both approaches cannot be sustained further without more extensive
research and an attempt to correlate these measures more closely.

 Conclusions and perspectives
This contribution presents a geometrical approach to evaluating constitutive elements of structural
robustness and compares it to other indices from literature. The geometrical approach proves of
interest during the design phase since it provides a qualitative summary of the possible load path
redistributions. However, further research must be carried out to correlate quantitative geometric
results with deterministic and energetic indices of robustness if these comparisons prove to be
meaningful.
References
[1]

CAVACO E., CASAS, J.R., NEVES, L. “Quantifying Redundancy and Robustness of Structures”, IABSE
Workshop Helsinki 2013, IABSE Report vol. 100: 78-99.

[2]

FIVET C., ZASTAVNI D. “A fully geometric approach for interactive constraint-based structural
equilibrium design”, Computer-Aided Design, DOI: 10.1016/j.cad.2014.04.001, 2015

[3]

SORENSEN J.D.; RIZZUTO E.; NARASIMHAN H.; FABER M.H.; Robustness: Theoretical Framework,
SEI 22(1), 2012, pp. 66-72

[4]

FRANGOPOL D.M., CURLEY J.P., “Effects of damage and redundancy on structural reliability”, ASCE
Journal of Structural Engineering, 1987; 113(7): 1533-1549

[5]

BAKER J.W., SCHUBERT M., FABER M.H., “On the assessment of robustness”, Journal of Structural
Safety 2008; 30: 253-267.

[6]

SMITH J.W., “Structural robustness and the fast fracture analogy”, Structural Engineering International,
2006, 16 (2): 118-123.

[7]

STAROSSEK U., HABERLAND M. “Approaches to measures of structural robustness”, Structure and
Infrastructures Engineering, Vol. 7 (7-8), 2011:625-631.

[8]

MAXWELL J.C., “On Reciprocal Figures and Diagrams of Forces”, Philosophical Magazine and Journal
of Science, Volume XXVII, 1864, page 250

[9]

RANKINE J.M., A Manual of Applied Mechanics, R.Griffin & Co., London & Glasgow, 1958, pages 137144.

[10]

CULMANN C., Die graphische Statik, Zürich : Meyer und Zeller, 1866.

[11]

ALLEN E., ZALEWSKI W., Form and Forces: Designing Efficient, Expressive Structures, John Wiley &
Sons, 2009

[12]

FIVET C., ZASTAVNI D., "Constraint-Based Graphic Statics: New Paradigms of Computer-Aided
Structural Equilibrium Design", Journal of the International Association for shell and spatial structures,
Vol. 54, No.4, December n.178, 2013.

[13]

STAROSSEK U., Progressive Collapse of Structures, London : Thomas Telford, 2009, p. 38

[14]

VOGEL T. “Robustness of Structures”, IABSE Workshop Helsinki 2013, IABSE Report vol. 100: 22-39.

[15]

KNOLL F., VOGEL T. "Design for Robustness", Structural Engineering Documents, IABSE, Zurich,
2009.

[16] SCHLAICH J., SCHAFER K., JENNEWEIN M. Toward a consistent Design of Structural Concrete. PCI
Journal/May-June 1987: 74-150.

218

IABSE WORKSHOP HELSINKI 2015

Safety, Robustness and Condition Assessment of Structures

Condition Assessment 1

219

220

IABSE WORKSHOP HELSINKI 2015

Statistical Analysis and Long-Term Operational Monitoring of Sutong Bridge
Inamullah KHAN
Civil Engineer
PhD student, Bridge
Engineering Dept, CHINA.
inam_bunny@yahoo.com

Deshan SHAN
Professor
Bridge Engineering Dept,
CHINA.
dsshan@home.swjtu.edu.cn

Xiaohang ZHOU
Civil Engineer
PhD student, Bridge
Engineering Dept, CHINA.
qqeell@live.com

Jie HE
Civil Engineer
Master student, Bridge
Engineering Dept, CHINA.
1103765724@qq.com

Qiao LI
Professor
Bridge Engineering Dept,
CHINA.
ql3721@vip.163.com

Summary
The objective of this paper is to carry out the statistical analysis and operational monitoring by
utilizing the long-term operational data of certain long-span cable stayed bridge. For this purpose
the statistical analysis was carried out on the data collected from Sutong Bridge, a long-span cable
stayed bridge with a main span of 1088m. After performing the statistical analysis such as auto and
cross correlation on such a large database obtained from Sutong Bridge, an accurate anomalies
detected was obtained, which will prove to be very helpful in continuous data analysis. The long
term operational monitoring shows that the environment variation have a significant influence on
the structural response of the cable stayed bridge in real life bridge health monitoring.
Keywords: statistical analysis; Operational monitoring; long-span cable stayed bridge.

1. Introduction
Many of the civil infrastructure is aging with time, thus creating a continuous potential threat to
health of large civil structures [1]. As the traditional visual inspection techniques are time
consuming and expensive, and can’t cope with the fastest aging civil infrastructures and
development of technology, we need an efficient and effective structural health monitoring system
[2].
Due to economic and safety point of view the monitoring ability of these civil infrastructure
specially the long span bridges is becoming increasingly important [3]. In order to develop a more
reliable and efficient monitoring system at these long span cable stayed bridges to continuously
monitor its structural performances we need an effective and monitoring system to be installed at
these structures [4]. The data obtained from these sophisticated measuring equipment installed at
these long span cable stayed bridges need to be reliable, so that an accurate and detail data analysis
can be performed [4]. Since the data obtained from these health monitoring equipment’s is in a very
raw form and some time it can’t be used effectively for an accurate data analysis, because of many
reasons like missing data, the environmental effects on the data and also due to the ,malfunctioning
of the sensors, etc [5].
In order to detect the anomalies in the data for an accurate long term operational data analysis of
long span cable stayed bridges we need to investigate the initial raw data and based on the initial
investigation the inner secrets of the data can be depicted in a more professional way. To carry out
these initial investigation statistical analysis is of extreme importance. In this paper we carry out the
statistical analysis on the data collected from Sutong bridge, firstly we adopted autocorrelation and
cross correlation to detect anomalies in the data and then we adopted the outlier detection technique
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to determine the abnormal values in the long term continuous data. Then in the end the effect of
temperature on the natural frequency of long span cable styed bridge is determined.

2. Statistical Analysis
Statistical analysis plays a very vital role in long term operational monitoring of long span cable
stayed bridges. As one of the most important feature of structural health monitoring is detection of
uncertainty in the collected data. The collected from sensors are often plagued by high degree of
variability and uncertainty [6]. The data collected from these sensors are highly influenced by
temperature change, geometric configuration, sensors characteristics and malfunctioning of the
sensors itself. For detection of these anomalies statistical techniques are an indispensable class of
method for exploring these uncertainties [7, 8] and have received a wide attention in the literature of
structural health monitoring [9, 10]. It should be noted that all the statistical methods does not
create new information, it’s simply depicts the valuable information in different manner as desired
by the user, so that it can be visualized easily [11].
2.1

Auto and Cross Correlation Functions

2.1.1 Auto Correlation
Auto correlation function of ordered dataset is considered to be a correlation of a time series with its
own past and future values. It is also sometimes called “lagged correlation” or “serial correlation”,
which refers to the correlation between members of a series of numbers arranged in time, it can be
written as:



xx

( )  E[ x(t   ) x(t )]

Where “E” is expected value and

(1)



xx

( ) is the auto correlation function in the above equation.

When a signal looks like it self when shifted in time by an amount τ, it can be used to find
irregularities in data. If the time lag x(t ) approaches zero, the variance equals the auto correlation
and can be expressed as:



xx

(0)  E[ x(t ) 2 ]  

2

(2)

x

To normalize the auto correlation if “ x ” is not zero mean and



xx

(0) is the mean square of the

process, it can produced the following functions:
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 (0)  1
|  ( ) | 1
m
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So



xx

( ) is considered to be a function of “τ”.

2.1.2 Cross Correlation
Cross correlation function is considered to be relative information between data sets with a lag of
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time [11 ]. Let say x and y are two data sets, then the cross correlation function



xy

( ) , can be

written as:



yx

( )  E[ y (t   ) x(t )]

(6)

( )  E[ x(t   ) y (t )]

(7)

And



xy

These two functions can be related as one might expected:



yx

( )   ( ),  ( )   ( )
xy

In this way



xy

yx

yx

(8)

( ) detects the unusual relationship between the sensor signals and can very

accurately detect the anomalies in the sensors data.
2.2

Outlier Analysis

Outlier in a data set is an observation that is astonishingly different from the rest of the data and is
believed to influence the rest of data drastically [11]. Outlier analysis is a flourishing area of
probability and statistics and many techniques are available to detect if the given observation is an
outlier [11]. Outlier analysis is very important for anomaly detection, because the anomalies in
measured may be due to any reason such as noise, operational and environmental variation, or
sensor malfunction, thus results the matrices exceeds the thresholds and results in accurate data
analysis. Outliers often contain useful information specially about the abnormal characteristic of
system which impact the data generation process.
2.2.1 Pauta Criterion
In this paper pauta criterion is adopted to determine the abnormal values and some possible
treatment is made to the values which are not abnormal and then finally those values in sensors data
which are abnormal are pointed out using bessel’s formula for calculating standard deviation.
Lets suppose our original data obtained is X , then we get the average of it is A , then we get the
standard deviation S using the Bessel formula as:
S

1 n
1 n
[ X i  ( X i ) 2 ]
n  1 i 1
n I 1

(9)

Where X i is the original data ( i =1, 2, …, n), and S is the standard deviation.
If| X i  A | 3S , then X i will delete one data and in order to makeup a data a new data, we use
X (i  1)  X (i  1)
. The value obtained is compared with 3 time the standard deviation in our case,
2
because it’s considered to be a threshold for the discordancy value for outlier detection.
2.3

Temperature Effect on Natural Frequency

Long span cable stayed bridges are highly susceptible to environmental conditions specially the
temperature variation [11]. Temperature causes changes in vibration properties in modal parameters
such as frequency, damping ratio and mode shape [12], in addition due to the daily and seasonal
variation in temperature results in changing the stiffness of expansion joints or supports,
subsequently results in an apparent shift of vibration properties [13]. Numerical investigation revels
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that temperature is the critical source of causing variability in vibration properties of long span
cable stayed bridges and the variation in natural frequency due to temperature change may be as
high as 5% to 10%, which in most cases even exceeds the change of frequency even due to
structural damage [14]. Investigation of temperature variation effect is of extreme importance due
to the fact that the vibration properties of bridge are not only governed by material properties and
geometrical configurations but also by the boundary conditions, thus due to boundary condition the
temperature effect on long span bridges is of extreme importance.
In case of long term monitoring of these long span cable stayed bridges the data obtained from the
thermometers installed at these bridges and the vibration data obtained from the accelerometers
installed at these bridges gives the most objective data subjected to real life service circumstances.
Therefore the change in natural frequency due to the variation in temperature is of extreme
importance and in this paper the temperature effect on the natural frequency is investigated.

3. Case Study
3.1

Sutong Bridge

Sutong bridge is one of the longest spanning cable-stayed bridge. It is located on Yangtze river and
connecting the cities Suzhou and Nantong. The bridge is a seven span double pylon and double
cable plane steel box girder cabled-stayed bridge having a main span of 1088m, while the overall
arrangement of span is 100+100+300+1088+300+100+100=2088m.
100 100 2×150=300

vertical
accelerometers
upstream1#
downstream2#

6@=1088

vertical
vertical
vertical
vertical
vertical
accelerometers accelerometers accelerometers accelerometers accelerometers
upstream3# upstream5# upstream7# upstream9# upstream11#
downstream4# downstream6# downstream8# downstream10# downstream12#

2×150=300 100 100

vertical
accelerometers
upstream13#
downstream14#

Fig. 1: Layout of 14 Accelerometer Sensors at Sutong Bridge (unit:m).
In order to carry out the statistical analysis, long term continuous data was collected from Sutong
bridge for a period of 1 year form 01-01-2011 to 31-12-2011. This was collected from 14 vertical
accelerometer sensors installed at the bridge. The layout of the vertical accelerometer sensors are
shown in Fig. 1, whereas the sampling frequency obtained from the accelerometers is 20Hz. In our
study we have only used the data obtained from the 14 vertical accelerometer sensors installed at
the Sutong bridge.
3.2

Auto and Cross Correlation Functions

In this paper we first collect data from the 14 accelerometers installed at the girder of sutong bridge,
a long span cable stayed bridge. Then we perform Auto and cross correlation on the obtained data
and try to detect anomalies by this technique. In Fig. 2, the autocorrelation for sensor #1 and sensor
#13 is shown, where as in detail autocorrelation for all the sensor are carried out, but her for
instance few are shown, due to space availability in this paper.
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.
Fig. 2: Auto correlation for sensor #1 and sensor #13.
As shown in Fig. 2, the auto correlation with in the sensor data can tell the secrets of the data, it can
be seen that the data obtained from the sensor #1 is perfect, whereas the data obtained from the
sensor #13 is in abnormal condition, so at first glance we can detect an anomalies by performing the
auto correlation.
Similarly a 3D cross correlation coefficient analysis was performed on the same data for all the 14
sensors, but only two of them will be shown here for reference. As can be seen in Fig. 3 (a) and
Fig.3 (b), the results obtained shows that the cross correlation coefficient in the diagonal are very
good except sensor 13 and sensor 14, in such case there is also a huge cross correlation. The
diagonal is consider to be perfect if the cross correlation coefficient is 1, and 0 for the other values
not in the diagonal. In Fig. 3 (b), there is also correlations and the values other than diagonal are
also not zero, showing huge anomalies in sensor#13. Cross correlation coefficient analysis is an
easiest non-physical model technique to determine measured responses with time that may be
indicative of damage. While the total correlation value should be constant or stationary in normal
conditions as in our case in diagonal in Fig. 3(a), when damage or malfunctioning of sensors occurs
these values change as can be seen on Fig. 3(b).

a) Sensor #1

b) Sensor #13

Fig. 3: 3D Cross correlation coefficient for sensor #1 and sensor #13.
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Outlier Analysis

In this paper we first collect data from the 14 accelerometers installed at the girder of sutong bridge.
Outlier analysis is quantified by the extent to which the values does not fall outside the thresholds
limits, else it create a huge problems in the data analysis. In our case, we just took a small sample of
data for our analysis. We found that the accelerometers data contains outlier by adopting pauta
criterion and those values which were having some sort of information were treat and the useful
information was utilized in the data analysis, where as those outliers which were of no use and
affecting our analysis were deleted. Thus an accurate and reliable data analysis can be performed by
properly dealing with the outliers.

a) Original Data of Sensor #1

b) Outlier Analysis of Sensor #1

Fig. 4: Outlier Analysis.
3.4

Temperature Effects on Natural Frequency

For long term monitoring of temperature data was collected form Sutong bridge for a period of 1
year form 01-01-2011 to 31-12-2011. From Fig. 5 it can be seen that the temperature has significant
effect in the natural frequency of sutong bridge. It can be seen that as the temperature increase the
frequency decrease and vice versa. It can also be deduced that the long term operational monitoring
is very important as it given a clear picture of the actual temperature and its effects on the natural
frequency of the bridge, because the long term operational monitoring provide a very useful
feedback to the designers and based on it the new designs can be improved. It can also be deduced
that the days and night temperature is too much which is a serious threat to the operational life of
the long span cable stayed bridges, because the natural frequency also changes very frequently with
the change in day and night temperature.
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Fig. 5: Temperature and Frequency variation with time.

4. Conclusions
In this study first the data was collected from sutong cable stayed bridge. Then based on this data
statistical analysis was carried out to determine the anomalies in the raw data specially based on
non-physical models. For this purpose auto and cross correlation analysis was performed on the
data and then it was followed by the outlier analysis using pauta criterion, because outlier analysis
is very important for the accurate and efficient data analysis. The accuracy and robustness, and time
efficiency offered by these techniques makes them as an effective tool for quick anomalies
detection. Then finally the long term operational monitoring was carried out specially keeping in
view the temperature effect on the natural frequency of cable stayed bridge and it was revelled form
the analysis that the natural frequency decreases as the temperature increase and vice versa. The
results obtained provides very useful information and will prove to be very effective in Bridge
health monitoring specially for dealing with continuous long term operational monitoring.
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Summary
Many laminated rubber bearings of bridges have been in service more than 10 years in Japan. As
they have suffered traffic loads and earthquake vibrations over the long term, deterioration such as
fatigue, ozone cracks and aging has become serious issue.
This study performed health monitoring of rubber bearings by using acoustic emission (AE) method
which is one of non-destructive tests. Verification of the method was conducted by laboratory tests
as well as field measurements. The AE activities and their parameters of the deteriorated bearings
were compared with new ones.
The results showed that the internal damage of the rubber bearings could be estimated through the
activities of the AE parameters. Many AE hits and large AE parameters were observed from the
deteriorated rubber bearings through the laboratory tests and the field measurements, however, few
AE activities were observed from the new bearings.
Keywords: acoustic emission, AE parameter, field measurement, laminated rubber bearing, nondestructive test

1. Introduction
Since the 1995 Kobe Earthquake, laminated rubber bearings have been widely used in Japan for
seismic isolation. After the 2011 Off the Pacific coast of Tohoku Earthquake the fracture between
the steel plate and the rubber in laminated rubber bearings due to the effect of the ground motion
was reported for the first time. The rubber quality of the bearing might have failed to fulfil the
standard, or the response might have exceeded the allowable strain of the specification; however,
the reason of the fracture is under clarification. Many laminated rubber bearings have been
currently used more than 10 years. They suffer various influences from temperature, traffic load and
ground motions, and damages have been accumulated in laminated rubber bearings as aging
degradation. The aging degradation of the laminated rubber bearing hardens the stiffness, which
results in higher earthquake response of the bridges. Thus, to evaluate the damage of the laminated
rubber bearing is an important issue in Japan.
This study evaluated damages accumulated inside the laminated rubber bearings by using acoustic
emission (AE) method [1] which is one of the non-destructive tests. Also field measurements were
conducted at two sites to evaluate the feasibility of the health monitoring of the bearings.

2. Acoustic Emission
Acoustic Emission phenomenon is the emission and propagation of elastic waves generated due to
releasing internal energy as micro-fracturing or sliding in material. Information of the damage is
included in the AE waves. A sample of AE signal detected is shown in Fig. 1.
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Table 1: Preliminarily test conditions.
No.
Y-1

Y-2

Y-3

Y-4

Y-5

Y-6

Conditions
-30℃；PL175%+SR100%→PL175%+SS3kine
-10℃；PL175%+SR100%→PL175%+SS3kine
OT；PL175%
-30℃；PL175%+SR150%→PL175%+SS11kine
-10℃；PL175%+SR100%→PL175%+SS11kine
OT；PL175%
-30℃；PL175%+SR175%→PL175%+SS17.5kine
-10℃；PL175%+SR175%→PL175%+SS17.5kine
OT；PL175%
-30℃；PL175%+sin
-10℃；PL175%+sin
OT；PL175%
-30℃；PL250%+ MSR250%
-10℃；PL250%+ MSR250%
OT；PL175%
-30℃；EQ25mm→EQ25mm
-10℃；EQ25mm→EQ25mm
OT；PL175%

AEenergy

PL；Pre-Loading test
SR；Simple Relaxation test
SS；Simple Shear test
sin；Sin wave loading test
MSR；Multi-Step Relaxation test
EQ；Earthquake
%；Shear strain
OT；Ordinary Temperature

Amplitude

：Counts
Threshould level

5

2
19
Steel plate 2.3mm×4

19

Rise time
Duration

Fig. 1: AE waveform.

Rubber 4.0mm×5

[mm]

Fig. 2: Specimen.

AE waveform which exceeds the threshold level is defined as one AE hit. In this study, we
monitored the AE activities with the loading condition and the AE energy which is related to
magnitude of the damage.

3. Experiment
3.1 Specimens and measurements
A schematic elevation of the specimen is shown in Fig. 2. For all specimens, preliminarily loading
tests were conducted at Civil Engineering Research Institute for Cold Region, Japan, as shown in
Table 1. AE parameters are dependent on the propagation distance from the installation location of
the sensors since those are dependent on the distance between the AE sources and sensors. Five AE
sensors were attached to two side faces at the height of points between the rubber and the steel
plates as shown in Fig. 3.
3.2 Test condition
We conducted cyclic compressive loading tests simulating the traffic vibration. The loading
condition is shown in Fig. 4. First, axial force of 153.6kN was applied as the initial surface pressure
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Ch. 4

Ch. 5

Ch. 3

Ch. 1

Ch. 2

Fig. 3: Coordinates of AE sensors.
Load

Load (kN)

167.1
・・・・・
・・

153.6

0

1

2

3

4 5
Cycle

6

7

8

9 10

Fig. 4: Load condition for 10% loading case.

Axial
direction

Surface cracks
Axial
direction

(a) Bridge A

No cracks and
deformation

(b) Bridge B

Fig. 5: Laminated rubber bearings for the field measurement.
which is a dead load equivalent reaction force of the floor slab. Then, the load was increased from
152.6kN to 167.1kN, 180.6kN and 221.1kN, which are 10%, 20% and 50% of the initial load,
cyclically 10 times.
3.3 Field measurement
The specimens for the field measurement are shown in Fig 5. In this figure, the white arrow is
aligned with the axial direction of the bridge and is pointing the running direction of the vehicle. A
laminated rubber bearing of Bridge A has been in service for 12 years. The shear deformation of the
bearing was confirmed visually. In addition, some horizontal cracks due to ozone degradation were
confirmed at the both surfaces of the bridge axial direction. A laminated rubber bearing of the
Bridge B has been in service for 1 year from the seismic reinforcement. So, the laminated rubber
bearing is relatively new one and no cracks and no visible shear deformation was confirmed.
From the visual inspection results, Bridge A and Bridge B were assumed "deterioration type" and
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Fig. 6: Coordinates of AE sensors for field measurement.
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0
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Fig. 8: AE activities (20%).

Fig. 7: AE activities (10%).

Table 2: The number of AE hits (Y-3).

5000
Number of AE hits
Number of AE htis

600

センサNO.

4000

10%

20%

50%

Ch. 1

0

0

0

Ch. 2

31

78

157

Ch. 3

0

0

0

Ch. 4

0

0

0

Ch. 5

0

0

0

3000
2000
1000
0
Y-1

Y-2

Y-3
Y-4
Specimen

Y-5

Y-6

Fig. 9: AE activities (50%).
"health type", respectively. The coordinates of
AE sensors are shown in Fig. 6. Monitoring
time of the Bridge A and the Bridge B was 3000
sec. and 7230 sec., respectively. Threshold level
was set to 28 dB based on the preliminarily
noise check.

4. Results and discussions
4.1 AE activity
Measured AE activities are shown in Figs. 7, 8
and 9. If AE count is 1 and/or AE energy is 0,

荷重割合

Table 3: The number of AE hits (Y-5).
センサNO.

荷重割合
10%

20%

50%

Ch. 1

74

302

339

Ch. 2

1

0

9

Ch. 3

156

383

4322

Ch. 4

0

2

0

Ch. 5

0

2

0
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AE hits are ignored as a noise. As can be seen from the figures, a lot of AE hits were detected from
Y-5 specimen at each loading test compared with the results of other specimens. The damage inside
Y-5 specimen was expected because preliminary loading test was conducted up to 250% of the
shear strain as shown in Table 1.
In order to predict the damage area, AE hits at each channel were counted for Y-3 and Y-5
specimens. Results of AE activities at each channel are shown in Tables 2 and 3. In the case of Y-3,
AE hits were detected at only Ch. 2. The number of AE hits, however, is not large as comparing
with Y-5. In the case of Y-5, the largest number of AE hits is confirmed at Ch. 3. Thus, the damage
inside rubber bearing must be near the Ch. 3.

4.3 Microscope observation
The specimens were cut after the tests and were
observed using microscope. The cut location is
shown in Fig. 11. Here, the magnification of the
microscope was 500. Specimens Y-5 and Y-6

10%(Ch.3)

20%(Ch.3)

50%
40%
30%
20%
10%
0%
38

40

42

44
46
48
50
Amplitude (dB)

52

Fig. 10: Amplitude (Y-5).
20
20
Ch.2（lower）

Ch.5（upper）
Steel plate

AE sensor
Ch.3（lower）
Ch.4（upper）

Ch.1（lower）
[mm]

Observation area
Fig. 11: Observation area.

cracks

(a) Y-5, around Ch. 3.

50%(Ch.3)

60%

Ratio

4.2 AE amplitude
The ratio of amplitude for Y-5 specimen is
shown in Fig. 10. The largest ratio of amplitude
was about 60% at 40dB which is the threshold
level. A few large amplitude were recorded. It is
thought that the inside cracks did not progress
because only compression load was applied.
Thus, the AE phenomenon was detected as the
inside cracks opened and closed.

(b) Y-6, around Ch. 3.

Fig. 12: Microscope observation.

54

56
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5. Conclusions
From the cyclic loading tests, a lot of AE hits
were confirmed at Y-5 specimen which was
loaded intensively at the preliminarily test. Then,
microscope observation was conducted to
confirm the inside damage. It was clarified the
cracks in the vicinity of Ch. 3 for Y-5 specimen.
From the results of the field measurement, the
AE measurement was found to be effective to
evaluate damage of rubber bearings.

Cumulative AE hits

Cumulative AE hits

400
350
300

404

250
200
150
100

15

50
0

B Bridge B
Bridge

A BridgeA
Bridge

Fig. 13: AE activities.

AE Energy

4.4 Field measurement
Results of AE activities are shown in Fig. 13.
The number of cumulative AE hits of the Bridge
A is 27 times of the Bridge B. Thus, it is thought
that the aging degradation has been accumulated
in the laminated rubber bearing of the Bridge A.
Activities of the AE energy at the Bridge A and
the Bridge B are shown in Fig. 14. From the
results, also AE energy of the Bridge A is larger
than that of the Bridge B. Large AE energy was
confirmed at both Ch. 1 and Ch. 2. In the vicinity
of these sensors, some surface cracks were
confirmed, and it was thought that these cracks
opened and closed, or slide, resulting in large AE
energy. There is a possibility that the AE hits
from inside the bearing are detected. The
location analysis will be conducted to evaluate
the damage location more precisely in future
works.

450
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50
45
40
35
30
25
20
15
10
5
0
0

500

Ch.2

Ch.3

1000

Ch.4

Ch.5

1500
Time (s)

Ch.6

2000

Ch.7

2500

3000

(a) Bridge A

AE energy

were chosen as damaged and non-damaged,
respectively.
Results of observation are shown in Fig. 12. In
the vicinity of Ch. 3 at Y-5 specimen, several
cracks are confirmed between the rubber and the
steel plates. Detection of many AE hits was
clarified because these cracks opened and closed
during the loading tests. On the other hand, no
cracks were confirmed in Y-6 specimen. Thus,
evaluation of the damage inside the laminated
rubber bearing is possible by using AE method.
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Fig. 14: AE energy.
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Summary
Using the probabilistic seismic demand analysis method, the seismic vulnerability model of a
certain typical unequal pier height highway bridge in the western mountainous areas of China is
created in OpenSees software. Considering the uncertainty of the earthquake and bridge parameters,
by adopting sampling method, the model sample database is generated to carry out bridge seismic
vulnerability analysis. In order to obtain the structural dynamic response, every model in the
database is calculated by using nonlinear time history analysis by using the software such as
OpenSees. The curvatures were considered as the pier damage index and relative displacement were
considered to be the bearing damage index to figure out the failure probabilities of different damage
states. In addition regression analysis was performed to establish the relationship between the
ground motion intensity and seismic requirement of bridge components. Furthermore based on a
lognormal distribution assumption and the reliability theory, the fragility curves of different damage
states are obtained. Fragility curves obtained can be used to evaluate the seismic performance of
unequal pier height bridges, and will provide the basis for post-earthquake damage assessment.
Keywords: Probabilistic seismic demand model; Irregular bridges; Seismic fragility; Reliability
theory.

1.

Introduction

In recent years, with rapid development of the traffic network in the western China, lots of highway
traffic line has sprung up in the western region. To overcome these complex terrain, such as high
mountains and deep ravines, ravines and gullies criss-cross, high pier height and long span bridges
unequal pier height structure is widely used (usually the three-span continuous rigid frame bridge in
highway is more common), which results in larger span and high pier height, and also the elevation
difference between the piers also vary considerably, and some time the difference is up to dozens of
meters. This unequal difference between the pier height and the elevation difference of each pier
has brought a lot of technical problems on the bridge seismic design in the western China. In
addition the western China is highly prone to earthquakes, especially in the recent years the
frequency of earthquakes were very high, which makes the operational safety of the bridge structure
more complex. And to top it off in Chinese highway bridge seismic design specifications, for pier
height over 40 m, no reasonable and effective seismic evaluation method exist, thus all the above
reasons have make the situation even worst [1].
With the continuous development in seismic studies, seismic fragility analysis method has become
an important means to evaluate the seismic performance of the bridge [2]. It reflects the probability
of structural response when exceeds the damage limit state under the action of geological process in
different intensity, and generally rely on empirical statistical and numerical simulation analysis to
obtain the results [3]. Empirical methods [4] based on the existing post-earthquake damage
investigation reports; numerical simulation analysis methods[3] by calculating and analysing seismic
response of bridge to obtain the fragility curves have attained great attention of researchers in recent

Safety, Robustness and Condition Assessment of Structures

235

years. Due to less knowledge about the specific seismic hazard information, in recent years,
researchers from all around the world are making an extensive and systematic research on
Analytical Fragility Models of numerical simulation analysis methods. Numerical analysis method
is adopted by Nielson and DesRoches (2007)[5]to establish a typical seismic vulnerability model of
three-span continuous girder bridge in south and central America, and to carry on the contrast
analysis of the calculated results and the model recommend by HAZUS - MH. Agrawal (2010)[6] et
al, who were specific to the typical multi-span simply supported girders in New York to carried out
seismic vulnerability analysis. Danusa H. Tavares(2012)[7] et al, who were specific to five types of
common three-span continuous girders in Quebec to carried out seismic vulnerability analysis.
However, most of the above vulnerability analysis studies are for conventional bridge structures
(such as simply supported girder, small and medium-span continuous girder and continuous rigid
frame) and single bridge components (such as piers, bearings, etc.), but in case of the western
region in China where the high pier long-span continuous rigid frame is used, with unequal pier
height, a little or almost no research has been carried about it.
Based on the above limitations, this article takes a typical high-piers long-span continuous rigid
frame bridge in western regions of China as the case study. A complete finite element bridge model
was established, according to the model parameters and ground-motion uncertainty. A probabilistic
seismic demand analysis for the main components of the bridge was carried out. On the basis of
PSDM, a bridge components fragility curve is set up; and the vulnerability of the bridge is analysed
and discussed to assess the seismic performance of this type of bridge structures.

2.

Seismic Vulnerability Analysis Methodology

2.1
Probabilistic Seismic Demand Models
Probabilistic Seismic Demand Models (PSDM), that is the probability distribution of seismic
demand parameters under the condition of a given earthquake intensity, have established the
probabilistic relationship between the structural seismic demand parameter and the ground-motion
intensity index. Cornell (2002)[3], under the hypothesis of structural seismic demand parameters
subjected to logarithmic normal distribution, developed the relationship between seismic demands
and ground-motion index by regression analysis. He found that the median EDP of structural
demands and ground-motion intensity IM are subject to the following exponential relationship:
EDP  a( IM )b or ln( EDP)  ln(a)  b ln( IM )

(1)

Based on lognormal distribution, in above equation ln( EDP) is the logarithmic structural demands
seismic value, whereas a and b are the unknown coefficients to be determined by using regression
analysis. As the structural behaviour changes according to the level of ground motion intensity,
therefore the relationship between the structural behaviour and the ground motion intensity is
shown in Equation (1). Subsequently the structural seismic dispersion requirement  EDP IM based
on ground motion intensity is given as:
 EDP IM 



N

[ln(edp i )  ln(aIM i )] 2
b

i 1

N 2
equation, edp i

(2)

In above
is the i th peak demand; IM i is the i th peak ground-motion; N is the total
amount of ground-motion. Assuming that the structural capacity requirements and anti-seismic
demand are both subject to the normal distribution, then the probability function will be a
lognormal distribution when the structure meet or exceed the specific damaged conditions. Based
on the regression analysis after the lognormal distribution parameters was obtained, the
probabilistic seismic demand model can be expressed as:
 ln edp  ln EDP 

P[ EDP  edp IM ]  1   


 EDP IM



To substitute the equation (1) into the equation (3), simplified:

(3)
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P[ EDP  edp IM ]  1  
   




 EDP IM
 EDP IM
 EDP IM











b



(4)

In above equation,   (ln edp  ln a) / b is a natural logarithm for the specific seismic demand
corresponding to the median of seismic intensity;    EDP|IM / b is the standard deviation of
logarithm. The applicability of ground-motion intensity parameters can use directly  for
assessment, thus the smaller of the value of  , the better the applicability.
2.2
Seismic Vulnerability Analysis of Components
Seismic vulnerability can be converted to a conditional probability to meet the seismic demand of
structural components or exceed its anti-seismic capacity in a specific ground-motion level, as
shown in the following:
Fragility  P[ EDP  C IM ]  P[C  EDP  0.0 IM ]

(5)

In such a case when the seismic demand of structural components and the assumption of antiseismic capability is subject to the lognormal distribution, the vulnerability functions can be written
as:

 ln(S d / S c )
P[C  EDP  0.0 IM ]   
2
2
  EDP
|IM   c







(6)

Where:  EDP|IM is the dispersion of structural seismic demand;  c is the logarithmic standard
deviation of structural seismic capability;  () is the Standard normal cumulative distribution
function; S c is the median of structural anti-seismic capability in a specific limiting condition; S d is
the median of structural seismic demand, where IM is the seismic intensity index.
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Fig.1 General description of bridge structure (unit: cm)

3.

A Case Study

3.1
Project Profile and Finite Element Model
The bridge in figure 1 is located in Class II site soil. The deck is a variable cross-section continuous
box Girder Bridge with three-spans. Bridge span arrangement is 125m + 220m + 125m, considering
C60 concrete; main pier 2 # and 3 # have the same cross-section (rectangular hollow pier), and
transfer piers on the both sides use the double columns thin-walled hollow pier. C40 concrete is
used for pier’s 1-4 #. The heights of the piers are: 67.45m, 102.0m, 99.5m, 85.42m respectively as
shown in Figure 1. The longitudinal reinforcement rate is 1.2 percent, the stirrup ratio is about 0.75
percent, and longitudinal reinforcement and stirrups are adopted based on HRB335 grade, adopting
PTFE Skateboard rubber bearings (GZJ4700-700-151) on the top of 1# and 4# Pier for analysis.
OpenSees software was used to build the complete bridge finite element model. The main beams
are simulated by three-dimensional beam elements. By considering the effect of self-weight and
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secondary dead loads, the main girder is simulated by using elastic three-dimensional beam element.
The horizontal and isotropically Flat Sliding Bearing Element in the OpenSees finite element
program is used to reflect the sliding effect of the elastomeric bearing for simulation of the real
bearing characteristics.
Using three-dimensional elastoplastic Fiber Section to simulate the pier, corresponding materials of
Fiber Section were endowed with constitutive relation of steel and concrete respectively, while
considering concrete’s tensile strength. The constitutive model of concrete material was established
by using Kent-Scott-Park stress - strain relations[9]; and stress - strain relation of steel was
determined by Giuffre-Menegotto-Pinto model[10].

Fig.2 acceleration response spectrum (   0.05 )
3.2

Fig.3 the contrast diagram between the average
spectral and code response spectrum

Unpredictable Parameters

3.2.1 The unpredictable nature of ground-motion
According to the soil condition at bridge site and also taking into consideration the design response
spectrum in the Seismic Design of Highway Bridges Details as a target spectrum, the average soil
shear wave velocity in the range of 250m / s <v <500m / s from the "PEER strong ground-motion
database " of Pacific Earthquake Engineering Research Center was selected. Its epicentral distance
is more than 30km and does not contain the 100 records of high-energy pulse of ground-motions.
The coverage of the peak acceleration is 0.1g ~ 1.0g, and its acceleration response spectrum is
shown in Figure 2. Comparing the mean dynamic amplification factor of seismic waves and the
value of Class II soil site as recommended in Chinese specification, the mean dynamic
magnification factor of 100 seismic wave records is selected which is very close to the
recommended values as shown in Figure 3. This article mainly uses the input of longitudinal
seismic methods to study the seismic vulnerability of Vertical structures.
3.2.2 The unpredictable nature of bridge structural parameters
For high pier long-span continuous rigid frame, the unpredictability of material properties and
components behaviour and the loading effects will directly affect the demand and capacity of the
bridges due to seismic action. So, the impact of these factors should be considered in the seismic
vulnerability analysis. This article determined the uncertainty parameters and its statistical
characteristics in bridge analysis model with aiming at the structural characteristics of long-span
high pier continuous rigid frame bridge; combining with seismic damage investigation data and
previous research achievements[12] (see Table 1).
Table.1 Uncertain parameters and their statistical distribution
Model Parameter

Distribution type

Mean

Pier concrete compressive strength (MPa)
HRB335 steel bar strength (MPa)
Secondary dead load (kN/m)

Normal
logarithmic normal
Normal

38.8
335
32

Coefficient
variation
0.17
0.07
0.04

Bearing friction coefficient

logarithmic normal

0.02

0.25

of
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3.3

Determination of structural damage index

At present, domestic and foreign scholars have done numerous research[13] on damage index of
various types of structural components. In this paper, structural damage state was divided into slight
damage, moderate damage, extensive damage and complete damage. Each bridge element damage
index is determined as follows.
3.3.1 Pier damage index
For high pier long-span continuous rigid frame bridge, its 2 # and 3 # pier top cannot rotate freely,
because of the restriction of superstructure, adjacent piers or abutments, and thus the internal force
distribution of column is complicated. On the other hand, the pier top displacement of long-span
bridges is not synchronized with the curvature of the control section, and there is not a one-to-one
correspondence[15] between material damage and deformation. Therefore displacement or
displacement ductility ratio cannot be used for this type of bridge structure as a pier damage index.
Figure 4 shows the pier shaft cross-section of maximum curvature envelope of two piers in the
action of 50 seismic waves. Despite of the higher modes effect on its curvature distribution model,
Figure 4 shows that the position where plastic failure may occur on pier’s column at the edges(1#
and 4 # ) appears at the bottom due to earthquake; and the position where plastic failure may occur
because of the central pier’s column (2# and 3 # ) appears at the bottom or top area, while the actual
damage in this case is also due to piers height [16]. Therefore the curvature describes the damage
index as a damage characteristics of bridge column. Based on the above analysis, control sections of
pier in the seismic vulnerability analysis are: top and bottom-section of central pier (2# and 3#),
bottom-section of side piers (1# and 4#). The damage states of column, the description of damage
index and calculation methods are referred in literature[17].

(a)

1# Pier

(b) 2# Pier

Fig.4 Envelope curve of curvature for each pier type
3.3.2 Damage Index of Bearing
Laminated rubber bearings showed a good flexibility even under the action of earthquake, and they
are able to a certain shear deformation to play an important role in extending the period of the
structure and energy consumption. Bearings will fail in shear when the shear deformation is too
large, and the failure strain of ordinary rubber material can reach 400% ~ 500%. For safety
considerations in the design of bearing, allowable shear strain  a of bearings shall be included in the
design equation, as follows:
a 

umax
te



(7)

In above equation, umax is the maximum allowable relative displacement of bearing in the effect of
earthquake;  a is allowable shear strain. Taking Different values based on different combinations of
internal forces, Specification[11] provides that: For normal service condition  a = 70%, small or
moderate earthquakes  a = 150 %, extensive earthquake  a = 250%;  te is the total thickness of the
rubber layers.
According to Chinese specifications provisions for bearings for allowable relative displacement by
earthquake, and with reference to some foreign specifications and deformation and failure criteria[18]
of piers; this paper takes the relative displacement  z as the bearing damage index , and selects
allowable shear strain 100 %, 150 %, 200 %, 250 % respectively as the corresponding limiting state
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of 4 kinds of fault condition.
3.4

Seismic Vulnerability Analysis of bridge structure

3.4.1 Seismic Vulnerability Analysis of whole pier
According to equation (6), there are fragility curves of four piers’ each unit and the spatial
distribution of the entire pier vulnerability could be drawn by each unit of fragility curves.
Figure 5 shows a vulnerability cloud of 1 # side pier. The figure shows that the bottom of side pier
is most prone to damage, the pier along the bottom to the top direction is damaged gradually with
the increase of PGA. When the PGA is greater than 1.1g, there is slight damage within the range of
35m of pier’s bottom; when the PGA is greater than 1.4g, there is moderate damage within the
range of 35m of pier’s bottom.
Figure 6 shows the vulnerability cloud of 2# central pier. The figure shows that the bottom and top
of 2# central pier is most prone to damage, the pier from the both ends toward the central direction
is damaged gradually with the increase of PGA, and under the condition of the same PGA, the
probability of damage of the section which is near the pier’s bottom is much higher than the section
which is near the pier’s top.
Figures 4, 5 and 6 show that it is important to consider the vulnerability situation of the bottomsection of the side pier and the central pier’s bottom and top-section when carrying out the seismic
fragility analysis for this type of bridges.

Slight damage

Moderate damage

Extensive damage

Fig.5 Fragility cloud picture of 1# pier
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Fig.7 Fragility curves of bridge components
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3.4.2 Comparative analysis of components’ Vulnerability
From section 3.4.1, it is clear that the main risky sections of pier include: bottom-section of side
pier, top and bottom-section of central pier. In addition, the literature has shown that side pier
bearings are prone to damage easily. Therefore, above-mentioned dangerous section and
components should be considered when analysing the vulnerability of each component’s dangerous
parts for long-span high pier. Figure 7 shows the seismic fragility curves of each vulnerable
component in four kinds of damage state, from the chart. The fragility curves of different
components have similar shapes, but different damage states have different damage probabilities. In
order to compare the situation of each component’s vulnerability, Table 2 is built, using the median
of exceeding probability ground motion intensity index to describe components’ vulnerability, and
the four states corresponding to the median of ground motion intensity index and the standard
deviation of vulnerable logarithmic function.
Table 2 Fragility function parameters of bridge components
Slight damage
Members

Moderate damage

Extensive damage

Complete damage

median

c

median

c

median

c

median

c

1# Pier Bearing

0.150

0.759

0.321

0.759

0.653

0.867

1.326

0.867

4# Pier Bearing

0.125

0.768

0.293

0.768

0.612

0.880

1.274

0.880

1# Pier Bottom

0.317

1.121

0.433

1.121

2.026

1.190

2.426

1.190

2# Pier Bottom

0.325

0.909

0.373

0.909

2.895

1.046

4.722

1.046

3# Pier Bottom

0.333

0.757

0.387

0.757

3.053

0.919

4.926

0.919

4# Pier Bottom

0.342

1.133

0.473

1.133

2.289

1.202

2.759

1.202

3# Pier Bop

0.617

1.778

0.882

1.778

——

2.084

——

2.084

2# Pier Bop

0.633

2.564

0.920

2.564

——

2.794

——

2.794

Figure 8 shows the corresponding median of PGA of failure probability in four kinds of damage
state. The variation range of median is from 0.125g to 0.633g for the slight damage. 1 # and 4 # pier
bearings are the most prone to damage, but 2 # and 3 # top-section of central pier are the least prone
to damage, while the four bottom-sections have the similar median of PGA.
The median of PGA of 1 # and 4 # side-pier’s bearing is 0.321 and 0.293 respectively in moderate
damage state; it is mostly prone to moderate damage. But for bottom-section, 2 # and 3 # pier’s
bottom-sections are the most prone to damage, followed by 1# and 4 # pier’s bottom-section, which
is showing that the bottom-section of central pier is more prone to moderate damage.
For extensive damage or complete damage, 2 # and 3 # pier’s top-section almost will not see these
two kinds of damage. And the variation range of median is 0.653g～2.289g and 1.326g～2.759g
respectively, while two side-pier bearings are still the most prone to damage, followed by 1#, 2 #, 3
#, and 4 # pier’s bottom-section. There is a slight difference between slight damage and moderate
damage results.
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Fig.8 Comparison of the median values of PGA for typical bridge members

4.

Conclusion

This article is based on probabilistic seismic demand model and seismic vulnerability analysis for
the typical unequal pier height continuous rigid frame bridge in the western region of China. The
main conclusions are as follows:
(1) Combined with the distribution rule of pier body’s curve of long-span high pier continuous
rigid frame bridge, it can be seen that the top and bottom region of pier is the first to enter the
plastic state under earthquake.
(2) Vulnerability cloud can visually show that the damage probability of each unit changed with
PGA changing. It reveals the evolution of the entire pier’s damage and failure probabilities, and
thus shows the vulnerability situation of the overall pier preferably. Therefore vulnerability
cloud can be used to analyse the vulnerability of the whole pier.
(3) According to the Seismic fragility analysis of bridge components there is a large difference of
several damage states corresponding to each component seismic vulnerabilities. Bearings are
the most prone to damage , followed by bottom-section of end piers, bottom-section of central
pier and top-section of central pier.
(4) For the typical long-span high pier continuous rigid frame bridge in western region of China, its
piers flexibility is better. When the PGA is less than 0.8g under the action of earthquake, the
piers would never experience extensive damage or complete damage. Thus, piers show a very
good seismic performance.
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Summary
In dense urban environments, structures are often constructed right up to their lot lines. In some
cases buildings even share party walls. These lot line buildings are typically older and sometimes
historic. Typical structural framing systems for older buildings consist of unreinforced brick
masonry load bearing walls with timber framed floors supported on stone rubble or masonry
foundations. Renovations and new construction adjacent to these older lot line structures are
especially challenging and risky. Two case studies with potentially dangerous renovations of
existing buildings and older buildings adjacent to new construction will be presented.
Keywords: Lot Line, Adjacent Construction, Neighbour, Retrofits, Construction Vibrations,
Differential Settlement, Party Wall, Support-of-Excavation, Historic-Buildings,
Masonry Cracks.

1. Introduction
Renovations and new construction adjacent to delicate lot line structures are unavoidably
challenging and risky. In dense a city such as New York City (NYC) almost every construction site
has an adjacent lot line structure. Construction mistakes at lot line structures are relatively common
and often lead to damages, litigation, construction delays and even collapse of the adjacent
structure. Common mistakes seen in projects in New York City are presented. Two case studies with
potentially dangerous renovations and adjacent new construction site excavation operations
highlight the public safety concern. These dangers and risks can be mitigated or avoided with
proper construction protection plans and accurate condition assessments of the structures that lie
adjacent to the lot lines.

2. Party walls and lot line retrofits and construction
2.1

Party walls

A party wall is a shared wall that provides a fire division between two buildings on an interior
property lot line [1].
Table 1: Party wall types
Type Description
1
2
3

Party walls may sit directly on the property lot line thereby having each half of the party wall on a different
property.
Party walls may be completely inside one of the property lot lines but provide structural support to the adjoining structure
Party walls may be completely inside one of the property lot lines but provide and exterior enclosure to the
adjoining structure.
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Lot line retrofits and construction

Lot line retrofits and construction is when construction takes place along the property lot line with
another adjacent structure in the adjoining property lot already built up to the property line.
Table 2: Lot line construction types
Type Description
1
2

3

New construction and/or retrofit of a building that shares dependency of either party wall type 1, 2 or 3.
Excavation and/or demolition in an adjoining property. This construction activity applies when there are
adjoining walls that are not party walls. The excavation may require dewatering thereby affecting adjacent
structure
Adjacent property excavates below the bearing influence of the adjacent structure’s foundations and there
by requiring underpinning and other support of excavation construction activities such as pile drilling or
driving. The excavation may require dewatering thereby affecting adjacent structures.

2.3 New York City Building Code (NYCBC) protection of adjoining properties
In NYC per the NYCBC Section 3309 many measures for protecting adjoining properties are in
effect. The building code requires the following:
- Construction site developers provide notice to the adjoining property owner prior to construction,
demolition and excavation activity commencing [2].
- Adjacent construction site developers acquire a license for performing pre-construction
surveys, physical examination, performing underpinning and other subsurface activity such
as dewatering that could potentially have adverse effects on the adjacent properties and
lastly for affecting and safeguarding party walls [2].
Developers are required to acquire a license for installing protection for on roof and
pedestrian walkways to protect the public [2].
2.4 Shared party walls in New York City
In New York City (NYC) shared party walls are complicated by the fact that both of the property
owners for the adjoining properties share rights over the party wall [3]. This can lead to litigious
license or easement agreements. Based on previous court cases in NYC, owners of the adjacent
properties may use the shared party wall for support of additional loads beyond that of the original
construction as long as the wall is strong enough for each of the property owners to be able to use
the party wall with equal privilege [3]. Therefore, it is up to the property owner making the
modifications to the party wall to provide the necessary due diligence to ensure that the structural
integrity of the party wall is not compromised. This due diligence is performed by a structural
engineer who analyses the existing stresses in the party wall and the additional imposed demand on
the wall to ensure that the structural integrity of the wall is preserved while maintaining equal
privilege to the party wall for both owners.
In NYC agreements for the use of or alteration to the party wall are resolved through a license
agreement where both owners have their own engineers perform an analysis of the party wall at the
expense of the owner proposing to alter the party wall’s existing conditions. If an agreement cannot
be reached, typically an independent third party engineer is brought in to review the structural
analyses from both engineers and to provide an agreement with either party or provide an
alternative solution or opinion to the matter. The involvement of a third party engineer requires an
agreement between both property owners.
This process can become very complicated in NYC when adjacent buildings were originally
constructed with unequal shares of the wall. Therefore, the question that arises is whether equal
privilege is in reference to the full capacity of the wall or over the remaining capacity of the wall
after construction. This is particularly important if both buildings have not been structurally
modified since their construction.
2.5 United Kingdom Party Wall Act of 1996
The measures taken in the NYCBC are similar to those set forth by the Party Wall Act of 1996 in
the United Kingdom (UK). Both legislations have similar requirements in regards to protection of
-
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adjoining properties, required notices and necessary easements or licenses for perform proposed
modifications. The minor differences between NYCBC and the UK are found in the legislation, but
these differences are due to the fact that the independent third party engineer is referred to as an
independent surveyor [4, 5]. The similarities between the two code provisions are indicative that the
dangers in lot line construction are similar in all dense urban environments.

3. Dangers of lot line retrofits
The first case study addresses the dangers associated with retrofits to buildings that share a brick
masonry load bearing party wall. One neighbour proposed to impose concentrated loads on to an
unreinforced brick masonry party wall without full knowledge of the adjoining structures’ structural
system and state of stress in the wall prior to the retrofit
3.1 Case Study I
3.1.1 Introduction
Building A is an office structure that was constructed in New York City circa 1949. The structure
consists of brick masonry load bearing walls supporting timber framed floors. The building’s
masonry load bearing walls are supported by reinforced concrete foundations.
Building B is an office structure that was constructed in New York City circa 1949. The structure
consists of brick masonry load bearing walls supporting concrete encased steel framing that
supports a wire mesh reinforced concrete floor system. The concrete encased steel beams impose
concentrated loads on the bearing walls approximately every 2 meters.
Buildings A and B were built coincidentally in 1949 and were share a 0.3 meters thick brick
masonry party wall. The party wall is of Type 1 construction (See Table 1), and therefore both
buildings depend on the party wall for structural support.
The owner of Building A proposed retrofitting the building to accommodate a new theatre. The
proposed retrofit required changing the structural framing system of Building A to accommodate
the larger spans necessary for the theatre. The change required switching the building from a wood
framed floor system to a steel framed system that imposed a concentrated load approximately every
2.13 meters onto the party wall shared between Buildings A and B. Part of the retrofit also required
raising the current roof 3.96 meters above its existing elevation. To raise the roof, a concrete
masonry unit (CMU) load bearing was proposed to be erected above the existing masonry party
wall between Buildings A and B.
The owner of Building A hired a structural engineer to analyse and design the proposed retrofit of
Building A. Part of the analysis included determining the existing party walls stresses before and
after the retrofit.
After approximately a year of unsuccessful technical discussions between the architect representing
Building B and the engineer for Building A, the counsel representing the owners of Building B
decided to hire Thornton Tomasetti Inc. to perform a peer review of the proposed party wall and the
modifications proposed by Building A’s engineer. The end goal was to come to a license agreement
between the two building owners that would permit equal rights if Building B decided to expand in
the future.
3.1.2 Party wall peer review analysis
Prior to beginning the peer review analysis, we requested a copy of the original structural drawings
and performed visual observations of Building B to verify that the existing drawings matched the
existing conditions. We also performed observations of the party wall to determine its current
condition. Following our site investigation, we performed a peer review analysis of the proposed
modifications to the party wall.
Several of the assumptions made by Building A’s engineer were not verifiable. The engineer
representing Building A did not have and never requested the existing structural drawings for
Building B. The following assumptions and analysis procedures were used by Building A’s engineer
to determine that the party wall’s stresses after the retrofit:
- The analysis performed by Building A’s engineer assumed that both Buildings A and B were
timber framed structures and that the loads from the Building B were loading the party wall
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in a uniform manner. This assumption was based on observations made from the Building A
side of the party wall.
The thickness of the wall was never verified.
The actual compressive strength of the wall was never verified or tested.
The unbraced lengths of the wall were not taken into account in the capacity calculations for
the party wall.
The analysis also assumed uniform loading from Building A’s side after the retrofit and
therefore, did not take into account that the load after the retrofit would change into
concentrated loads.
The analysis also did not account for the eccentricities imposed by the CMU load bearing
wall extension required to be installed on top of the party wall.

- Both building’s current stresses before the retrofit were not investigated.
Building A’s engineer’s results indicated that the wall’s state of stress was acceptable and in
conformance with local party wall court decision precedence, when in truth the results were
dangerously wrong.
Building B’s structure was in fact a concrete encased steel framing system that supported wire mesh
reinforced concrete floor. This system was approximately four times heavier than that originally
assumed by Building A’s engineer. Testing of the brick masonry via “flat jack testing” was
eventually performed on the party wall and yielded the assumed lower bound strengths in
compressive strength of the masonry. The concentrated loads on both sides of the party wall created
conditions where there were overlapping cones of influence, thereby creating areas of high stress
within the wall. Following these findings, Building A’s engineer agreed that a re-analysis of the
party wall was merited due to the unverified original assumptions.
Upon further analysis we discovered that Building A demanded approximately 26% of the party
wall’s capacity and that Building B demanded approximately 60% of the party wall’s capacity.
Therefore, the total reserve capacity of the party wall was 14% of the party wall’s capacity. Since
construction, both of the buildings structure have not been modified, which lead to the crux of the
argument between parties: should the structures on either side of the party wall have a clear 50%
split in capacity of the party wall or a 50% split in the reserve capacity of the party wall since both
buildings were constructed at the same time? This became important as the owner of Building B
wished to maintain its rights to be able to construct another story on top of their building if it was
possible to do so within their 50% of the remaining 14% reserve capacity.
In the final analysis a 10% increase in the allowable stress of the wall was accepted, therefore
increasing the reserve to 24% of reserve capacity which would be equally shared between Buildings
A and B.
3.1.3 Dangers
The dangers in this case study were due to the engineer for Building A not understanding the
existing conditions of the party wall. If a proper condition assessment had been performed prior to
the structural analysis of the wall, the assumptions made the by engineer by Building A would have
been verified. This would have changed the design early-on to accommodate the party wall’s
existing capacity while maintaining equal rights to the reserve capacity. In this particular case study
the final wall stresses, after the corrected calculations were submitted, did not yield results that
would have structurally compromised the party wall. However, it could have been a dangerous
condition that would not have come to light if it wasn’t for the measures put forth in the NYCBC
for protecting adjoining structures. In conclusion, this case study is now only a legal easement
issue, and no longer and engineering issue.
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Fig. 1: Elevations showing the stress cones of influence overlapping

4. Dangers of lot line new construction
The second case study addresses the dangers associated with vibrations in lot line new construction
and differential settlement attributed to support of excavation activities.
4.1 Case Study II
4.1.1 Introduction
During the support of excavation construction activity at 13 St. Marks Place, Brooklyn, NY (13 St.
Marks) the adjacent building located at 15 St. Marks Place, Brooklyn, NY (15 St. Marks) sustained
damage attributed to vibrations resulting from pile drilling. The vibrations caused differential
settlement of the structure located at 15 St. Marks. This is a Type 3 lot line construction case (See
Table 2).
The building located at 15 St. Mark Place is a residential structure that was constructed in
Brooklyn, NY circa 1949. The structure consists of brick masonry load bearing walls supporting
timber framed floors. The building’s masonry load bearing walls are supported by masonry
foundation walls. Unlike similar buildings from the same time period, this structure is not
designated as a historic building.
Prior to the construction of the support of excavation, a pre-construction survey of 15 St. Marks
was not performed. During support of excavation construction activities no vibration and optical
monitoring was performed. Thornton Tomasetti Inc. was retained by the owners of 13 St. Marks to
assess the damage to the adjoining structure at 15 St. Marks and asses its stability after the damage
occurred.
The support of excavation system implemented at the 13 St. Marks construction site required the
installation of multiple steel micro piles approximately 0.61 meters south of the north masonry load
bearing wall of 15 St. Marks. The plans also called for the installation of steel brackets to underpin
the north masonry bearing wall of 15 St. Marks. Underpinning was required because the basement
of the new building at 13 St. Marks was deeper than that of the adjoining structures. Construction
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was stopped during the drilling of the steel mirco piles
as damage to 15 St. Marks became evident.
We performed a condition assessment of 15 St. Marks
and determined that the building was stable, but had
sustained significant damage attributed to differential
settlement of approximately one centimeter at the
northeast corner of the building. The total settlement
registered was an estimate made from visual
observations, since there were no optical monitoring
readings recorded during the support of excavation
construction activities. We also observed that the north
masonry load bearing wall had moved laterally out of
plane approximately one half centimeter. This
movement was estimated based on visual observations
of the timber framed floor beam pockets.
4.1.2 Failure to Monitor and Safeguard Adjoining
Structure
In this particular case study no vibration monitors were
installed, no optical monitoring readings were taken and
no pre-construction survey was performed. Therefore,
Fig. 2: Northwest corner of 15 St. Marks the owner and contractor at 13 St. Marks became liable
for all the damage to 15 St. Marks induced during
after damage but before stabilization
construction activities.
As required by the NYCBC Section 3309 a pre-construction survey should have been performed at
15 St. Marks [2]. These observations would have recorded baseline conditions within 15 St. Marks
and thereby it would have limited the liability for the owner of 13 St. Marks.
4.1.3 Support-of-Excavation Drawings and Dewatering
We also reviewed the support of excavation drawings and the geotechnical report performed for the
property located at 13 St. Marks. Based on this review, we requested any documentation that
permitted the underpinning of the adjoining structure’s (15 St. Marks’) northern masonry wall,
which did not exist.
If construction proceeded according to the available support and excavation drawings, it would
have resulted in areas of un-retained soil beneath 15 St. Marks. The details depicted in the support
of excavation drawings would not have
prevented soil loss under 15 St. Marks.
The water table did not appear to have
been taken into account in the support
excavation design, since the ground
water table was not indicated on the
drawings and there was no dewatering
plan. Based on the geotechnical reports
the
ground
water
table
was
approximately at mid height of the
total depth of the excavation.
Dewatering of an excavation can cause
significant differential settlement to the
adjacent properties. The absence of a
proper
dewatering
plan
and
overlooking the ground water table
elevation in the design of support of
Fig. 3: Stabilization of the northwest corner
excavation were dangerous mistakes
given that the structure was already in
a weakened state due to the sustained damage incurred during the micro pile drilling activities.
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4.1.4 Stabilization
We developed and implemented a proper construction monitoring plan for property based on the
NYCBC Technical Practice and Procedures Notice 10/88 (TPPN 10/88). Although 15 St. Marks is
not a historic structure, it is of similar construction, and therefore the monitoring thresholds
prescribed by the TPPN 10/88 are applicable and conservative. The thresholds for movement per
the NYCBC’s TPPN 10/88 are set to be 6.4 millimeters of movement in any direction [6]. Vibration
monitors were also installed with a threshold levels set below the NYCBC’s TPPN 10/88 prescribed
vibration threshold of 12.7 millimeters per second peak particle velocity to ensure that the limit
would not be exceeded [6].
We also designed a stabilization system that tied the floor diaphragm of 15 St. Marks to the north
masonry walls via wall ties and corner brackets. This was done to stabilize the structure and to
force the building to behave in unison.

5. Discussion
Understanding the existing condition of the structures that share a lot line is fundamental to
avoiding the dangers associated with lot line retrofits and construction. The case studies presented
address some of the common dangers in this type of construction. Fortunately for these two case
studies the danger was mitigated and catastrophe prevented.
In the first case study the party wall, had sufficient reserve to carry the changed loads and the
altered load distribution. However, what if the party wall did not have sufficient reserve? What if
the owner of Building B had not brought in their own engineer to perform a peer review of the party
wall analysis? The results of such a scenario would have been very dangerous and the structural
integrity of the party wall would have been compromised.
In the second case study, almost everything that a developer and a contractor can do wrong when
excavating adjacent to a lot line property went wrong. The movement of the structure during pile
drilling and further movement during the underpinning and dewatering phases could have resulted
in the collapse of the structure. The strict and conservative construction protection plan ensured no
further movement of the structure.
In dense urban environments, structures are often constructed right up to the lot line. Building codes
in NYC and in the UK have strived to protect adjoining structures. Both NYC and the UK have put
forth stringent regulations to protect the public, and although these regulations are in place, the
dangers of lot line retrofit and construction cannot be avoided completely. However, these dangers
can be mitigated if the existing conditions of the site and the adjoining structures are understood
and addressed by the engineers, contractors and the developers performing lot line retrofits and new
construction.
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Summary
Cable element plays an important role in cable structures including cable supported long span
bridges. To increase structural robustness and prevent progressive collapse, cable in cable-stayed
bridge is generally designed with sufficient redundancy. However, in some extreme events, the
cable can be abruptly broken. Impact force factor of 2.0 is suggested by the PTI’s
“Recommendations for Stay Cable Design, Testing and Installation”. This study seriously placed
the cable loss phenomenon under consideration. Firstly, description of impact force factor and
classification of cable loss event were discussed. Secondly, rod breaking experiment was carried out
to determine the values of impact force factor in three breaking patterns; remarkable behaviours of
the specimens were also highlighted via strain waves obtain from the tests. Finally,
recommendations for appropriate impact factor and approach method for this relatively new field of
study were issued.
Keywords: cable-stayed bridge, cable loss, impact force factor, structural redundancy, rod breaking
experiment

1. Introduction
Recently, structural robustness problems or the capacities to maintain stability under effect of
critical events are addressed as a very important factor in bridge design. Especially, in cable
supported long span bridges such as cable-stayed bridge, suspension bridge and extradosed bridge,
the cables are generally designed with very high redundancy and well-protected against fatigue and
corrosion.
However, unforeseen accidents in which the cables in cable-stayed bridge were abruptly broken or
lost their stresses have been recorded. For example, in the case of Charilaos Trikoupis Bridge in
Greece (2005), after a lightning strike, one of the cables’ links felled from the top of one pylon, the
bridge was unable to be exploited until the affected element was completely repaired. In another
accident occurred in Vietnam in 2010, during a typhoon, three large cargo ships’ anchors were
broken; the ships then crashed into the Binh Bridge, causing heavy damage to the main steel girder
and six cables; the bridge then had to reduce its designed loading capacity. In such aggressive event,
the cable can completely be broken. With the superposition of tensile stresses’ redistribution and the
incurred impact forces acting to the bridge’s girder and pylon, the concern of progressive collapse
in cable system are arising and need to be seriously considered.
A few studies of cable breakage in cable-stayed bridge have been performed and reported in
academic papers from all over the world. All of those papers used “Recommendations for Stay
Cable Design, Testing and Installation”, published by Post-Tensioning Institute (PTI) from the
United States, as the primary guideline. The document, consisting of extremely undetailed
statements about this relatively new field of study, recommends that in order to calculate the
responses of the structure due to sudden cable loss, a force which is the cable force multiplied by
the factor of 2.0 acting in the opposite direction must be applied at both the top and the bottom
anchorage locations. However, the causes and classification of the cable rupture accident as well as
the determining of impact force factor 2.0 are not explained in the recommendation.
In this research work, the value of impact force factor during cable loss phenomenon was put under
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investigation. The first part of this paper defined impact force factor, which had not been clearly
discussed in previous researches. On that basis, typology of cable loss event in cable-stayed bridge
was also addressed. There are three types of cable breakage: pure tensile, shearing and bending ones.
In the following section, the rod breaking experiment were carried out to simulate the real reaction
of cable during aggressive events. The samples used in the experiment were high strength steel rods
with different lengths. The specimens were cut at various positions to obtain wave graph of
deformation at the anchorage position; thus impact force factors were calculated. Recommendations
for impact force factor used for designing cable-stayed bridge in extreme situation were issued in
the final part of this paper.

2. Cable-Loss Event Consideration
Even though a number of structural accidents in which the cables were ruptured had been reported,
cable-loss event is still an unpopular field of study. In recent years, a few papers of cable breakage
in cable-stayed bridge have been published. Almost of those research works used
“Recommendations for Stay Cable Design, Testing and Installation”, issued by the PTI, as the
primary guideline. However, the recommendations consist of extremely limited and undetailed
statements about this problem. The lack of clearly explanations in the document can lead to
misunderstanding; thus, create the inconsistent in bridge design philosophy.
In this section, principle terms, including definition of impact force factor and three types of cable
breakage event, are to be discussed. Therefore, fundamental stipulations are addressed and used in
subsequent parts of this paper.
2.1 Definition of impact force factor
During the sudden cable-loss event in cable-stayed bridge, to calculate the structural reaction, a
force, resulting from cable axial force multiplied by one defined factor acting in the opposite
direction, must be applied at both the top and the bottom anchorage locations. This factor is called
impact force factor by the authors of this research paper.
Fig.1 shows the assumption of the
change in axial force (N) when a cable
is abruptly broken. At first, the initial
value is N0. Once the sudden cableloss event occurs, as expected, the
axial force line registers a significant
drop and begins to vibrate. The
fluctuation becomes insignificant and
returns to zero as the tensile stress is
released. The minimum value of N is
recorded as Nmin and the impact force
factor (IF) can be calculated using
equation (1).

IF 
Fig. 1: Change in cable’s axial force after breakage

N 0  N min
N

N0
N0

(1)

According to the Post-Tensioning Institute’s document, the factor for impact force in abrupt loss of
cable event should be equal to 2.0.
2.2 Classification of cable breakage
Abrupt loss of cable can be triggered by various factors. For instance, natural phenomena such as
lightning strike, tornado, fire, corrosion…, accidental or intentional human reasons, like the car,
truck, ship, plane or dynamite, all can lead to the failure of cables. Breakage of one cable in a cablestayed bridge can also be caused by the rupture of nearby cables, which lead to the collapse of
partial or entire bridge. Such event was addressed as zipper-type collapse by Starossek (2007).
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Pure Tensile Breakage:

In most cases, cable breakage can be classified
into three types: pure tensile breakage, shearing
breakage and bending breakage, as shown on Fig.2.

2.2.1 Pure Tensile Breakage
When pure tensile breakage event occurs, no
Shearing Breakage:
lateral deformation appears along the entire cable.
There is no external force acting on the element
except axial force. This phenomenon can happen
because of corrosion or fatigue, which
significantly decrease the ultimate tensile strength
of the cable. Furthermore, in zipper-type collapse
Bending Breakage:
of cable-stayed bridge, the sudden rupture of one
cable can cause redistribution of tensile stresses in
nearby cables, thus those cables can reach their
material tensile strength and be broken. In this
case, the rupture phenomenon can also be
Fig. 2: Classification of cable breakage
considered as pure tensile breakage.
However, due to the importance, cable in cablestayed bridge is generally designed with sufficient redundancy and well-protected against fatigue
and corrosion especially in aggressive conditions. Therefore, this type of cable-loss becomes less
popular than the other types. Even though, the risk of pure tensile breakage cannot be completely
ignored.
2.2.2 Shearing Breakage
Shearing breakage of cable in cable-stayed bridge happens under the acting of an aggressive enough
concentrated force in a very short amount of time. The cable encounters minor displacement during
the rupture event. The cause this type of breakage can be dynamite explosion or crashing of airplane
or helicopter moving with high velocity into the cable system.
2.2.3 Bending Breakage
If a heavy weight proceed into the cable but the force is not intensive enough to break the cable
immediately, it can cause significant lateral deformation to the cable, therefore cable’s axial force
increases. The cable then will be ruptured if the tensile stress exceeds the ultimate strength. The
broken point can be at any cross section along the cable. The crashing of car, truck, crane, cargo
ship or another type of massive vehicle can be the key element which enables this event to occur.
The shearing and bending breakage type of cable loss phenomenon can be very aggressive and
heavily affect to the stability of a cable-stayed bridge. Moreover, the impact force, which is
expected to be significant, can lead to the progressive collapse among bridge’s structural elements.
Next section of this paper will seriously consider the value of impact force factor via high strength
steel rod breaking experiment. Therefore, the appropriateness of impact factor specified by PostTensioning Institute’s “Recommendations for Stay Cable Design, Testing and Installation” is to be
confirmed.

3. Rod Breaking Experiment
The rod breaking test was carried out in order to understand the behaviours of sudden ruptured rod
in real situations. Tensioned samples with different lengths were broken by aggressive shearing or
bending force at various cross sections to obtain strain wave form; therefore, factors for impact
force could be calculated.
3.1 Experimental apparatus
Fig.3 shows the rod cutting device used in this experiment. The instrument is made of L-shaped
cross-section steel bars and consists of two major modules, horizontal one and vertical one. The
horizontal frame of 3.5 m width and 0.4 m height can be mount experimental rod with length up to
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3 m. The tensile tool is used to apply
the initial tensional stress to the sample
and trace the variation of axial force
during the cutting procedure.
The 3 m high vertical dropping tower is
formed of a heavy weight, navigational
tracks, an anvil and auxiliary details. By
being dropped from the top of the tower,
the heavy weight attached with high
strength steel blade can provide
sufficient shearing force to immediately
rupture the sample. Meanwhile, the
anvil mounted at the end of the dropping tower
is used to prevent lateral movement of the
experimental rod during shearing cut tests; or is
completely removed during bending break tests.
The entire vertical module is movable along the
horizontal steel frame; enable the blade to break
the sample at various positions.

(Unit: mm)

Fig. 3: Experimental apparatus
Table 1: Material and geometric details
of experimental specimen
Material

Steel

Length

From 1 m to 3 m

Diameter

6 mm

Modulus of Elasticity

200 GPa

Tensile Strength

660 MPa

0.2% Proof Stress

400 MPa

Density

8.00 g/cm3

3.2 Experimental specimens
The cutting tests are performed on high grade
steel rods with uniform circular cross section.
Material and geometric details of the samples
have been measured in a preliminary test and
the results are displayed in the Table 1.
Steel rings are wielded at the both ends of each
sample to be mounted into the anchorages of
experimental apparatus, as shown on Fig.4.
Strain gauges are attached into the position near
the ends of the specimen using provided
adhesive. These devices are used to receive data
of longitudinal deformations of the rod during
the entire experimental procedure. Fig.5
presents the arrangement of the strain gauges.
3.3 Experimental procedure
The standardized procedure for obtaining strain
– time records is described as follow.
Firstly, mount the rod into the anchorage of the
horizontal frame; then connect the strain gauges
and tensile sensor to the data receiver device.
Secondly, shift the vertical tower to determined
position, in order to be able to precisely cut the
specimen.

Fig. 4: Steel ring wielded at the end of rod
L
100

100
SG1
SG02

nL

SG2
SG01

Cutting Position

Fig. 5: Arrangement of strain gauges
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(Unit: mm)

Thirdly, by using the tensile instrument, apply a
tensional force of 2000 N to the sample; then
return the tensional force to 0 N and reset the
strain gauges. The purpose of this step is to
neglect any creep or shrinkage existing in the
sample; therefore, decrease the probability of
error.
The next movement is to tension the testing
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specimen up to determined initial force. This
value is decided on the basis of the actual
working condition of cable in cable-stayed
bridge.
Finally, raise the heavy weight to the maximum
height and let it freely drop. The anvil is used in
the shearing tests and removed from the vertical
module of experimental apparatus if bending
tests are carried out. As the heavy weight falls,
the sample is sudden ruptured. The fluctuation
of strains at both end of the rod is fully recorded
with sampling interval of 200 microseconds. An
example image of a broken rod during a
shearing breaking test is shown in Fig.6.

4. Result and Discussion

Fig. 6: A broken specimen in the anvil

Fig. 7: Strain wave graphs from a shearing
breakage test

During the experiment, data recorded by strain
gauges were displayed in strain wave forms and
used to compute impact force factors.
Fig.7 shows typical wave forms obtain from a
shearing breakage type test. The test was
performed on a 3 m steel rod tensioned with
5000 KN axial force; the cutting position is 60
cm from the end near strain gauge 02. Firstly, as
the sample is being kept tensioned, the strains
are stable at the value of about 800 μstrains. At
the time when the heavy weight is dropped to
break the sample (period around 5th second in
the graphs), the lines register a sudden increase
of strain and begin to fluctuate. The fluctuation
shortly becomes insignificant and return zero as
the tensile stress is release. As can be seen from
the graphs, the cross section attached with
strain gauge 01, which is further to the cutting
position, requires more time to reach the stable
stage than cross section at the further end,
recorded by strain gauge 02. The wave period is
estimated to be at about 20 milliseconds, and
the rising strain velocity, approximately 250000
μstrain/s, is also recorded.

Table 2: Impact force factors obtained from shearing breakage type tests
Length of cable (L)
Strain gauge

Cutting
position

1m

2m

3m

SG01

SG02

SG01

SG02

SG01

SG02

0.2 L

2.59

2.89

3.28

3.42

2.25

3.11

0.3 L

2.23

2.47

1.98

2.49

1.66

2.72

0.4 L

2.26

3.47

1.47

2.06

2.51

2.89

0.5 L

1.63

3.65

3.79

2.36

2.96

3.03
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Table 3: Impact force factors obtained from bending breakage type tests
Length of cable (L)
Strain gauge

Cutting
position

1m

2m

3m

SG01

SG02

SG01

SG02

SG01

SG02

0.2 L

n/a

n/a

2.05

3.53

2.63

3.85

0.3 L

2.00

3.58

1.49

3.05

n/a

n/a

0.4 L

n/a

4.28

3.85

1.82

1.76

2.10

0.5 L

3.05

2.14

3.69

1.60

2.19

3.55

Fig. 8: Strain wave graphs from a bending
breakage test

Fig. 9: Summary of impact force factor due to
cutting position

By assuming that the tensile stress does not
exceed the yielding point, the impact force
factor can be calculated using the equation (1),
shown in section 2.1 of this paper. The
computed impact factor values in experiment
using shearing breakage type were summarized
in Table 2. In general, the strain gauges closer
to the cutting position registered more intensive
impact force than the gauges at the further end.
For bending breakage type test, Fig.8 represents
typical results obtain from the test performed
on 3 m rod with 6000 KN of initial axial force.
The cutting position in this case was 120 cm
from the end near strain gauge 02. Similar with
shearing breakage cases, at first, the strain line
levels around 1000 μstrains because of the
effect of initial stress. When the breakage
happens, the graphs record a more significant
raise than in shearing breakage. The peak
values in the figure show that the stress in the
rod reached the ultimate tensile strength. The
rising strain speed is around 130000 μstrain/s
and vibration period is about 5 milliseconds.
After the fluctuation, even though the stress had
become to zero, permanent strain appeared as
specimen’s tensile stress exceeded the yield
strength limit. Since the material properties had
changed, in order to calculate the impact factor,
correction needed to be applied to the impact
force factor equation.
Table 3 compile corrected impact factor values
in bending breakage type tests. In some case,
the specimens registered huge locally
deformations, caused the obtained results to be
inappropriate; therefore the values were
neglected.
Fig.9 represents the distribution of impact force
factors on the basis of cutting position, type of
rod breakage and length of the specimens. The
values of calculated impact force factors are
very scattered. There is no significant
relationship between breaking pattern and
length of the cable that can be highlighted.
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Although the statement about impact of cable loss specified by PTI’s recommendations is being
widely accepted, the factor of 2.0 cannot cover all the collapse accident. Moreover, the document
did not consider the fact that cable’s axial force sharply increases before being broken. Especially in
bending type of cable breakage event, this phenomenon is expected to be significant.
The PTI also recommend that, in cable loss consideration, a pair of static impact forces, resulting
from the static axial force multiplies with the determined factor, acting at both of anchor points can
be used to simulate the effect of sudden cable rupture on the cable supported structure. However,
the characteristic of wave forms obtained from the experiment is similar with shockwave with high
rising velocity and high frequencies. Hence, static analysis is probably not adequate. The authors of
this research paper suggest that dynamic numerical analysis with obtained wave form, small
interval integration step and material nonlinearity must be carried out to evaluate the stability of
cable-stayed bridge structures under this extreme accident.

5. Conclusion
The long span cable-stayed bridges are generally designed with sufficient redundancy to prevent the
instability or progressive collapse during unexpected events. In term of cable loss, the
“Recommendations for Stay Cable Design, Testing and Installation”, published by Post-Tensioning
Institute (United States), suggest the factor of 2.0 should be used to compute the effect of impact
force to the structure.
This paper put the cable loss phenomenon under consideration; in which, the description and
classification of cable breakage were addressed. Furthermore, rod breaking experiment was carried
out to clearly understand the behaviours of pre-stressed steel rod under effect of various types of
rupture. It is found that the impact force factor of 2.0 recommended by the PTI is not adequate to
capture some extreme events that can happen if a cable in cable-stayed bridge is abruptly broken.
The obtained results also pointed out that the breaking pattern seems to have no significant
relationship with the intensity of impact force.
It is recommended that, depending on the requirement of structural stability, intensive factor
between 2.0 and 4.0 can be used to analyse cable-loss event in cable-stayed bridge. Besides, the
impact force resulting from the ultimate tensile strength limit of material, acting in the same
direction with initial tensile stress should also be considered in bending type breakage accidents.
Moreover, in the accident assessment work, dynamic analysis is expected to be more appropriate for
this critical event.
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Summary
Evaluation of vehicular induced displacement is an effective method used for structural health
monitoring of civil infrastructure, and so interest in this field has steadily been growing over the
past few years. Concerning road infrastructure, displacement is a particularly important index to
identify the cause of fatigue, or to estimate the number and weight of passing vehicles. Methods of
integrating measured acceleration to displacement have been proposed to date, yet these methods
have difficulties due to the effect of noise. In this study, an original evaluation method using
wavelet transformation has been proposed. By using wavelet transformation with an appropriate
mother wavelet function and its corresponding numerically integrated wavelet coefficients, it has
been found that displacement can be estimated with greater accuracy.
Keywords: numerical integration; wireless acceleration measurement; vehicular induced
displacement; structural health monitoring; wavelet transformation.

1. Introduction
Numerous civil infrastructures have aged or deteriorated and so much attention has been paid to
structural health monitoring as an effective means to manage infrastructure. With regards to road
infrastructure and more specifically bridges, monitoring displacement is of great importance, as it is
a valuable index to identify the cause of fatigue or fracture induced by bridge deformation, or to
evaluate the number or weight of passing vehicles. However, there are inherent difficulties in
directly measuring displacement, due to the lack of reference points and the high installation costs
required for measurement devices, such as for wiring and scaffolding. On the contrary, recent
developments in Micro Electro-Mechanical Systems (MEMS) based sensors have encouraged
acceleration sensors to develop also, by becoming wireless, cheaper and more accurate. Since
acceleration sensors are also easy to install, an integration method to estimate displacement from
the measured acceleration for structural health monitoring systems has been proposed accordingly.
It is considered difficult to numerically integrate measured acceleration data to displacement as
firstly, measured acceleration data inherently includes noise, and secondly, the two necessary
constant coefficients for theoretical integration are usually unknown. In previous studies, various
integration methods were proposed to estimate the displacement in bridges with expansion joints by
determining the two unknown constants by specifying boundary conditions [2] ,[3]. These methods
require the entrance and exits times of vehicles passing over a bridge girder, as well as boundary
conditions to correct the integrated value at a given time, and so are not applicable for bridges
without expansion joints. Nonetheless, an effective method to analyze local changes and
characteristics for bridges both with and without expansion joints is to use mother wavelet functions
and wavelet transformation. This method is currently used to reduce the effect of noise as well as to
estimate displacement from seismic vibrations.
In this study, an improved integration method using wavelet transformation has been proposed,
based on the concept that vehicular induced displacement can be assumed as the local change in
bridge vibration. Wavelet coefficients for each frequency can be obtained through wavelet
transformation with the selected mother wavelet function, and then be integrated respectively. Next,
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displacements can be evaluated by reconstructing integrated wavelet coefficients after selecting an
appropriate frequency range. The accuracy of the estimated results using this proposed method has
been verified by comparison to measured displacements.

2. Field Measurement Conditions
2.1

Measurement site

Field measurements were conducted on an express highway steel I-girder bridge using triaxial wireless acceleration sensors, iMote 2. Laser Doppler displacement meters were then used to verify the
accuracy of the estimated displacements. The single span composite bridge used for this study is
composed of three main steel longitudinal girders with three main RC decks, where each girder has
a span of 35.8m attached at both ends by expansion joints, as shown in Fig. 1.

Fig. 1 Overview of the target bridge
2.2

Acceleration and vertical displacement measurements

In order to take wireless acceleration measurements, iMote 2 sensors were installed at section S-3,
with a total of 16 sensors installed using magnets and glue, as shown in Fig. 2. Measured acceleration data from sensor numbers 14 to 16 were mainly used to estimate displacement, and the accuracy of the estimated displacements were verified through comparison to measured displacements.
Accelerations were measured at a sampling frequency of 280Hz, and the high performance of iMote
2 acceleration sensors, such as the accuracy of time synchronization during wireless measurement,
has been evaluated in previous research [4]. In addition, the properties of each sensor with only very
slight difference in resolutions were evaluated by preliminary experimental testing, as shown in
Table 1. To validate the accuracy of estimated displacements, displacements were measured with a
sampling frequency of 170Hz, using laser Doppler displacement meters on the bridge pier and laser
targets fixed under the bridge flange. Motion pictures of traffic were also filmed while taking acceleration measurements to better understand the traffic conditions at the times of measurements.
Table 1 Properties of the iMote 2 wireless acceleration sensors used
Property
Min
Ave
Max
Resolution (gal)
0.136
0.142
0.147
SD of Noise (gal)
0.376
0.411
0.450
Battery Life (min)
310
Transmission Distance (m)
25
-

Fig. 2 Elevation of the bridge and location of sensors
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3. Integration using Wavelet Transformation
3.1

Applicability of wavelet transformation to evaluate vehicular induced vibration

Theoretically, displacement can be obtained from double, numerical integration of acceleration.
However, there are two unknown constant coefficients necessary for this integration process, and so
initial boundary conditions are required to be able to determine displacement. In addition, measured
acceleration data inherently includes noise and so integrated values consequently show large variations. Previous methods to estimate displacement identified the required boundary conditions for
the integration process as the time of impact when a vehicle enters and exits a bridge girder with
expansion joints. Hence these methods are not applicable for bridges without expansion joints.
Vehicular induced vibrations occur locally when heavy vehicles pass over bridge girders, and so the
target vibration can be assumed as local vibration, that are half-length waves with very low frequency. Wavelet transformation is effective for analysing this type of vehicular induced vibration as
this method uses time-frequency analysis, which is able to take advantage of local changes, high
frequency resolution in low frequency domains, and high time resolution in high frequency domains.
Hence, wavelet transformation can detect the time when vehicles pass over expansion joints, and
can also carefully distinguish low frequency components such as vehicular induced displacement
from low frequency noise. Furthermore, wavelet transformation can evaluate vibration data relating
to the mother wavelet function, which reduces the effect of noise by using an appropriate mother
wavelet based on each purpose.
3.2

Selection of a mother wavelet function

In wavelet analyses, selection of the mother wavelet is of extreme importance to ensure accurate
results. Vehicular induced displacements are considered as the target vibration for the analyses in
this study, and are half-length waves, very low in frequency and include local forced vibration. Reverse biothorgonal wavelet 2.2 (rbio2.2) was utilized for the mother wavelet function, as the shape
of this mother wavelet resembles the shape of vehicular induced vibration well. The rbio2.2 mother
wavelet has a compact support and can also reconstruct phases precisely [5]. Since phase change
does not occur when transforming phases back into time domain, this mother wavelet can also prevent phase lag from occurring within the analyses.
1.4
1.2
1.0
0.8
0.6
0.4
0.2
0
-0.2
-0.4
-0.6

0

1

2

3

4

5

6

7

8

9

Fig. 3 Reverse Biothorgonal Wavelet 2.2 (rbio2.2), dimensionless form
3.3

Wavelet integration method

Wavelet transformation is used to integrate measured acceleration to displacement as it possesses
the aforementioned advantages when analyzing vehicular induced vibrations.
First of all, wavelet transformation can be defined as
∞
1
t −b
W (b,a) ==
x(t)ψ * (
)dt
(1)
∫
a
a −∞
where W (b,a) , x(t) , ψ , a , b are wavelet coefficients, acceleration time series, mother wavelet,
s scaling factor and shifting factors respectively.

*

denotes a conjugate complex.
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ψ * (ω )

(2)
dω < ∞
ω
The above equation is an admissible condition that shows the possibility of inverse wavelet transformation. Inverse wavelet transformation can thus be defined as
∞ ∞
1
t − b dadb
(3)
x(t) =
W (b,a)ψ * (
) 2
∫
∫
a
Cψ −∞ −∞
a
The time series data has to be continuous according to time and scaling factor for the above equation of inverse wavelet transformation, yet measured acceleration data is naturally in discrete data
form. In the method proposed in this study, discrete continuous wavelet transform [6] can be applied
as shown in the following equation.
N −1
⎡ (n′ − n)δ t ⎤
Wn (a) = ∑ xn′ψ * ⎢
⎥⎦
a
⎣
n′=0
(4)
Cψ =

−∞

Performing double integration of wavelet coefficients from measured acceleration produces the
same wavelet coefficients as from displacement. Therefore, reconstructed time series data using
wavelet coefficients from measured acceleration becomes equal to displacement. Double integrated
wavelet coefficients can be defined as
(5)
Wd (n, a) = ∫∫ Wn (a)dt 2

Displacements relating to the characteristics of the mother wavelet can therefore be obtained by
reconstructing wavelet coefficients from measured accelerations. Inverse wavelet transformation
can then be applied by use of a delta function, where the reconstructed displacements can be defined as  
δ jδ t 1/2 J ℜ Wd (n,a j )
(6)
dn =
∑ a 1/2
Cδψ 0 (0) j=0
j

{

}

where a j = a0 2 jδ j , J = δ j −1 log 2 (Nδ t / a0 ) are scales raised to the power of two for convenience,

a0 is the smallest scale that can be solved, and δ j is an index that shows the effects of resolution
on the scales. ℜ{Wd (n,a j )} is the real part of wavelet coefficient and the reconstruction factor Cδ
can be represented as
Cδ =

{

}

δ jδ t 1/2 J ℜ Wδ (a j )
∑ a 1/2
ψ 0 (0) j=0
j

where
1 N −1
∑ψˆ *(aω k )
N k=0
Within the process of inverse wavelet transformation, estimated displacement values depend on the
associated reconstructed range of frequency. Therefore, estimated displacements can be obtained
with high accuracy if an appropriate selection is made for the reconstructed frequency range, such
as by using a band path filter:
j2
ℜ Wd (n,a j )
1
(7)
dn =
∑
j2
a j1/2
ℜ Wδ (a j ) j= j1
Wδ (a) =

∑

{

}

1/2

{

}

aj
As can be seen in the equation above, displacement can be estimated by numerically reconstructing
integrated wavelet coefficients in the wavelet domain, through wavelet transformation of measured
acceleration.
j= j1
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3.4 Evaluation procedure
3.4.1 Outline of the evaluation procedure
The proposed evaluation procedure to determine vehicular induced displacement is demonstrated
using acceleration data measured by sensor 15, as shown in Fig. 4. This example acceleration data
set is based on one vehicle passing over the lane between flange G2 and G3.
Firstly, the target acceleration is extracted from the vehicle entrance and exit times and a high pass
filter is applied. This removes large variations that may occur during the integration process due to
noise, for cases when frequency is lower than 0.1Hz. Before wavelet integration is applied to this
filtered acceleration, zero padding is performed, and the convolution process cannot properly work
if there is an insufficient number of analyzed data. Next, wavelet transformation is applied to this
modified data set to transform initially measured acceleration data into wavelet coefficients. By
using rbio2.2 as the appropriate mother wavelet for the target vibration in the wavelet transformation, the effect of noise can be reduced. Subsequently, double numerical integration is performed
according to the wavelet coefficients for each frequency in the given wavelet domain. After zero
padding is removed, inverse wavelet transformation is performed. Consequently, the estimated displacements can be reconstructed from inverse wavelet transformation by using integrated wavelet
coefficients relating to an appropriate frequency range between 0.3Hz and 10Hz. The reconstructed
frequency range should be selected based on previous works on similar wavelet analyses.

Fig. 4 Evaluation procedure of vehicular induced vibration
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3.4.2 Estimation of reconstruction frequency range
Wavelet coefficients can be reconstructed by selecting a frequency range, similar to using a band
pass filter, so that the required frequency components relating to bridge displacements can be
extracted using the proposed method. Displacement can then be evaluated by selecting an
appropriate frequency range of wavelet coefficients. This selection is crucial to obtain accurate
results for estimated displacements, and so there is a need for good understanding of frequency
components in analysed acceleration data, as well as consideration of bridge behaviour when
vehicles pass over a girder.

Amplitude (cm/s2)

Basic frequency analysis using Fast Fourier Transformation (FFT) is performed to check the frequency components in the acceleration data, as shown in Fig. 7. Vehicular induced vibration and
strong excitation of bridge modes can be observed from FFT of measured acceleration and displacement at frequencies around 0.3Hz, 2.1Hz and 2.8Hz. These frequencies should be included in
the reconstructed frequency range, as this range should include frequencies of any significant vibrations. The FFT results also show that bridge displacements are mainly composed of modal vibrations and forced vibration induced by passing vehicles, yet exact conclusions surrounding the ideal
reconstruction range are still unclear based only on FFT.
30

14(G3)

20

15(G2)

16(G1)

10
0

0

5

Frequency (Hz)

10

15

Fig. 5 FFT of measured acceleration during the analysed time period
In addition to FFT, frequency components in the acceleration data can be checked by analysing the
integrated wavelet coefficients, shown in Fig. 8. A large disparity can be seen when the wavelet
coefficient is around 0.2Hz and so the lower bound of the frequency range is set to be slightly above
this, for example 0.3Hz, to avoid including the apparent discrepancy. To determine the upper bound,
integrated wavelet coefficients in the range of 1-11Hz are considered. Integrated wavelet coefficients decrease as the frequency increases, and the integrated value eventually tend to zero at
around10Hz. Hence, integrated coefficients relating to frequencies above 10Hz are not considered
as significant components of bridge displacement. In this example, the reconstructed frequency
range would be determined as 0.3-10Hz.

Fig. 6 Integrated wavelet coefficients of measured acceleration at G2 flange (0.1- 1Hz and 1-11Hz)
3.4.3 Verification of estimated result
By following the proposed method and using a similar frequency range as in the aforementioned
outline example using sensor 15 data, vehicular induced displacements can be accurately evaluated
using the measured acceleration from sensors 14, 15 and 16, as shown in Fig. 7 and Fig. 8.
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Fig. 7 Analyzed vertical accelerations for estimated bridge displacements
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Fig. 8 Evaluated vertical displacements at G1, G2 and G3 flange, respectively
The the accuracy of the estimated results was verified against measured displacements using the
laser Doppler meter and the following equation:

dmeasured − devaluated
× 100(%)
(8)
(dmeasured )max
where dmeasured is measured displacement using the laser Doppler meter and devaluated is evaluated
displacement using the proposed method.
Derr =

The mean values of estimation errors for each flange are then summarized in Table 2. These results
show that the proposed method can accurately evaluate displacement when using very low frequency forced vibrations. However, the large estimation errors indicate that the proposed method is not
applicable during free vibration. Nonetheless, the estimation error results show that the proposed
method still has great accuracy, even without the need of boundary conditions.
Table 2 Mean values of estimation errors for each flange
Sensor Location
G1
G2
G3
Mean Derr (%)
7.26
2.83
5.26

4.

Conclusions

In this study, an integration method using wavelet transformation has been proposed to evaluate
vehicular induced displacement without the need of any boundary condition. Based on measured
acceleration data from vehicles passing over the target steel I-girder bridge, displacements could be
obtained with accuracy, using wavelet transformation and double integration in the wavelet domain.
Displacements evaluated from the proposed inverse wavelet transformation method demonstrated
great accuracy, providing an appropriate mother wavelet function and range of integrated wavelet
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coefficients was selected. Choosing the necessary frequency range when reconstructing the double
integrated wavelet coefficients is complex as the reconstructed frequency range must consider integrated wavelet coefficients and an understanding of bridge behavior. The accuracy of the proposed
displacement evaluation method could be improved in further research, and using an automatic
analysis system for monitoring the behaviour of structures is also recommended.
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Summary
In this study, as one solution to the problem for condition assessment of existing short and medium
span reinforced/prestressed concrete bridges, a new monitoring method using a public bus as part of
a public transit system (“bus monitoring system”) is proposed, along with safety indices, namely,
characteristic deflection, which is relatively free from the influence of dynamic disturbances due to
such factors as the roughness of the road surface, and a structural anomaly parameter. A basic study
was conducted by using the results of technical verification experiments and numerical analysis
simulation. This paper describes the details of how to assess the bridge condition by public bus
vibration measured in operating on Ube City(Japan) bus network as a specific example for verify
the system.
Keywords: bus monitoring system, public bus, short & medium span bridge, condition assessment,
vibration, SHM, field test, practical application

1. Introduction
In order to properly maintain numerous short and medium span bridges in Japan by conducting
periodic inspections, it is necessary to develop an easy-to-use and efficient bridge monitoring
system. The author is developing a short and medium span bridge monitoring system for detecting
deterioration in safety and other performance of existing bridges by use of under-rear-wheel-spring
acceleration sensors installed on fixed-route buses ("bus monitoring system") [1][2]. The proposed
monitoring system represents a monitoring system, to be applied mainly to short and medium span
bridges, making use of a fixed-route bus operated as part of a public transit system. The aim of the
proposed system is to detect the transition from the "acceleration stage," in which the safety
performance of a bridge sharply declines because of aging, to the "deterioration stage" [3].
This paper presents the result of a three-year field test of the bus monitoring system conducted by
using an in-service fixed-route bus in Ube City, Japan. For the bus monitoring system,
"characteristic deflection" was defined as an indicator that may be useful in efficiently detecting a
structural anomaly of a bridge. For the purpose of examining the sensitivity of characteristic
deflection, the effect of artificial damage (bridge guardrail removal) on characteristic deflection was
evaluated by using an aged (out-of-service) bridge being removed. By analyzing the field test
results thus obtained, possible steps in realizing practical application of the bus monitoring system
were considered systematically.

2. Principles and overview of the bus monitoring system
The bus monitoring system has been developed by the method of monitoring short and medium
span bridges by using fixed-route buses operated as part of public transport systems. Fig. 1
illustrates the bus monitoring system, and Fig. 2 shows the analysis flow of the monitoring method.
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Bus station

Monitoring bridge vibration
with acceleration sensor

Calculating “characteristic deflection”
as a bridge condition indicator

Bridge A

Bridge B

Fig. 1: Bus monitoring system
Main reasons why the use of fixedStart monitoring
route buses, which are large and
heavy vehicles, was considered are
as follows:
Measure bridge response periodically by using bus

Calculate characteristic deflection

Observe changes over time in characteristic deflection

No

Did characteristic
deflection decrease sharply
or reach analytically
determined threshold ?
Yes

Take action such as inspection

Fig. 2: Analysis flow for bus monitoring system

(1) If a large vehicle about 10 m in
length is used for on-the-move
measurement on a short or medium
span bridge, that vehicle is likely to
be the only vehicle passing over the
bridge at point in time.
(2) In order to make a short or
medium span bridge, whose stiffness
is relatively high, it is necessary to
use a reasonably heavyweight
vehicle.
(3) Large vehicles used to vibrate
bridges make it easier to reproduce
measuring conditions such as travel
time, route, frequency of passages
and vehicle speed.
(4) By using a fixed-route bus
equipped with acceleration sensors,
main short and medium span bridges
in the area of interest can be
monitored on a regular basis. By so
doing, monitoring cost would be
substantially less than in the case

where sensors were installed at all bridges.
(5) Power for the measuring devices can be supplied from the power supply available in the bus.
The vertical displacement, δa(t) of the bridge and the bus under its rear wheel springs is an estimated
deflection obtainable by integrating the vertical acceleration waveform twice. That displacement
can be expressed, as the sum of (1) the static displacement, δsa(t) dependent on bridge stiffness and
bus weight, (2) a non-steady-state vibration component having a stochastic nature characterized as a
Gaussian process attributable to a rough road surface and having a mean value of 0, (3) vibration
components governed by the equation of motion such as the bridge and the vehicle, and (4) external
disturbance factors, δx(t) due to differences in the operating conditions of the bus and differences in
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data extraction and processing methods, as follows:
+∞

δ a (t ) = δ sa (t ) + S r (Ω, t ) + ∫ X ( f ) ⋅ e 2πfti df + δ x (t )
−∞

(1)

where,
Sr(Ω, t): density function of road roughness, Ω: spatial frequency of road surface, X(f): Fourier
coefficient.
For the purposes of this study, characteristic deflection μa [4] is defined as the estimated deflection
obtained from Eq. (1) averaged in the bridge section of the road. Studies have shown that
characteristic deflection can be made to converge to the extent that anomaly evaluation results are
not affected by increasing the number of samples, N, by using the central limit theorem, in order to
allow for the influence of various external disturbance factors, δx(t), including the operating
conditions of the bus. In this study, the authors used the moving average method to process
characteristic deflection data and see what happens. In the moving average method, averages are
calculated for incrementally shifted data sections. Fig. 3 shows standard deviations of characteristic
deflection values obtained by calculating characteristic deflection averages for incrementally shifted
data sections. As shown in Fig. 3, as data sections become larger, standard deviations tend to
decrease. It can also be seen that after data section size exceeds a certain limit, standard deviations
do not change significantly thereafter. This indicates that by the moving average method mentioned
above, the variability of characteristic deflection values decreased and converged so that anomalies
can be detected by observing such changes.

3. Long-term monitoring of short and medium span bridges along bus routes in
Ube city, Japan
3.1 Field test
As a long-term application of the bus monitoring method of measurement, a field test utilizing Ube
City's bus routes has been underway. The long-term experiment, which uses fixed-route buses being
operated in the city, has been continued for about three years since December 2010 and is supposed
to be continued in the years to come. Fig. 4 shows the fixed-route bus used in the experiment and
the under-rear-wheel-spring acceleration sensors installed to the bus. The acceleration sensors were
bonded to the under-rear-wheel-spring section of the bus and were coated with epoxy resin for
protection over a long period of time. The sensors used consisted of a triaxial acceleration sensor
and uniaxial acceleration sensors (backups). These sensors were oriented along the direction of
travel of the bus (X-axis), the transverse direction (Y-axis) and the vertical direction (Z-axis). The
acceleration sensor cables were passed through the floor drain of the bus. Thus, the acceleration
sensors are connected to the data logger and the computer in the bus so that the vibration of the bus
crossing the bridge can be
monitored in real time.
Although the acceleration
sensors, the data logger and the
computer are designed to be
powered by the power source
of the bus, in the experiment a
portable rechargeable battery
was used. Table 1 lists main
bridges of interest located on
the bus routes and summarizes
data on those bridges. As an
example of measurement data,
this
paper
shows
the
measurements results obtained
from the Shingondai Bridge
Fig. 3: Changes in standard deviation estimated by the mov(see Fig. 5), one of the bridges
ing average method
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(prestressed concrete(PC) girder bridge) managed by Ube City, Japan on the bus routes.

Acceleration sensor

Fig. 4: Fixed-route bus and sensor used for long-term field testing
Table 1: Bridge data
Bridge name Completed in

Jase Bridge

1976

Span No.

Shiratsuchi
Daini Bridge
Shingondai
Bridge

1933
(estimated)

Span No.

June 1998

Start point side 1
2
3
4
End point side 5
Start point side 1
End point side 5

Type of superstructure
Prestressed concrete slab bridge (pretensioned slab)
Prestressed concrete slab bridge (pretensioned slab)
Prestressed concrete slab bridge (pretensioned slab)
Prestressed concrete slab bridge (pretensioned slab)
Prestressed concrete slab bridge (pretensioned slab)
Reinforced concrete (T-girder)
Reinforced concrete (T-girder)
Girder bridge (other)

Span length (m)
18.0
16.0
18.0
14.0
19.0
7.0
7.0

Bridge length (m)

22.4

23.6

85.0

15.8

3.2 Characteristic deflection calculation method
This section describes how to calculate characteristic deflection, an indicator of bridge performance
used by the bus monitoring system. A flow diagram for the calculation of characteristic deflection
following measurement data acquisition is shown in Fig. 6, and each step is described in detail
below. The steps (1) through (5) shown below correspond to the numbers shown in Fig. 6.
3.2.1 Extract data on vertical acceleration during bridge crossing
Extract data on vertical acceleration during the crossing of the bridge from the acceleration
measurement data by referring to the combination of the time at which the bus crossed the bridge
and GPS data.
Saba River

Start point

End point

Fig. 5: Plan view of Shingondai Bridge

3.2.2 Estimate the time when the
bus passed midspan points
The extracted data on acceleration
during the crossing of the bridge
include data on strong vibrations
recorded at bridge joints. It is therefore necessary to use girder midspan acceleration data that do not
include such joint vibration data.
The time when the midspan point of
a girder is passed can be estimated
by extracting data for between-joint
data meeting certain criteria such as
time intervals(sec) and the number
of waves. Since, however, acceleration data vary considerably in mag-
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Measurement data

(1) Extract data on vertical acceleration
induced by bridge-crossing bus

(2) Estimate girder midspan time

(3) Extract data on vertical acceleration data
induced by bus passing midspan

(4) Integrate extracted acceleration data twice

(5) Calculate average of estimated deflections

Characteristic deflection

Fig. 6: Flow of characteristic deflection
calculation following measurement data
acquisition

nitude depending on such factors as the operating
conditions of the bus, it may be difficult to identify
joint-zone data. In order to accurately estimate the
time when the midspan point of a girder is passed,
attention was paid to deflection estimates that can be
obtained by integrating vertical acceleration data
twice. As an example, Fig. 7 shows measured acceleration waveforms and estimated deflection values
obtained by integrating bridge-crossing acceleration
data twice. As shown in Fig. 7, distinctively characteristic waveforms appear when the bus passes joints.
Hence, on the basis of characteristic waveforms appearing on estimated deflection diagrams when the
bus passes the joints of the bridge of interest, girder
midspan waveforms are estimated and determined by
synchronizing different data sets.
3.2.3 Extract midspan vertical acceleration data
Extract the midspan vertical acceleration data
determined as described in Step (2). Fig. 8 shows
examples of joint and midspan portions of vertical
acceleration data. In the example shown in Fig. 8, a
portion of midspan region data corresponding to
about 0.8 sec (about 10 waves) was identified as data
to be extracted. The most important thing in
calculating characteristics deflection is to determine
the range of data to be extracted according to such
criteria as the number of waves and time(sec) and
extract acceleration waveforms from the same
regions every time.
3.2.4 Integrate extracted acceleration data twice

Extracted acceleration data are converted to velocity by the first integration and to displacement by

Characteristic
waveform

Fig. 7: Examples of characteristic waveforms of estimated deflection
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Fig. 8 Example of determination of acceleration data extraction range
the second integration. At this step, the vertical displacement obtained by integrating vertical
acceleration twice is taken as an estimated deflection. An example of a deflection estimation result
is shown in Fig. 9.
3.2.5 Average estimated deflection
Calculated characteristic deflection by averaging
the deflection estimates shown in the graph
obtained at Step (4) in the direction of time (Fig.
9).
3.3 Experiment results
First of all, let us consider whether or not it is
possible, in the event of a structural anomaly of
the bridge of interest, to detect the anomaly from
the under-rear-wheel-spring acceleration response
Fig. 9: Example of deflection calculation
of the bus. In a previous study, vibration analysis
using FSWT (Frequency Slice Wavelet Transform), a time–frequency analysis method, was conducted to analyze acceleration response [5]. The FSWT analysis of the girder-midspan and underrear-wheel-spring acceleration responses conducted in this study indicated that the under-rearwheel-spring region of the bus was always vibrating at around 12 Hz, regardless of whether or not
the bus was crossing the bridge. On the other hand, with respect to the acceleration response of the
bridge, it has been confirmed that the girder-midspan region of the bridge was actually vibrating at
around 12 Hz [6]. Fig. 10 shows the acceleration responses of the under-rear-wheel-spring region of
the bus and the girder midspan region of the bridge observed when the bus passed the girder midspan section of the bridge. It can be seen that in terms of the magnitude of acceleration response,
the two waveforms show a fair degree of similarity although the under-rear-wheel-spring response

Fig. 10: Comparison of girder-midspan and under-rear-wheel-spring acceleration responses
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values tend to be larger. From these results, it can be concluded that the vibration properties of the
bridge of interest can be identified according to the under-rear-wheel-spring vibration of the bus.
Next, let us consider characteristic deflection calculation results. Fig. 11(a) and (b) show changes in
characteristic deflection at the Shingondai Bridge during the initial and return trips, respectively, of
the bus calculated from the measurement data obtained during a total of 56 days in 2010 to 2013.
There are differences in the number of data sets between initial trip data and return trip data because
there were some invalid cases such as a case in which the bus stopped on a bridge. The data shown
in Fig. 11(a) and (b) were obtained by applying a serious deterioration threshold specifying the limit
of the degree of seriousness of bridge anomalies. In this connection, it has been found that characteristic deflection increases to 193% in the event of deterioration that causes the introduced prestressing force to decrease by 50% and to 286% in the event of deterioration that causes the introduced prestressing force to decrease by 90% [7]. It was therefore decided to calculate the average of
the characteristic deflection values obtained from the first 15 measurements and use the characteristic deflection value equal to 1.93 times the average value as the threshold level for Phase 1 deterioration (red line) and the characteristic deflection value equal to 2.86 times the average value as the
threshold level for Phase 2 deterioration (green line). The actual procedure is to measure characteristic deflection on a continual basis and, if the threshold level is reached or exceeded, suspect the
occurrence of some kind of serious damage to the bridge of interest and conduct visual inspection
immediately. Inspection needs to be conducted when characteristic deflection has reached or exceeded the threshold level on the initial or return trip. Characteristic deflections in “Data Section
15“ obtained by the moving average method are shown in Fig. 11, where a single characteristic deflection point represents the average of 15 measurement results. Comparison of Fig. 11(a) and (b)
reveals that characteristic deflection values differ between the initial trip and the return trip. This is
thought to be because the Shingondai Bridge is not symmetrical as shown in Fig. 5. Long-term

(a) Tokonami→Nishikiwa Gakkomae

(b) Nishikiwa Gakkomae→Tokonami
Fig. 11: Long-term changes in characteristic deflection (Shingondai Bridge)
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changes in characteristic deflection showed little change although Fig. 11(a) shows slight changes.
In contrast, Fig. 11(b) shows that the lowest value of characteristic deflection decreased gradually.
Nevertheless, in both cases, the serious deterioration threshold was not reached or exceeded. It can
therefore be concluded that serious damage has not yet occurred on the initial trip route or on the
return trip route.

4. Effect of artificial damage on characteristic deflection
This section reports on the result of a study on the influence of artificial damage (bridge guardrail
removal) conducted, by using an aged (out-of-service) bridge being removed, to investigate the sensitivity of the bus monitoring system to characteristic deflection.
In the experiment conducted for the purpose
mentioned above, acceleration sensors were installed to a sightseeing bus weighing about 15
tons as shown in Fig. 12 by using a bridge being
removed for the construction of a new bridge.
The bridge is a 168.29-meter-long, eight-span
reinforced concrete (RC) cantilever T-girder
bridge as shown in Fig. 13. In consideration of
such factors as seasonal changes and the presence
or absence of bridge railings, the measurement
was conducted four times, namely, in September,
2012, and January, February and March, 2013.
Fig. 14 shows how the bridge looks before and
after guardrail removal.
Fig. 15 shows the average values of 15 sets of
Fig. 12: Sightseeing bus used for the field test
characteristic deflection measurements calculated
from the total of 4 sets of measurements. As can
be seen from Fig. 15, the concrete guardrails were removed between the second measurement and
the third measurement. The characteristic deflection values before and after the guardrail removal,
therefore, were compared. The amount of change in the flexural stiffness of the bridge structure due
to the guardrail removal was a decrease of about 5%. Examination of Span 3 (see Fig. 13) reveals
that the two measured values of characteristic deflection after the guardrail removal (−2.97, −2.89)
were about 10% smaller than the values of characteristic deflection after the guardrail removal
(−2.67, −2.61). This is thought to be because the decrease in the flexural stiffness of the bridge
structure influenced characteristic deflection. However, examination of Span 2, which includes the
cantilever structure, reveals that the measured value of characteristic deflection obtained from the
fourth measurement (−2.24) is slightly greater than the characteristic deflection before the guardrail
removal. The reason for this is thought to be that since Span 2 includes the cantilever structure, it
had some kind of influence on characteristic deflection. It is necessary, therefore, to continue vari-

Measurement section

①

②

③

Fig. 13: Side view of the out-of-service bridge used for field testing

Yamaguchi

Hiroshima

Span number
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ous studies, including simulation analyses, on how to deal with spans that include cantilever structures.

(a) Before guardrail removal

(b) After guardrail removal

Fig. 14: Bridge view before and after guardrail removal
0.00

2nd span (cantilever)
3rd span

Characteristic deflection（mm）

-0.50
-1.00
-1.50
-2.00

-2.30

-2.60

-2.50
-3.00

-2.24

-2.29

-2.67

-2.61
-2.97

-2.89

-3.50
2012/8 2012/9 2012/10 2012/11 2012/12 2013/1 2013/2 2013/3 2013/4
Months in which measurement was conducted

Fig. 15: Changes in characteristic deflection due to guardrail removal

5.

Conclusions

This paper has reported on the development of a new short and long span bridge monitoring method
using a fixed-route bus, presented field test results and discussed evaluation methods. Then, as a
result of this study, this paper has shown that it may be possible to detect structural anomalies of
bridges efficiently from changes in "characteristic deflection." On the other hand, it has also been
found that characteristic deflection values calculated from measurement data varied widely. This is
thought to be due to differences in the operating conditions of the bus. As the next step, it is necessary to conduct more measurements and investigate the effects of long-term operating conditions on
results obtained, with the aim of improving characteristic deflection so as to reduce its variability
and putting the proposed system to practical use as a long-term monitoring system.
The findings of this study are summarized below:
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1) A new monitoring method for short and medium span bridge using city bus (bus monitoring system) has been proposed. And some fundamental problems related to practical application of the
proposed method were discussed based on the experimental and analytical results.
2) An indicator for deterioration evaluation by the proposed method has been discussed based on
field test results. As a result, it has been shown that it may be possible to detect structural anomalies of bridges through long-term measurement of characteristic deflection. It has also been
found, however, that characteristic deflection values calculated from measurement data varied
considerably. This is thought to be attributable to differences in the operating conditions of the
bus. Changes in characteristic deflection have been observed for about three years through field
testing. Since no sharp declining trend has been observed, it is necessary to continue long-term
measurement.
3) The method was applied to an actual bus (bridge) networks in Ube City (Japan) area as a specific
example to verify its effectiveness. As the results, it will be able to make a rational long-term
health monitoring system for existing short and medium span bridges, then the method helps
bridge administrators to establish the rational maintenance strategies.
4) In the field test carried out by using an aged (out-of-service) bridge being removed, a study was
conducted on the influence (sensitivity) of artificial damage (bridge railing removal) on characteristic deflection. The experimental results for Span 3 of the bridge indicate that characteristic
deflection is reasonably sensitive to declines in the flexural stiffness of the bridge structure.
Since the characteristic deflection results for Span 2 show a considerable degree of variability,
various studies including simulation analyses need to be conducted.
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Summary
Finland has four nuclear reactors units in two power plants. The first unit started operation in 1977
and in the early 1980's all four units were in use. During the last few years the ageing management
of the Nuclear Power Plant's (NPP) concrete structures has grown an important issue because the
existing structures are reaching the end of their licensed operating lifetime (about 40 years).
Therefore there is a need for developing ageing management systems to avoid premature
degradation of NPP facilities and to be able to extend their operating lifetime. This paper is about
the development of a web-based application for ageing management platform for the nuclear power
plants concrete structures (MANAGE platform). The platform is a part of the research project
"Ageing Management of Concrete Structures in Nuclear Power Plants (MANAGE)". This research
project is funded by SAFIR 2014 (The Finnish Research Programme on Nuclear. Power Plant
Safety 2011 – 2014). The goal is to create web-based platform that (i) visualizes the NPP concrete
structures, (ii) stores the in-service condition inspection data and (iii) predicts the service life of the
NPP concrete structures. The platform consists of the central database and a group of analysing and
planning tools which use the data of the database. The database together with the analysing and
planning tools can be used during different phases in the lifetime of a plant: design, operation,
inspection, monitoring, maintenance and repair of structures. The platform will provide systematic
methods for planning, surveillance, inspection, condition assessment, maintenance and repair of
structures. The presented platform is as an example for NPP ageing management of concrete
structures but it can also be applied to all types of reinforced concrete structures.
Keywords: Database; in-service inspection; concrete; ageing; web-based applications.

1. Introduction
The concrete structures of the nuclear power plants are affected by two kinds of time dependent
factors. These factors are (i) the physical ageing, which results in deterioration in their physical
characteristics and (ii) the obsolescence of these structures, i.e. their becoming out of date in comparison with current knowledge, standards and technology. Practically, effective ageing management is accomplished by coordinating maintenance, in-service inspection and monitoring, as well as
operations, technical support programmes. The obsolescence of the concrete structures can weaken
the NPP safety if it is not identified in advance and corrective actions are not taken before associated declines occur in the reliability or availability of these structures. [1].
In context with applying an extension to a plant operating license, the ageing management on concrete structures is required. Ageing management of concrete structures is especially important for
the applicant to ensure that the effects of ageing will be managed so that their intended functions
will be maintained for the period of extended operation. That is only possible by continuous inspection of structures and a management system able to store and treat the inspection reports in a sys-
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tematic way. An applicant of a licence shall be able to present a comprehensive ageing management
programme with a description of how the design and qualification of the components and structures,
their operation and operating experience, in-service inspections and tests, and maintenance are integrated logically and systematically [2] & [3].

Fig. 1. Basic idea of the computerized ageing management system

To address this issue, a web based platform was
developed in accordance tp the ageing management system activities recommended by the
IAEA Safety Standards [1]. The computerized
ageing management platform provides access to
the structural, material and environmental information and to various design applications with
appropriate methodologies and optimisation processes, which are required for the designers and
maintainers of a nuclear power plant. The basic
idea of the computer aided IAEA ageing management system is shown in schematically Fig. 1.

In this paper an overview of the developed web-based ageing management platform which includes
structural visualising, in-service inspection database, service life management tool for life cycle
planning and maintenance time management, is presented. The ageing management platform will
give the possibility for sophisticated data search strategies, produces detailed reports automatically
for the condition and the performance of the NPP concrete structures and enables data transfer to
other software for further analysis.

2. Web-based ageing management platform
The Ageing Management Platform, showed schematically in Fig. 2, consists of the central database
and a group of analysing and planning tools which access the database. The tools are currently the
visualization module, the service life assessment tool for life cycle analysis [4] and the in-service
inspection searching and reporting tool. The database together with the analysing and planning tools
can be used during different phases in the lifetime of a plant: design, operation, inspection, monitoring, maintenance and repair of structures.

Fig. 2. Overview of the ageing management platform.

The platform is accessed through the Graphic User Interface (GUI) which connects the user to the
various ageing management related web pages as shown in Fig. 3. These platform’s web pages include the following items: (i) the maintenance and repair time management page, (ii) the service life
management tool, (iii) the visualization tool, (iv) the in-service inspection report database, (v) the
user management and user manual.
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Fig. 3. The Graphic User Interface (home) of the ageing management platform.

2.1

The maintenance and repair time management

The platform maintenance and repair time management page includes information about (i) the upcoming repair task reminders and (ii) the completed repair works. As shown in Fig. 4, the task reminders could be shown for the upcoming six-months (default), for one year, or for all reminders.
The completed repair reports for selected period are created by selecting the repairing period starting and ending date for a specific NPP unit. The reports are saved in MS Excel, PDF or MS Word
format.

(a)

(b)

Fig. 4. The maintenance and repair time management: a) The upcoming to-do repairs and b) the completed structural
repairs - reporting screen.

2.2

The service life management tool

The service life management tool ServiceMan assists in the life cycle planning of concrete structures in nuclear power plants. It is able to predict the degradation of concrete structures and to evaluate the timing of necessary maintenance and repair actions over the remaining licensed life time of
the plant or longer (extended life time). The tool can also be used for planning, organizing and optimizing the maintenance strategy of concrete structures in NPPs [5]. The service life management
tool is developed using the Visual Basic for Application programming language. An interface between Excel and MANAGE central database is done through the GUI. The application can read and
write from database and make calculations using ServiceMan tool presented in Fig. 5.
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The service life management tool SERVICEMAN can estimate the future condition of the structure with degradation
models that are incorporated in the program. The degradation is evaluated by five degradation types: carbonation and
corrosion of reinforcement, chloride ingress and corrosion of
reinforcement, carbonation and corrosion of reinforcement at
cracks, chloride ingress and corrosion of reinforcement at
cracks and physical deterioration of concrete. The degradation models can be calibrated based on measurements of
carbonation and chloride ingress during special inspections.

Fig. 5. The Serviceman management tool.

The service life management tool is a lifetime planning tool
for designing the maintenance, rehabilitation, and repair
(MR&R) action planning, life cycle costs and environmental
impacts of actions are determined.

Usually the design lifetime is the same as the original designed lifetime of the plant but it can be
longer if the licensed lifetime is extended which is quite a common situation.
2.3

The visualization tool

The visualization tool, shown in Fig. 6 is an interactive system for visualization of nuclear power
plant information. The visualization environment is able to provide multi-scale representations that
take advantage of the central database content.

Fig. 6. The structural visualization - screen

It is also able to provide direct access to all the digital
content, both in terms of physical access to the structural data files as well as in terms of searching and retrieving information. The structural data of the nuclear
power plants is classified into three levels. The first
level describes the physical location of the plant and
the number of units in each plant. The second level is
dividing each unit into structures. A structure here is a
generic term and it can have several, varying functions
and can be made up of different materials.

The third level is dividing the different structures into structural parts for the analysis and planning
processes.
The visualization of the NPP concrete structures is useful for the users to import the geometrical
data of the structures. The MANAGE platform is currently using the simplest way of implementing
visualization by keeping the 2D and 3D geometry in its native format and using external visualization application that is able to interpret the data. Practically, any kind of original CAD file (e.g.
DWG, DXF, DGN), videos and photos can be stored in the central database and linked to the structure it represents. The platform interface will enable users to view and download the drawing in an
external application.
2.4

The in-service inspection report database

The inspection database is developed for assembling and systematically organizing the information
gathered from structural design, maintenance activities, repairing of nuclear power plants (NPP)
structures, operating and environmental condition, in-service performance and other type of data.
The objectives of the inspection database are to (i) collect the essential and up-to-date data of the
condition and the performance of the NPP concrete structures, (ii) store and update these data effec-
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tively, (iii) allow sophisticated search strategies, (iv) produce detailed reports automatically for the
condition and the performance of the NPP concrete structures and (v) enable data transfer to other
software for further analysis: for example act as a data source for estimation of the service life of
the NPP concrete structures.
The components of the inspection database are organized into a series of database tables related to
the ageing management of the nuclear power plants concrete structures, as shown in Table 1.

Fig. 7. Conceptual design of the inspection database tables.
Table 1. Description of the inspection database tables.

Table name

Description

DTBL_CARBONATION
DTBL_CHLORIDE
DTBL_CHLORIDE_RESULTS
DTBL_CONCRETE_COVER
DTBL_CORRPTNL
DTBL_CORRPTNL_RESULTS
DTBL_EXPOSURE
DTBL_INSPECT_DOCS

Results of the carbonation depth measurements
Results of the chloride content measurements
Detailed results of the chloride content measurements
Results of the concrete cover depth measurements
Results of the corrosion potential (electrochemical) measurements
Detailed results of the corrosion potential (electrochemical) measurements
The exposure condition around the inspected structure
Information about the available documents, drawings, photos and/or media that
describe the inspected structure
Information about that other tested the are performed for the inspection of the
structure and are not listed in the database
Information about the qualitative and quantitative analysis of the thin-section
Visual inspection report of the inspected structure
Achieve database about the old condition survey reports which are not included
in detail in the inspection database
The main database table for the inspection database
A database table for classification of different damage type and their different
repairing methods.
Information about the properties of the concrete used in the NPP structures
Information about the properties of the reinforcement used in the NPP structures
Details of the NPP concrete structural parts
Details of the NPP concrete structures
Details of the NPP units
Information about the inspection companies that perform the condition inspection of the NPP concrete structures

DTBL_OTHER_TESTS
DTBL_THIN_SECTION
DTBL_VISUAL_INSPECTION
MTBL_ARCHIVED_REPORTS
MTBL_INSPECTIONDB
PLIST_DAMAGE_REPAIRING
STBL_CONCRETES
STBL_REINFORCEMENT
STBL_STRUCTURE_PARTS
STBL_STRUCTURES
STBL_UNITS
TBL_INSPECTION_TEAMS
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The design of the inspection database involves two phases, the definition phase and the implementation phase [6, 7, 8]. In the definition phase, the structure of the database is established. The implementation phase involves raw data collection, validation and harmonization for general use. The
development of the central and inspection database begins with the conceptual design, then logical
and physical design, and final system implementation. The inspection report’s web page, shown in
Fig. 8, is working as a dashboard for the inspection database. The inspection home page offers an
access to the sub-level inspection webpages. Accessing the sub-level inspection webpages could be
done by either (1) pressing the buttons of different pages or (2) pressing the corresponding navigation menu item on the top.

Fig. 8. The in-service inspection reports’ database home screen.

An example of using the in-service inspection report database for manipulating all necessary information that are relative to condition inspection such as structural drawings, previous inspection reports about the considered structures, videos, photographs and inspection work documentation is
shown in the inspection documents’ page, shown in Fig. 9.

Fig. 9. Print screen of the inspection report’s documentation page.

The documentation input form includes the (i) inspection report code, (ii) a unique code that describes the documentation contents, (iii) the name of the report’s binary file (maximum size of 1 GB)
that is uploaded to the platform and (iv) the description of the content of the file and its relation to
the condition inspection report.
Condition inspection report search, shown in Fig. 10. allows the platform user to enter one search
criteria and view or print the matching report if there are any that match the searching criteria. The
report searching criteria are (i) date of the condition inspection report, (ii) free text search, (iii) in-
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spection report code name and (iv) research for units or structures of the nuclear power plants. The
matching database record(s) will be shown in the data grid viewer. To retrieved record data will be
displayed on the report viewer and can be exported into Excel, Pdf or Word document format.

Fig. 10. Example of the inspection reports database record search.

2.5

The platform user management

The authorized users of platform come in two levels: the database administrators, and end users.
Administrators are responsible for managing the database system and have full access to modify the
database code and design. The end users are the persons that use the database for querying,
updating, generating reports, etc.
The purpose of this User Manual is to provide the information necessary for using the platform. The
user manual covers the following topics related to the usage of the platform: (i) overview of the
platform, (ii) getting started with the platform, (iii) manipulation and retrieval of the platform data
and (iv) using of the platform

3. Conclusions
This paper presents the developed of web-based ageing management platform. The platform
includes information about (i) the maintenance and repair time management of the NPP concrete
structures, (ii) a service life management tool, (iii) a structural visualization tool, and (iv) an inservice inspection report database.
The maintenance and repair time management of the NPP concrete structures allows the NPP
companies to produce a repair work schedules and reports to be applied for the NPP authorities. The
service life management tool predicts the future condition of the concrete structures with ageing
related degradation models. The visualization tool provides an interactive system for visualization
of the nuclear power plant information and allows the users to import the geometrical data of the
NPP concrete structures. The in-service inspection data is transferred to an electronic form then
stored in a database. The data consists of observations during both periodical inspections and
special inspections. The in-service inspection database will give the possibility for sophisticated
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data search strategies, produces detailed reports automatically for the condition and the performance
of the NPP concrete structures and enables data transfer to other software for further analysis.
The developed platform will allow access to the data needed for development of ageing trends
which in turn will indicate when critical stage is expected or emphasize when remedial actions are
needed. It will also enhance the decision-making process for preventing or mitigating ageing effects
by providing information for continued service evaluations and remaining service life estimates.
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Abstract
Large amount of resources has been invested in maintaining existing infrastructure. Several of these
structures are now becoming old and do not meet the requirements of today or are reaching the end
of their lifecycle. It is not possible to replace all of these structures that are deemed or are about to
be deemed obsolete, due to high cost and environmental impacts.
One way to keep these structures in use for a longer time is innovative and intelligent assessment of
the actual state of stress and behaviour. In such cases, using structural health monitoring to assess
the structure might be an efficient way to extend the life of the structure.
This paper will describe a unique monitoring program over two similar 33 m long steel truss
bridges situated in Sweden. One of these bridges, Aby River, had a regulated axle load of 25 tons
and was tested to failure in 2013. The other bridge, Rautasjokk, has a regulated axle load of 30 tons
which will be upgraded to 32.5 tons and will be in use for the coming years.
The monitoring program was performed as; monitoring of the bridge over Aby river when it was
still in service. After replacement the old bridge was moved and tested under static loads to assess
boundary conditions and state of stress. Parts of this bridge were then disassembled to be tested for
material properties and fatigue capacity. A theoretical assessment of the Rautasjokk bridge was then
performed based on the conclusions from the measurements on the Aby bridge. Finally the plan is
to verify findings by performing measurements on live loading for the Rautasjokk bridge in service
limit state.
The aim for this project is to verify the continuous safety for the Rautasjokk bridge by using input
from tests performed at both bridges.
Keywords: structural health monitoring; steel truss bridge; fatigue; model updating; Assessment

1.

Introduction

Bridges have often been replaced on theoretical assumptions that they have reached the end of their
lifespan. Beside for the safety aspects, the economy is the single most important factor when it
comes to exchanging bridges. In later years the environmental burden has also gained influence in
becoming a concern in decision-making. The Swedish Traffic Administration has declared
intentions to increase their work with Life Cycle Analysis (LCA) [1]. For bridges, this will lead to
that a greater amount will be assessed for their actual capacity before necessary actions are taken,
whether it is repairs, upgrading or replacing the entire structure.
The assessment of an existing bridge can be performed with different levels of accuracy and effort.
Generalized load-models might often be sufficient in order to verify if the load capacity is good
enough or at least serve as an initial estimation. Conservative assumptions may, however, lead to an
exaggerated safety level. Together with increased loads, the simple solution is often to replace the
structure. The opposite, overestimating the capacity can however be catastrophic. Failure of a
bridge may result in major delays and possible human casualties.
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Up to 2012, the Swedish authorities own 3842 railway bridges and 145 tunnels and over 13,642 km
railway tracks [2]. A substantial part of the bridge stock in Sweden and Europe is older than 50
years, as shown in Figure 1, at the same time; loading and the traffic intensity on our existing
bridges are constantly increasing.

Figure 1 Age distribution for bridges in
Figure 2 The Aby River bridge in its original
Europe/Sweden (Sustainable Bridges 2007)
position
An increase in traffic, both in regard of weight and intensity significantly reduces the lifespan of the
steel bridges due to Fatigue. The load models and estimation of the fatigue capacity is not as
straight forward as for the Ultimate limit state, which makes it more difficult verify the proper
safety level due to uncertainties.
Even if several old bridges theoretically have served their lifespan concerning fatigue or
insufficient load capacity due to increased loads and increased traffic they are not necessarily in
need of being exchanged. With the help of new knowledge together with refined calculations and
inspections it might be possible to prolong the lifespan of these bridges. In order to ensure the
continued safety of the bridge it is often required to monitor the structure by preforming
measurements.
The bridge over Aby River is one of these brides that theoretically had reached the end of its
lifespan, when it was replaced in 2012. In order to gain knowledge of its structural behavior, the old
bridge was moved to temporary supports close to its original position in order to be tested for both
static and dynamic loading
The overall aim of this study was to identify critical hotspots for the Aby River-bridge and to
develop a method for assessing these. Another objective is to identify measurements that
characterize the structural behavior, in order to create a method for non-destructive assessment of
similar bridges. The reason for the particular interest of this bridge is that there is an identical
bridge over Rautasjokk, located on the iron ore line in the northern parts of Sweden. If the
measurements from the Aby River-bridge can provide information that the bridge over Rautasjokk
doesn’t need to be replaced, great savings can be made.

2. Previous work
Before the Aby-River Bridge was taken out of order in the autumn of 2012, measurements were
performed while it was still in service. Since the live measurements was less comprehensive than
the final tests, it served as a step towards planning the full scale tests. Train loads were known and
therefore it was possible to calibrate models to measured data [3,4,5].
Simulations of the intended load case were performed prior to the test by a Finite Element Model
created in ABAQUS. The model was made as a shell model with the limitations of not assigning
any constraints at the joints; therefore all connections are fully rigid. Strain hardening is not
considered either.
Photometric measurements were performed at the joint between the longitudinal stringer beams and
the crossbeams, in order to evaluate the degree of constraint in the connection between the stringers
and the crossbeams which according to calculations were the critical detail which led to the
exchange of the structure. The evaluation of these results [6] can be found in the master theses by
Elhag.
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Geometry and material

The Bridge consisted of a 33 meter long steel truss railway bridge that was located along the
Swedish mainline. Since it was built in 1951, it was designed according to the present trainloads
type F46 which corresponds to 25 tons axle load which also is the present load on the railway. The
location for the bridge is in a rural environment and approximately 50 km from the coast. Girders
and connections in the bridge are partially riveted and partially welded. The steel used in the
superstructure is described in Table 1 with material properties according to [7].Compared with the
steel materials used today the variation of material properties from this time are far greater [8].
Table 1 Material properties used for evaluation
Fy
Measured

Fu
Measured

360 MPa

Fy
Used for
modelling
345MPa

308MPa

460MPa

430 MPa

345MPa

333MPa

475MPa

Part

Material

Fyk

Fuk

Stringer beams,
verticals, diagonals
Main truss, Cross
girders,

S1311

240 MPa

S1411

270 MPa

4.

Experimental work

4.1 Test setup
After the bridge was taken out of service it was put on temporary supports close to the tracks where
sensors were mounted. The load on the bridge is induced by two jacks where the jack is attached to
a girder that distributes the load to four equally distributed point loads. In order to be able to archive
the force needed to load the bridge to failure the jacks was attached to the bed rock. During the
phase of drilling the intended precision was not reached which is the reason to why the point loads
aren’t symmetrical around the center of the bridge.
4.2 Measurement program
This project is a unique opportunity to gain knowledge of the structural behavior of this kind of
bridges. Since the full scale testing was performed under a limited amount of time which will
finally result in failure of the bridge, the program for measurement was made as comprehensive as
possible. The limitations for the test equipment were 145 channels and 141 were used during the
tests. In addition to this, photometric measurements were made.
The different sensors were divided between 72 strain gauges, 46 LVDT’s, 8 temperature gauges and
the photometric measurements (Aramis-system [9]). This paper will be limited to the measurements
for the global analysis of the main truss.

a)

b)

c)

Figure 3: a) The Aramis setup for the photometric measurements b) Cables form sensors for
measurements c) Hydraulic jack and one of the load distributing beams
The measurements consist of 18 different predefined load series where three last ones are done with
the rail removed and the last one to failure. Figure 4 show how the load was varied over the
different series of measurement. The sensors placed on the main truss for the global analysis are
illustrated in Figure 5 and further described in Table 2.
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Figure 4 Load scenario

Figure 5 Position of sensors for global measurements, with the description in Table 2
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Table 2 Sensors for measuring global effects
Sensor
LFRS1
LFRS2
LFS1
LFS2
LM1
LM2
LRFV1
LRMV1
LRS1
LRS2
LRST1
LRST2

Units
mm
mm
mm
mm
mm
mm
mm
mm
mm
mm
mm
mm

Description
Rotation at support
Rotation at support
Settlements at support
Settlements at support
Deflection at mid span
Deflection at mid span
Horizontal deflection
Horizontal deflection
Settlements at support
Settlements at support
Rotation at support
Rotation at support

Sensor
RFD1
RFV1_3
RFV1_4
TFV1_2
TUF1
TUF1_4
TUF2
TUM1
TUM1_4
TUM1_4s
TUM2
TUM3

Units
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m
µm/m

Description
Three directional strain gauge
Three directional strain gauge
Three directional strain gauge
Strain gauge in main direction
Strain gauge in main direction
Strain gauge in main direction
Opposite side of TUF1
Strain gauge at both top and lower flange
Strain gauge at mid span
Strain gauge in main direction
Strain gauge at both top and lower flange
Strain gauge on the vertical at mid span

Since the FEM-simulation indicated that buckling of the top frame would be the limiting failure
mode, the horizontal displacement was monitored; the sensor is shown in Figure 6a. The positions
of the both sensors for measuring the horizontal displacement are shown in Figure 5. Figure 6b
illustrates the sensor measuring the global deflection at mid span. At the same point the strains were
measured for the lower frame for both the upper and lower flange. By measuring the strain of two
or more points on a cross section it is possible to calculate the section forces that are caused by a
specific load. Since the bridge was placed on temporary supports and loaded to failure, settlements
were likely to occur. In order to be able to adjust and get correct results for deflection it was
necessary to measure the settlements at the supporting points which are shown in Figure 6c together
with the sensors for measuring rotation at the support.

a)

b)

c)

d)

Figure 6 a) Measurements of the horizontal deflection due to loading (LRFV1) b) Measurements of
deflection at mid span (TUM2) and strain (TUM1) c) Measurements of settlements and rotation at
support d) Strain gauge at the top frame (TUF1_4)

5. Results and analysis
Estimations made before testing by the Finite Element Software Abaqus indicated that the global
failure would occur at approximately at 9MN and that it would be buckling of the top frame in the
main truss. Before buckling of the frame there would be some yielding and redistribution of forces
in the structure. The results in Figure 8 show both the static non-destructive testing and the final test
to failure. For the static load scenarios one point is taken for each terrace point, which means that
for load scenario 1-8 three points of measurement are taken and for 9-17 it is just one whereas the
failure test are shown in its entirety. Values from the sensors are given as a function of the total
force induced by both of the hydraulic jacks. The jacks are manually controlled, but kept at an equal
load level. The force is calculated as a function of the oil pressure and the area of the cylinder. In
Figure 7 the expected results from the simulation are displayed together with the measured results.
Looking at the diagram, one can conclude that the simulation corresponds well to the measured
results regarding global deformation within the linear elastic range. However, once it starts yield the
results differs to some extent. Figure 7 also show the magnitude of what live load that the tested
load corresponds to.
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Maxload 11MN

Linear 8MN
LM71 (Design load)
32,5 ton Axle load

Figure 7 Deflection at mid span (sensor LM2). The figure also show the expected outcome based on
the simulation and the parts that are cut out because of repositioning of the jacks.

a)

Figure 8: a) Strain as a function of total force
in the upper frame at mid span

b)

b) Horizontal deflection for the top frame

As the load increases the top frame it eventually starts to yield. By observing Figure 8a it appears
that the yielding starts at approximately 10MN, since the member is compressed without constraints
in the horizontal direction buckling will occur as a consequence, as seen in Figure 8b and 9b.
Besides the global buckling mode of the top frame there were local failures underneath one of the
load distributing beams Figure 9a. The web could not withstand the high concentrated force which
resulted in local shear buckling as well as local buckling due to patch loading.
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a)

b)

Figure 9 a) The local failure of the longitudinal stringer beams, b) The global failure mode,
buckling of the top frame in the truss
An often discussed matter regarding these kinds of bridges is however the longitudinal stringers
should be considered as simply supported or continuous. This is an issue that is of great interest,
especially with regard to fatigue. Due to this; the curvature in the joint between the longitudinal
stringers and the crossbeam was measured, as can be seen in Figure 10. From the measurements
showed in Figure 10c, it is clear that the rail has a significant effect for the continuity of the
longitudinal stringers, which could be used when assessing the Rautasjokk bridge.

a)

b)

c)

Figure 10 a) The joint between stringers and crossbeams, b) The sensor in place, c) measured gap
in the join

6. Discussion, Conclusions
The failure that eventually prevented the bridge from taking more load was buckling of the top
frame, which was estimated outcome according to the simulation performed on the bridge. Besides
buckling of the top frame, there was local failure in the web right underneath where the load was
applied. The local failure might be interesting to study from a scientific point of view, but is not
relevant with respect to the capacity of the bridge since the trainloads will be more distributed. The
assessment calculations performed according to the Swedish assessment code for railway bridges
proves that the bridge can carry the higher load with regard to Ultimate limit state, however fatigue
proved to cause a problem. For the assessment of fatigue, reduction of real stresses through
measurement is likely to prove even more fruitful than for ultimate limit state since measurements
can be performed on hotspots and a small reduction of the stresses influence fatigue more due to the
slope of the wöhler curve.
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7. Future work
The measurements for the Aby bridge has been only been roughly investigated, and will be
evaluated further in combination with future work.
The steel material has been subjected to tensile testing, toughness tests and fracture mechanical
testing, which remains to be evaluated.
During the spring of 2015 it is planned to perform the testing on the Bridge over Rautasjokk. This is
to verify assumptions and conclusions made on the Aby Bridge, evaluation of dynamic response as
well as measuring hot spots for fatigue under live loading.
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