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ABSTRACT

ARTICLE HISTORY

Timber buildings are increasing in their dimensions. Structural robustness is imperative for all
buildings and specifically important for tall buildings. Lives can be saved if disproportionate
collapse can be avoided after a catastrophic event (e.g. accident, terrorism). The literature about
robustness is comprehensive concerning concrete and steel buildings, but is rather limited
regarding timber. This paper reviews robustness in general and robustness of timber buildings in
particular. Robustness is an intrinsic structural property, enhancing global tolerance to local failures,
regardless of the cause. A deterministic approach to assess robustness is to remove certain loadbearing elements from the structure and compare the consequences to given limits. Design
methods for robustness may be direct by assessing effects of local failure, or indirect by following
guidelines. For robust timber buildings, the connections are the key aspects. Usually, metal
connectors may provide the required joint ductility. For robust light timber-frame construction, rim
beams may be designed. For timber posts and beams and cross laminated timber, guidance
regarding robustness is scarce, but in some aspects they seem to be similar to steel frames and
precast concrete. Future research should assess the capacity of connections, and evaluate the
adequacy of seismic connectors for robust timber buildings.
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1. Introduction
Building structures are expected to protect human lives and
provide shelter throughout their lifetime. To fulfil their protective function, buildings are required to survive both expected
and unexpected load scenarios. Established design rules and
codes such as the Eurocodes aim to ensure that buildings
withstand expected loads during the building’s lifetime. Treating unexpected loads requires a different approach as neither
the magnitude nor the location of these loads is known.
Robustness deals with questions of how a building structure
may tolerate unforeseen load events resulting in local failure
and still fulfil its function to protect human lives. The more
severe the expected consequences of a collapse of a building
are, e.g. the more people who may be harmed, the more
acute is the matter of robustness. The steel and concrete building community has confronted this challenge for a longer time
than that for timber buildings. Therefore, more extensive
research into robustness has been conducted regarding steel
and concrete and comprehensive literature is available.
Historically, builders lacked exact analytical models, but in
many cases they could produce sufficiently robust structures
to endure a long lifetime (Knoll and Vogel 2009). In modern
times, refined analytical modelling capability has emerged,
building processes have become more complex and structures more optimised. Some modern buildings have failed
in spite of the available tools because some factors have
not been considered in the models (Knoll and Vogel 2009).
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Robustness may not be implied in a modern building
without explicit checks (ISE 2010).
A well-known event which initiated research in the field of
structural robustness is the case of Ronan Point in London, UK
in 1968. There, a gas explosion in a corner apartment of a 22
storey concrete building led to the collapse of the entire
building corner (ISE 2010; Byfield et al. 2014). Another characteristic event is the collapse of a large part of the Murrah
Federal Building in 1995 in Oklahoma City initiated by a car
bomb (Byfield et al. 2014). The World Trade Center collapse
in New York after a terrorist attack in 2001 provided the
latest impulse to this research field (ISE 2010; Kokot and
Solomos 2012).
The more storeys a timber building has, the higher is its
consequence class according to Eurocode 1 (2006). Timber
buildings of higher consequence classes are confronted
with the challenge of structural robustness in order to
provide safe living spaces. The literature in this respect regarding timber is still rather limited. This paper provides a review
of structural robustness in general and its implementations in
timber structures in particular.

2. Materials and method
A literature study has been performed. The search for literature was mainly performed using online search portals
linked to electronic sources of different publishers. One
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focus was put on finding material describing robustness in
general such as other reviews. An effort was also made to
find a sufficient quantity of sources with timber-specific
considerations.
The terminology used for structural robustness was
briefly revised to develop a clear understanding of the
underlying ideas. Different concepts of analysis and quantification were then examined. In the next step, general
design strategies independent of the material used were
reviewed. Finally, analyses and design recommendations
regarding structural robustness specifically for timber buildings were reviewed.

3. Definitions
The terminology used in the literature in the context of structural robustness of buildings seems to be inconsistent
(Agarwal and England 2008; Arup 2011; Starossek and Haberland 2011; Brett and Lu 2013). In the following, certain established terms are briefly described and suitable definitions are
followed throughout the text.
In this paper, damage and failure are used to refer to both
structural components and the whole building. Starossek and
Haberland (2010) define damage as a deviation from the
design state which may lead to partial loss of functionality,
and failure as the total loss of functionality. Partial loss indicates that some reserve functionality is still available. If a
building is concerned, damage refers to the functionality of
the entire building. In this paper, a collapse is regarded as
the failure of a substantial part of a building.
Disproportionate collapse and progressive collapse are frequently used terms in the context of robustness. A disproportionate collapse is a structural collapse where the initial cause
and its subsequent extent stand in a disproportionate
relationship to each other (Starossek and Haberland 2010;
Arup 2011). A progressive collapse is a structural collapse,
beginning with an initial component failure, leading to subsequent failure of components that were unaffected by the
initial failure (Starossek and Haberland 2010). Agarwal and
England (2008) say that the initial failure spreads like a
chain reaction in such types of collapse. They also say that a
progressive collapse may be disproportionate in its extent
but the opposite may not necessarily be true. The term progressive describes how a collapse develops and the term disproportionate describes how much damage the collapse
leads to compared to the initial damage. Unfortunately, the
two terms are often used interchangeably in the literature.
In this work, the terms are used separately according to the
above definitions.
The term robustness is used ambiguously in different publications, although the structural concept behind the word
seems to be consistent in the literature (Brett and Lu
2013). Starossek and Haberland (2010) propose clear distinctions and definitions to avoid ambiguity. To distinguish
robustness from other properties, they present a qualitative
model based on an abnormal event acting on a structure, E,
which may lead to an initial local damage, D, which may in
turn provoke a disproportionate failure, C. They then decompose the probability of a disproportionate collapse, P(C), as

a result of an abnormal event, into the following probabilities:
P(C) = P(C | D) · P(D | E) · P(E) ,
  

(1)

Robustness Vulnerability Exposure


CollapseResistance

where P(E) is the probability of occurrence of an abnormal
event, P(D | E) is the conditional probability of initial
damage given the abnormal event and P(C|D) is the conditional probability of disproportionate spreading of failure
given the initial damage.
Equation (1) was initially introduced by Ellingwood and
Dusenberry (2005) and seems to be established in the literature (Kokot and Solomos 2012; Brett and Lu 2013). Starossek
and Haberland (2010) refer to P(E) as exposure, to P(D | E) as
vulnerability and to P(C|D) as robustness, which together
make up a building’s collapse resistance. They explain that
only vulnerability and robustness are structural properties
which may be affected by structural engineering. Whether
or not damage is spread is described as being an intrinsic
property of the given structure and therefore independent
of any abnormal event.
Examples of useful definitions for robustness are the
following:
Insensitivity of a structure to initial damage. A structure is robust if
an initial damage does not lead to disproportionate collapse. (Starossek and Haberland 2010)
… , the terms structural robustness or robustness are used to
describe a quality in a structure of insensitivity to local failure, in
which modest damage (whether due to accidental or malicious
action) causes only a similarly modest change in the structural
behaviour. (Arup 2011)
A quality in a structure/structural system that describes its ability to
accept a certain amount of damage without that structure failing
to any great degree. Robustness implies insensitivity to local
failure. (ISE 2010)

The definition in the Eurocode is more event-specific:
the ability of a structure to withstand events like fire, explosions,
impact or the consequences of human error, without being
damaged to an extent disproportionate to the original cause.
(Eurocode 1 2006)

Concordantly, robustness may be defined as an intrinsic
property of the structure alone which enhances a building’s
global tolerance to local failure, independent of the failure
cause. This definition is followed throughout this text. Synonyms
for robustness found in the literature may be progressive collapse
resistance, resilience or insensitivity to local failure. It is suggested
that such synonymous expressions be avoided to avoid ambiguity. In some contexts, the wording structural robustness instead
of robustness alone may be more appropriate.

4. Analysis and quantification
In general, the analysis and quantification of robustness may
be based on (1) a risk analysis, (2) a reliability analysis or (3) a
deterministic analysis (Kirkegaard et al. 2010; Čizmar et al.
2011b; Sørensen 2011; Brett and Lu 2013; Kövecsi 2014;
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Chen et al. 2016). Risk and reliability analyses are probabilistic
approaches and thus take into account probability distributions regarding building exposure or material parameters.
A deterministic analysis may be conducted in a pragmatic
manner and is needed as a complement to a probabilistic
analysis (Starossek 2006). Both probabilistic and deterministic
analyses may yield measures to quantify robustness. The
generic formulations of robustness measures are similar and
are based on the insensitivity of the system to a disturbance
in a variable (Brett and Lu 2013). An overview of measures
and a proposal for a comprehensive measure are given by
Brett and Lu (2013). The probabilistic approaches are
described briefly in the following subsections, but this paper
focuses on deterministic considerations and the deterministic
approach is therefore described in greater detail.

4.1. Risk analysis
Baker et al. (2008) propose that the robustness be assessed by
modelling the total risk. Their reasoning is based on paths in
decision trees like that shown in Figure 1. The path starts at
the point in the left of the figure, and one of many possible
exposures before damage (path EXBD in the figure) is
 in the figure) as a
assumed. If no damage occurs (path D
result of the exposure, the total risk for this path is zero. If
damage occurs, one of several possible damage states materialises (path D in the tree). Baker et al. (2008) explain that for
each of the damage states, a system failure (path F ) may or
 with a certain probability. On the
may not result (path F)
right end of the tree in Figure 1, consequences are associated
with the various paths. A damaged state always contains
direct consequences (CDir in the figure) which are directly
related to the initial damage. Indirect consequences (CInd in
the figure) are additional consequences of the initial
damage and may only arise if system failure occurs.
Baker et al. (2008) say that the consequences CDir and CInd
may be quantified by deaths, injuries, inconvenience for the
users or financial costs. CDir and CInd are then used to quantify
the risks due to direct and indirect consequences respectively
as total probabilities along all possible paths. The relationship
between indirect and direct risks is then used to yield a
robustness index.

4.2. Reliability analysis
The reliability of a structural system quantifies the system’s
probability of performance over a building’s service life
(Köhler 2006). The probability of performance is the complement to the probability of failure. Köhler (2006) says that,
in a reliability analysis, failure (i.e. non-performance) is

Figure 1. Decision tree, adapted from Baker et al. (2008).
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defined by any of the limit state functions reaching a value
smaller or equal to zero. A limit state function may be
based on a chosen serviceability, damage or ultimate limit
state of the structure. Köhler (2006) states that the commonly
used reliability index, denoted as β, is linked to the probability
of failure, denoted as Pf , via the cumulative standard normal
distribution function, denoted Φ:

b = −F−1 (Pf )

(2)

where b = 0 for Pf = 0.5 and increases for lower values of Pf .
For Pf  0, b  1 and for Pf  1, b  −1. The choice of a
suitable target reliability index for a given situation is
described for example in the report of the Joint Committee
on Structural Safety (2001).
Based on the relationship between the reliability index of
an intact (undamaged) system, denoted bintact , and the
reliability index of the same system in a damaged state,
denoted bdamaged , Frangopol and Curley (1987) introduced a
redundancy index for damaged structural systems denoted
bR . Their definition of damage includes any strength
deficiency in the structure. They further define redundancy
as a state where the failure of no single component will
lead to a collapse of the structure. Frangopol and Curley
(1987) define bR as follows:

bR =

bintact
.
bintact − bdamaged

(3)

If complete damage is assumed for the damaged state, then
bdamaged = −1 and thus bR = 0. If the structure’s reliability
is unaffected by the assumed damage, then
bdamaged = bintact and thus bR = 1.
The redundancy index bR is also used by certain authors to
indicate the level of robustness (Kirkegaard and Sørensen
2008; Čizmar et al. 2011b; Sørensen 2011). Some papers
suggest that a reliability-based robustness index, denoted
IRob,b , may be written as a direct relationship between the
reliability indices for the intact and damaged systems
(Čizmar et al. 2011a; Sørensen 2011):
IRob,b =

bdamaged
.
bintact

(4)

This index thus assumes the value 1 if the reliability index of
the damaged system is the same as that of the undamaged
system. For a lower reliability of the damaged system,
bdamaged  −1 and thus IRob,b  −1.

4.3. Deterministic analysis
In a deterministic analysis of robustness, the structural
response of the building to the assumed initial damage or to
a specific exposure is evaluated. The term notional damage is
used in the literature to indicate hypothetical damage to a
structure. Notional local damage of the global structure may
for example be the failure of a single structural element in
the building (e.g. the failure of a column). Specific exposures
may for example include explosion, malicious (terrorist)
attack, earthquake or fire. Analysis approaches which consider
notional damage are referred to as scenario-independent, and
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approaches which consider a specific exposure as scenariodependent (Arup 2011).
In a scenario-independent approach, the exposure which
caused the initial damage is disregarded in the analysis in
order to evaluate the building’s built-in ability to sustain
damage of any type (Arup 2011). The sudden removal of a
load-bearing element is the most accepted method in a scenario-independent approach (Arup 2011). ISE (2010) indicate
that the removal of a load-bearing element may refer to a
column, wall or support structure for columns or walls.
Elements should be removed one at a time, on each storey,
unless it can be shown that element removal in different
storeys leads to similar results.
In a scenario-dependent analysis, a specific exposure on a
building is considered. This analysis may be used to demonstrate structural robustness in specific events, whereas the
scenario-independent approach may be used to establish a
baseline of robustness (Arup 2011). This paper focuses on
scenario-independent approaches.

generally unclear how much wall length should be
removed. Using the maximum would be conservative, but
in some cases the removal of a length between vertical
lateral supports could be sufficient, even for internal walls.
Arup (2011) argues that the design against the removal of a
single column or a nominal length of a load-bearing wall
results in sufficient robustness for most buildings, and that
these uniform removals could standardise robustness.
Detailed guidance regarding loads which should be
applied in an ALPA can for example be found in the GSA
(2013) and U.S. DoD (2016) codes. In these codes, the
gravity loads for floor areas above the removed column or
wall section are generally a combination of dead load and
live load (or snow load). In case of static calculations, the
loads are multiplied by a dynamic load factor (DLF) to
account for dynamic load effects. See Section 5.4 for more
detailed information about the specific loads.
Four calculation procedures for an alternative load path
analysis are mentioned in the literature (Ellingwood et al.
2007; Arup 2011; U.S. DoD 2016):

4.3.1. Alternative load path analysis
To analyse the structural response of a building to the
notional removal of an element, an alternative load path
analysis (ALPA) may be performed (Ellingwood et al. 2007;
Arup 2011; U.S. DoD 2016). The objective of an ALPA is to
assess how loads are absorbed along alternative paths in
the structure after the initial damage, and to quantify the
extent of the collapse progression.

4.3.1.1 General concept. In a model of the building, a loadbearing element is notionally removed, and the structural
consequences are studied. As the notional removal is
carried out in a sudden manner, dynamic load effects
should be taken into account (Arup 2011). Debris loading
from falling parts during collapse need to be taken into
account in some cases (ISE 2010; Arup 2011). The extent of
the removal is often specified by the nominal length. This
length usually does not exceed 2.25H where H is the storey
height, but for an external masonry, timber or steel stud
wall, the length between vertical lateral supports (e.g.
columns or perpendicular walls) should be used (Eurocode 1
2006; ISE 2010; Arup 2011). The choice of removed elements
can be summarised as follows (ISE 2010):
.

.

.
.

The removed element may be a support column, the
nominal length of a load-bearing wall section, or structures
supporting these two elements.
Elements should be removed one at a time, on each storey,
unless it can be shown that element removal on different
storeys leads to similar results.
If several columns are located within a diameter of nominal
length, they should be removed simultaneously.
In corners, the length of load-bearing walls removed
should be H in each direction, but not less than the distance between expansion or control joints.

A reason why to use 2.25H as the maximum removal
length for load-bearing walls was difficult to find in the literature. Since this value represents an upper limit, it remains

.
.
.
.

a linear static procedure with a DLF,
a nonlinear static procedure with a DLF,
a linear dynamic procedure and
a nonlinear dynamic procedure.

These procedures are summarised in Figure 2. A recent,
fifth procedure mentioned in the literature (Arup 2011;
Byfield et al. 2014) is
.

a nonlinear static pushover procedure with a simplified
dynamic response

All these procedures are described in more detail below. A
comprehensive overview and comparison of all the procedures may be found in Byfield et al. (2014). The computational complexities of the four first calculation procedures
are compared e.g. by Marjanishvili and Agnew (2006). A
description of the practical application of the first four procedures can be found in U.S. DoD (2016).
To decrease the computational expense of an ALPA, subsystems in the proximity of connections and members close
to the removed element may be studied instead of the
entire structure (Ellingwood et al. 2007). For this simplification,
the surrounding structure of the sub-system needs to be
replaced by spring stiffnesses, and the forces in these
springs need to be evaluated separately.
The results of an ALPA may be used to evaluate structural
robustness. In most cases, the resulting extent of collapse is
compared to given requirements, see Section 4.3.2 for more
detail. Other information, such as joint behaviour, energy dissipation or the characteristics of collapse progression may
also be of interest.

4.3.1.2 Linear static procedure with DLF. In a linear static (or
elastic static) procedure, the material response is assumed to
remain linear elastic and geometrical changes are assumed
to remain linear (Arup 2011). This procedure takes into
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Figure 2. Analysis procedures for an ALPA.

account dynamic inertial effects by increasing the statically
applied gravity load by a DLF of usually 2.0 (Ellingwood
et al. 2007; Arup 2011). A linear elastic calculation does not
take into consideration plasticity or buckling, and therefore
neither any load distribution mechanisms which are favourable for collapse resistance (Ellingwood et al. 2007; Arup
2011). This procedure may produce highly conservative
results, but it is methodologically and computationally
simpler than the other procedures (Arup 2011).
Ellingwood et al. (2007) note that the linear elastic procedure may be conducted in an iterative manner by replacing
or removing structural elements which have reached their
capacity during the analysis. Byfield et al. (2014) note that
elements which have reached their capacity in shear are completely removed from the analysis whereas if an element’s
moment capacity is reached, it may be replaced by a hinge
at the assumed location of yielding, loaded with a moment
corresponding to the ultimate moment capacity of the
element.

4.3.1.3 Nonlinear static procedure with DLF. A nonlinear
static procedure may take into account plastic material behaviour and large geometric changes. As the dissipation of
energy in plastic strains can be considered, load distribution
mechanisms which may enhance collapse resistance (see
Section 5.2.1) can be taken into consideration (Arup 2011).
To include dynamic effects, DLFs are used which are in
general lower than those for the linear static procedure
(Arup 2011).
Marjanishvili (2004) notes that a nonlinear static analysis
for vertical loads after element removal is sometimes referred
to as pushover analysis. Although this term seems non-intuitive, it seems to be established in the literature. Ellingwood
et al. (2007) note that a load–displacement curve for gravity
loads after element removal may be called a push-down curve.

et al. 2007; Arup 2011). Dynamic load effects are considered
by this procedure. Like the linear static procedure, the linear
dynamic procedure produces highly conservative results
because plasticity is not considered (Arup 2011). The linear
dynamic procedure is rather unusual for ALPA (Arup 2011;
Byfield et al. 2014), but it may nevertheless be used in preparation for a nonlinear dynamic analysis (Arup 2011).

4.3.1.5 Nonlinear dynamic procedure. The nonlinear
dynamic procedure extends the nonlinear static procedure
by taking into account the structure’s time history response
(Ellingwood et al. 2007; Arup 2011). It is the most rigorous
and accurate of all the procedures. Accurate material
models for ductile and brittle behaviour are required (Ellingwood et al. 2007), and beneficial load distribution mechanisms (see Section 5.2.1) and dynamic inertial effects are
taken into account (Arup 2011), as well as damping and
material strain rate effects (Byfield et al. 2014). A nonlinear
dynamic calculation is both complex and computationally
expensive (Ellingwood et al. 2007; Arup 2011).
4.3.1.6 Nonlinear static pushover procedure with simplified
dynamic response. This procedure uses the nonlinear static
calculation procedure to establish the load-displacement
behaviour under different load levels after removal of an
element, which is referred to as a pushover analysis. After
removal of the element, the energy balance between the
gravitational energy release and energy absorption in the
structure is used to calculate the dynamic displacement
(Byfield et al. 2014).
A systematic approach to this procedure was first presented by Izzuddin et al. (2008). Other names for the procedure are simplified dynamic assessment (Kwasniewski et al.
2009) and energy balance procedure (Byfield et al. 2014). Izzuddin et al. (2008) list three steps in the analysis:

4.3.1.4 Linear dynamic procedure. The linear dynamic procedure extends the linear static procedure by taking into
account the structure’s time history response (Ellingwood

(i) nonlinear static response of the damaged structure
under gravity loading,
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(ii) simplified dynamic assessment to establish the
maximum dynamic response as a result of a sudden
column loss and
(iii) ductility assessment of the connections.
The relationship between the static load and the displacement of the position above the failed element is first established by gradually increasing the gravity load P in a
nonlinear static calculation procedure (Izzuddin et al. 2008;
Byfield et al. 2014). The mass above the removed element is
assumed to move in a single dominant displacement mode
as a lumped mass point, which results in a single dominating
deformation mode, corresponding to a single degree of
freedom (SDOF) system (Arup 2011). The analysis may be conducted on subsystems of the entire structure where connections to the surrounding structure are replaced by springs.
Subsystems may consist of building bays, multiple floors
above the removed element, single floors or single beams
(Izzuddin et al. 2008; Byfield et al. 2014). Figure 3 shows a
model for a pushover analysis of a building subsystem. In
the figure, P is the gravity load, u the vertical displacement
above the removed element and M the lumped mass. A corresponding load-displacement curve is shown in Figure 4(a),
illustrated by the continuous curve.
After the load-displacement curve has been established,
the maximum dynamic displacement, udyn , under suddenly
applied gravity load Pstat , is calculated from the energy
balance. The external work performed by the gravity load is
set in equilibrium with the system’s internal strain energy
(Arup 2011). In Figure 4, the work performed by Pstat is represented by the hatched area, and the total strain energy by
the grey area under the load-displacement curve. If the two
areas are equal at maximum displacement, udyn can be calculated. If a solution for udyn cannot be found, the energy
released after removal of the element cannot be balanced
by the strain energy, and collapse will occur (Byfield et al.
2014).
On the force-displacement curve, udyn can be associated
with an equivalent force, Pdyn , which, if applied statically,
would yield the same displacement result (Izzuddin et al.
2008). Pdyn depends on the load-displacement characteristic
of the specific structure and the applied gravity load (cf.
Figure 4(a) for a low, and Figure 4(b) for a large gravity
load). Different levels of Pstat may be plotted against the corresponding solutions for udyn (Figure 5), and the resulting

relationship is referred to as the structure’s pseudo-static
response (Izzuddin et al. 2008).
In the final step, udyn for a given gravity load is compared
to the ductility limit of the structure, defined by rupture of a
single connection. It may be re-evaluated after the failed connection has been removed from the system (Izzuddin et al.
2008).
This calculation procedure takes into account dynamic
effects as well as beneficial load distribution mechanisms,
but it does not require as great a computational effort as a
nonlinear dynamic procedure (Izzuddin et al. 2008; Arup
2011). Damping and material strain rate effects are not considered by the procedure (Arup 2011; Byfield et al. 2014).
Applications of this procedure may, for example, be seen in
Vlassis et al. (2008) and Dat et al. (2015).

4.3.1.7 Analysis tools. Marjanishvili (2004) states that the
complexity of the four general procedures and their conservatism are inversely related. He recommends starting with a less
complex calculation procedure and then applying increasingly more complex procedures, until the result shows that
the collapse does not progress. The proposed order is linear
static, nonlinear static, linear dynamic and nonlinear
dynamic. If procedures with a lower complexity show that collapse does not progress, the same can be assumed for procedures with a higher complexity.
For structural analysis after notional removal of a column,
the finite-element method (FEM) is an established numerical
modelling method (Izzuddin et al. 2008; Kwasniewski et al.
2009). Softening and element erosion (deletion) during simulation may be modelled in FEM by the application of adequate
failure criteria (Kwasniewski et al. 2009).
Another method for structural analysis after notional
removal of a column is the applied element method (AEM)
(Kwasniewski et al. 2009; Kokot and Solomos 2012; Kövecsi
2014). This method uses discrete rigid cubic elements,
coupled by translational and shear springs which take into
account elastic and plastic deformation, crack initiation and
propagation, element separation and element collision (Kwasniewski et al. 2009). In contrast to the FEM, the AEM allows
element connections along an entire element face and is
not bound to nodes (Tagel-Din and Rahman 2006). Lupoae
and Bucur (2009) compared the AEM to the FEM and demonstrate the application of this method in a building demolition
case. They found a close correlation between the AEM model
and reality. Dinu et al. (2015) use the AEM to evaluate the
structural robustness of multi-storey steel-frame buildings.
Coffield and Adeli (2016) showed that specific load exposures
such as blast may be modelled with the AEM.
4.3.2. Quantification of robustness

Figure 3. Illustration of a pushover analysis with load P, lumped mass M and
displacement u, adapted from Arup (2011).

The deterministic robustness measures described in this
section are based on the consequences of an assumed
initial damage in the structure. Some measures quantify the
resulting changes in structural properties, e.g. stiffness or
strength, and some measures quantify collapse progression,
e.g. by damage or energy (Starossek and Haberland 2011). A
further robustness measure is based on the system’s
pseudo-static capacity (Izzuddin et al. 2008). A comprehensive
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(b)

Figure 4. Vertical load-displacement curves where in each case the strain energy (grey) and external work by gravity load (hatched) are equal, adapted from Arup
(2011). (a) for a small gravitational load, (b) for a large gravitational load.

robustness index, taking into account stiffness, yield strength,
ultimate strength and ductility is presented by Brett and Lu
(2013).

4.3.2.1 Damage-based. A simple, binary-valued measure for
robustness is obtained by comparing the extent of the resulting damage after an assumed initial damage to a given limit. If
the resulting damage is below the limit, the building may be
said to be structurally robust. If the damage is above the limit,
it may not be called robust, as damage is disproportionate.
The resulting damage can for example be found by an
ALPA with its established levels of initial damage, as described
in Section 4.3.1. Limit values for the resulting damage may be
found in national building codes and guidelines. The acceptable limits in these codes are similar, and they specify either
square meters or a percentage of the total floor area that
may collapse in the storey above or in the storey adjacent
to that in which the initial element was removed (Byfield
et al. 2014). Eurocode 1 (2006) recommends the smaller of
100 m2 or 15% of the floor area, in each of two adjacent
storeys, as a maximum limit for the collapse area. American
codes distinguish between exterior and interior parts of the
building, in contrast to the Eurocode (Byfield et al. 2014).
Starossek and Haberland (2011) propose a robustness
measure Rd with a continuous value, based on the total building damage after the initial damage. They suggest that the
damage be quantified by the affected masses, volumes,
floor area or costs. In the calculation, the total additional
damage after the initial damage, denoted p, is compared to
a given level of acceptable total additional damage,

Figure 5. Pseudo-static response, adapted from Izzuddin et al. (2008).

denoted plim , as shown in the equation:
p
.
plim

Rd = 1 −

(5)

If the additional damage is equal to zero, Rd = 1. If p = plim
then Rd = 0, and for larger values of p the index becomes
negative. To account for the progression of total damage
and for different extents of initial damage, integral formulations of the robustness measure given in Equation (5) may
be used (Starossek and Haberland 2011).

4.3.2.2 Energy-based. Starossek and Haberland (2011)
present an energy-based robustness measure, Re , based on
initial element failure. Its definition can be seen in the
equation:
Re = 1 − max
j

Er,j
,
Ef,k

(6)

where Re depends on the maximum value of the ratio of the
energy release after failure of a structural element j, denoted
Er,j , to the energy required for failure of a successively affected
element k, denoted Ef,k . Er,j includes only the energy released
which contributes to damaging element k. Re = 1 for the
highest possible robustness, 0 ≤ Re ≤ 1 for the susceptibility
to collapse given the initial damage, and Re , 0 for certain
collapse. This measure may be most adequate if predominantly single elements are affected after local element
failure, as in structures which consist of similar elements,
e.g. steel frames of high-rise buildings (Starossek and Haberland 2011).
Smith (2003) presents an approach for steel members in a
truss structure to find the failure sequence which requires
the minimum energy for collapse, given the initial removal
of an element. The critical sequence is found by calculating
the ratio of the energy necessary for failure of each
element to the element’s current strain energy. The
element with the highest ratio is removed from the structure
and the process is iterated until collapse occurs. By varying
the initially removed element, the sequence with the
lowest required energy for collapse is found. Agarwal and
England (2008) and Brett and Lu (2013) describe a similar
approach which they refer to as an energy-based approach
to robustness.

8

J. A. J. HUBER ET AL.

4.3.2.3 Stiffness-based. Starossek and Haberland (2011)
present a stiffness-based measure of robustness, denoted as
RS , defined as in the equation:
Rs = min
j

det K j
,
det K 0

(7)

where RS depends on the lowest ratio between the determinant of the active system stiffness matrix of the undamaged
structure, denoted K 0 , to the determinant of the stiffness
matrix of the structure after removing the connection j,
denoted K j . Rs may be calibrated to take the value 1 for
maximum robustness and 0 for a lack thereof. Brett and Lu
(2013) present similar stiffness-based measures based on normalised stiffness matrices of the damaged and undamaged
structures. Starossek and Haberland (2011) claim that a stiffness-based measure may be adequate only for buildings
prone to zipper-type collapse, which is further explained in
Starossek (2007) and Kokot and Solomos (2012).

4.3.2.4 Strength-based. Sørensen (2011) proposes a robustness measure based on reserve strength, using the Reserve
Strength Ratio, RSR, which is the ratio of the characteristic
strength of the system, Rc , to the load that would lead to
the system’s collapse, Sc :
RSR =

Rc
.
Sc

(8)

The measure for robustness given by Sørensen (2011) is the
Residual Influence Factor (RIF) defined for each structural
element i as in the equation:
RIFi =

RSRfail,i
,
RSRintact

(9)

where RIFi is the ratio of the RSR-value for the system with the
structural element i removed, RSRfail,i , to the RSR-value of the
intact system, RSRintact . The value of RIFi lies in the interval
[0, 1] where 1 indicates full and 0 absent robustness. It
measures how the loss of an element affects the global
strength capacity. Although not explicitly mentioned by
Sørensen (2011), it may be assumed that the lowest RIFvalue for the different removed elements should be used to
measure the robustness of the entire system and to govern
design.

A similar assessment of reserve factors to measure robustness is given by Brett and Lu (2013), who use strength reserve
factors which relate the ultimate strength of structural
members to their required strength in the structure. Other
measures of this kind are the Demand–Capacity Ratio (DCR)
which is for example used in U.S. DoD (2016). DCRs are established as the ratio of resulting actions (internal forces and
moments) to the expected strength of structural elements.

4.3.2.5 Pseudo-static capacity. The pseudo-static capacity of
a system is defined as the gravity load above a notionally
removed element, for which the resulting dynamic displacement is less than or equal to the system’s ductility limit (Izzuddin et al. 2008). The capacity may be obtained from the
nonlinear static pushover procedure described in Section
4.3.1. The relationship between the actual gravity load
above the removed element and the pseudo-static capacity
yields a limit-state which is proposed by Izzuddin et al.
(2008) as a measure of robustness.
This robustness measure embodies a ductility-based DCR,
as opposed to most of the force-based DCRs (Arup 2011). It
quantifies the structural system’s reserve ductility. The more
reserves exist, the more robust is the structure.

5. Design in general
A number of common deterministic design methods to assure
structural robustness are presented in the literature. These are
generally classified as either direct or indirect design methods
(Starossek and Haberland 2010; Kokot and Solomos 2012;
Brett and Lu 2013). Indirect design methods resemble prescriptive rules which aim to ensure structural robustness
without any explicit calculation of a damage scenario (Kokot
and Solomos 2012; Brett and Lu 2013). Essentially, these
rules try to ensure the existence of alternative load paths
(Starossek and Haberland 2010). Direct design methods are
based on structural evaluations of damage scenarios, e.g. an
ALPA (see Section 4.3.1). Based on these evaluations, the
building is directly designed to survive specific damage, e.g.
notional element removal (Starossek and Haberland 2010).
Common indirect and direct methods are summarised in
Figure 6 and described in the sections below.

5.1. Indirect methods
5.1.1. Redundancy

Figure 6. Categorisation of design methods for robustness.

Redundancy can, under some circumstances, make a structure more robust. Redundancy may be said to exist if the
failure of no single critical component results in structural collapse (Frangopol and Curley 1987). Redundancy may be seen
as equivalent to the existence of alternative load paths (Starossek 2006; ISE 2010). A redundant structural system is statically indeterminate with several members acting in parallel
when loaded (ISE 2010). Redundancy may be active redundancy, were the load is shared among parallel members
already at low load levels, or passive or fail-safe redundancy
where the parallel members start to take up loads after a
certain amount of damage in the system (ISE 2010).
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In a redundant system, ductile behaviour should, if possible, be preferred over brittle behaviour. Overloaded structural
elements should tolerate deformation without rupture to
allow alternative load paths to engage in load-sharing (Knoll
and Vogel 2009). If a brittle element fails after overload, the
remaining elements need to sustain all the overload, but if
the failure is ductile, the remaining elements need only to
sustain the additional load above the yield point of the
failed element (ISE 2010).
Redundancy may also have a detrimental effect on structural robustness. If alternative load paths cannot sustain the
resulting loads in a damaged structure, then redundancy
may promote collapse progression (Starossek 2006). The detrimental effects of structural redundancy for two timber hall
buildings are discussed by Munch-Andersen and Dietsch
(2011), where it is claimed that a less redundant design
would have enhanced the robustness of one of the buildings.
To avoid global redundancy and break continuity, building
segments may be structurally isolated from each other (Starossek 2006), see Section 5.2.2.

5.1.2. Continuity by ties
A common indirect method to enhance a building’s robustness is to provide structural continuity by horizontal and vertical ties. Ties are links between building components and
their main function is to provide continuous load paths in
the structure, and to limit the displacement between the components (ISE 2010). Like redundancy, continuous ties increase
the possibility of load transfer in the event of local failure in
the structure (ISE 2010; Arup 2011; U.S. DoD 2016). Designing
a building with ties may provide it with a minimum level of
robustness and may therefore be adequate for low-risk buildings (Arup 2011).
Ties should be continuous along the entire length, width
or height of the building, and their force paths should be
straight (ISE 2010). Ties may be formed by mechanical connections of single structural elements (Arup 2011). Horizontal
ties should be designed for each storey in continuous bands
at the building’s perimeter, and internally in the perpendicular directions, with sufficient anchorage towards walls and
connections (ISE 2010). The horizontal tie forces required in
Eurocode 1 (2006) depend on the tie spacing, the span of
the ties, the number of storeys and whether the ties are
internal or peripheral. Vertical ties should be continuous
from top to bottom and well anchored to the foundation
(ISE 2010). Vertical continuity should enable floors above
failed vertical elements to be suspended from the ties
above (Arup 2011). Vertical tie forces required in Eurocode 1
(2006) depend on the building height in the case of framed
buildings, and on the wall dimensions in the case of loadbearing wall constructions.
There is some doubt as to whether tying alone is sufficient
to ensure that a structure may span over a locally failed region
(ISE 2010; Arup 2011). In order to ensure that alternative load
paths develop, ductility would also need to be specified, but it
is omitted in building codes (ISE 2010). The tying method
does not evaluate the building’s robustness before and after
the implementation of the ties (Arup 2011).
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5.2. Direct methods
5.2.1. Alternative load path design
The basis for this design method is an ALPA (see Section 4.3.1),
where the collapse extent and the development of alternative
load paths after notional removal of an element can be calculated. Alternative load paths are designed in the structure to
be activated and bridge local failure (Byfield et al. 2014). The
design may be improved until it matches any given requirement for robustness, e.g. the amount of collapsed floor area
specified in Eurocode 1 (2006). Characteristic aspects of
alternative load path design are described in this section.

5.2.1.1 Ductility. Ductility is the ability of a structure or a
material to deform plastically under load without rupturing
(ISE 2010). It allows the absorption of a load into plastic
strain energy (ISE 2010), and should be utilised for efficient
alternative load path design (Arup 2011). Ductile failure in a
structure is preferable to brittle failure because the failure
may be signalled by large deformations before collapse
occurs (ISE 2010). Plastic strain hardening after yielding in
the material may increase the resistance to loads at large
deformations (Arup 2011) and may be beneficial for robustness (Knoll and Vogel 2009).
A structural fuse element along an alternative load path is a
means to limit the force that may be transferred in these
paths, and to keep the force at a specific level (Knoll and
Vogel 2009). The fuse element may tolerate large, inelastic
deformation and may therefore be used in a displacementbased design (e.g. seismic design) to dissipate energy (Knoll
and Vogel 2009; Branco and Neves 2011). These properties
indicate that ductility plays a vital role in the design of a
fuse element. Khandelwal and El-Tawil (2011) suggest that
fuse elements used in seismic design may also be used to
avoid collapse progression in a building. Fuse elements may
be used to avoid the transfer of destructive forces between
building compartments (Ellingwood et al. 2007), or to
ensure that a failing building compartment may safely disconnect at a specified location (Starossek and Haberland 2010)
(cf. the compartmentalisation approach in Section5.2.2).
The development of catenary action after element failure
(described below) depends on the ductility supply in joints
and connections (ISE 2010). As was shown for the nonlinear
static pushover procedure in Section 4.3.1, ductility is
desired to increase the capacity of the structure to withstand
a suddenly applied load (Izzuddin et al. 2008). Designing a
structure with excessively high strength may disturb the
ductile failure modes (ISE 2010).

5.2.1.2 Load distribution mechanisms. Some mechanisms
are able to redistribute loads in the structure after local
failure and thus prevent collapse (Arup 2011). These mechanisms depend mainly on material plasticity and geometric nonlinearities (e.g. buckling). The most important mechanisms are
described below.
Catenary action or chain action is a mechanism which utilises the tensile capacity of a beam or floor to distribute a
load above a removed element. For the mechanism to
develop, the connections need to allow sufficient rotation,
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and the beam or floor needs to possess sufficient tensile
capacity. The mechanism is illustrated in Figure 7 for a part
of a simple structure with gravity load G, a tensile catenary
force T and the effects on the remaining structure indicated
by dotted green arrows. For a deep beam, shear deformation
above the removed element may be the governing deformation mode when forming a catenary (Arup 2011).
Membrane action, which sometimes is also referred to as
diaphragm action, is similar to catenary action but acts in
the plane and forms a membrane, as illustrated in Figure 8.
Tensile forces, denoted T in the figure, develop in the membrane plane towards the centre where the column has been
removed. Compression forces, denoted C, develop along the
perimeter of the membrane, between the remaining
columns. The development of the membrane affects the
remaining structure, indicated by green dotted arrows in
the figure. As in the case of catenary action, sufficient
tensile capacity in the radial direction and sufficient joint
rotation are necessary.
Arching action is a mechanism created when the upper
parts of two beams or floor slabs lock each other’s further vertical displacement and form an arch together with their lower
connection points, as shown in Figure 9.
Other mechanisms named in the literature are Vierendeel
action and compressive strut action (Arup 2011). Vierendeel
action is characterised by a double curvature of the beams
in the remaining structure after element removal which provides a way to redistribute loads (Sasani 2008). Compressive
strut action is a characteristic of masonry buildings, where
masonry infills may transfer a load in their plane and enable
the structure to act effectively as a deep beam (Arup 2011).

5.2.2. Compartmentalisation
Compartmentalisation is the division of a structure into independent structural compartments which are in themselves
robust (Ellingwood et al. 2007). Compartment borders are
either strengthened to sustain high loads, or their continuity
is reduced to allow large displacements (Starossek 2006).
Structural fuse elements (see Section 5.2.1) may limit the
transferred forces between compartments to a certain level
and thus may be used to avoid collapse progression from
one compartment to the next (Ellingwood et al. 2007). Compartmentalisation may be combined with the design of key
elements (see next section) for effective compartment
borders (Starossek 2006). Compartmentalisation may also be
referred to as isolation by segmentation (Starossek and Haberland 2010) or second level of defence (Ellingwood et al. 2007).

Figure 7. Catenary action, with a catenary tensile force T, gravity load G and the
effects on the remaining structure indicated as dotted arrows, adapted from
Arup (2011).

A compartmentalised design may be considered if structural collapse resulting from local failure has to be limited to
an acceptable extent (Starossek 2006). For large horizontally
aligned structures with low height, horizontal collapse progression may be limited by compartmentalisation (Starossek
2006; Ellingwood et al. 2007), but it may be less applicable
for tall buildings where the avoidance of vertical collapse
dominates in the consideration of robustness (Starossek
2006; Ellingwood et al. 2007). However, the design of intermittent strong floors may be a compartmentalisation approach
which is suitable for arresting debris falling in tall buildings
(Ellingwood et al. 2007).
Alternative load path design and compartmentalisation are
conflicting design objectives. An alternative load path design
may be more suitable for a vertically aligned structure (i.e.
high-rise buildings) whereas compartmentalisation may be
more adequate for a horizontally aligned structure (i.e.
bridges, hall buildings) (Starossek 2006). In some structures,
an alternative load path design may promote collapse progression instead of arresting it. Starossek (2006) claims that
the partial collapse of the Charles de Gaulle airport terminal
in 2004 could have been avoided by a compartmentalised
design which would have avoided alternative load paths.

5.2.3. Key element design
Key element design is a scenario-dependent design approach
(Ellingwood et al. 2007; Arup 2011), where certain critical loadbearing elements are designed to resist a specific load or a
specific exposure scenario (Ellingwood et al. 2007). Strictly,
this method addresses the component P(D | E) of Equation
(1), which was defined as vulnerability, and not robustness
(Starossek and Haberland 2010). In the literature, the key
element design method is also referred to as hardening (Starossek and Haberland 2010), the enhanced local resistance
method (U.S. DoD 2016) or the increased local resistance
method (Starossek and Haberland 2010). If a specific exposure
scenario (e.g. blast, impact and fire) governs key element
design, the term specific local resistance method is also used
(Ellingwood et al. 2007).
If the design of key elements is required, codes and guidelines often recommend a specific resistance value for key
elements. A common value is 34 kPa which is said to be
derived from estimates of the explosion pressure at Ronan
Point (ISE 2010; Arup 2011). The adequacy of this value to
withstand an explosion is debatable (Arup 2011). Peak pressures during the explosion causing the Murrah building’s collapse were reported to have been of the order of 10 MPa
(Byfield et al. 2014). If a key element is designed, Eurocode
1 (2006) requires that 34 kPa is applied separately both horizontally and vertically, and that components attached to the
key element are loaded to an extent corresponding to their
connection capacity. To avoid unreasonably high loads, ISE
(2010) recommends that 34 kPa be applied on a maximum
area of 6 m × 6 m, which usually corresponds to the upper
bound of the largest area spanned by two nominal lengths
(2.25H, where H is storey height).
Key element design should be used as a method of last
resort if a building cannot be designed to tolerate element
removal by alternative load path design (Arup 2011; Cormie
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Figure 8. Membrane action, with compressive ring forces C, tensile membrane
forces T, and the effects on the remaining structure indicated as dotted arrows.

et al. 2012; Hewson 2016). If, in spite of its strength, a key
element fails, the capacity of the structure decreases abruptly
and disproportionate collapse probably results (Arup 2011).
High-risk buildings may require key elements in addition to
other design features to ensure robustness (Arup 2011).

5.3. Connection design
Connection design is a key aspect for structural robustness
(ISE 2010; Arup 2011; Byfield et al. 2014). In robust buildings,
connections should be ductile, i.e. they should be able to
sustain large deformations without rupturing, mainly to
make catenary action possible (see Section 5.2.1) (ISE 2010;
Byfield et al. 2014). The correct assessment of the ductility
capacity of a connection is crucial for an alternative load
path analysis. Analysis is complicated by the scarcity of data
for connection capacities (Arup 2011). Connections used in
seismic design are ductile and may tolerate multiple load
reversal cycles (Ellingwood et al. 2007). Their applicability for
designing robust buildings is yet to be investigated.
Beam-column connections in steel frames may be divided
into full-strength and partial-strength connections (Byfield
et al. 2014): Full-strength connections are designed with a
higher moment resistance than the steel beams and they
thus promote a plastic hinge in the beams before connection
yielding. Partial-strength connections are designed to yield
before the beams and may provide the required rotation
capacity. Sufficient ductility is required for partial-strength
connections to allow the desired deformation (Byfield et al.

Figure 9. Arching action, with compressive forces C, from Arup (2011).
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2014). In precast concrete buildings, plastic hinges should
develop in the connections before brittle shear failure
occurs (Ellingwood et al. 2007).
The modelling of partial-strength connections is most
accurate if empirical data can be used (Byfield et al. 2014).
Experimental data, particularly for combined rotational and
axial deformation, are lacking for many connection designs
(Arup 2011; Byfield et al. 2014). Additionally, information on
the upper limits of strength are often missing for connections.
An exact estimation of connection strength is needed to avoid
brittle failure in timber structures (Jorissen and Fragiacomo
2011). Data and research on steel and composite connection
ductility have been presented by Kuhlmann et al. (2009). In
the absence of data, full three-dimensional modelling of connections may be required for a rigorous assessment of connection behaviour in specific cases (Byfield et al. 2014).
Dynamic material strain rate effects affect the behaviour of
a connection and need to be considered in models (Byfield
et al. 2014). To decrease model complexity, deformable
areas in the connection may be replaced by nonlinear
spring elements, which has yielded reliable results in the
past (Byfield et al. 2014).

5.4. Recommendations in building codes
5.4.1. Eurocode
In Eurocode 1 (2006), buildings are categorised into consequence classes 1, 2A, 2B and 3, depending on their size and
use. For class 1, no specific demands for robustness exist.
For class 2A, horizontal ties should be implemented for
framed buildings, and effective anchorage of suspended
floors to walls should be provided for load-bearing wall constructions. For class 2B, both horizontal and vertical ties
should be implemented for all type of buildings. Alternatively,
for class 2B, an ALPA (see Section 4.3.1) based on notional
element removal may be performed and the resulting
damage extent checked against a specified limit. If the
removal of a specific element or elements results in damage
greater than the limit, these elements need to be designed
as key elements (see Section 5.2.3). For class 3, a systematic
risk assessment is also recommended.
The magnitude of the tie forces specified in Eurocode 1
(2006) generally depends on the building’s consequence
class, whether it is a framed building or a wall-bearing
design, and the characteristic load. Horizontal tie forces also
depend on tie spacing, the span of the ties, the number of
storeys and whether ties are internal or peripheral. Vertical
tie forces depend on the height of the building in framed
buildings, and on wall dimensions in the case of loadbearing wall constructions. For both horizontal and vertical
tie forces, minimum values are also specified. The United
Kingdom annex to Eurocode (British Standards Institution
2008) allows a reduction of the minimum horizontal tie
force to 1/10 of the value given in Eurocode 1 (2006) for
internal ties, and to 1/5 for perimeter ties, for lightweight
structures (e.g. wood).
If an ALPA is performed as an alternative to tying, Eurocode
1 (2006) demands that each load-bearing column and each
beam supporting a column, or any nominal length of a
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load-bearing wall be removed one by one, on each storey. A
nominal length should generally be 2.25H at most, where H is
the storey height. For external walls of timber, masonry or
steel studs, the nominal length should be taken as the
length between two vertical supports. The recommended
limit for resulting damage is the smaller of 100 m2 or 15%
of the floor area, in each of two adjacent storeys. Eurocode
1 (2006) gives no further guidance for the conduction of an
ALPA, e.g. which procedures to use, which loads and DLFs
to assume, or how the connections should be treated.
For key elements, if they are required, Eurocode 1 (2006)
demands that they withstand 34 kPa, acting both horizontally
and vertically, in one direction at a time. The key element
should also be able to withstand any connected component
being loaded with the ultimate strength of the component
and its connection.

5.4.2. U.S. codes
GSA (2013) and U.S. DoD (2016) divide buildings into risk categories I to IV. For category I, no specific requirements exist.
For category II, two alternative approaches are accepted.
The first is to provide the structure with horizontal and vertical
ties, and to provide the corner elements (columns or walls)
together with their neighbouring elements with enhanced
local resistance (cf. key elements). The second alternative is
to perform an ALPA and demonstrate that the structure can
bridge over notionally removed elements. For category III,
an ALPA should be performed, and all perimeter elements
on the first storey should be designed with enhanced local
resistance. For category IV, ties should be provided, an ALPA
should be performed, and all perimeter elements on the
first storey should be designed with enhanced local
resistance.
The required tie forces in U.S. DoD (2016) generally depend
on the floor loads, tie spacing and a material-specific overstrength factor. The ties are also required to be capable of
rotating 11.3 degrees while carrying the tie forces. U.S. DoD
(2016) gives detailed and pedagogic guidance on the calculation of floor loads and tie forces for different building
designs. Explicit minimum values for tie forces are not
specified.
The locations of column or wall removals in an ALPA are
specified for each risk category. On the perimeter, at least
the columns in the corners and in the middle of the edges
need to be removed. For walls, a length of at most 2H
should be removed, where H is the storey height. In corners,
a length of H in each direction should be removed. Removal
locations may be omitted if results similar to those obtained
in other locations can be expected. The gravity loads for
floor areas above the removed column or wall, G, are generally
specified in GSA (2013) and U.S. DoD (2016) in the format
G = V[1.2D + (0.5L or 0.2S)],

(10)

where D is the dead load, L is the live load and S is the snow
load. Ω is a DLF and its value depends on the procedure
applied for the ALPA. For the remaining floor areas, not
above the removed column or wall, G should be applied
with V = 1. In the nonlinear dynamic procedure, Ω is
omitted and G should be applied to the entire structure.

ALPAs are also exemplified in the code for different building
systems and materials.
To check the design in an ALPA, U.S. DoD (2016)
implements strength reduction and load increase factors to
compare strength supply to strength demand for all structural
elements. In contrast to Eurocode, the application of linear
static, nonlinear static and nonlinear dynamic calculation procedures for an ALPA are described, with additional guidance
on software implementation. Structural elements, components and connections are classified as primary if they
provide the resistance capacity after element removal, and
as secondary if they do not. All component actions in an
ALPA are also classified as deformation- or force-controlled,
depending on the component’s force–displacement behaviour. U.S. DoD (2016) gives detailed guidance on the calculation of strength and deformation capacities. The capacities
generally depend on the analysis procedure, whether an
action is force- or deformation-controlled, and on the
material. For a robust building, the strengths of both
primary and secondary elements, components and connections need to fulfil the demands for deformation- and forcecontrolled actions after element removal, in contrast to Eurocode where an acceptable collapse area is defined.
U.S. DoD (2016) does not provide explicit load values for
the design of elements with enhanced local resistance.
Rather, guidance is given as to how to design these elements
to fail in bending prior to failing in shear, to promote a ductile
failure mode.

5.4.3. Comparisons
Several building standards describe the tying method, ALPA
and key element design as valid design methods for structural
robustness (Byfield et al. 2014). The limits for admissible collapse after element removal are similar, a comparison has
been made by Byfield et al. (2014). Both Eurocode 1 (2006)
and U.S. DoD (2016) note that an ALPA would be the most
practical choice for load-bearing wall structures of risk categories 2B and II.

6. Timber buildings
6.1. Collapse in timber structures
Failure causes for a number of timber structures are described
by Frühwald Hansson (2011) and Dietsch (2011). Both identify
that most of the failures were caused by design errors and
that most failures were in general related to gross human
errors. Dietsch (2011) argues that errors during design will
probably have a repetitive effect on all affected elements
and thus lead to global effects in the structure. The investigations of Frühwald Hansson (2011) showed that failure
most frequently occurred in beams, trusses and the bracing
system. Most failures could be traced back to one of the following reasons:
.
.
.
.

insufficient bracing,
tensile perpendicular-to-grain failure,
ignoring moisture effects and
negligent joint design and assembly.
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Two well-known cases of collapse in timber structures are
the Bad Reichenhall Ice-Arena in 2006 (Čizmar et al. 2011a;
Dietsch 2011; Munch-Andersen and Dietsch 2011) and the
Siemens Arena in Ballerup 2001 (Hansson and Larsen 2005;
Čizmar et al. 2011a; Dietsch 2011).

6.2. Structural robustness analysis
Most robustness analyses for timber buildings seem to be
based on a probabilistic reliability analysis (see Section 4). A
reliability analysis of a timber hall building was for example
conducted by Kirkegaard and Sørensen (2008) and Rajčić
et al. (2010). Structural elements were notionally removed
and the resulting change in the reliability index was quantified. The effects of considering connection ductility in a
reliability analysis of a timber structure were studied by Kirkegaard et al. (2011), who found that a small increase in ductility
led to a large increase in the system reliability index. A
thorough treatment of modelling reliability in timber structures is given by Köhler (2006).
Deterministic analyses of the structural robustness of
timber buildings are more difficult to find in the literature. A
deterministic evaluation of different purlin systems in a
large-span timber roof structure was conducted by Dietsch
(2011), where different purlins between two supports and
different main beams acting as supports were notionally
removed and the consequences studied. An example of an
ALPA for a three-storey light timber-frame building is conducted in U.S. DoD (2016), where a linear static procedure is
followed and four different wall removal scenarios are evaluated. The length of the removed wall elements in this example
is twice the storey height.

6.3. Design for structural robustness
6.3.1. Timber in general
6.3.1.1 Material properties. The low density of timber compared to its mechanical properties may be considered to be
an advantage with regard to structural robustness (Hewson
2016). Lower weight leads to lower inertial effects and
smaller debris loads during collapse. In tension, bending
and shear, timber usually fails in a brittle mode. In compression, it exhibits some ductile behaviour (Thelandersson
and Honfi 2009). Timber may therefore possess less ability
to develop catenary action after element removal (Hewson
2016), and redundancy concepts may thus be harder to
include in timber designs (Thelandersson and Honfi 2009).
In tensile perpendicular-to-grain direction, ductility may for
example be increased by reinforcements with metal screws
or fibre composites (Thelandersson and Honfi 2009).

6.3.1.2 Connections and ductility. Connections in timber
buildings are the critical regions for load transfer (Hewson
2016). Kirkegaard et al. (2011) compared damaged and undamaged timber structures and concluded that the robustness
of these structures may be significantly increased by increasing ductility in the system. Ductility in a timber structure may
predominantly be supplied by plastic behaviour of the connections (Smith and Frangi 2008; Thelandersson and Honfi
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2009; Brühl et al. 2011; Jorissen and Fragiacomo 2011). Yielding of metal connectors together with compressive failure of
the wood are the main sources of ductility in timber joints
(Thelandersson and Honfi 2009). The ductility of metal fasteners in timber has been assessed by Kuhlmann et al. (2006),
Malo et al. (2011) and Brühl et al. (2011, 2014). Stehn and
Börjes (2004) showed that the deformation and load-carrying
capacity of timber trusses may be increased by using ductile
steel connectors. Wood constructions composed of many
metal fasteners, e.g. light timber-frames, may be expected
to exhibit ductile behaviour (Thelandersson and Honfi 2009).
There are several definitions of ductility, all related to
stress, strain or energy, which may be useful in different situations (Malo et al. 2011). For connection design, definitions
referring to absolute values of rotation and displacement
may be the most applicable (Jorissen and Fragiacomo 2011).
Ductility may further be divided into static ductility for constant loads, and dynamic ductility for cyclic loads (Jorissen
and Fragiacomo 2011).
Capacity-based design may be used to ensure ductile failure
in timber structures and thus the possibility of load distribution after local failure. In this design approach, the strength
capacity of ductile components is less than the capacity of
brittle components, i.e. plastic yielding in connections will
occur before brittle failure of the members (Jorissen and Fragiacomo 2011; Lawrence 2014). In this context, an overstrength factor may be used to quantify how much stronger
brittle elements are than ductile elements (Brühl et al. 2014).
Brühl et al. (2011) have shown that it is possible to implement
a desired level of fastener ductility in timber structures.
Capacity-based design has so far been used in the seismic
design of timber buildings (Jorissen and Fragiacomo 2011).

6.3.1.3 Design. The many interconnections in timber buildings require attention during design and construction, but
they also offer possibilities for structural survival after local
failure (ISE 2010). As mentioned, connections should be
designed to fail in a sufficiently ductile mode (Lawrence
2014). In general, the design should also consider horizontal
loads after element removal to enable catenary action (ISE
2010). To model the notional removal of an element from a
timber structure, good results may be achieved by assuming
elastic material models for timber members, nonlinear
material models for connections, and including geometrical
nonlinearities (large deformations) (Thelandersson and Honfi
2009).
For redundant timber structures, Sørensen (2011) showed
that system reliability decreases if the statistical correlation
between elements increases, and vice versa. Thus, if properties of structural elements are highly correlated, a redundant
design should be avoided and compartmentalisation (see
Section 5.2.2) preferred. For large-span timber roof structures,
a compartmentalisation approach may also be preferable if
sufficient alternative load paths cannot be formed (Dietsch
2011).
Timber buildings may be built with prefabricated modules.
Currently, the literature has not treated the robustness of
timber buildings made of modules. However, research on
light steel modular construction indicates that modules can
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bridge over removed modules, and that the necessary tying
forces after element removal are lower than those required
by the tie force method (Lawson et al. 2008). We think that
a high degree of prefabrication could be advantageous
regarding robustness because automation and industrial
quality control may reduce manufacturing tolerances and
the probability of human error, at least concerning the finished modules.

6.3.2. Light timber-frame construction
6.3.2.1 Design in general. Light timber-frame buildings
consist mainly of vertical shear walls and horizontal diaphragms, both of which consist of wooden frames to which
covering panels are fixed with metal fasteners. Both shear
walls and diaphragms show a high ductility under in-plane
loading, mainly originating from the metal connectors (Thelandersson and Honfi 2009). Horizontal diaphragms should
be well anchored into the shear walls above and below and
have sufficient horizontal load capacity, to ensure that they
can bridge gaps after element removal (ISE 2010). This mechanism is referred to as diaphragm action and is essentially the
same as catenary or membrane action (see Section 5.2.1).
Although dynamic effects in failure scenarios of light
timber-frames are usually smaller than with other materials
(Thelandersson and Honfi 2009), the debris load during collapse must be considered during the design of timber floors
(ISE 2010).
Experience regarding the structural robustness of light
timber-frames was gathered during the Timber Frame 2000
(TF2000) project in 1998 in the United Kingdom, where a six
storey platform light timber-frame test building was set up,
and internal and external wall panels were removed to
observe the effects (Grantham and Enjily 2004; Arup 2011).
The actual global stiffness of the building was higher than
anticipated (ISE 2010). The building was able to bridge the
resulting internal gaps by horizontal diaphragm action in
the floors above the removed wall panel, and the external
gaps by vertical wall panels acting as deep beams above
the gap (Grantham and Enjily 2004; Arup 2011). Whether or
not the specific results from TF2000 may be used as guidelines for other light timber-frame buildings with different
designs remains unclear (ISE 2010; Arup 2011).
The tie force requirements in Eurocode 1 (2006) seem to be
adapted for steel and concrete frames and are thus difficult to
achieve with light timber-frames (ISE 2010; Arup 2011;
Hewson 2016). As mentioned, the UK’s national annex to
Eurocode (British Standards Institution 2008) allows tie
forces to be reduced for timber due to its low density.
Instead of attempting to satisfy the tie force requirements,
effective anchorages between the components may be provided (ISE 2010; Arup 2011). Effective anchorage may be
achieved by minimum fixing requirements, e.g. 3.1 mm diameter nails with a spacing of 300 mm for all horizontal interfaces
(ISE 2010). Design details for effective anchorage are illustrated in ISE (2010) and Arup (2011). The implicit assumption
behind effective anchorage is that the high fixing density in a
well-detailed platform timber-frame structure leads to sufficient horizontal tying (ISE 2010; Arup 2011). However, Arup
(2011) argues that the effective anchorage method is less

robust than the horizontal tying method, and that the effective anchorage method does not necessarily provide continuity, but rather single points with increased strength.
In light timber-frame construction, wall panels may be
designed to work as deep beams above gaps, and doublespanning floor joists may be designed to act as cantilevers
over two walls to support the area at the cantilever tip,
where a third wall has been removed (ISE 2010; Hewson
2016). The method of effective anchorage between floors
and walls should be preferred for class 2A buildings, and
checking for notional element removal should be preferred
for class 2B buildings (ISE 2010).

6.3.2.2 Rim beam method. Designing a rim beam is an established method of providing continuity in a light timber-frame
structure and alternative load paths after element removal
(Grantham and Enjily 2004; ISE 2010; Hewson 2016). A rim
beam is a continuous beam, often made of engineered
timber, which runs on the top of internal and peripheral
walls on each storey (Hewson 2016). Edge boards of floor cassettes may also be designed to fulfil the same purpose as a rim
beam (ISE 2010). An illustration of a rim beam is shown in
Figure 10.
The rim beam is anchored to the walls below and above,
and to the floor joists which may run parallel to or perpendicular to the rim beam (ISE 2010; Hewson 2016). The rim
beam should support the floors, and it should be able to
bridge any gap after the removal of a load-bearing wall
section and transfer vertical loads to the remaining structure
(Hewson 2016). In wall intersections, where two perpendicular
rim beams come together, wall panels should be continuous
at least 1.2 m from the corner, and provide full vertical bearing
of the rim beam after element removal (ISE 2010). If this
support cannot be provided, the butt end of one rim beam
should be hung or fixed onto the crossing rim beam (ISE
2010).
In the design, at least 2.4 m of external wall panels and at
most 2.25H of internal wall panels should be notionally
removed, where H is the storey height (ISE 2010). Rim
beams should support the dead load of the structure above,
and one-third of the imposed loads, including the wall
panel and cladding of a single storey (ISE 2010). In addition,
the rim beam should sustain horizontal tie forces as specified
in Eurocode (ISE 2010). The rim beam, together with a wall
panel above the removed element, may act as a deep beam
over gaps (Hewson 2016). The dimension and detailing of
the rim beam may differ; for some buildings two parallel rim
beams may even be required (ISE 2010). Examples of rim
beam design details are given by ISE (2010) and Hewson
(2016).
If the rim beam cannot bridge the required gap after
element removal, additional supporting posts should be
designed and treated as key elements (ISE 2010). Also, any
transfer beams carrying other load-bearing elements should
in general be top-hung onto the rim beam, and designed as
key elements if their failure would cause disproportionate collapse (ISE 2010). For key elements, Laminated Veneer Lumber
(LVL) or glued laminated timber (glulam) is usually used (Arup
2011).
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Figure 10. Continuous rim beams in a light timber-frame building.

As the loss of load-bearing walls over two storeys is probable if fire reaches the wall cavity, the notional removal of
load-bearing walls over two storeys may need to be considered for certain buildings (Hewson 2016). In this case, a
higher debris load should also be considered, which may be
dealt with by designing every second floor as a strong floor
(Hewson 2016).

6.3.3. Post and beam construction
6.3.3.1 Design in general. Post and beam constructions
consist of continuous vertical posts and horizontal beams
which are often pin connected to each other (Gattesco and
Boem 2015). Glulam beams connected by metal connectors
and slotted-in steel plates are frequently used (Xiong and
Liu 2016). Timber post and beam constructions are usually
designed to sustain the tie forces specified in Eurocode 1
(2006), but additional checks of joint ductility and rotation
capacity should be conducted to ensure that catenary
action can be established after column removal (Hewson
2016). Connections need to yield in a ductile manner before
brittle failure in the timber occurs. Floor slabs which remain
intact after element removal may contribute to the load distribution after column removal (Hewson 2016). The bracing
system for horizontal stability usually consists of diagonal
members, timber shear walls or corresponding continuous
floor-to-roof timber walls (Gattesco and Boem 2015). Failures
in the bracing system, especially during construction, are a
main reason for collapse of posts and beams (Frühwald
Hansson 2011), and therefore their effects on stability need
to be considered by notional element removal (Arup 2011).
Post-tensioned frames, which use tensioned steel cables
inside the beams, may be used to increase tying in timber
post and beam constructions, and enhance the development
of catenary action after column removal (Hewson 2016). Posttensioned frames are also able to increase moment resistance
and energy dissipation during earthquakes (Smith et al. 2016),
and this might also be beneficial for robustness.
Large-span timber structures usually consist of main frames
(i.e. columns and girders), secondary elements and bracing

elements (Thelandersson and Honfi 2009). To avoid collapse
due to bracing failure, it is recommended to implement
moment-resisting joints between columns and horizontal
girders (Thelandersson and Honfi 2009). For high consequence buildings, Thelandersson and Honfi (2009) recommend that the failure of one or more elements of the
main frame be considered. Large-span timber structures
should be designed with a compartmentalisation approach
(see Section 5.2.2); a weaker secondary system or fuse
elements in joints (see Section 5.2.2) should isolate a failure
in the main frame (Thelandersson and Honfi 2009). In this
way, a part of the structure is sacrificed so that a larger part
may survive. If, on the other hand, the failure of a main
girder must be avoided, the secondary system should be
designed to provide alternative load paths via catenary
action and catch the failing girder (Thelandersson and Honfi
2009). Similar considerations for large-span timber structures
are presented in Dietsch and Winter (2010), Dietsch (2011)
and Munch-Andersen and Dietsch (2011).

6.3.3.2 Similarities with steel frames. There are similarities
between timber posts and beams and steel frames, regarding
robustness (ISE 2010; Hewson 2016). The high strength-toweight ratio of steel is mentioned as an advantage regarding
robustness (Ellingwood et al. 2007), but timber’s strength-toweight ratio is rather high compared to other materials, and
this should also favour timber’s behaviour under collapse. A
high strength-to-weight ratio also leads to a high susceptibility to column buckling as slender profiles can be used for
structural elements. Steel frames should be checked for
column buckling, if support conditions may change after
element removal (Ellingwood et al. 2007), and this should
also be true for timber posts and beams.
Steel frames are usually designed to fulfil tying requirements (Ellingwood et al. 2007; ISE 2010; Hewson 2016).
Column splices along vertical ties require particular attention
(ISE 2010), and this should also apply for timber posts. Steel
frames are primarily designed to develop catenary action,
where plastic hinges develop in the connections, and where
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the full tensile capacity of the members can be utilised (Ellingwood et al. 2007; ISE 2010). Steel beams may also be designed
to develop an internal plastic hinge (Ellingwood et al. 2007),
which is not possible for standard timber beams due to
their brittleness. If connections with a sufficient ultimate
strength in timber posts and beams can be designed to
yield in a ductile manner before brittle failure occurs in the
timber, parts of the axial capacity of timber beams could be
exploited by catenary action.
In steel frames, floor slabs may develop a membrane action
after element failure and redistribute loads, similar to floor
slabs in timber posts and beams (ISE 2010; Hewson 2016).
Floor diaphragms may for example be made of CLT (crosslaminated timber), which makes it possible to span in two
directions (see Figure 11). The CLT would need to be anchored
sufficiently to the framing timber structure to achieve the
beneficial effect.
Like for timber post and beam construction, the bracing
system for horizontal stability is a critical aspect for steel
frame constructions. Many collapses of steel frames are
related to bracing failures (Frühwald et al. 2007). For a steel
frame, it is therefore recommended not to rely on a single
bracing system but to implement redundant bracing (ISE
2010). This additional bracing may be accomplished by
moment-resisting connections, as opposed to pinned connections, by shear walls or by stair and lift cores (ISE 2010; Hewson
2016). Similarly, it may be assumed that the bracing system
should be redundant for timber posts and beams. Redundancy may be achieved by moment-resisting connections,
shear walls of CLT (see Figure 11) or light timber-frames, or
more rigid stair and lift cores. CLT wall panels may furthermore contribute to the vertical load-bearing capacity and
act as deep beams, bridging over gaps.
Transfer beams support other load-bearing elements
above them. The failure of a transfer beam in a steel frame
needs detailed consideration and may require it to be
designed as a key element (ISE 2010; Hewson 2016). The
same consideration should apply for timber posts and
beams. Debris loading from falling beams under collapse
may lead to increased loads in steel frames (ISE 2010), and
this may also apply for timber posts and beams, but to a
lower extent due to their lower weight.

potentially high connection capacity between CLT panels
(Hewson 2016). Disadvantages may be the inherent brittleness of CLT (Gagnon and Pirvu 2011) and the greater
weight of panels compared to light timber-frames, which
may lead to higher dynamic loads and increased debris
loads of falling panels.
To design a CLT building for robustness, it may be more
economical to apply notional element removal instead of
attempting to satisfy tie force requirements, because connection loads may be lower (Hewson 2016). As noted earlier,
Eurocode 1 (2006) and U.S. DoD (2016) also explain that an
ALPA would be the most practical choice for load-bearing
wall structures of risk categories 2B and II. It seems to be generally unclear how to design horizontal ties in CLT buildings
(Arup 2011). To conduct an ALPA, a length of at least 2.25 H
(where H is the storey height) or the length of a wall
between joints should be removed (Hewson 2016).
CLT wall panels in the storey above the removed element
may be assumed to act as a deep beam (see Figure 12) and
span over the gap (Hewson 2016). Deep beam action may
only be enabled if the strength capacity in the connections
between the CLT walls is sufficient. CLT floors may be
assumed to develop membrane action (see Section 5.2.1) if
internal or external load-bearing walls are removed underneath. Membrane action may only be possible if sufficient
deformation capacity and sufficient strength capacity after
deformation exist in the connections between CLT floors,
and between CLT walls and floors. The effectiveness of membrane action may be increased by installing double-spanning
CLT floors in zigzag (staggering placement, see Figure 13) on
the walls below, to avoid a line-up of joint locations on the
support walls (Hewson 2016).
Connections loaded in axial direction need to supply sufficient tension capacity and screws should therefore generally
be preferred over nails (Hewson 2016). Joint placement may
also be decisive, e.g. to avoid buckling of a CLT panel which
acts as a deep beam after element removal (Hewson 2016).
To model the response of CLT buildings after notional
element removal, the panels may be simplified as linear
sub-models, whereas nonlinear models may be applied for
the connections (Thelandersson and Honfi 2009).

6.3.4. Cross-laminated timber
6.3.4.1 Design in general. Building systems based on solid

6.3.4.2 Design cases. The Stadthaus in London is a nine-

wood panels, e.g. CLT floor and wall panels and stress-laminated timber decks, may provide a certain level of redundancy and ductility in a timber structure (Thelandersson and
Honfi 2009). Currently, the most relevant building element
among solid wood panels is CLT, which is made of solid
wood boards, glued together in layers which are oriented perpendicular to each other, and may support loads in plane and
out of plane in perpendicular directions (Gagnon and Pirvu
2011). Design guidelines for CLT buildings regarding structural robustness are currently difficult to find and will be
needed in the future (Wells 2011; Bernasconi 2016; Mpidi
Bita et al. 2017). Advantageous properties of CLT regarding
robustness may be (1) the capability to span in two directions,
(2) the capability for walls to act as deep beams, and (3) the

storey residential building designed as a platform construction with CLT walls and floors. The structure was designed
to sustain a notional shock load of 7.5 kPa and the removal
of one wall panel or a floor panel by establishing alternative
load paths (Wells 2011). Floors and walls were connected
together by commonly used brackets and screws, and the
floors were designed to span in two directions and act as cantilevers if one support was removed (Wells 2011).
Four residential buildings in Milan were designed as 9storey platform buildings with walls and floors of CLT. To
satisfy robustness requirements, the loss of entire wall
panels was assumed and alternative load paths were
designed for the remaining structure (Bernasconi 2016). CLT
walls with openings and interruptions required detailed analysis due to the reduction in cross-section and continuity, and a
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Figure 11. A cut through a post and beam structure with a floor diaphragm and four shear walls in CLT.

number of connections required reinforcement to meet the
requirements (Bernasconi 2016).
A numerical study of a 12-storey platform CLT building
with one internal wall was conducted by Mpidi Bita et al.
(2016, 2017). Standard screws and brackets were assumed
in the study, and the CLT was modelled by a linear orthotropic
material model, and the connectors by a nonlinear material
model, and large deformations were considered. The effects
of the removal of the internal load-bearing wall on the
ground storey of the building was studied in a simplified
global model, in a macro model at subframe level, and in a
micro model to examine connection responses. The study
by Mpidi Bita et al. (2016) focused on quantifying the
rotational capacities of the connections. The building’s
global stiffness and strength were said to be derived from
the connections. It was observed that a higher element
removal speed led to higher rotational demands in the connections. Static element removal was therefore regarded as
an insufficient test. Mpidi Bita et al. (2016) claim that the
necessary rotational and tensional capacity after element
removal cannot be supplied by established connectors for
CLT, and Mpidi Bita et al. (2017) further conclude that the
demands on connectors may be reduced by increasing the
wall thickness.

6.3.4.3 Similarities with precast concrete panels. Structures
built from CLT panels and precast concrete panels possess
certain similarities regarding structural robustness. Precast
concrete wall panels may be used to act as deep beams, cantilevering or bridging over gaps after element removal (Ellingwood et al. 2007; ISE 2010). A similar assumption was also
suggested for CLT panels. Precast concrete floor slabs may
be reinforced in two perpendicular directions (Ellingwood
et al. 2007), and they may be assumed to develop membrane
action after element removal (ISE 2010). CLT with its crosswise
layup may similarly act as a membrane.
Precast concrete buildings may be designed with effective
ties between the components to be robust (Ellingwood et al.
2007; ISE 2010; Arup 2011; Hewson 2016). For consequence
class 1 and 2A, a floor slab embedded in a wall may be sufficiently horizontally anchored to the wall by friction, and for

consequence class 2B, the floor slab may be anchored by in
situ cast links to the wall (ISE 2010). The anchoring solutions
for precast concrete might serve as a guidance for tying CLT
floors and wall panels.
Connection design is critical for precast concrete panel
buildings (Arup 2011; Nimse et al. 2014; Hewson 2016). To
enable deep beam action above removed elements, there
must be sufficient anchorage between wall panels and
lower and upper floor slabs (Ellingwood et al. 2007). The
same requirement was mentioned for CLT. Connections
between precast concrete panels need to possess sufficient
ductility and tensile capacity to enable membrane action,
and to avoid brittle shear failure in concrete before connection yielding (Ellingwood et al. 2007; Hewson 2016). The
same may apply for CLT buildings, i.e. ductile connection
behaviour after element removal, and the avoidance of
brittle timber failure before yielding in the connections may
be a key aspect to consider in order to provide structural
robustness.

6.4. Seismic design and similarities
For buildings in general, seismic design approaches and
designs for robustness seem to possess certain similarities.
In seismic design, ductility under dynamic cyclic loading is
desired for energy dissipation, primarily in the horizontal
direction (Ellingwood et al. 2007). Khandelwal and El-Tawil
(2011) conducted pushdown analyses (see Section 4.3.1) on
seismically designed steel buildings and found that seismic
design details may also improve structural robustness. Ellingwood et al. (2007) claim that if a building is designed for structural robustness by notional element removal, its design may
also meet the requirements of seismic building codes.
For timber buildings, earthquake-safety has received more
attention in the literature than structural robustness. Seismically resistant timber buildings are able to survive unusual
load events by providing a high degree of redundancy and
ductility, properties which are also desired for robust buildings (Branco and Neves 2011). Seismic design of timber buildings should follow a capacity-based design method, i.e. the
entire deformation capacity in certain ductile parts of the
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Figure 12. A CLT wall spans as a deep beam over a gap.

structure should be used without the occurrence of unwanted
failures in other parts (Branco and Neves 2011; Seim et al.
2014). The same design method has been mentioned to be
advantageous for robust timber buildings earlier in the text.
To take into account the dampening in timber buildings
during earthquakes, it may be better to apply a displacement-based design, which considers large plastic deformation
and energy-dissipation, as opposed to a traditional elastic
force-based design (Seim et al. 2014). A similar design
approach could be beneficial for robust timber buildings to
account for dampening after sudden element removal.
Connectors provide the main share of ductility in earthquake-safe timber buildings (Branco and Neves 2011).
Advises e.g. for earthquake-resistant CLT buildings include
to retain all plastic deformations in the connections, and to
disallow any wood failure (Gagnon and Pirvu 2011). Ductility,
and in specific dynamic ductility, enables energy dissipation
after many load reversals and is therefore essential for the

Figure 13. Staggering of CLT floors.

earthquake performance of timber buildings (Jorissen and
Fragiacomo 2011). A main difference between seismic
design and design for robustness is that seismic resistance
requires ductility, and thus energy dissipation, mostly along
horizontal load paths, whereas robustness requires dissipation
mostly along vertical load paths. Seismic design also needs to
resist many load reversal cycles, whereas robust buildings
may need to resist none or a few cycles. Nevertheless,
ductile connectors could also be used to dissipate kinetic
energy after vertical element removal in a robust timber
building.
The seismic performance of timber buildings has been
modelled in several studies. Thelandersson and Honfi (2009)
point out that established modelling methods for the
dynamic loading of light timber-frames during earthquakes
may also be used for evaluating the performance regarding
robustness. The seismic performance of timber post and
beam buildings has for example been investigated by Xiong
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and Liu (2016) and by Gattesco and Boem (2015). The behaviour of post-tensioned timber beam-column connections
during earthquakes was studied and numerically predicted
by Iqbal et al. (2016). Within the scope of the SOFIE project,
experimental earthquake tests on full-scale CLT buildings
with one, three and seven storeys have been conducted on
a shaking table (Ceccotti 2008; Ceccotti et al. 2013). Connection capabilities were assessed and design rules were validated during the experiment. The seismic performance of a
CLT building was predicted by finite-element analysis by
Yasumura et al. (2016). The knowledge gained from modelling
timber buildings under earthquakes could be used for modelling timber buildings under element removal scenarios.

7. Summary and conclusions
7.1. Robustness in general
In this study, structural robustness in general and robustness
of timber buildings in particular have been reviewed. Robustness may be seen as an intrinsic structural property which
enhances a building’s global tolerance to local failure, regardless of the failure cause. Deterministic and probabilistic concepts for robustness analysis exist with their respective
attempts for quantification. Common for most measures is
the evaluation of the effect on the global structure of an
assumed local failure. In this paper, a deterministic approach
to robustness has been followed. Many deterministic quantifiers for robustness have been proposed, but the most established measure is the assessment of disproportionality
between local failure and the extent of the resulting collapse.
There is an established extent of local failure that a building
needs to be able to tolerate to be called robust. This local
failure extent is defined by the sudden removal of a single
column, the certain length of a load-bearing wall, or a component which supports these, on each storey of the building.
The extent of collapse after this removal may be studied in an
alternative load path analysis, conducted at different levels of
complexity. The collapse extent may be compared to a
threshold value given in e.g. a building code, to determine
robustness. It should be noted that irreversible damage in a
building may be acceptable if global structural survival can
be achieved and human lives saved.
Indirect and direct methods exist for the design of structural robustness. Indirect methods, i.e. tie forces and redundancy, prescribe design measures without assessing the
effect of local failure, to guarantee a base level of robustness.
Direct methods are based on the evaluation of local failure in
the structure. Design usually focuses on the development of
alternative load paths to arrest collapse after notional
element removal. Alternatively, compartmentalisation may
isolate the collapse of one building segment from the remaining structure. As a last resort, the building may be strengthened with key elements.
Recurring principles for robustness seem to be redundancy,
continuity and ductility. No single principle is sufficient for
robustness, but the existence of at least one seems to be
necessary. Generally speaking, redundant design provides
alternative load paths, continuity ensures that alternative
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paths are followed throughout the structure with a
minimum of weak spots (i.e. connections), and ductility
allows for large deformations without rupture and for
energy dissipation along the alternative paths. In this triad,
deformation and strength capacity in connections play a
key role in the desired load distribution mechanisms.

7.2. Timber buildings
For timber buildings, a deterministic analysis approach to
structural robustness does not seem to be as well established
as for concrete and steel structures. The available material is
focused on light timber-frame constructions. Literature treating the design of robust CLT or timber post and beam structures is scarce. A reason for the low coverage of CLT in specific
may be its relative novelty compared to other construction
types.
For timber in general, its low weight-to-strength ratio may
be advantageous under collapse. A disadvantage is its
inherent brittleness, and connections must therefore supply
most of the necessary ductility. Capacity-based design for
timber connections may be required, to enable plastic yielding in joints before brittle timber failure.
Prefabricated modular timber construction has not been
studied in the literature. This type of construction could be
advantageous regarding robustness but further research is
required to confirm that.
Light timber-frame structures can be made robust by rim
beams on each storey which are able to bridge gaps after
element removal. Wall panels acting as deep beams and
floor diaphragms acting as membranes may also redistribute
loads in the event of failure, if effective anchorage between
them is provided, and if the resulting anchorage forces are
absorbed by the surrounding structure.
Timber post and beam construction displays some similarities to steel frame construction regarding robustness.
Lessons from steel might thus be applicable for timber.
Robust timber post and beam constructions should provide
alternative load paths after column removal. If connections
with sufficient ultimate strength can be designed to yield in
a ductile manner before brittle failure in the timber occurs,
parts of the axial capacity of the timber beams could be
exploited by catenary action after column removal. Floors
(e.g. made of CLT) in post and beam constructions may
make possible membrane action above removed elements
to redistribute loads after column removal. Robust timber
posts and beams should include a redundant bracing
system, which could be achieved by moment-resisting connections, by shear walls or by stair and lift cores. The shear
walls could be made of light timber-frames or CLT which
could act as deep beams over gaps, thus increasing the possibilities of alternative load paths.
CLT displays some similarities to precast concrete panels
regarding robustness. Lessons from concrete might thus be
applicable for CLT. Robust CLT buildings should provide
alternative load paths after wall element removal. If sufficient
anchorage between the CLT panels is supplied, then CLT
panels can act both as deep beams in walls, and as membranes in floors to distribute loads after element removal.
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The connections in a CLT structure may need to yield in a
ductile manner before brittle failure in the timber occurs to
enable membrane action in the floor. The placement of connections, and their strength and deformation capacity are
thus crucial for a robust CLT building.
Seismic design of timber buildings exhibits certain similarities to design for robustness. Both focus on capacitybased design and connector ductility. In both design
approaches, energy needs to be dissipated under large
plastic deformations, in seismic design mostly along horizontal load paths, and in robustness mostly along vertical load
paths. Some knowledge about seismic design may be transferable to robustness.

7.3. Future work
Due to the low coverage in the literature, our knowledge of
robustness in CLT, post and beam and modular timber construction does not seem to be as solid as it is for light
timber-frames or concrete and steel buildings. Future
research should therefore focus on CLT, posts and beams
and modular construction. Specifically, the strength and
deformation capacity of connections after sudden element
removal should be studied. When the behaviour of connections is understood, design guidelines for robust construction
of CLT, posts and beams and modules should be created.
Due to similarities, seismic design may provide knowledge
for research on robustness. Seismic design methodologies
and connectors should therefore be evaluated for their adequacy in structural robustness.
The nonlinear static, the nonlinear dynamic and the pushover procedures for alternative load path analysis do not
seem to be as established for timber buildings as for concrete
and steel. The adequacy of these procedures for timber
should be evaluated in future research.
Practical design cases of robust timber buildings were difficult to find in the literature. For robust light timber-frames,
the demonstration project TF2000 served as the main
source of design guidelines. For CLT, two practical design
cases were reviewed which provided general guidelines, but
no detailed information. Timber buildings with an increasing
number of storeys will require closer attention to robustness
to provide safe living space. More design cases with more
detailed documentation regarding robustness are needed to
increase our knowledge of building safe and structurally
robust multi-storey timber buildings.
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