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Abstract 
This thesis consists of the following two reports: 

High Performance Concrete, Design of Structures, State of the Art, September 1992. 

Abstract 

Research and codes relating to the design of high performance concrete is summerized. Areas 

covered includes: compression, tension, bending, shear, torsion, punching, bond and 

anchorage, deformations and instability, ductility and minimum reinforcement, dynamic 

properties and fatigue, structureal elements and structures. In the end, needs for further 

investigations are discussed. Number of pages 52. 

Bending and Shear Tests on Reinforced High Performance Concrete Beams, May 1993. 

Abstract 

The report presents test results from a research project concerning bending and shear of 34 

high performance concrete beams. The results from the bending tests have been compared with 

theoretical values based on traditional theory. Two stress blocks have been used: a rectangular 

block and a modified block, due to the high performance concrete, shaped as a triangle. The 

test results from the shear beams have been compared with theoretical values obtained from 

two different models: the traditional method using a sum of the concrete and the stirrup 

contributions and a new method based on a study of a compression field. 

In the investigation eighteen beams finally failed in bending. The two studied stress-block 

assumptions, rectangular and triangular stress-blocks did not show any distinct difference. The 

mean value of the ratio of the calculated to the tested moment capacity was for the rectangular 
stress-block Mree./Mtest= 0.98 while the ratio for the triangular stress-block obtained the value 

Mtri./Mtest= 0-97. 

Six beams obtained a clear or a combined bond failure. The conclusions from these tests can be 

summed up by stating that there is a great need for further investigations and development of 

new models for the bond behaviour of high performance concrete. 

Ten beams failed in shear. The traditional theory for shear has no relation between the shear 

and the moment capacity in a member. The modified compression field theory is a more 

physical model where the actual course of events are better described. From the results in this 

report the following conclusions may be drawn: 

• the traditional theory overestimates the load-carrying capacity for high  a/d  ratios 
• the modified compression field theory describes the failure in a better way but 

underestimates the capacity 

• both theories have to be further developed in order to be more general. 
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Preface 
This report has been written during 1991-92 to form a background for a research program on 

the design of structures of High Performance Concrete (HPC). Guidance has been given by a 

reference group consisting of Lennart Apleberger, NCC,  Göteborg,  chairman;  Stig Bemander,  

Skanska,  Göteborg;  Lennart Elfgren,  Luleå  University of Technology,  Luleå;  Lars  Lindskog,  

Skanska,  Malmö;  Nils Magnius,  Brokonsult,  Stockholm; Gunnar Rise,  Strängbetong,  

Stockholm; and Stefan  Westberg,  Abetong  Teknik  AB,  Växjö.  Comments to the preliminary 

drafts of the report has also been recieved from Marianne Grauers at Chalmers University of 

Thechnology,  Mikael  Hallgren  and Sven Kinnunen at Royal University of Technology and 

from my colleagues in the division of Structural Engineering at  Luleå  University of 

Technology.  

Luleå  in June 1992 

Henrik  Gabrielsson  
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1. Introduction 

1.1. General 

In the Swedish national code for concrete structures  BBK  79 (1988) the highest specified 

concrete is K80 this corresponds to a concrete compressive cube strength of 80 MPa. 

However during the last decades it has become possible to raise the compressive strength due 

to the advances in concrete technology where the increased use of superplasticizer is an 

important factor. There is now (1992) a great need for codes applicable also for high 

performance concrete (HPC). In Sweden a national research program has been started to 

bridge the gap between the concretes specified in the present codes and the concrete quality 

that is possible to produce in an industrial way. The subject of this state of the art report is the 

design of structures made of high performance concrete (HPC). In this report high 

performance concrete is defined to have a compressive strength in the range of 80- 150 MPa. 

The report will focus on design and serve as a platform for part of the research program. 

During the last decade some major national research programs have been started to increase 

the knowledge about high performance concrete (HPC). In Norway a research program was 

begun in 1986 concerning "beams and columns", "plates and shells", "fatigue" and "materials 

design", Holand (1987). This program emphasized research on concrete with a compressive 

cube strength of 95 MPa for normal density and 75 MPa for light-weight concrete. Later the 

program was supplemented by the subprojects "aggregates", "light weight aggregate 

concrete", "rheology", "testing methods - mechanical properties" and "material structure", 

Söpler (1990). The norwegian program had a total budget of 38.3 MNOK. In Japan a national 

research program was started in 1988, Aoyama et al.(1990). The major topics of the Japanese 

program are ductility, the use of high strength steel bars and structural performance (bond, 

stiffness and design methods) with regard to high performance concrete (HPC). The strength 

of concrete and reinforcing steel bars ranges from 30 to 120 MPa and from 400 to 1200 MPa 
respectively. 

The aim of the work presented in this report is to search for reports and papers dealing with 

different problems of design in the applications of high performance concrete (HPC). 

Therefore great effort will be made to cover most of the rescently reported research results. 

There have been two International Symposiums on high performance concrete in the last 

decade. The first was held in Stavanger, Norway in June 1987, Holand et al. (1987), and the 

second in Berkely, C21ifontia, U.S.A. in May 1990, Hester (1990). The reports from these 

symposiums will be carefully studied. Furthermore several State of the art reports have 
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recently been written on the subject. Two of them will also be scrutinized in this report. The 

first was produced by Bjerkeli et al. (1989) and the second by  Helland  et al. (1990). 

In Germany a seminar on high performance concrete (HPC) was arranged in Darmstadt in 

October 1991. An overview of structures where high performance concrete could be 

preferable was presented there, see Fig 1.1,  König  (1991). Such structures include; High-rise 

buildings, Bridges, Off-shore structures, Tunnels, Roads and Highways, Composite 

structures, Pipes, Piles, Power-stations, Structures to protect environment, Deponies and 

Precast Structures.  
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Fig. 1.1 	High performance concrete (HPC) in structures. From  König  (1991). 
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Studies of the economy related to the use of high performance concrete (HPC) are scarce. An 

example of such a study is  Hagberg  (1988) from which Fig. 1.2a is taken. In  Heiland  and 

Larsen (1987) the economical benefit of the use of high perfomance concrete (HPC) is 

discussed concerning beams, silos and piles. The relative cost for the beams are shown in Fig. 

1.2b. A comparison between the use of normal strength and high strength normal and light 

weight concrete is shown to have an economical potential in Fergestad et al. (1987). Penttala 

and Häyrinen (1991) compares the cost for beams and columns made of normal and high 

strength concrete. 
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(a) Price (relative) for a marine structure as a function of the concrete grades. 

From  Hagberg  (1986).  (b)  Concrete volume and relative cost versus concrete 

quality. From  Helland  and Larsen (1987). 

Strength class  

There are so far only few codes dealing with high performance concrete (HPC). Some 

examples are the Norwegian Code  NS  3473 (1989), the Finnish Code By 34 (1991), and the 

CEB-FIP Model Code MC90 (1991). 

1.2. Compression 

In the Swedish code for concrete structures,  BBK  79 (1988), concrete is divided into strength 
classes ranging from  K  8 -  K  80. The denotation of a strength class is related to the concrete 

compressive strength of 150 mm cubes. With the new combinations of the materials used 

today the strength may readily be doubled enabling strength classes up to K150. 

In design a strength value representing the concrete compression strength fcc  (failure concrete 

compression) is used. This value is linked with the characteristic strength value fc‘k  
constituting the 5 % fractile of the compressive strength as tested with 4) 150  x  300 mm 

cylinders cured in water until the test occasion (according to ISO/DIN 2736). 
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The tested  uniaxial  compressive strength depends on geometry, size, curing conditions, 

loading rate, testing equipment etc. Conversion factors for HPC with different conditions 

have been reported by Held (1990) and Smeplass (1989), see Fig. 1.3 and Tables 1.1-1.2. 

• 

• - 

7 
/ 
/ 7 

/1/  /  
25 35 45 55 65 75 85 95 105 115 

Cube strength (100mm) N/mm2  

Fig. 1.3 Ratio between cube strength (100 mm) and cylinder strength (150  x  300 mm). 

From Held (1990). 

Table 1.1 Conversion factors between different cube and cylinder specimens. From Held 

(1990). 

Cube Cylinder 

Specimen 100 150 200 150/300 

Cube 100 1 0.99 0.95 0.82 

Cube 150 - 1 0.96 0.83 

Cube 200 - - 1 0.87 

Table 1.2 Conversion factors cylinder strength/cube strength of different concrete 

strengths and different cylinder sizes. From Smeplass (1989). 

100 nun Cube 100  x  300 mm 150  x  300 mm 

N/mm2  Cylinder Strength Cylinder Strength 

cyl./cube cyllcube 

66.3 0.73 0.75 

79.7 0.73 - 
97.0 0.77 0.77 

115.4 0.82 0.83 
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The stress-strain behaviour of HPC has been examined by many different research centers. 

HPC displays a curve that is linear up to a higher percentage of the maximum stress and has 

slightly higher strain at maximum stress. The shape of the descending part of the curve is 

steeper than for normal strength concrete (NSC) and the ultimate strains are smaller. 

0 2 3 4 5 6 

Strain 

Aggregate ardal without silica fume 

Aggregate ardal 7-10% silica fume 

Basalt aggregate 15% silica fume 

Fig. 1.4 Stress-strain behaviour of concrete measured on 150  x  300 mm cylinders. From  

Helland  et al (1983). 

The microcracking has been examined by Carrasquillo et al. (1981) who found that such 

cracking began at 90 percent of the ultimate load for a concrete with a compressive strength 

of 76 MPa. The steep raise of the curve can be explained by studying the stress-strain curves 

for the different components of HPC. The curves for cement paste and aggregate are less 

different from each other than what is the case with normal strength concrete (NSC). 

Furthermore results have shown that the type of aggregate has a significant influence on the 

stress-strain behaviour, Smeplass et al. (1990). 
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Characteristic stress-strain curves for cement paste, aggregates and concrete in 

compression: (a) significant difference in rigidity between cement paste and 

aggregates for normal concrete.  (b)  minor difference in rigidity between cement 

paste and aggregates for HPC. From  Helland  et al (1990). 

1.3.Tension  

The tensile properties of concrete may be studied by means of Fracture Mechanics, see e.g. 

Elfgren (1989a) and Elfgren & Shah (1991). Some general principles are given in Fig. 1.6. 

An analytical expression for the stress-deformation relationship has been proposed by 

Hillerborg (1989), which seems to be valid for high performance concrete (HPC), see Fig.1.7, 
Daerga (1992). 
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Tensile testing of a concrete prism. (a) Test with load control which give a 
brittle failure.  (b)  Test with deformation control. Here the descending branch of 
the load-deformation diagram can be registered.  (c)  Formation of a crack in 
concrete. As the deformation increases more and more microcracks are created. 

They form crack-bands and eventually a true crack is formed which cannot 
transmit any load. To form the crack the energy Gf is needed. It corressponds to 
the area below a load-deformation graph. From Elfgren (1989a) 
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From Daerga (1992). 
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Fig. 1.8 	Splitting tensile strength versus compressive concrete strength. 
From  Helland  et al (1990). 
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According to some investigations the tensile strength does not increase at the same rate as the 

compressive strength,  Helland  et al (1990), see Fig. 1.8. Also it is reported that HPC 

mobilizes comparatively less fracture energy than ordinary concrete, see e.g.  König  and 

Remmel(1991). However other investigations indicate that this is not always the case. Daerga 

and Elfgren (1991) and Daerga (1992) have reported tests performed on notched HPC 

cylinders with fcc=93 MPa. The results from these tests are shown in Table 1.3 below and the 

average fracture energy is not lower than for normal strength concrete (NSC). Recent fracture 

mechanics studies have also been presented by e.g. Hassanzadeh (1992) and Zliou (1992). 

Hassanzadeh has investigated the behaviour of the fracture process zones in concrete 

influensed by simultaneously applied normal and shear displacement. Zhou has investigated 

the time dependent crack growth and fracture in concrete. 

Table 1.3 Fracture mechanical properties for high-strength concrete from Daerga and 

Elfgren (1991). GFE  and GFA  denote fracture energy; Su  is the maximum 

deformation in the fracture zone when the crack ceases to carry any load; 

lch  =  EG  FR  / ft2  is a characteristic length for the material. 

Specimen Boundary 

condition 

Ec  

(MPa) 

ft  

(MPa) 

GFF  

(Nm/m2) 

GFA  

(Nm/m2) 

Öu  1  

(pm) 

la 

(11m) 

1A2  restrained 36020 5.76 - - - - 

1B restrained 42870 6.09 199.4 211.5 360 230 

2A restrained 37140 4.84 136.9 148.8 360 217 

2B restrained 38080 5.26 291.7 305.5 430 401 

3A restrained 33080 3.96 192.8 204.1 550 407 

3B restrained 33770 4.96 238.1 249.4 430 327 

average 36827 5.15 211.8 223.9 426 316 

I Rounded off to the nearest multiple of ten. 2  The complete descending part of the stress-

strain curve was not obtained. 
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2. Bending, shear, torsion and punching 

2.1. Bending 

HPC has a stress-strain curve which may conviniently be replaced by a triangular stress 

block, see Fig. 1.4. The resultant force of the concrete compression zone will then be sligthly 

displaced compared with the current assumption of a rectangular stress block approximating 

the parabolic concrete ultimate stress-strain curve which is commonly used for normal 

strength concrete (NSC). The two stress block alternatives are discussed in Bernhardt and 

Hoff (1985). Their results show better agreement with the triangular stress block for HPC.  

NSC 	HPC  

Fig. 2.1 	A rectangular  cros  section subjected to flexural forces. The two types of stress 

blocks based on the stress-strain curves of NSC and HPC. 

Uzumeri and Basset (1987) have tested beams with various ratios of reinforcement. The 

results were compared with the American Concrete Code ACI 318-77, the Canadian concrete 

code CSA-A23.3-M77 and the  Det Norske  Veritas offshore structures code. The following 

conclusions were made: 

• Although the brittleness of HPC is more pronounced, it can behave in a ductile manner 

when appropriate reinforcement is provided. 

• The AO, CSA and  Det Norske  Veritas codes underestimate the observed ultimate 

moments and curvatures. 

Tests have been performed by Marro (1987) with six HPC beams. The calculated values from 

the CEB-FIP 1978 Model Code for Concrete Structures were in all cases well in line with the 

test results. The current theories in the Model Code for flexure seem to be applicable for 

HPC. Another test on HPC beams have been reported by  Persson  (1991). In this study 16 
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beams were tested with fc  = 110-150 MPa. The results from the flexural tests once again show 

good agreement with the calculated values, MALI  =1.01-1.09. 

2.2. Shear 

The shear design rules that are used today were developed for simplified reinforced concrete 

elements. The design rules are based on tests performed with specimens of NSC. When 

utilizing HPC it will be necessary to verify the current design rules for shear capacity. The 

traditional empirical design rules for shear are not satisfactory when structures get more 

complex as for example in the construction of box girder bridges, in offshore platforms or 

shell structures, Collins (1987). The empirical model using the sum V=Vci-Vs  of the 

contributions Vc  from the concrete and Vs  from the steel which is applied in many national 

design codes, does not represent the true shear failure behaviour. 

r Proposed Eq. (8) 

ACI code Eq. (5) 

• : Test result 

ACI code Eq. (6) 	1.=89.0^-92.0 MPa .  

cr 	= 0 (MPa ) 

10 	12 

(a) 	 (b)  

Fig. 2.2 (a) Ratio of the observed diagonal cracking strength for two series of beams 

with different sizes.  Serie  No B6 had double the scale of  serie  B2 but had only 

about 75% of the smaller beams cracking strength. FromThorenholt and 
Drangsholt (1990).  (b)  Effect of stirrups and strength, pway  , on ultimate shear 

capacity from tests performed with beams. From Sakaguchi et al (1990). 
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Tests have been performed on beams by Thorenholt and Drangsholt (1990). They compared 

the results with calculated values from the empirical design rules for shear in CEB/FIP Model 

Code (1987) and found that the code generally overestimates the diagonal cracking strength. 

They also found larger scale effects then expected, see Fig. 2.2a. Sakaguchi et al (1990) have 

tested beams and columns in shear using high strength reinforcement with a yield strength of 

1000 MPa. When they compared the ultimate strength from the tests with calculations 

according to the AO codes, the conclusion was that the AC' codes underestimates the shear 

failure, when the concrete member was subjected to both shear and axial forces, see Fig. 2.2b.  

Persson  (1991) has investigated HPC beams and compared the ultimate strength with 

calculated values and VjVcal  = 1.6. This shows that the traditional design rules for shear are 

conservative also for HPC. 

A more physical interpretation of the real phenomenon is required to improve the design rules 

for shear. There are some different approaches to this problem. The modified compression 

field theory appears to handle the problem of shear design in a rational way, Collins and 

Mitchell (1991). In the modified compression field theory the shear capacity is based on 

analyses of the stress-strain conditions in the structure. Some tests with beams have been 

analysed using the modified compression field theory, by  Gabrielsson  (1991). Preliminary 

results indicate a somewhat better agreement than with the traditional shear design rules. 

2.3. Torsion 

The design with respect to torsion is closely related to the design of concrete in shear. In both 

cases shear stresses are involved and cracking of the concrete is the essential problem. 

General methods for torsional design valid for cracked concrete are given in  BBK  79 (1988) 

and in Elfgren & Cederwall (1990). A background to various methods accounting for torsion 
is given in Hsu (1984). 

Regarding uncracked concrete and the risk for cracking reference is made to section 1.3 and 

5.2. However, it should be pointed out already here that the rules given in  BBK  79 (1988) for 
torsional cracking are unconservative for HPC. The rules are based on small tests on low 

strength concrete, Nylander (1945). They led to the assumption that the theory of plasticity 

could be used for calculating the risk for torsional cracking. Fracture mechanics studies have 

shown that this is not the case, see Elfgren (1989b). Stresses calculated according to the 

theory of elasticity generally gives safer results. 
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2.4. Punching 

Punching of reinforced concrete slabs has been extensively studied for a number of years by 

Sven Kinnunen and Henrik Nylander at the Royal Institute of Technology in Stockholm. 

They first studied small slabs in the laboratory, Kinnunen & Nylander (1960). Later they 

expanded their investigations to full size slabs and found a strong scale effect. Design 

recommendations based on their long experience have been published, Nylander & Kinnunen 

(1990). Recently  Mikael  Hallgren  and Sven Kinnunen (1991) made some tests with HPC 

finding that the design method presented by Nylander & Kinnunen (1990) showed rather 

good agreement with test results also for HPC. Tests on HPC have also been reported by 

Collins (1987) with regard to punching. 

2 	3 	4 	5 

Es (ol") 
(a) (b) 

Fig. 2.3 (a) Testing arrangements with circular HPC slabs.  (b)  Comparison between 

NSC and HPC slabs. Observed tensile strains in the flexural reinforcement,;, 

above the column in relation to the load,  P.  The strain was measured at a 

distance of 65 mm from the centre of the slab. From  Hallgren  and Kinnunen 

(1991). 
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Table 2.1 Comparison of observed ultimate loads and calculated punching loads. From  

Hallgren  et al (1991). 

Kinnunen & 	Betong- 
Nylander  (1960)  handboken 	Broms (1990)  BBK  79(1988) MC 90(1990) 
With size  effect  (1990)  

Slab  

No.  

Pu  

kN 
Pc  
kN 

Pu/Pc  Pc  
kN 

Pu/Pc  Pc  
kN 

Pu/Pc  Pc  
kN 

Pu/Pc  Pc  
kN 

Pu/Pc  

HSC-S2.1  965 1051 0.92 978 0.99 1129 0.85 623 1.55 890 1.08 
(1025) (0.94)  

HSC-S2.2  1021 1025 1.00 956 1.07 1099 0.93 623 1.64 874 1.17 
(1000) (1.02)  

NSC-S2.1  /5/ 603 637 0.95 521 1.16 610 0.99 354 1.70 574 1.05  

NSC-S2.2  /5/ 600 625 0.96 506 1.19 583 1.03 338 1.78 563 1.07  

Pu:  observed ultimate load 

PC : calculated punching load 	( ) : values calculated with a reduced column diameter, Bred 
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3. Bond and anchorage 

3.1. Bond and anchorage 

A general presentation of the bond phenomenon is given by  e g  Jan Rots (1989). The bond 

behaviour of a reinforcing bar and the surrounding concrete has a decisive impact on the 

bearing capacity and the serviceability of reinforced concrete members. Until now only few 

investigations of bond in HPC have been reported,  e g  Heiland  et al (1990). In these a more 

brittle bond behaviour has been observed when using HPC. Under cyclic exitation, the  bond-

slip  relation displays more elastic characteristics at unloading and reloading, thus displaying 

less hysteresis for increasing concrete strengths. The damping, resulting from the hysteric 

bond action between reinforcement and concrete, will thus tend to decrease using HPC. 

Olsen (1990) has investigated lapped splices. In the report different lengths of splices has 

been investigated. The analysis has been done by use of fracture mechanics and the 

conclusion are that the fracture energy seems to be a more governing property for the strength 

of lapped tensile splices than the concrete compressive and tensile strength. The experimental 

results have been compared with computed values using the regression analysis equation of 

Orangun et al (1977). The computed values appears to overestimate the ultimate shear stress 

of lapped tensile splices in cases of HPC. 

Concrete Specimen: 

1414 
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3 

  

   

12 0 0 

Reinforcement Arrangements: 

arrb 

   

r--: 
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0t-.4b 	L,c 	Le. d 
154 	 ?S2_131 _ 	 2.124 

L. 0  f41-pg 
120  054 

Type! 
d—d  
06 

Fig. 3.1 Exemple of test specimen dimensions and reinforcement arrangements. From 

Olsen (1990). 
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Fig. 3.2 	(a) VG, - ljd illustration of the experimetal results.  

(b)  Experimental results compared with Orangun et al. From Olsen (1990). 



3.2. Fasteners 

The most simple model for determination of the anchorage length,  'b'  in the transfer of the 
yield force of a bar or wire of diameter (It is: 

fg_t 
b-  4fb  

62 
( based on the equlibrium equation lb/refb=lr  J-4-fy)  

The design value for bond stress fbd  in some design codes are:  

BBK  79: 	fb=ect  
i=  0.5-1.4 depends on the reinforcement type 

AC!: 
	

fb=a (fcc)112  fifct 

fcc. 0.33 (fcc)1/2  

i=  1.8-2.2 depends on the reinforcement diameter 

CEB-FP: 
	

fb= 
ii=1-2.25 depends on the reinforcement type 

112=0.6,1.0 relates to performance and placing 

TI3= depends on the reinforcement diameter, 1 for diameters < 32mm 

Not many studies of HPC have been performed. Recent compilations of the general behaviour 

of fasteners were published by a CEB Task Group headed by Rolf Eligehausen and Konrad  
Bergmeister  (1991) and by the ACT Committee 355 (1991). For HPC an investigation has 
been carried out by Ulf  Ohlsson  (1990) and  Ohlson  & Elfgren (1990). They found that the 

brittle-ness number is of importance and should form a basis for design formulaes. 
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4. Deformations and instability 

4.1. Deformations 

When HPC is used in high-rise buildings, long-span bridges and offshore structures, special 

attention must be given to dimensional changes that may occur in the concrete members. In 

design, changes in length are considered to consist of instantaneous strain, shrinkage and 

creep. Instantaneous strain depends on stress level, cross-sectional dimensions of the 

members and the modulus of elasticity of the concrete at the age when the load is applied. 

Shrinkage deformations generally depend on nature and proportions of concrete materials, 

quantity of water in the mix, size of the member, time, amount of reinforcement and 

enviromental conditions. Creep deformations depend on concrete stress, size of member, 

amount of reinforcement, viscoelastic properties of concrete at the specific ages of load 

application and enviromental conditions. 

In recent years, questions have been raised about the validity of the current methods when 

calculating deformations in HPC members and as well as when assessing the inherent 

properties of HPC members. Such properties comprise compressive strength, modulus of 

elasticity, shrinkage and creep. In  Helland  et al. (1990) and in Russell (1990) it is pointed out 

that there is currently a need to extend the knowledge regarding these properties for HPC up 

to a compressive strength of 140 MPa. 

Some test results with regard to these properties have been published for concretes where the 

compression strength has mostly been less than 100 MPa. The compressive strength has been 

examined  e g  by Haug and  Jakobsen  (1990) where the insitu strength in offshore platforms 

was compared with design strength. The investigation concludes that the relative strength 

values a are well above those of the proposed  ISO-standard,  se fig 4.1. The long term 

strength growth of HPC with silica fume has been examined by Mane et al (1990). They 

demonstrated that the loss in strength that had been reported in some investigations did not 

take place. According to tests performed on concretes both with and without silica fume the 

strength always continued to increase after 28 days, se fig 4.2 and table 4.1. The modulus of 

elasticity has been examined by Carrasquillo et al (1981), Bernhardt and Hoff (1985), Höiseth 

et al (1985) and Tomaszewicz and Jensen (1985) from these investigations the conclusion is 

that also the modulus of elasticity increses when the strength is raised. 
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c  Shaft slipforming 	 (MPa) 

,. Cell wall slipforming 

Fig. 4.1 	Obtained insitu strength compared with criterion in ISO standard, from Haug 

and  Jakobsen  (1990) 

Table 4.1 Strength development for different concrete mixes. The w/(c+s) ratio and the 

silica fume dosage are given in connection with the mix no. From Maage et al 

(1990) 

Nix no. 
Storing 
cond. 

TESTING AGE 
(tea) 

Id 7d 28  d  1  Y  3  Y  10  Y  

Mix 1 Water 17.7 33.5 39.4 50.7 57.4 65.2 
0.61/0 Air 17.7 31.9 36.2 43.1 42.7 56.7 

Nix 23 Water 19.3 41.2 55.2 71.7 77.9 78.6 
0.58/20 Air 19.3 36.6 45.3 47.5 46.0 49.1 

Mix 8 Water 15.9 36.3 57.8 75.2 81.7 83.9 
0.59/20 Air 15.9 35.2 47.1 53.6 50.7 54.4 

Nix 4 Water 24.4 46.9 59.2 74.1 83.1 88.6 
0.52/5 Air 24.4 47.1 57.2 65.3 66.9 75.2 

Nix 17 Water 30.9 50.0 60.1 78.3 89.1 100.8 
0.50/0 Air 30.9 50.5 54.2 57.6 68.7 76.0 

Mix 21 Water 26.4 47.0 65.5 75.0 79.6 88.1 
0.50/10 Air 26.4 44.5 56.5 58.8 60.7 78.7 

Mix 24 Water 24.1 48.3 70.2 83.3 87.3 97.1 
0.47/20 Air 24.1 50.6 62.0 64.6 67.5 66.9 

Mix 22 Water 39.1 63.6 78.1 89.5 99.6 110.4 
0.39/10 Air 39.1 65.2 78.8 82.8 82.4 85.7 

Mix 18 Water 36.1 57.2 66.2 91.3 102.8 110.1 
0.38/0 Air 36.1 57.9 65.9 75.5 76.9 79.6 

Nix 20 Water 41.5 62.4 78.6 90.8 101.3 118.0 
0.37/5 Air 41.5 63.5 77.7 84.2 85.3 86.3 

_C 

E • 1.1 --- 

• 	i.o 

.= • 0.9 - 
a) 

vö • 0.8 - 
?t3 

o 0.7 - a) 
fi 0 . 6 - 
-di 
cc 

0.5 
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Strength development from 1 day to 10 years in concrete specimens with 

different percentage of silica fume and with w/(c+s) around 0.40 a) stored in 

water  b)  stored in air. From Maage et al (1990). 

Shrinkage and creep have been examined by Penttala (1987), Penttala and Rautanen (1990), 

Bjerkeli et al (1990), Larrard (1990) and Tomosawa et al (1990). The investigation by Pentala 

and Rautanen (1990) regarding creep indicates that creep deformations in HPC are 40 to 70 

percent of those of NSC and of those stated in CEB. The shrinkage deformations were 85 to 

151 percent of the values obtained by CEB formulae. However all values were smaller than 

those of the normal strength reference concrete. 
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Drying creep and shrinkage strains with  RH  45 percent and  RH  60 percent. 

(a) Silica fume concrete.  (b)  Blast furnace slag concrete.  (c)  Normal strength 

reference concrete mix. From Pentala and Rautanen (1990). 
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Deflections on HPC beams and slabs have been examined by Lambotte and Taerwe (1990). 

They found that by using HPC in slabs the deflections under service load could be reduced by 

50 percent. Paulson et al (1991) investigated longterm deflection of HPC beams in order to 

develop practical equations for the codes, since the current ACI Building Code greatly over 

predict the time-dependent deflections of HPC beams. 

4.2. Local buckling 

New instability phenomenon like local buckling could become a problem in different HPC 

applications. When the cross-sections in the structures are reduced,  e g  in TT-cassetts where 

the flanges will be very thin, and in combinations with prestressed steel as reinforcement 

local buckling could occure. 

4.3. Instability 

In the use of HPC it is possible to reduce dimensions of elements in compression and make 

structures more slender and hence problems related to instability increases. The cross-section 

of a HPC member has not the same ability to deform without proper reinforcement. The 

considerable raise in brittelness could be the main cause of the much stiffer behaviour. 

a) Column no 14: f„
.80 MPa, f

‘r
.379 MPa, t=8 mm, e=0  

b) Column no 13: f‘c .80 MPa, 0
.y

.390 MPa, t=8 mm, e=10 mm  

C)  Column no 9: f .103 MPa, f = 379 MPa, t=8 mm, e=20 mm 

1400 

1300 

a) Column no 15: Bonded interface and load application 

on the concrete  

b) Column no 16: Debonded interface and load application 

on the concrete  

C)  Column no 17: Bonded interface and load application 

on the steel  

d)  Column no 18: Debonded interface and load application 

on the steel 

Fig 4.4 	Load-deflection curves for hollow steel columns with (a)different load 

excentricities.  (b)  varying bond at the interface and varying the way of load 

application. From Grauers et al. (1990). 
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Tests have been performed by Grauers et al. (1990) with short stubs and slender composite 

columns consisting of rectangular hollow steel sections filled with concrete. The results from 

the investigation with short stubs columns show considerable confinement effects, ultimate 

load of the composite section exceeding the sum of the ultimate capacity of the component 

materials. Both slender and stub columns showed that the bond between concrete and steel 

was of great importance to the ductility. The load application was also a factor which has to 

be taken into consideration, see fig. 4.4. 

4.4. Rotational capacity 

Rules for the calculation of the rotational capacity of reinforced concrete beams have been 

given by  e g  Öberg  (1977) and Lorentzen (1990). A simplified formulae for the rotational 

capacity (in radians) is: 

eu  "= A*B*C*10-3  

where A depends on the amount of longitudinal and transverse reinforcement (A>0.05)  
B  relates to the quality of the reinforcement (0.5<B<1)  
C  models the effect of the position of the hinge and of the load distribution (C<45) 

Scale effectes has been investigated by Hillerborg (1991) and by Cederwall et al (1991). The 

formula given above has been developed for beams of ordinary concrete and checks with 

regard to its validity for HPC is required. 

CEB-FIP propose following for Model Code 90 concerning the rotational capacity Op': 

;A 

J 
[e.( )-e..y]  

°Pi = j d-x()  g 
0 

where 	In, = the length of the part of the reinforcement where yielding takes place  
E.=  the mean steel strain at  

e.,  = the mean steel strain at yielding 

= coordinate in the yielding section  

d  = the effective height of the beam section  
x()  = the height of the compression zone 
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The rotational capacity, Op, , can be calculated with the expression above and a suggested 

bilinear stress-strain curve representing the reinforcment. For three standard types of 

reinforcement the calculated rotational capacity as a function of the relative compression zone 

height x/d is given in Fig. 4.5. The three types of reinforcement have the following 

characteristic properties: 

Type A: 

Type B 

Type S 

1.08 and Eük ?- 5% 

(IL), > 1.05 and cjik  2.5% 

1.15 and cal, 6% 

The curves in Fig.4.5 is calculated assuming L/d=20. If L/d*20 then the rotational capacity is 

corrected by multiplication with the factor (L/(20d))112. 

0,03  

  

  

 

 

   

01 0,2 0,3 0,4 0.5 
x Id  

Fig. 4.5 	Plastic rotational capacity. From MC 90 (1990) 
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5. Ductility and minimum reinforcement 

5.1. Ductility, toughness 

The ductility of a material is often defined in terms of the area under the descending part of 

the stress-strain curve. It is therefore to be anticipated that the stress-strain behaviour of HPC 

should display low ductility. Nevertheless studies of structures with reinforced HPC show 

that at steel ratios well below the ratio for balanced strain conditions, there is no significant 

difference between HPC and NSC in this respect. Some tests indicate, however that when 

using HPC in columns the use of high yield strength lateral reinforcement becomes 

indispensable for providing the adequate flexural ductility. 

Ductility of beams has been examined by Bernhardt and Hoff (1985) and by Uzumeri and 

Basset (1987). Both investigations found that structural members utilizing HPC can be made 

to perform in a ductile manner if practical amounts of well distributed longitudinal and lateral 

reinforcement are provided. Short span beams, columns and beam-column joints were tested 

by Sugano et al (1990). Ehsani and Alamedcline (1991) investigated beam-column joints to 

establish the maximum joint shear stress and confinements requirements. The ductility of 

different types of beamsections are also discussed in a report by Nielsen (1987) and several 

results on the subject have been reported in the State-of-art report on High-Strength Concrete 

issued by the ACI Committee 363 (1984). Held (1991) has investigated ductility of columns. 

He tested three different concrete strengths in combination with various reinforcment ratios. 

The conclusions from the investigation were that the  german  code DIN 1045 is very 

conservative and that the code must be revised before HPC can be applied in structures in an 

effective way. Held has also compared an experiment with the model proposed by Bjerkeli et 

al (1990) and found good agreement, see Fig. 5.4-5.5. 
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Fig. 5.1 	Stress-strain deformation curves for circular columns. From Held (1991). 
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Fig. 5.2 Experimental result compared with theoretical model proposed by Bjerkeli et al 

(1990). From Held (1991). 

Tests related to ductility on columns connected to beams have been carried out by Muguruma 

and Watanabe (1990). The ductility of spun concrete piles was also examined by Muguruma, 

Watanabe and Nishiyama (1987). Bjerkeli et al (1990) tested the ductility of plain and 

confined concrete columns. The influence of different geometrical configurations, the amount 

and distribution of longitudinal reinforcement, the concrete strength and the type of aggregate 

were all recognized as the important parameters. A conclusion was that with suitable 

arrangement of the reinforcement it was possible to sustain concrete strains significantly 

greater than those of plain concrete at ultimate load. Bjerkeli et al have developed a 

theoretical model for confmed concrete. The model is based on modified expressions 

originally proposed by Martinez et al (1983). This modified model gives resonable accuracy 

in predicting the behaviour of the confined concrete columns subjected to axial loads, see Fig. 
5.6. 
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(a) Effect of reinforcement ratio on ductility. Small scale circular ND95 
(fcc=95MPa) columns.  (b)  Effect of longitudinel reinforcement on ductility. 
From Bjerkeli et al (1990). 
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Fig. 5.4  Assumptions for calculation of section geometry factors. (a) Vertical section. 

Compressive arches between the confining reinforcement layers.  (b)  Horizontal 

section. Compressive arches between the longitudinal bars.  (c)  Idealized 

"confining pressure"  fr.  From Bjerkeli et al (1990). 
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Fig. 5.5 	Theoretical model for confined concrete proposed by Bjerkeli et al (1990) 
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Fig. 5.6 	Comparison between test results and calculated, theoretical curves. (a) Small 

scale circular columns.  (b)  Small scale square columns.  (c)  Large scale 
rectangular columns.  (d)  Eccentrically loaded square columns. From Bjerkeli et 
al (1990) 

5.2. Minimum amount of reinforcement, crack widths 

Rules for minimum amounts of reinforcement are given in  BBK  79 (1989) for ordinary 

concrete. They are normally based on the philosophy that the reinforcement shall have at least 

the same tensional capacity as the concrete. In such case brittle failure will not tend to occur. 

The tensile strength is higher for HPC leading to increased demands on the amount of 
minimum reinforcement. 
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6. Dynamic properties and fatigue 

6.1. Dynamic properties 

As the elastic modulus increases for HPC a stiffer response is obtained. This effect is utilized 

in the design of high rise buildings. In high rise buildings wind forces may play a very 

important role in the design. The structural systems must be able to deliver sufficient stiffness 

to minimize accelerations which could be perceptible by the occupants. When HPC are used 

in the vertical elements not only the stiffness is raised but also the mass density of the 

building increase over a conventional steel frame, further improving its dynamic wind 

characteristics, Magnusson et al (1991). 

6.2. Fatigue and cyclic loading 

The failure mechanism of fatigue is not clearly established and there are several hypotheses 

with regard to the initiation and propagation of a crack. However, the gradual development of 

internal microcracks is claimed to be the main reason of fatigue failure. The development of 

damage due to fatigue in concrete can be monitored by various methods and the results 

thereof seem to agree fairly well. When utilizing HPC the importance of accurate fatigue 

design rules will increase due to the fact that the stress amplitudes induced by different kinds 

of dynamic loads will be relatively higher which may entail that the material is used closer to 

the limit of its abilities, Lenschow (1987). 

A number of tests have been performed by Waagaard, Bernd, and Stemland (1987) on light-

weight aggregate concrete. Nishiyama, Mugururna and Watanabe (1987) tested both plain and 

reinforced concrete. The limited testing performed up to now indicates that the fatigue 

properties of HPC are at least as good as those of NSC. 

One approach to model fatigue in concrete structures is to use fracture mechanics. 

Gylltoft (1983) proposed a constitutive model based on fracture mechanics. The model 

was studied numerically in various applications and experimental studies were also 

made to check the model and to determine material parameters. Another model for the 

description of fatigue phenomena in concrete has recently been proposed by Hordijk 

(1991). He uses a continuous function model where analytical expressions are fitted to 

experimental curves, see Fig. 6.1 and Fig. 6.2. Before fracture mechanical models can 

be applicable for HPC, the material parameters have to be determined. 
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Fig. 6.1 	Cyclic loading of concrete. Continuous function model proposed by 

Hordijk (1991). 
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Fig. 6.2 Cyclic loading of concrete. Comparison between experiment and 

model. From Hordijk (1991). 

Fatigue of bond is summarized in a State of Art Report by ACT Committee 408 (1991). 

Cyclic loadings are devided into two general categories. The first category is the so-

called "low-cycle" loading, or a load history containing few cycles (say less than 100) 

but having large ranges of bond stress. The second category is the so-called "high-cycle" 

or fatigue loading, representing a load history containing a great number of low stress 

range cycles (typically 103  or 106). No special attention is paid to HPC in the report. 

Petkovic et al (1990) dealt with fatigue properties of HPC in compression. The tests 

were performed on cylinders with three different diameters. The cylinders contained 

plain concrete with three strengths ND65, ND95 and LWA75. The investigated 

parameters were: moisture effects, constant amplitude and variable amplitude. The 

results from this investigation have lead to formulation of design rules for fatigue in 

compression, valid for the three tested types of HPC. 
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Fatigue tests of concrete in compression. Results of constant amplitude 

tests. From Petkovic et al (1990). 
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Fig. 6.4 	S-N  diagram related to the proposed formulation for fatigue of concrete in 

compression. From Petkovic et al (1990). 

The impact of dynamic forces and cyclic loads on piles have been studied by e.g.  

Granholm  (1960), Fischer  och  Hellman (1963), Bredenberg (1977),  Hellers  and Sahlin 

(1971), Fagerlund and  Larsson  (1980) and Zorn (1983). The fatigue problems related to 

the driving of concrete piles can probably be substanstially reduced if HPC is used. The 

pile will be more endurable during the driving, which could lead to higher permissible 

loading capacities, Elices et al (1992). The problems related with so-called hydraulic 

fatigue which can appear when piles are driven in soil with high permeability or water is 

also likely to be reduced with HPC,  Bemander  (1992). 
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7. Structural elements 

7.1. Precast elements 

In the prefabrication industry HPC is already used in the production of various structural 

elements. The prime field of application consists of highly compressed members. Such 

members of interest are columns, piles and poles. Columns are, maybe, the most obvious 

application with regard to HPC as the bearing capacity is directly proportional to the cross-

section provided buckling may be disregarded. With regard to piles the compressive strength 

is leading to other positive effects. Due to the increased strength consequently the number of 

piles will strongly be reduced. This leads to  e g  reduced soil displacement, less building up of 

pore water pressure, smaller and therfore cheaper pile caps etc. Piles are made today with 

concretes of a compressive strength up to 100 MPa but still with higher concrete strength the 

piles will attain higher loading capacity. The problems related to the driving of piles will also 

decrease due to the improved concrete quality. 

Fig. 7.1 	Concrete columns produced by the centrifugal spinning technique. From 

Walther (1987). 

Another field of application related to precast elements is that of the area-carrying elements 

such as hollow core slabs or 1T-casetts. In these applications the span can be made longer 

and some problems may be avoided when the structures are made of a higher strength 

material. In the prefabrication industry fibre reinforced concrete could solve problems where 

even better tensile strength is required. 
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Finally there is the field where HPC serves to minimize the dead load. Examples of such 

applications are truss and space frame systems for roofs and bridgedecks or the use of 

segments for pretensioned girders and columns which are assembled on the building site. 

Fig. 7.2 	Concrete truss girder,  Sylans  viaduct. From Richard et al (1987). 

Another important aspect related to HPC in the prefabrication industry is the early strength 

development which enables shortening of the circulation time resulting in reduced production 

costs and improved economy. 
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8. Structures 

8.1. Bridges 

HPC is finding an increased use in precast prestressed bridge girders. Some recent examples 

using high strength lightweight concrete are given by Fergestad (1991). Other examples are 

given by  Helland  and Jensen (1990). A summary is given in Table 8.1. New reinforcement 

materials, suitable for HPC concrete bridges, are treated by e.g. Meier (1992). He discusses 

fibrous composites and their use as prestressing strands and as a repair material. 

Table 8.1 The strength development in bridge building. 

Bridge Location Year Max span m Max design strength MPa 

Ootanabe Railway bridge Japan 1973 24 79 

Akkagawa Railway Bridge Japan 1976 46 79 

DeutzerBridge Germany 1978 185 69* 

Sanclhornöya Norway 1989 154 55* 

Bolcnasundet Norway 1990 190 60* 

Bergsöysundet** Norway 1990 104 55* 

New  Eidsvoll  Norway 1990 40 55* 

Salhus** Norway 1991 113 55* 

* Light weight concrete (LWA). ** Floating bridge with pontoons of LWA. 
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Salhus floating bridge with pontoons in high-strength LWA concrete. 

(a) Layout.  (b)  Pontoon for the alternative involving a concrete superstructure 

bridge. From Fergestad (1991) 
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8.2. Tall buildings 

Tall buildings with components of HPC have been erected in the United States and Canada. 

The HPC is often encased in steel tubes in order to get a more ductile structure with good 

dynamic properties with respect to earthquake action. High rise buildings of HPC are now 

also beeing built in Europe. A summary of buildings using HPC is given in Table 8.2. 

Table 8.2 The strength development in tall buildings. From Magnusson et al (1991),  

Heiland  et al (1990) and Mayer (1991). 

Building Location Year Total stories Max design strength MPa 

River Plaza Chicago 1976 56 62* 

Cicago Mercantile Exchange Chicago 1982 40 62** 

900  N.  Mich. Annex Chicago 1986 15 97 

South Wacker Tower Chicago 1989 79 83  

Gr.  Archway de la Dffense Paris 1988 30 80  

ist  & Stewart Seattle 12 76 

Pacific First Center Seattle 1989 46 131 

Gateway Tower Seattle 1989 62 76 

Two Union Square Seattle 1989 58 131 

KGON Tower Portland _ 50 97 

Society Tower Cleveland 63 83 

Bank  Für  Gemeinwirtshaft Frankfurt 1991 51 85 

* Two experimental columns of 76 MPa concrete strength were included. 

** Two experimental columns of 97 MPa concrete strength were included.  

Fig. 8.2 311 South Wacker Drive, Chicago USA, the highest reinforced concrete 

building in the world. From Mayer (1991). 
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The famous Archway at LA DEFENSE in Paris is an open 110 m cube. The vertical structure 

consists of four post-tensioned concrete frames and the top deck is composed of four post-

tensioned concrete girders (110 m long, 9.5 m high) having a clear span of 70 m. An average 

strength of 36 MPa at 36 hours was required, which necessitated a mean compressive strength 

of 80 MPa at 28 days. 

Fig. 8.3 The Defence Archway in Paris. From Richard and Cadoret (1992). 
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8.3. Offshore structures 

In the early 1970's the first platform was built in the North Sea. Since then concrete design 

strength of platforms has gone up enhancing the development of HPC. When  Ekofisk  1 was 

built in 1972 it had a compressive design strength of 40 MPa, in 1986 the platform Gullfaks  

C  was built prescribing a design strength of 65/70 MPa. Also in the Arctic Sea HPC is 

considered to be a good material to extend our ability to perform efficiently designed 

structures for use in demanding evironment, Gerwick (1987). Because of the hostile 

environment the specifications and quality control must be carried out rigorously. Moksnes et 

al. (1987) have generally examined the in situ strength in offshore structures and found that 

the obtained qualities are high, uniform and predictable. Furthermore Moksnes et al (1987) 

points out that it is desirable to revise the design codes according to the recent data on age 

factors and in-situ quality. These data indicate that the used design strengths are conservative, 

especially since the present status of quality control has been developed as a very important 

part in the production of structures. 

In November 1991 a major failure occured in a Norwegian offshore structure, "The  Sleipner  

Accident". The entire concrete structure collapsed during the so called mating operation when 

the steel superstructure is being submerged and placed in position. The concrete structure had 

almost reaced the required depth when suddenly the people working on the platform 

experianced a strong bang and the water began to leak into the tanks without control. When 

sinking further the bouyancy chambers imploded and the structure sank to the bottom of the 

sea. The cause of the  Sleipner  accident has now been clarified. Two main causes were 

established; 

• unsatisfactory detailing of the finite element mesh resulting in an approximate 45 percent 

underestimation of the shear forces at the joint. 

• insufficient and poorly-positioned reinforcement at the joint. 

The "villain" was the short T-headed reinforcing bar which would have been extened into the 

pressure zone on each side according to prudent normal design, see Fig.8.4. Stirrups that were 

used in earlier platform designs are also lacking in the critical joint. The probable sequences 

of the failure are shown in Fig. 8.5. Although the contractors, who designed and built the 

platform, is wellknown for their quality assurance system the failure occurred. The failure 

underlines the importance of standards, quality assurance and reliability. The way to achieve 

this is by education and training  e g  in finite element analysis, Foeroyvik (1991). 
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(c)  SOO  

Fig. 8.4 
	

(a) A horizontal section of the  Sleipner  platform.  

(b) Detail A. The finite element mesh at the weak joint.  

(c) The reinforcement at the critical joint. From Foeroyvik (1991) 

(a)  (b) (c)  

Fig. 8.5  (a) The immense water pressure in the tricell has led to the formation of cracks 

around the critical bars.  (b)  The progress of the fracture outside the T-headed 

bar.  (c)  The rig has probably failed in all directions before reaching the seabed. 

From Foeroyvik (1991). 
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8.4. Roads and pavements 

The dominating material for highway pavements is asphalt. However, the fast abrasion on 

heavily trafficated asphalt pavement is a problem, especially in countries where studded tyres 

are allowed during the winter season. The need for repair or repavement can be necessary 

after only one winter exposure. Due to this HPC has become an economical alternative to the 

traditional asphalt pavement. Roads and pavements of HPC have been treated by Gjörv et al 

(1987) and  Helland  (1990). Gjörv et al have investigated the abrasion resistance of HPC. On 

raising the strength of the concrete from 50 to 150 MPa the abrasion of the concrete was 

reduced to the same low level as that of high quality massive granite. Compared to an  Ab  16t 

type of asphalt this represents an increased service life of the highway pavement by a factor 

of approximately 10. In  Hellands  report some examples on highway pavements made of HPC 

are described. In the reported examples a compression strength of 85-130 MPa was obtained. 

To fully benefit from the use of HPC it will be necessary to develop new concepts for; 

• required thickness with regard to load capacity and fatigue 

• paving 

• repair and maintenance  
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Fig. 8.4 Relationship between abrasion of a concrete surface and concrete compressive 

strength. From Gjörv et al (1987). 
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9. Needs for further investigations 

9.1. General remarks 

Although quite a few investigations have been performed and although some design codes 

have already been published e.g. in Norway and Finland, much crucial information is lacking 

and there are still many unanswered questions. Most investigations have dealt with material 

properties and not so much design related research has been done. Structures where there is a 

high potential are e.g.; 

• compressed members such as columns and piles. 

• prestressed members loaded in shear and bending such as hollow-core slabs, 'IT-cassettes; 

sleepers (railroad ties) and poles. 

• horizontal surfaces loaded by fretting as floors and roads. 

• trusses and light-weight bolted structures, Malier(1991). 

Important questions that ought to be further studied are e.g.: 

- The bond between reinforcement and HPC. Anchorage and splitting phenomenon. 

- Minimum reinforcement and crack widths. Distances between joints. 

- Buckling of thin concrete elements such as flanges in compression. 

- Deformations and rotational capacity. 

- Brittleness in  e. g.  shear and torsion. 

- Composite structures. 

- Reinforcement made of fiber composites  e g  glass or carbon,  Barbero  & GangaRao (1991). 

- Problems related to fatigue  e g  in piles. 

- Ductility with a fracture mechanical approach. 

- Scaling effects. 

In the following some of these questions will be further commented on. 

9.2. Fields of investigations 

Compressed Members 

HPC has a natural field of application when it comes to compressed members. The section 

can be reduced and the structures will be more slender. With respect to this there is a need to 

investigate parameters influencing the loading capacity on  e g  columns. Slenderness, 

excentricity, longitudinal and confinement reinforcement are examples of these parameters. 

These investigations have to be done before HPC can be used extensively. 
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Bond and Anchorage 

The design rules for bond and anchorage are usually based on the tension strength of the 

concrete. With HPC also the tension strength is raised which should be favourable. 

Furthermore the brittelness is raised leading maybe to a function where the gain in strength 

can not be utilized. The design rules are based on NSC tests which may not be adjustable for 

}PC. Tests on HPC in combination with teoretical studies with a fracture mechanical 

approach is required to extend the design rules for bond and anchorage valid also for HPC. 

Deformations 

When calculating deformations it is essential to know the material properties. The mechanical 

properties for NSC are rather well-known. Concrete with compressive strengths up to 140 

MPa is now available but there are so far limited data about the material and structural 

properties of these concretes. 

Fatigue 

Utilizing HPC will in many cases raise the relative stress amplitudes from different kinds of 

dynamic loads. Design rules of today are used for checking if fatigue is not critical. Fatigue 

tests on HPC members have to be covered by examinations to identify the fatigue properties. 

There is also a need for environmental- and time-depending tests. Tests concerning the failure 

mechanism by fatigue should be given priority in future research-programs leading to 

applicable design-rules. 

Ductility 

Ductility in a structure depends mainly on: the components and the strength in the concrete, 

geometry, reinforcement ratio, steel strength and possible prestressing. From a fracture 

mechanics point of view the opposite of ductility is brittleness. The brittleness is defined as 

the ratio between the stored elastic energy in a structure and the energy which is needed to 

cause failure of the structure. There is a great need to study the ductility/ brittelness influence 

upon different modes of failure and to implement a ductility index or a brittelness factor in 

the codes. Also the scaling effects have to be considered. 

Rotational Capacity 

The phenomena related to rotational capacity have not been studyed before. HPC is a stiffer 

and more brittle material than NSC. How does that effect the rotational capacity? The codes 

have to be updated in this respect. 
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Preface 
This report presents test results from a research project concerning bending and shear of high 

performance concrete beams. The tests have been carried out at the Structural Engineering 

Laboratories at  Luleå  University of Technology. The work was supervised by Professor 

Lennart Elfgren. Discussions with my colleague Rune  Sandström  have been of great value. The 

project has recieved financial support from NUTEK (former STU), the Swedish National 

Board for Technical Development, and the Axel and Margaret Ax:son Jonhnson Foundation. 

The results from the bending tests have been compared with theoretical values based on 

traditional theory. Two stress blocks have been used: a rectangular block and a modified block, 

due to the high performance concrete, shaped as a triangle. The test results from the shear 

beams have been compared with the theoretical values obtained from two different models: the 

traditional method using a sum of the concrete and the stirrup contributions and a new method 

based on a study of a compression field.  

Luleå  in May 1993 

Henrik  Gabrielsson  
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Notation 
EX, 

 Et, E1, E2,  E 	longitudinal web strain, transverse strain, principle tensile strain, principle  P  
compressive strain and prestressing tendon strain 

reduction factor in bond formulae 

the shear strain 

steel area / concrete area 

empirical factor due to beam depth 

bar diameter 

angle between compressive struts and the longitudinal axis of a beam 

a 	 shear span  

Av,  Asv,  Ast 	area of the stirrups 

Aso,  Ax,  As 	longitudinal steel area 

AP 	 area of prestressed steel 

bw 	 beam width  

c 	 concrete cover  

d,  jd 	effective beam depth 

Es,  Ev,  Ep 	elastic modulus for longitudinal steel, stirrups and prestressing tendons 

fi,  f2 	average tensile stress and compressive stress in the cracked concrete strut 

fb 	 anchorage strength value 
Alb  corner 	supplementary anchorage strength for corner reinforcements due to stirrups 

Alb  middle 	supplementary anchorage strength for middle reinforcements due to stirrups 

Ç, fa 	concrete compressive strength and concrete tensile strength  

fp 	 stress in the prestressing tendon 

fv,  fsv 	stress in the stirrups 

fto  Ist 	stress in the longitudinal reinforcement 

fxY, fvY 	yield stress in the longitudinal reinforcement and yield stress in the stirrups 

L, lb 	length and anchorage length 

M 	 moment in member 

IsT, 	 tensile force in the longitudinal reinforcement caused by shear  

P,  Pfailure 	total load and total load at failure 

s 	 stirrup spacing 

Vs, Vu 	nominal shear capacity and ultimate shear capacity 

V, Vs 	concrete contribution and steel contribution to the shear capacity 

V 	 prestressing tendon and/or axial load contribution to the shear capacity  P  

vii 	 local shear stress in the crack surface 

Vcal 	 calculated shear capacity 

Vcalc, Vrms 	shear capacity in the modified compression field theory due to concrete and 

steel 
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1. Introduction 

1.1. Object and scope 

During the last decades it has become possible to produce concrete with considerably better 

properties than earlier. This leads to an increased use of high performance concrete (HPC) in 

the construction industry, in for example offshore structures, bridges, tall buildings, 

prefabricated elements, pavements etc,  Gabrielsson  (1992). There are many advantages with 

the use of high performance concrete (HPC). It is not only gaining a higher compressive 

strength, it also has higher 

* tensile strength 

* stiffness 

* persistence 

* durability 

* fracture energy 

Different national and international design-codes now faces the need to be updated to consider 

also high performance concrete (compressive strength over 80 MPa), e.g. the Swedish Code 

BBK79 (1988), CEB/FIP Model Code (1990) and the new  Eurocode  2 (1991). In Sweden a 

national research program started in 1991 concerning the development of high performance 

concrete and the merging of high performance concrete into the national code. At the Division 

of Structural Engineering,  Luleå  University of Technology, a research program has been 

initiated concerning high performance concrete (HPC). This report deals with the problems of 

shear and bending design. Bending and shear of reinforced concrete have been treated 

extensively in the litterature, see e.g. Collins and Mitchell (1991), Losberg and  Engström  

(1990), and Elfgren (1972). 

The object of this work is to check if the present Swedish design rules are satisfactory also for 

high performance concrete or if a new approach to the problems of design has to be used. In 

the Swedish design code a summation of concrete and stirrup contributions is used when the 

shear capacity is calculated. Another theory which is applied in design is the compression field 

theory. The compression field theory is calculating the load capacity from a certain strain 

developement in the concrete. This report also includes a comparison between these two 

diffrent theories of shear design. In regard to bending, the results will be compared with the 

traditional rectangular stress block and the more accurate triangular stress block. 
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1.2. Test progam 

Altogther 34 beams were tested in six series. Of the beams 12 were intended for bending tests 

and 22 for shear tests. The beams cross-sections and testing arrangements are shown in Fig. 

1.1. The height of the cross sections varied between 200 and 300 mm in order to investigate 

the shear span ratio  a/d.  The ratio was varied from 1.4 to 4.2. It has been shown that this ratio 

has a big influence on the accuracy of the different models available today. If the ratio is bigger 

than 2.5 a traditional 45° truss model and compression field theory are predicting the ultimate 

shear capacity well. At a ratio below 2.5 a strut and tie model according to Marti (1985) shows 

better agreement with test results, Collins & Mitchell (1991). 

  

 

C 
r  

  

100 
	

1 100 	1 200 	1  

1500-3000 

Fig. 1.1 	Cross-section and test arrangements. 

The six test series had the following objectives: 

Series  HB:  Three pilot tests 

Series A and  B:  Ten beams, two designed for bending failure and 

eight designed for shear failure 

Series M and S: Seven beams, four designed for bending failure and 

three designed for shear failure 

Series HS: Two beams designed for shear failure 

Series HPM and HPS: Four beams, two designed for bending failure and 

two designed for shear failure 

Series HIP and  SAR:  Eight beams, four designed for bending failure and 

four designed for shear failure 

Swedish deformed bars were used as longitudinal and transverse reinforcement, see Table 1.1. 

Reinforcement bars of type Ks400 are characterized by a nominal minimum yield stress of 400 

MPa (56 ksi) while type Ks600 has a nominal minimum yield stress of 600 MPa (84 ksi). 
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Values of the yield stresses for the individual bars which where used in the beams are given in 

Appendix A. All casting took place in the Structural Engineering Laboratories at  Luleå  

University of Technology. The first series HB1-3 was casted on March 28, 1990. The high 

performance concrete was produced with ordinary materials available in the laboratory with an 

addition of Mighty 100, which is a naphtalene-based superplasticizer. When the concrete 

showed high strength in cube tests, three more series were casted: one in June 1990 (A and  B)  
and the two others in February (M and S) and August1991 (HS). 

Table 1.1 Test program. Test properties, dimensions of the reinforcement and failure load. 

See Fie. 1.1 for notations. 
Beam L 

(mm) 
a  

(mm) 
d  

(mm) 
a/d  fee  

Mpa 
G  

Mpa 
Longitudinal 
reinforcement 

Stirrups Pfailure 
(1(1̀1) 

HB1 1400 450 223 2,0 108 4,5 104)16 Ks400 522 
HB2 1400 500 223 2,2 108 4,5 104)16 Ks400 48s124 Ks400 644 
HB3 1400 500 223 2,2 108 4,5 104)16 Ks400 410s104 Ks400 749 
Al 2800 1100 268 4,1 126 3,89 44)16 Ks400 184 
A2 2800 1100 268 4,1 129 4,57 4416 Ks600 183  
BI  1400 600 257 2,3 126 3,89 64)16 Ks400 46s190 Ks400 482 
B2 1300 550 257 2,1 129 4,57 64)16 Ks400 46s138 Ks400 483 
B3 1300 500 257 1,9 149 3,92 64)16 Ks400 46s112 Ks400 600 
B4 1300 450 257 1,8 149 3,92 64)16 Ks400 48s171 Ks400 661 
B5 1100 350 257 1,4 149 3,92 64)16 Ks400 48s147 Ks400 >850 
B6 1300 500 257 1,9 147 4,39 64)16 Ks400 48s129 Ks400 578 
B7 1300 500 257 1,9 147 4,39 6416 Ks400 410s180 Ks400 581 
B8 1300 500 257 1,9 147 4,39 64)16 Ks400 410s162 Ks400 576 
MI 2800 1100 268 4,1 90 3.8 34)16 Ks400 138 
M2 2800 1100 268 4,1 91 4,3 34)16 Ks400 141 
M3 2800 1100 268 4,1 113 3,9 34)16 Ks600 193 
M4 2800 1100 268 4,1 105 3,8 34)16 Ks600 194 
S2 1300 500 152 3,3 91 4,3 54)16 Ks600 4)8s208 Ks400 345 
S3 1300 500 152 3,3 113 3,9 54)16 Ks600 48s156 Ks400 420 
S4 1300 500 152 3,3 105 3,8 54)16 Ks600 48s114 Ks400 400 

HS1 2050 800 260 3,1 102 3,9 8416 Ks600 4)8s170ICs400 501 
HS2 2800 1100 260 4,2 102 3,9 84)16 Ks600 48s190 Ks400 400 

HPS1 1300 550 225 2,4 123 4,78 84)16 Ks600 48s150 Ks400 648 
HPS2 1300 550 225 2,4 129 5,1 8416 Ks600 48s150 Ks400 610 
HPM1 2800 1100 268 4,1 123 4,78 4416 Ks600 177 
HPM2 2800 1100 268 4,1 129 5,1 4416 Ks600 153 
SAR3 2500 1100 260 4,2 137 4,9 84)16 Ks600 214 
SAR4 2500 1100 260 4,2 136 4,3 84)16 Ks600 46s50 Ks400 459 
HP1 1900 800 200 4,0 139 5,3 64)16 Ks600 217 
HP2 1900 800 200 4,0 113 5,4 64)16 Ks600 48s93 Ks400 368 
11P3 1900 800 200 4,0 125 5,3 84)16 Ks600 203 
HP4 1900 800 200 4,0 121 4,7 416 Ks600 48s55 Ks400 451 
HP5 1900 800 200 4,0 108 4,6 84)16 Ks600 218 
HP6 1900 800 200 4,0 108 4,7 84)16 Ks600 4)8s70 Ks400 438 
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Fig. 1.2 	The test rig, the hydaulic jack, Dartec control console and the LVDT-guage. 

At the end of 1991 a reference composition had been developed for concrete for prefabrication 

in the Swedish national research program for high performance concrete. This composition 

formed the basis for the rest of the series. The following series were casted in February (HPM 

and HPS) and in August 1992  (SAR  and HP). Composition of the concrete, age at testing and 

average strength values are given in Appendix A. An outline of the test program with some test 

results is given in Table 1.1. 

1.3. Test procedure 

The tests were carried out in the Structural Engineering Laboratories at  Luleå  University of 

Technology. The test rig and the test equipment are shown in Fig. 1.2. The tests were carried 

out in a rig which has an ultimate load-carrying capacity of 850 kN. The tests were controled 

by a Dartec controle console and the test results were sampled by a  PC-program  called Mätsys. 
The tests were carried out with a constant speed of the hydraulic jacks which gave a 

displacement rate (stroke) of 0.02 mm/sek. When the reinforcement began to yield the stroke 

was increased to approximately 0.2 mm/sek. During the tests, the displacement were measured 

in the midpoint and at both supports by linear varying differential transducers (LVDT-guages). 

The individual tests are described in chapter 2.3. The testing of the beams has mostly been 

carried out as demonstrations for students. During these demonstrations the behaviour of 

reinforced concrete beams has been studied. 



2. Test Results 

2.1. General observations 
All beams were tested in the same way with two vertical loads acting centrically on the beam. 

The shear span a (see Fig. 1.1) was varied in order to investigate the influence of the shearspan 

ratio  a/d.  In all tests flexural cracks appered first and then diagonal cracks began to develop. 

At the ultimate load either a specific flexural or diagonal crack dominated. When the peak load 

was reached, the loading capacity descended and a shear, a bending or a bond failure appeared. 

The test was then interrupted. 

2.2. Measured displacements 
The vertical displacements were measured at the supports and at the midpoint. Four LVDT-

gauges were used, two at the midpoint (one on each side) and the remaining two at the 

supports. The two LVDT-gauges at the midpoint had a total mesuring length of 100 mm and 

the two at the support had a total mesuring length of 20 mm. The signal from the LVDT-

gauges were  transfered  and sampled by a computer program "Mätsys"  wich  has been 

developed at the Structural Engineering Laboratories at  Luleå  University of Technology. All 

the necessary calculations with the data from the test can be done and then the curves can 

easily be plotted. The apperance of the beams after failure are shown in Appendix  B.  

2.3. Behaviour of the individual beams 
2.3.1. General 

The load-deformation curves are shown in Figures 2.1-2.11. Photos of the beams are given in 

Appendix  B.  The cracks have there been marked with ink in order to make the crack pattern 

more distinct. The numerals along the cracks refer to the load  P  applied to the beam when the 

part of the crack marked became visible. Each beam is shown on two sides. 

2.3.2. Series  HB  

The first series that were casted was HB1-3. The beams were tested in May 1990. 

Beam HB1: The first beam that was tested was a beam without transverse reinforcement. In 

the Swedish design code the traditional theory is applied when the shear capacity is calculated. 

This theory contains two terms, the concrete term, Vc  , and the steel term, V. With this beam 

the term Vc  could be tested. The first cracks were observed at 200 IN. At first the cracks 

opened at the lower part of the beam, but very soon clear shear cracks appered from the 

support up to the loading point on both sides. In the end one side was taking over all the 

deformation and a clear shear failure appered, as shown in Fig B.1. The failure load was Pfailure  

= 522 kN. The displacements were rather small compared to the failure load and the failure 

was not preceded by large cracks or deformations. This can be explained by the increasing 
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brittleness of high strength concrete. For this beam the support length was 50 mm (the distance 

from the support to the end of the beam). This support length was observed to be too small so 

for the rest of the tests it was increased to 100 mm. 

Beam HB2: This beam contained stirrups 4)8 s124 so the failure load was higher, Pfailure  = 644 

kN. The cracks began to open when the load was about 200 kN. In this test one could clearly 

see how the longitudinal reinforcement yielded when the cracks were opening at the bottom of 

the beam. The transverse reinforcement began to yield when the shear cracks were growing in 

width. The shear failure was not as obvious as in the test with beam HB1 but in the end of the 

test a clear shear crack was growing until the failure load was exceeded. 

Beam HB3: This was the last beam in the first series. The transverse reinforcement was rather 

large 4)10 s104 and was designed to an almost equal capacity of shear and moment. The first 

cracks appeared at  P  = 200 kN and were equally spread on the underside of beam. The crack 

opening indicated soon that the longitudinal reinforcement yielded and finally a moment failure 

occured. The concrete crushed at the top between the load points, see Fig. B.1. The ultimate 

failure load was  P  failure  = 750 kN.  

Beam HB1-HB3: Load-Deformation curve 

'e.  
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Fig. 2.1 	Load-deformation curves from the first series  HB  1-3 tested in may 1990. 

10 



2.3.3. Series A and  B  

In this series ten beams, A1-2 and B1-8, were casted with the same concrete and height as for 

the first series. The beams A1-2 were designed for bending failure and the beams B1-8 for 

shear failure. The reinforcement varied according to Table 1.1. The intension was to use the 

steel quality Ks 600 in the longitudinal reinforcement in the shear beams but when the two first 

beams were tested and were getting a clear bending failure, investigations were initiated and 

led to the discovery that the steel quality was Ks 400. The steel supplier had marked the wrong 

quality on the reinforcement delivery. The beams were then tested with changed testing 

arrangements so a shear failure would appear, hopefully. The first four beams in this series, 

A1-2 and B1-2, were tested in October 1990. 

Beam Al: This beam was predesigned to get a bending failure and behaved according to this. 

The cracks appeared first in the constant moment field between the load points and spread out 

equally towards both supports. The longitudinal reinforcement yielded and the cracks 

propagated until the compression zone could not hold the applied load any more and crushed. 

The ultimate load was Pfailure  = 183 kN. 

Beam A2: This beam was also designed to get a bending failure. The cracks appeared first in 

the constant moment field between the load points and spread out equally towards both 

supports. The longitudinal reinforcement yielded and cracks propagated upwards. At the 

ultimate load the compression zone could not hold the applied load and the concrete crushed. 

The ultimate load was Pfailure = 184 IN, see Fig. 2.2. 

Beam  Bl:  The longitudinal reinforcement in this beam consisted of 64)16 Ks400 and the 

stirrups was 06 s190 Ks400. The first cracks were observed at  P=  150 kN. At first there were 

cracks caused by bending but eventually also shear cracks appeared. In the end a combined 

shear and bond failure in the reinforcement occured. The ultimate load was Pfitilum  = 482 kN. 

Beam B2: In this test the distance between the support and the load point was decreased so a 

shear failure would appear. The longitudinal reinforcement in this beam was 446 Ks400 and 

the stirrups was 06 s138 Ks400. Cracks were begining to appear at a load P=150 kN. The 

cracks were spread over the entire length of the beam. The ultimate load was governed by a 

sudden shear failure, see Fig. B.5. The failure load was, Pfail„„ = 482 kN, see Fig. 2.3 below. 
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Beam A1-A2: Load-Deformation curve 
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Fig. 2.2 	The Load-deformation curves from the second series. The first two beams tested in 

bending A 1-2. 

Beam B1-134: Load-Deformation curve 
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Fig. 2.3 	The load-deformation cuves for the beams B1-4 in the second series tested in 

October 1990 and February 1991. 
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The three following beams, B3-5, were tested in February 1991. 

Beam B3: With the knowledge that the longitudinal reinforcement was of a lower quality than 

accpected, test arragements were adjusted to this fact as far as possible. The longitudinal 

reinforcement in this beam was 64)16 Ks400 and the stirrups was 4)6 s112 Ks400. The distance 

between support and loadpoint was shortened again. The first cracks were observed at  P  = 160 

IdsT and were spreading out equally over the whole length of the beam. The longitudinal 

reinforcement began yielding at  P  = 570 kN and moment failure with concrete crushing 

between the point loads occured at P ilure = 600 kN, see Fig.2.3. 

Beam B4: The longitudinal reinforcement in this beam was 64)16 Ks400 and the stirrups was 

4)8 s171 Ks400. This beam B4 had almost the same test development as beam B3 accept for 

the ultimate load  wich  was higher because of the even shorter test length of the beam. The 

cracks began to open at  P  = 150 kN. The reinforcement in the bottom of the beam began 

yielding at  P=  630 kN and moment failure occured at Pfau., = 660 kN. 

Beam BS: With this beam the testing arrangements were altered so that the beam would 

behave differently and the final failure would be a shear failure. The longitudinal reinforcement 

in this beam was 64)16 Ks400 and the stirrups was 4)8 s147 Ks400. The beam started to behave 

just like the two beams B3 and B4 above. When the load reached a level of  P  = 170 kN the 

cracks were getting visible and the longitudinal reinforcement were beginning to yield at  P  = 

780 kN. The test rig that was used is beginning to yield at  P  = 850 kN therefore the test was 

interrupted. 

The three remaining beams of the second series  B  6-8 were tested in October 1991. The 

previous beams displayed difficulties in getting a clear shear failure therefore these beams were 

tested in bending and the strain in the concrete compression zone was investigated. 

Beam B6-8: The beams had the same instrumentation as the others except fore a strain-guage 

which were glued to the concrete at both sides of the concrete compression zone. The 

longitudinal reinforcement in these beams B6-8 was 64)16 Ks400 and the stirrups was 4)8 s129, 

4)10 s180 and (1)10 s162 Ks400 respectivly. The ultimate load for B6-8 were Pilure=  5781(N, 

Pfailure= 581kN and Pfailure = 576kN respectively, see Fig. 2.4 below. After yielding of the 

longitudinal reinforcement the beams failed in bending when the concrete compression zone 

crushed. 
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Fig. 2.4 	The load-deformation curves for the last beams in the second series, B5-8. 

2.3.4. Series M and S 
The third series was casted in March 1991, three beams S2-4 designed for shear failure and 

four beams M1-4 designed for bending failure. The height for the shear beams had been 

decreased to 200 mm in order to get a higher shearspan relation. The concrete term Vc  which 

had been very dominant in the two earlier series could be decreased. Four beams were tested in 

the end of March 1991, M1-2 and S2,S4. 

Beam  Ml:  This beam was designed for a bending failure. The longitudinal reinforcement in 

this beam was 3416 Ks400. The cracks appeared first in the constant moment field. Thereafter 

they spread out equally towards both supports. The cracks propagated until the compression 

zone could not hold the applied load and the concrete crushed. The ultimate load was 

Pfaih,,,=138 IN. 

Beam M2: This beam was designed for a bending failure. The longitudinal reinforcement in 

this beam was also 3446 Ks400. The cracks appeared first in the constant moment field. 

Thereafter they spread out equally towards both supports. The cracks propagated until the 

compression zone could not hold the applied load and the concrete crushed. The ultimate load 

was Pfaibire=138 IN, see Fig. 2.5 below. 
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Beam S2: The longitudinal reinforcement in this beam was 5446 Ks600 and the stirrups was 

4)8 s208 Ks400. This beam had a lower crack load, at  P  = 55 IcN the cracks were visible. The 

test was altogether a classical exemple of how a shear failure occurs. The maximum load that 

was reached was Pfaijure=  340 kN, see Fig. 2.6 below. 

Beam S4: The longitudinal reinforcement in this beam was 54416 Ks400 and the stirrups was 

(1)8 s114 Ks400. In this case the cracks began to propagate at  P  = 60 IN. At first there were 

cracks due to bending but later shear cracks began to be visible, then the crack at the midpoint 

began to dominate. Finally a bending failure occured at the load of Pilure= 390  kl\l• 

Beam M1-M4: Load-Deformation curve 
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Fig. 2.5 	The Load-deformation curves from the third series. The beams designed for 

bending failure M 1-4. 

In October 1991 the beams M 3-4 and S3 were tested. 

Beam M3: In the following two beams M 3-4 the steel quality had been raised in order to 

increase the bending capacity. The longitudinal reinforcement in this beam was 34)16 Ks600. 

The cracks began to appear first in the midsection of the beam. Gradually the cracks 

propagated from the bottom of the beam and spread towards both supports. When the failure 

load was reached after yielding of the longitudinal reinforcement a combined moment and bond 

failure occured. The ultimate load was Pfaure  = 193 lc/sl. 

15 



Beam M4: This beam also contained the same longitudinal reinforcement 34)16 Ks600. The 

behaviour was equal to the beam M3 above. The ultimate load was Pfanure  = 194 kN, see Fig. 

2.5 above. 

Beam S3: The longitudinal reinforcement in this beam was 54)16 Ks600 and the stirrups was 

4)8 s156 Ks400. This beam had a crack load of  P  = 130 kN. The test showed a clear shear 

failure in the end. The maximum load was reached at Pfaiiu„ = 414 kN. 

Beam S2-4: Load-Deformation curve 
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Fig. 2.6 	The beams designed for shear failure in the third series S2-4. 

2.3.5. Series HS 
This series, which contained two beams, was casted in August 1991 and were designed for a 

shear failure. In order to get a better stress field, without disturbance from end regions, the 

beams were made longer and the shear span ratio  a/d  was 3.1 and 4.2. 

Beam HS1: The longitudinal reinforcement in this beam was 8446 Ks600 and the stirrups was 

4)8 s170 Ks400. This beam began to crack at  P  = 160 kN. The test began with cracks in the 

mid section then diagonal cracks appeared and finally a shear failure occured. The maximum 

load was reached at Pfailure= 501 kN. 
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HS1  Beam 

Beam HS2 

Beam HS2: The longitudinal reinforcement in this beam was 8416 Ks600 and the stirrups was 

4)8 s190 Ks400. The cracks were visible at  P  = 153 kN. The test started to behave like the 

beam HS1 above. But in the end the compression zone crushed after yielding of the 

longitudinal reinforcement. The maximum load was reached at  P  failure=  400 kN, see Fig. 2.7. 

Beam HS1-2: Load-Deformation curve 
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Fig. 2.7 	The load-deformation curves from the fourth series HS 1-2 tested in October 1991. 

23.6. Series HPS and HPM 

The fifth series was casted in February 1992. Two beams were designed for shear failure and 

two beams were designed for bending failure. This series was made with micro silica in the 

concrete. Before this no silica had been mixed in the concrete. The composition was based on 

the reference composition that was made up by the national research project started in 1991. 

Beam HPS1: The longitudinal reinforcement in this beam was 8416 Ks600 and the stirrups 

was 4)8 s150 Ks400. At  P  = 120 kN the cracks were visible. First the cracks related to bending 

appeared, then diagonal cracks began to propagate and finally a shear failure occured. The 

maximum load was reached at Pfanure= 648 kN, see Fig. 2.8 below. 

Beam HPS2: The reinforcement in this beam was exactly the same as for the beam HPS1 

above. The test behaviour was also the same as for HPS1. The crack load was  P  = 130 kN. 
The maximum load was Pfaihire= 610 kN. 
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Fig. 2.8 	The load-deformation curves from the two first beams in the fifth series HPS1-2 

tested in October 1991. 

Beam HPM1-2: Load-Deformation curve 
200.00 

100.00 

0.00 

0.00 
	

4.00 
	

8.00 
	

12.00 
	

16.00 
Deformation [mm] 

Fig. 2.9 	The beams designed for bending in the fifth series 1-IPM1-2 tested in the end of 

March 1991. 

18 



Beam HPM1: The longitudinal reinforcement in this beam was 4(1)16 Ks600. This beam had a 

crack load of  P  = 60 kN. The beam developed equally distributed bending cracks then suddenly 

at ultimate load a bond failure occured. The maximum load was reached at Pfaiiure= 177 kN. 

Beam HPM2: The longitudinal reinforcement in this beam was also 44)16 Ks600. At  P  = 60 

IN the cracks were visible. Also this beam finally developed a bond failure. The maximum load 

was reached at Pilure= 153 kN, see Fig. 2.9 above. 

2.3.7. Series  SAR  and HP 

The last series in this report contained eight beams and were casted in September 1992. Four 

beams were designed for shear failure and four were designed for bending failure. The beams 

were tested in October 1992. 

Beam SAR3: The longitudinal reinforcement in this beam was 84)16 Ks600. First the cracks 

related to bending appeared then the diagonal cracks began to propagate and finally a shear 

failure occured. The maximum load was reached at Pfa  ;lure= 214 IN. 

Beam SAR4: The longitudinal reinforcement in this beam was 84)16 Ks600 and the stirrups 

was 4)6 s 50 Ks400. The test behaved according to the bending failure it was designed for. The 

maximum load was Pfailm= 4591N. 

Beam HP1: The longitudinal reinforcement in this beam was 64)16 Ks600. At  P  = 80 kN the 

cracks were visible. First the cracks related to bending appeared then the diagonal cracks 

began to propagate and finally a shear failure occured. The maximum load was reached at 

Pfailure= 217 IN, see Fig. 2.10 below. 

Beam HP2: The longitudinal reinforcement in this beam was 64)16 Ks600 and the stirrups was 

4)8 s 93 Ks400. This test behaviour were the same as for HP1. The crack load was  P  = 80 kN. 

The beam was designed for a bending failure but got a combined bending and shear failure in 

the end. The crack load was P=130 IN. The maximum load was Pfailure= 368 kN, see Fig. 2.11. 

Beam HP3: The longitudinal reinforcement in this beam was 84)16 Ks600. At  P  = 80 kN the 

cracks were visible. First the cracks related to bending appeared then the diagonal cracks 

began to propagate and finally a shear failure occured. The maximum load was reached at 

Pfailum=  203 kN. 
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Fig. 2.10 	The load-deformation cureves for the beams designed for shear failure in the 

sixth series  SAR  3 and HPM1, HPM3 and HPM5 tested in October 1992. 

Beam HP4: The longitudinal reinforcement in this beam was 416 Ks600 and the stirrups was 

4)8s55 Ks400. The test behaved like a bending test with cracks in the middle of the beam and 

finally concrete compression zone crushed. The crack load was  P  = 100 kN. The maximum 
load was  Pfadure=  451 kN. 

Beam HP5: The longitudinal reinforcement in this beam was 806 Ks600. At  P  = 120 kN the 

cracks were visible. First the cracks related to bending appeared then the diagonal cracks 

began to propagate finally a shear failure occured. The maximum load was reached at  Pfadure=  

218 kN. 

Beam HP6: The longitudinal reinforcement in this beam was 416 Ks600 and the stirrups was 

000 Ks400. The test had a bending failure, as designed, at ultimate load. The crack load was  
P  =60 kN. The maximum load was Pfaikre= 438 kN. 
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Fig. 2.11 Load-deformation curves from the beams designed for bending in the sixth series  

SAR  4, HP 2, HP4 and HP6. 
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3. Ultimate Load Capacity 

3.1. Introductory remarks 
HPC has a stress-strain curve which may be replaced by a triangular stress-block at ultimate 

load. The resultant force will then be sligthly moved compared to the traditional rectangular 

stress-block assumption which is applied in codes today for normal strength concrete (NSC). 

Some investigations show that the use of a triangular stress-block gives a better agreement 

with tests of HPC, Bernhardt and Hoff (1985). In this report I will calculate the ultimate load 

using both kinds of stress-blocks. I will also investigate which one of them that is most 

suitable for HPC. 

The traditional empirical design rules for shear are not accurate for structures which are more 

complex as for example box girder bridges, offshore platforms or shell structures made of 

HPC. The empirical model with additional terms V..Vc-i-Vs  wich  are used in many national 

design codes are not responding to the real shear failure. A more physical interpretation of the 

phenomenae is needed in order to improve the design rules for shear. Therefore this report is 

going to investigate a more detailed model: The modified compression field theory. 

3.2. Bending, rectangular and triangular stress-block 
In the Swedish code  BBK  79 (1988) the parabolic stress-strain relationship is replaced by a 

rectangular stress-block with the height of 0.8x for NSC. When the concrete compression 

strength is raised the form of the stress-strain curve is changed to the shape of a triangle. 

Therefore it would be more appropriate to assume a triangular stress-block. With this 

assumption the resultant force will be sligthly moved, see Fig. 3.1.  

NSC 	HPC  

Fig. 3.1 	A rectangular crossection subjected to flexural loads. Two types of stress blocks 

based on the stress-strain curves for NSC and HPC. 
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The ultimate moment are calculated with the formulaes: 

Mrec.= Fs(d - 0.4x) 
	

Fs= 0.8x  b  fee 	 (3.1) 

Mtrt.= Fs(d - x/3) 
	

Fs= 0.5x  b  fcc 	 (3.2) 

3.3. Traditional shear approach using a sum of concrete and steel 
contributions 

The traditional Swedish design method for shear uses the formulae with a sum of two terms. 

However this may lead to unconservative results in cases where the structures are more 

complicated. The traditional formulae has been developed from the original truss theory 

proposed by Mörsch in 1902. In this text he stated that the compressed diagonals had an 

inclination of 0 = 45°. He also made it clear that the compressed struts were equally distributed 

over the whole beam. But the truss theory underestimates the shear capacity. 

Fig. 3.2 	Mörsch's truss model, from Mörsch (1929). 

When a concrete term Vc  is added which represents the shear capacity for a beam without 

stirrups the shear capacity is well predicted with this theory. The research dealing with the 

traditional formulae has been focused at the different factors influencing the concrete 

contribution, V, the interlock effect, the longitudinal reinforcements dowel effect, small shear-
spann  relations and the effect of prestressing or outer axial loads. This traditional model 

calculates the load capacity from the permitted strengths in the materials and it is based on the 
stresses that appears in the structure. 
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The traditional theory where Vs=Vc+Vs  according to the Swedish code  BBK  79. 

The ultimate shear capacity contains a term for the concrete, Vc  ,and a term for the 

stirrups, Vs  . The influence of a prestressed tendon or an outer normal force is 

related to the term  Vi,.  From Losberg and  Engström  (1990). 

3.4. The compression field theory 
The compression field theory has been developed by Michael  P.  Collins, University of Toronto, 

and Denis Mitchell, McGills university. The model has been developed from a theory which 

Wagner (1929) used in an analogous problem. Wagner was dealing with thin-webbed metal 

girders where the slender web buckled. He assumed that the buckled web could not take any 

compression at all and the whole shear capacity has to be carried by a diagonal tension field. 

Furthermore the angle 0 of the diagonal tensile stresses should coincide with the principle 

tensile strain directions. The theory proposed by Wagner became known as the tension field 

theory. 

vertical struts 

top chord 
	 in compression 

'--.-2 -.,  

tension 
field buckling of 

thin web in 
compression 

bottom 
chord 

Fig. 3.4 	Tension field in thin-webbed metal girder subjected to shear, from Collins and 

Mitchell (1991). 
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Collins and Mitchell translated this theory to a compression field where the struts in the 

concrete can take no tension. If we consider a reinforced concrete beam subjected to shear 

there are five unknown parameters at a given level of shear; 

1. The stresses in the longitudinal reinforcement f. 

2. The stresses in the longitudinal prestressing tendons  fp  

3. The stresses in the stirrups fv  

4. The diagonal compressive stress in the concrete f2  

5. The inclination 0 of these diagonals 

To find these you have, see Fig 3.6 below; 

• the equlibrium equations 

• the stress-strain relationships for the materials 

• the compatibility equations 

In the original compression field theory there were no considerations taken to the cracked 

concretes tensile stresses which led to an overestimation of the strains and conservative 

strengths values, see fig 3.5 below. 

 

I

t  
/Vc(

r
f2  

  

(a) Before cracking 
	

(b)  Compression field (c)  Modified compression 
f1= f2 , 0 = 450 	theory , fi  = 0 

	
field theory,fi  * 0 

Fig. 3.5 	The stress field in a web of reinforced concrete beam, from Collins and Mitchell 

(1991). 
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EQUILIBRIUM  STRESS-STRAIN COMPATIBILITY 
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Fig. 3.5 	The compression field theory for prestressed beams subjected to shear, from 

Collins and Mitchell (1991). 

3.5. The modified compression field theory 
The modified compression field theory accounts for the tensile stresses in the compressed 

struts. After a series of shear tests, Vecchio and Collins (1986) proposed a stress-strain 

relationsship for the tensile stresses before and after the concrete has cracked, see Fig. 3.7. In 

fracture mechanics models this is a fundamental relationship, see e.g. Elfgren (1989). 
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fc 1 

f cr 

Ecr 
	

Ei  

Fig. 3.7 	Average stress-strain relationship for cracked concrete in tension, from Collins and 

Mitchell (1991). 

C,oncider a reinforced concrete beam and seek the forces which are produced when the 

concrete has cracked. When the beam has cracked the forces are transmitted across the crack 

in local points, interlock effect i.e. aggregates gripping into the surface preventing the crack to 

propagate smoothly and creating local shear stresses  Vd  . The local shear stresses depend on 

the concrete compression strength, the crack width and the size of the aggregate. Local 

compressive forces have been ignored. The two different stress situations in the concrete, 

between the cracks and in the crack, must be statically equivalent. With the knowledge of this, 

4 can be calculated if you know the crack width. To calculate the crack width you can use the 

formulae proposed by teh CEB/HP Model Code (1990) which calculates the crack width in 

two directions, vertically and horizontally. 
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(b)  

Fig.  3.8  

(c)  
Transmitting forces across cracks. (a) Beam loaded in shear and a detail at the 

crack.  (b)  Calculated average stresses.  (c)  Local stresses at a crack. From Collins 

and Mitchell (1991). 

Now you have all the equations which are needed to calculate Vu  if a certain strain el  is 

assumed. A suitable solution technique is given by Collins and Mitchell (1990), see 

Appendix  C.  Since the calculations are relatively time consuming it is best to use a computer 

program for the calculations. In Collins and Mitchell (1991) a program SHEAR is added where 

this technique is used. In the program you can choose if you want to subject the beam to only 

shear, shear combined with moment or if you also want to add a compressed tendon to these 

two alternatives. 
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4, Results 

4.1. Introductory remarks 
The beams tested were designed for different failure types, but the results show that the 

predesigned failure types did not always occur. Therefore I have divided the beams into three 

groups the first related to bending failure, the second related to bond failure and the third 

group related to shear failure. 

4.2. Bending failure 
The beams that were related to bending failure have been analysed with two different  stress-

blocks,  see Fig 3.2. In Table 4.1 below the theoretical values are compared with the test 

results. The conclusion from the comparison is that the difference, when you apply the two 

blocks, are very small. The mean values when the calculated values are normalized by the 

tested ultimate load is for the traditional rectangular stress-block MrecfM test= 0.98 compared 

with the triangular stress-block where the mean value is Mtri./Mtest="7. 

Table 4.1 The theoretical values from the calculations with the two different stress-blocks 

normalized by the ultimate moment. 
Beam fcc fct  

_ 
Longitud.  
reinforc. 

Stirrups Mr  er  Mtri Mtest Mr / 
- Mtest 

Mtril 

nest 

Fail. 

tyre MPa MPa kNm kNm kNm 
Al 126 3,89 44)16 Ks400 100,47 99,49 101,20 0,99 0,98 M 

A2 129 4,57 44)16 Ks400 99,52 98,58 100,65 0,99 0,98 M  

Bl  126 3,89 6416 Ks400 46s190 Ks400 140,71 138,54 144,60 0,97 0,96 M 

B2 129 4,57 416 Ks400 e6s138 Ks400 140,71 138,54 144,60 0,97 0,96 M 

B3 149 3,92 64)16 Ks400 4)6s112 Ks400 141,72 139,88 150,00 0,94 0,93 M 

B4 149 3,92 64)16 Ks400 cli8s171 Ks400 141,72 139,88 148,73 0,95 0,94 M 

B5 149 3,92 6416 Ks400 4)8s147 Ks400 141,72 139,88 148,75 0,95 0,94 M 

B6 147 4,39 64)16 Ks400 4)8s129 Ks400 141,64 139,78 144,50 0,98 0,97 M 

B7 147 4,39 6.16 Ks400 elOs180 Ks400 141,64 139,78 145,25 0,98 0,96 M 

B8 147 4,39 64)16 Ks400 440s162 Ks400 141,64 139,78 144,00 0,98 0,97 M 

M1 112 4,56 34)16 Ks400 73,54 74,74 75,90 0,97 0,98 M 

M2 104 4,3 416 Ks400 75,40 76,83 77,55 0,97 0,99 M 

M3 113 3,9 34)16 Ks600 105,87 108,75 106,15 1,00 1,02 M&B 
M4 93 3,99 34)16 Ks600 102,92 101,49 106,70 0,96 0,95 M&B 

SAR4 136 4,3 8(1)16 Ks600 e6s50 Ks400 252,38 245,65 252,45 1,00 0,97 M 
HP2 113 5,4 64)16 Ks600 .8s93 Ks400 145,37 140,69 147,20 0,99 0,96 M 
HP4 121 4,7 84)16 Ks600 4)8s55 Ks400 186,97 179,40 180,40 1,04 0,99 M 
HP6 108 4,7 8416 Ks600 (1)8s70 Ks400 186,43 177,71 175,20 1,06 1,01 M 

Mean 0,98 0,97 
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4.3. Bond failure 
The beams in this group suffered from a bond failure. Splitting cracks occured that reduced the 

anchoring capacity of the longitudinal bars. In Table 4.2 below results for the two different 

stress-blocks calculations and the traditional shear theory are shown. The test values do not 

agree with the calculated values. The explanation for this failure type is not falling under the 

theories which are investigated in this report. Therefore I have made some efforts in explaining 

what actions that are involved in this matter. 

Table 4.2 The theoretical values from the theories investigated in this report compared with 

test values. 
Beam M rer M Ili M test Mrec / 

Mtes; 
Mtri /  
Mtelt 

Ve  Vtnt  Vt„t  \IRA/ 
\Tree 

Fracture 

tyre kNm kNm kNm kN kN kN 
HPM1 137,1 135,2 97,3 1,41 1,39 179,17 179,17 88,50 2,02  B  
HPM2 137,4 135,6 84,1 1,63 1,61 191,16 191,16 76,50 2,50  B  

The theory applied in the Swedish code concerning anchorage length and bond strength has 

been used to find some explanation of this phenomenon. These calculations gives no clear 

explanation, see Table 4.3 and Fig. 4.1 below. Although the longitudinal reinforcement has 

very short anhorage length you can see that this is the case also for beams Al and A2 which 

did not get a bond failure. The support length was also very short which could be one of the 

causes, but this was also the case for the other beams since the test arrangements was almost 

the same for all beams, see Table 4.3 below. The bond strength fb  in this case is calculated 

according to  BBK  79 (1988): 

fb  =r 	1+ 2E) fct 
3 	11) 

where 	= 1,4 for deformed bars 

11  = reduction factor for cover, in this case 1,0  

c  = the least of cover or spacing between longitudinal bars 

= bar diameter 

ft = concrete tension strength 

Mb =  k  Ast  
s 

where 	k  =40 for corner bars and 20 for middle bars 

s = stirrup spacing  

Ast  = stirrup area 

(4.1) 

(4.2) 
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The anchorage length lb  for a group of bars will then be:  

n  fst   x  4)  
'b —  zfb  4 

where 	Eft, = fb  + Afb  for  n  number of bars 

fst  = bar yield strength 

It looks like the codes formulae overestimates the bond strength fb. 

(4.3) 

Table 4.3 The Swedish codes theories concerning anchorage length. 
Beam fcc fct Longitudinal Fail. 

type 
fb  Mb  

corner 
Mb  
middle 

lb Support 
length 

MPa MPa MPa mm mm 
HPM1 123 4,78 44)16 KS600  B  8,78 0,18 0,09 297 100,00 
HPM2 129 5,10 44)16 KS600  B  9,37 0,18 0,09 278 100,00 
Al 126 3,89 4.16 KS400 M 7,15 0,18 0,09 260 100,00 
A2 129 4,57 4.16 KS400 M 8,40 0,18 0,09 222 100,00 

a 

 

  

Pa/2 at faillur 

4416 Ks600 

Fig. 4.1 Forces in the reinforcement due to bending and allowable forces due to bond 

capacity for beam HPM 1. Bond failure occurs when the inner curve gets into 
contact with the outer curve. 
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4.4. Shear failure 
The results from the calculations show that the accuracy of the models depends on the  a/d  

relationship, see Fig. 4.2, Table 4.4 and Appendix  C.  The modified compression field theory is 

more conservative than the traditional theory. The traditional theory should be altered in order 

to better predict the ultimate shear capacity. For  a/d  higher than 3.3 the traditional theory gives 

unconservative predictions. 

0.00 
	

2.00 
	

4.00  
a/d  

Fig. 4.2 	Ratio between theoretical values and test results for varying  a/d  ratios. 

The modified compression field theory also takes into consideration that the shear load reduces 

the bending capacity. The moment and the shear capacity is linked to one another and this is 

not the case in the traditional theory. In the calculations with SHEAR you give a value for the 

relation between the moment, which is replaced by a normal force  N,  and the shear load. The 

procedure for calculating this relationship is shown in Fig. 4.3 below. 
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Fig. 4.3 	Comparison of forces and strains due to moment and tension, from Collins and 

Mitchell (1991). 
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From the comparison between the moment and tension above we can get the strain due to 

moment and the strain due to tension as: 

0,5N  
E  -  	and 	E  - 	 

X 	jd As  Es 	 x 	As  Es  

With these two formulaes we can see that to produce the same axial strain the normal force 

and the moment has the following relationship: 

2M  
N  - 

jd 

From this we can easily calulate the relationship between the moment and the shear capacity  

N/V  for the different beam setups. With these data we can now use SHEAR to calculate the 

ultimate shear capacity. With the calculated data we can plot a diagram showing the moment 

versus the shear. In this diagram we can see how the beams shear capacity is affected by the 

subjected moment, this has been be one of the disadvantages of the traditional shear theory, see 

alao Plos (1993). Collins and Mitchell (1991) have also proposed a more refined method for 

calculating the interaction of moment and shear. Then the beam section is divided into 

horizontal layers and equilibrium is checked for each level. In this way a better describtion is 

obtained of the stress and strain distribution over the cross-section. 

Table 4.4. Calculated shear ca acities. 
Calculation Data Mod Compr. Field Traditional Theory 
Beam  a/d  fcc  fct  Pfaii fxy fry  N/V  Veal  Vutest  Veal/  

V11  

Ve  Vs  Vtot  Vtot/ 

Viitest 

Failure 

type MPa MPa kN MPa MPa kN kN kN kN kN kN 
HB1 2 108 4,5 522 * 4,04 110,3 261 0,42 165,8 165,8 0,64 V&B 
11B2 2,2 108 4,5 644 * 4,48 161,4 322 0,50 165,8 84,9 250,7 0,78 V 
HB3 2,2 108 4,5 749 * * 4,48 174,3 374 0,47 165,8 158,2 324,0 0,87 M 
S2 3,3 104 4,3 345 671 * 6,58 83,1 172 0,48 113,5 34,5 148,0 0,86 V 
S3 3,3 113 3,9 420 ** * 6,58 84,0 210 0,40 103,0 46,0 149,0 0,71 V 
S4 3,3 93 4 400 ** * 6,58 86,7 200 0,43 105,3 62,9 168,3 0,84 V 

HS1 3,1 102 3,9 500 ** * 6,15 146,3 250 0,59 164,0 104,9 268,9 1,08 V 
HS2 4,2 102 3,9 400 ** * 8,46 109,4 200 0,55 164,0 64,6 228,6 1,14 M 

HPS1 2,4 123 4,8 648 ** * 4,89 164,1 324 0,51 177,4 70,8 248,3 0,77 V 
HPS2 2,4 129 5,1 610 ** * 4,89 164,1 305 0,54 189,3 70,8 260,1 0,85 V 
SAR3 4,2 137 4,9 214 652 548 8,46 96,0 107 0,90 204,8 204,8 1,91 V&B 
HP1 4 139 5,3 217 686 516 8,00 79,6 108 0,73 178,0 178,0 1,64 V 
HP3 4 125 5,3 203 661 527 8,00 87,1 101 0,86 178,0 178,0 1,75 V 
11P5 4 108 4,6 218 661 497 8,00 80,5 109 0,74 154,5 154,5 1,42 V 
**mean value for Ks600 
*mean value for Ks400 

666 
475 522 

V = Shear failure,  B  = Bond (anchorage) failure 
M = Moment failure,  N  = Normal force 
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If the values for moment and shear are compared for the different models with the test values 

you can clearly see that the moment and shear has to be involved in each others behaviour. In 

Fig. 4.4 below moment versus the shear is shown for the beams SAR3, HP1, 11P3 and HP5. 

Moment-Shear diagram for the beams SAR3, HP1, HP3 and HP5. 
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Moment - shear diagram for SAR3, HP1, HP3 and HP5. 

From the calculations in Table 4.4 six beams can be distinguished with  a/d  3.1 that predicts 

the failure fairly well, the beams are HS1-2, SAR3, HP1, HP3 and HP5. These beams will now 

be more carefully analysed. From the calculations we can get some properties, see Table 4.5, 

from these properties a comparison with the traditional theory can be made. The calculations 

where the N/V=0 do not take into consideration the interaction between the moment and the 

shear capacity. The shear capacity will then be overestimated. 

Table 4.5. Results from calculations with SHEAR. 
Beam  N/V  Ei  o Et  Ex  y  f2 f2 fl w Vcal  

x  E3 deg.  x  E3  x  E3  x  E3 ksi ksi psi inch. kips 
HS1 6,15 5,2 49,4 2,15 3 5,2 618 10648 208 0,031 32,9 

0 34 20,8 29,5 2,66 23,86 2735 3179 25 0,199 73,9 
HS2 8,46 5,1 49,7 2,1 2,9 5,1 413 10735 205 0,032 24,6 

0 3,6 32,3 2,5 0,9 3,4 1240 12246 235 0,022 53,7 
SAR3 8,46 4,8 46,5 2,3 2,5 4,8 268 14783 269 0,047 21,6 

0 0,06 44,9 0,01 0,01 0,11 611 19869 606 0,001 49,0 
HP1 8,0 4,9 47 2,3 2,6 4,9 286 14875 294 0,04 17,9 

0 0,06 44,93 0,01 0,01 0,11 659 20160 655 0,001 40,7 
HP3 8,0 4,3 45,5 2,1 2,2 4,3 326 14083 306 0,036 19,6 

0 0,07 44,83 0,01 0,01 0,12 656 18129 648 0,001 40,4 
HP5 8,0 4,3 43,8 2,2 2 4,3 322 12168 264 0,036 18,1 

0 0,07 44,8 0,01 0,01 0,13 570 15664 562 0,001 35,0 



From the traditional theory,  BBK  79(1988), we can recall that Vu  = Vc+ Vs  where: 

Vc= bw  d  f, 	 (4.4) 

(1+50p ) 0.3  fet  

1.6 -  d 	when 0.2 <  d  s 0.5 m  

p  = Aso  / (bw  d  ) but  p  s 0.02 

Vs= Asv  fsv  0.9d / s 	for vertical stirrups 	 (4.5) 

These expressions can be compared with two similar terms from the modified compression 

field theory. From Table 4.5 we can get the necessary properties in order to split up Veal into: 

Veal = Vcalc +Vcals 

Veal  = fibw  d  cot  + Av  fv  d  cot 0  /  s  

where  fv= Ev  et  and fi=f (c1)  see Fig.  3.6 

Table 4.6 Com arison between traditional theory and modified compression field theory. 

Beam y tnt  ye  Ni s  Vcal  Vcaic  Vcais  Vc/Vcale  Vs/Vcais  

kN 0.1 krl kN  kN kN  

HS1 268,9 164,0 104,9 146,34 63,87 82,34 2,57 1,27 

HS2 228,6 164,0 64,6 109,42 62,29 49,00 2,63 1,32 

SAR3 204,8 204,8 96,08 91,46 2,24 

HP1 178,0 178,0 79,62 75,56 2,36 

HP3 178,0 178,0 87,18 82,87 2,15 

HP5 154,5 154,5 80,51 75,87 2,04 

From Table 4.6 above we can conclude that the term for the steel contribution is sligthly higher 

calculated in the traditional theory, about 30%. From this we can draw the conclusion that the 

steel term can be predicted fairly well. The concrete term is much higher in the traditional 

theory, 100-160% higher than in the modified compression field theory. 

(4.6) 

(4.7) 
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5. Discussion and Conclusions 
In this investigation 18 beams finally failed in bending. Most of these beams were designed to 

get this particular failure type. When the real strength values were used afterwards to calculate 

the ultimate load-carrying capacity all these beams have been very near the tested failure load. 

The two investigated stress-block assumptions, rectangular and triangular stress-blocks, see 

Fig. 3.1, did not show any distinct difference. The mean value for the rectangular stress-block 

was Mrec./Mtest= 0.98 compared with the triangular stress-block Mtri./Mtest=  0.97. 

Therewere six beams where a clear or combined bond failure occured. The conclusions from 

these tests can be summed up by stating that there is a great need for further investigations and 

development of new models for the bond behaviour. This is a key question for the use of HPC 

because if you are really going to take advantage of the positive mechanical properties the 

bond behaviour has to be clearified. The codes has to be revised in these matters. The concrete 

cover and reinforcement spacings has to be investigated more carefully. 

In the traditional theory the term for Vc  is a purely empirical expression. The different parts 

have been evaluated from tests with beams of normal strength concrete (NSC) and were 

developed for simple concrete elements. These different parts must be updated if the same 

theory is going to be applicable for HPC. But a theory that shows big differences in predictions 

when the  a/d  relation is varied has to be changed considerably so this relation is added in the 

theory. The traditional theory does not connect the shear capacity and the bending capacity of 

a structure. This has been found to be of substantial disadvantage for the traditional theory, 

Plos (1993). The modified compression field theory is a more physical model where the actual 

course of events are well described. The modified compression field theory underestimates the 

ultimate shear capacity. There could be two different actions which influence the calculations. 

(1): The value of f1  is too low. The value has been chosen from test results with NSC. For 

HPC cracking starts at a higher percentage of the ultimate strength and the stress-strain curve 

is quite different from that for NSC. This may call for a change in the formulae for (2): The 

other possible explanation for the underestimation could be the way in which the moment is 

taken into consideration. The maximum moment value has been used while the shear failure 

occurs in the middle of the shear span where the moment has a considerably lower value. 

From the results in this paper we may draw the following conclusions: 

• the traditional theory overestimates the load-carrying capacity for high  a/d  ratios 

• the modified compression field theory describes the failure in a better way but 

underestimates the capacity 

• both theories have to be further developed in order to be more general. 
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Further studies are needed regarding: 

• The bond splitting failure for high performance concrete 

• Arational formulae for the concrete term  Ve  in the traditional shear approach 

• The stress-strain relationship f1(E1) for reinforced cracked high performance concrete in 

tension 

• The interaction between the moment and the shear capacities for reinforced high 

performance concrete beams 

• Strut and tie-models for beams with short shear spans (low  a/d-ratios) 
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Appendix A. Material Properties 

A.1 Reinforcement 
Swedish deformed bars were used as longitudinal and transverse reinforcement, see Table A.1. 
Reinforcement bars of type Ks400 are characterized by a nominal minimum yield stress of 400 
MPa (56 ksi) while type Ks600 has a nominal minimum yield stress of 600 MPa (84 ksi). 

Stress-Strain Relationship for Ks400 and Ks600 

1 

Fig. Al 

0.00 	40.00 	80.00 	120.00 
	

160.00 
	

200.00 
Strain  (promille)  

Typical stress-strain relationship for reinforcement steel Ks400 and Ks600.  

Table A.1 Steel characteristics. 
Beam Longitudinal  

reinforcement 
fy E  y  fu  E u  Transverse  

reinforcement 
fy  Ey fu  E u  

MPa %. MPa %. MPa %. MPa 70, 

Al 4.16 Ks400 480 2,5 594 125 
M1 3.16 Ks400 466 4,73 559 118,4 
M2 3.16 Ks400 479 2,54 578 152,7 
M3 3.16 Ks600 678 9,4 784 89,4 
S2 54)16 Ks600 671 7,45 777 90,2 48s208 Ks400 

SAR3 8.16 Ks600 652 751 548 631 
SAR4 8.16 Ks600 652 752 (1)6s50 Ks400 523 612 
HP1 6.16 Ks600 686 791 516 616 
HP2 64)16 Ks600 661 761 408s93 Ks400 530 622 
HP3 8.16 Ks600 661 771 527 622 
HP4 8.16 Ks600 652 756 (1)8s55 Ks400 527 656 
HP5 8.16 Ks600 661 771 497 646 
HP6 8416 Ks600 661 771 (1)8s70 Ks400 497 646 

mean KS600 663,5 ' 8,4 769 90 
mean KS400 475 3,3 577 132 521 631 

       

38 



A.2 Concrete Composition 
The six test series were manufactured at the Structural Engineering Laboratories at  Luleå  

University of Technology. The series can be divided into different castings: 

series  HB:  Three castings one for each beam. 

series A and  B:  Ten beams, four castings Al-B1, A2-B2, B3-B5 and B6-B8. 

series M and S: Seven beams, four different castings  Ml-S1, M2-S2, M3-S3 and M4-S4. 

series HS: Two beams, one in each casting. 

series RPM and HPS: Four beams, two castings HPM1-HPS1 and HPM2-HPS2. 

series HP and  SAR:  Eight beams, one for each beam. 

The first  serie  H131-3 was casted on March 28, 1990. They were the beams cast where a high 

performance concrete were produced with the ordinary materials available in the laboratory. 

The concrete was made with usual ingredienses accept for an addition of Mighty 100, which is 

a naphtalene-based superplasticizer. When the concrete showed high strength in regular tests 

with cubes three more series were casted one in june 1990 the others in February and 

August1991. Due to different practical problems the different castings within the same  serie  

varied a little from the master composition. 

Table A.2 Concrete composition. 

Composition in  Serie  1  Serie  2  Serie  3  Serie  4  Serie  5  Serie  6 

dryweight kg/m3  Al-Bl  A2-B2 B3-B5 B6-B8 

Cement 480 480 480 480 480 480 480 539 540 

Silika 53 53 

Gravel 8-16 1167 1167 1170 1170 1170 1167 1167 

Gravel 12-16 1087 1086 

Sand 0-8 775 774 775 776 776 775 775 777 779 

Migthy 100 7,7 7,7 7,7 7,7 7,7 7,7 7,7  

Flyt  92 9,8 9,8 

Water (total) 120 101 128 120 120 121 120 161 158 

vet 0,25 0,21 0,274 0,25 0,25 0,252 0,25 0,30 0,29 

A.3 Cube testing 
The cube tests for composition 1 and composition 2 is shown below in Table A.3 and A.4 

respectivly. The tests were performed in a cube testing machine where the values for the force 

were measured by 51(1•1 accuracy, the maximum load capacity was 2000 kN. The objects were 

measured with a slide calliper and the length, height and width could be desided with 0.1 mm 

accuracy. The weight were also measured with an accuracy of 0,01 kg. Mean values of fez  and 
fct  of the cubes tested at the same time are shown in the tables below and the strengthgrowth is 

plotted in Fig. A.2- A.5. 
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Table A.3 Concrete characteristics from cube and cylinder tests. The first composition, series 

1-4, without micro silica. 
Mark Casting 

date 
Age at 
testing 

Test object Density 
kg/m3  

fez  
MP a 

fct  
NH32 

hb:1-2 900329 1 150 mm cube 62,07 
hb:3-4 7 150 mm cube 90,65 
hb:5-6 36 cylinder 4) = 93 mm h=93 mm 2,67 108,76 
hb:7-8 1' 150 mm cube 58,42 

hb:9-10 7 150 mm cube 91,34 
hb:11-12 36 cylinder 4' . 93 mm h=93 mm 2,69 106,77 
a1b1:1-3 900626 105 cylinder 4'  =93 mm h=93 mm 2,56 126,00 
alb1:4-5 105 150 mm cube 2,56 4,00 
a2b2:1-3 900627 105 cylinder 4.  =93 mm h=93 mm 2,69 134,51 
a2b2:4-6 105 150 mm cube 2,66 4,55 

a2b2:7 104 150 mm cube 2,65 3,67 
a2b2:8-9 229 150 mm cube 2,66 4,47 
b3-5:1-3 900628 228 cylinder 4. = 93 mm h=93 mm 2,60 149,34 
b3-5:4-6 228 150 mm cube 2,60 3,92 
b6-8:1-3 900629 515 cylinder 4. = 93 mm h=93 mm 2,64 146,73 
b6-8:4-6 518 100 mm cube 2,64 4,43 

m1:1-3 910305 70 100 mm cube 2,53 112,11 
m1:4-6 70 100 mm cube 2,53 4,56 

m2s2:1-3 910305 20 100 mm cube 2,56 104,84 
m3s3:1-2 910308 213 100 mm cube 2,56 113,44 
m3s3:4-6 213 100 mm cube 2,56 3,92 
m4s4:1-3 910311 28 100 mm cube 2,54 93,38 
m4s4:4-6 28 100 mm cube 2,55 3,88 
m4s4:7-9 42 100 mm cube 2,55 4,18 

m4s4:10-12 115 100 mm cube 2,55 3,99 
hs1:1 910826 7 100 mm cube 2,58 82,18 
hs1:2 8 100 mm cube 2,57 82,45 
hs1:3 9 100 mm cube 2,59 74,33 
hs1:4 10 100 mm cube 2,56 68,27 
hs1:5 11 100 mm cube 2,59 68,00 
hs1:6 15 100 mm cube 2,57 88,99 

hs1:7-9 28 100 mm cube 2,57 102,0 
hs1:10-12 28 100 mm cube 2,57 3,9 

hs2:1 910827 6 100 mm cube 2,54 79,65 
hs2:2 7 100 mm cube 2,59 87,92 
hs2:3 8 100 mm cube 2,59 88,32 
hs2:4 9 100 mm cube 2,57 86,63 
hs2:5 10 100 mm cube 2,52 87,25 
hs2:6 14 100 mm cube 2,55 77,89 
hs2:7 15 100 mm cube 2,56 93,96 

hs2:8-9 28 100 mm cube 2,56 102 
hs2:10-12 28 100 mm cube 2,56 3,9 
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Fig. A.2 Compression strength versus time after casting, for the first composition. 
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Fig. A.3 	Tensile strength versus time after casting, for the first composition. 

41 

6.00 

4.00 

Rd 

> 

ti 
.1.4 

2.00 

0.00 



Table A.4 Concrete characteristics from cube tests on the second composition, series 5 and 6. 
Mark Casting 

date 
Age at 
testing 

Test object Density 

kWm3  

foe 
3,4:Pa 

fct 
Iffla 

hpsm1:1-6 920219 35 100 mm cube 2,65 122,38 
hpsm1:7-9 42 100 mm cube 2,60 4,95 

hpsm1:10-12 42 150 mm cube 2,59 4,62 
hpsm2:1-6 920221 34 100 mm cube 2,61 130,04 
hpsm2:7-9 38 100 mm cube 2,61 5,14 

hpsm2:10-12 38 150 mm cube 2,61 5,02 
hp1:1-3 920903 39 100 mm cube 2,6 139,76 
hp1:4-6 40 150 mm cube 2,6 4,33 
hp1:7-9 40 100 mm cube 2,6 5,3 

hp1:10-12 36 100 mm cube 2,6 110,46 
hp1:13 1 100 mm cube 2,6 38,0 
hp1:14 4 100 mm cube 2,6 85,5 

hp2:1-3 920904 38 100 mm cube 2,57 113,49 
hp2:4-6 39 150 mm cube 2,57 4,31 
hp2:7-9 39 100 mm cube 2,57 5,37 

hp2:10-12 35 100 mm cube 2,57 87,58 
hp2:13 3 100 mm cube 2,57 75,5 

hp3:1-3 920907 35 100 mm cube 2,58 125,89 
hp3:4-6 36 150 mm cube 2,58 4,• • 
hp3:7-9 36 100 mm cube 2,58 5,33 

hp3:10-12 32 100 mm cube 2,58 125,08 
hp3:13 1 100 mm cube 2,58 41,0 
hp3:14 2 100 mm cube 2,58 68,9 
hp3:15 4 100 mm cube 2,58 83 

hp4:1-3 920908 34 100 mm cube 2,57 111,79 
hp4:4-6 35 150 mm cube 2,57 4,74  
hp4:7-9 35 100 mm cube 2,57 4,,: 

hp4:10-12 31 100 mm cube 2,57 120,96 
hp4:13 4 100 mm cube 2,57 41,00 
hp4:14 3 100 mm cube 2,57 64,00 
hp4:15 1 100 mm cube 2,57 43,72 
hp4:16 30 100 mm cube 2,57 144,00 

hp5:1-3 920909 33 100 mm cube 2,57 108,51 
hp5:4-6 34 150 mm cube 2,57 4,5: 
hp5:7-9 34 100 mm cube 2,57 4,:: 

hp5:10-12 30 100 mm cube 2,57 103,75 
hp5:13 1 100 mm cube 2,57 42,36 
hp5:14 2 100 mm cube 2,57 65,00 

hp6:1-3 920909 32 100 mm cube 2,57 122,48 
hp6:4-6 33 150 mm cube 2,57 4,45 
hp6:7-9 33 100 mm cube 2,57 5,15 

hp6:10-12 29 100 mm cube 2,57 108,12 
hp6:13 1 100 mm cube 2,57 55,00 
hp6:14 4 100 mm cube 2,57 86,00 

sar3:1-3 920901 35 100 mm cube 2,6 137,29 
sar3:4-5 35 150 mm cube 2,6 4, 4 II 

sar3:10 1 100 mm cube 2,6 34,50 
sar3:11 2 100 mm cube 2,6 54,50 
sar3:12 3 100 mm cube 2,6 75,50 

sar4:1-3 920902 33 100 mm cube 2,6 136,30 3,1: 
sar4:4-5 33 150 mm cube 2,61 4,3, 
sar4:13 1 100 mm cube 2,61 36,6 
sar4:14 2 100 mm cube 2,61 64,5 
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Appendix  B.  Photos of Beams After Failure 

Fig. B.1 	Photos of beam  HB  1 after failure. 

Fig. B.2 Photos of beam  HB  2 after failure. 

Fig. B.3 Photos of beam  HB  3 after failure. 
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Fig. B.4 Photos of beam A 1-2 after failure. 

Fig. B.5 Photos of beam  B  1-2 after failure. 
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Fig. B.6 Photos of beam  B  3-4 after failure. 

Fig. B.7 Photos of beam  B  5 after failure. 
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Fig. B.8 Photos of beam  B  6-8 after failure. 
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Fig. B.9 Photos of beam M 1-2 after failure. 

Fig. B.10 Photos of beam M 3-4 after failure. 

Fig. B.11 Photos of beam S 3 after failure. 
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Fig. B.12 Photos of beam S 2 and S 4 after failure. 

Fig. B.13 Photos of beam HS 1-2 after failure. 
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Fig. B.14 Photos of beams RPM 1-2 after failure. 

Fig. B.15 Photos of the beams HPS 1-2 after failure. 
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Fig. B.16 Photos of beam  SAR  3-4 after failure. 

Fig. B.17 Photos of beam HP 1-3 after failure. 
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Fig. B.18 Photos of beam HP 4-6 after failure. 
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Appendix  C.  Calculations with the modified compression field 
theory 
The beam HS2 calculated with the Modified Compression Field Theory. 

Fig. C.1 	Test arragements and cross-section for HS2. 

Properties needed for the calculations: 

L=280 	 a=1100 

d=260 	 a/d=4,2 

fcc=102 MPa 	fct=3,9 MPa 

8.16 Ks600 	fvx=663,5 MPa 

es s 190 Ks400 	4,7=663,5 MPa 

1. Choose E1  = 5,1 %. 

2. Estimate 0 = 49,7 ° 
3. Calculate w = E1  smo  

1 
smo  - 

	

	 
sin 0 cos° 

+ 	 
smx  smv  

s 
smx  = 2(cx  + -1(-)+ 0,25ki 

dbx 
 - 268tnm 

10 	Pv 

smv  = 2(cv  + M + 0,25k111-1—' -v  = 189mm 
Px 

smo - 1591111fl 	w = £15m0 = 0,813mm 

4. Estimate fv  = 400 MPa 
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5. Calculate f1  take the smallest of the two formulaes below: 

fl  - 	ala 2f" 	1,50MPa 
1+

,
1/500E1  

c  

	

= vet  tan° +—
s
A
b

v  (fvy  -f 	
0,1

v) 	where v — 
24w 

0,3+ 
a+16 

fl  = 2,55MPa 

6. Calculate 

vv  V = fibw  cot 0 + Af 	jd cote = 66,14+ 46,9 = 113, 04kN 

7. Calculate 

V 
f2  = v(tan + cot 0) - 	where 	v- 	- 2,17 

bw  jd 
f2  = 2, 91MPa 

8. Calculate 

f2 max  — 	fe 	— 74,11 
0,8+113E1  

9. Check that f2  12max  OK! 

10. Calculate 

E2 = 41-111 
f2

f
m
2
ax 

 — 0,0595 x E-3  

11. Calculate 

El  tan2 (21 E2 
E 	 — 2,99%0 x - 

1+ tan2 

E1 	tan
2 

 (3  — 2,17%0 Et= 
1+ tan2 0 

y t  = 2(E t  - E2) tan e 4,98%o 

12. Calculate fv=  Ev  Et  =  434  MPa  
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13. Check estimate of 4, in step 4 fvest= 400 MPa — 434 MPa 

14. Calculate fsx= Es  Ex  = 598 MPa  

15. Calculate 
 N  = Asxfsx  — Vcot0+ fibw jd — fc(Ac  — bw jd) = 943,51cN 

N  / V = 8,35. 8,46 which was the test value for this beam 

All formulaes above can be found in Collins and Mitchell (1991). The shear capacity from this 

calculation,V=113,04 IcN, is almost the same as for the calculations with SHEAR, Vcai= 109,4 

kN see Table 4.4. 
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