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SUMMARY 

The prediction of compressive stress-induced failures is of concern for the design and 
construction of deep underground excavations in mining and civil engineering. An 
overstressed rock mass may result in fallouts of rock, which may cause occupational 
safety hazards, damage of equipment, and/or production disturbances. The purpose of 
this thesis was to improve on how to model compressive stress-induced failure and 
fallouts with appropriate material models and strength parameters. The thesis focuses 
on commonly used design methods for underground excavation with special 
application to hard rock mass strength assessment. The aim was to suggest the most 
appropriate material model for fallout prediction and to identify factors governing the 
strength of hard rock masses. 

A comprehensive literature review of existing classification/characterisation systems 
and rock mass failure criteria used to estimate the rock mass strength was conducted. 
Existing rock mass failure criteria and classification/characterisation systems were 
evaluated through three case studies. A Round Robin Test was conducted for two of 
these cases. The evaluation was performed in order to identify robust systems and 
criteria, as well as to identify the parameters having the strongest impact on the 
calculated rock mass strength. The case studies revealed that the N, Yudhbir – RMR76,
RMi, Q-, and Hoek-Brown - GSI methods, appeared to yield reasonable agreement 
with the measured stresses at failure. The parameters reflecting joint shear strength 
have a major influence on the estimated rock mass strength. The RMi method has 
proven difficult to use. For quality determination of the rock mass, a stress reduction 
free Q-system (or N) is preferable, as the Q-system covers a wider range of geological 
situations and the parameters are better described than for the RMR system. For 
massive rock masses in areas with high stresses and tight interlocks the impact of 
jointing is less obvious and the GSI method can be used for determination of the rock 
mass quality.

In the subsequent work, a total of six selected case histories of fallouts in hard rock 
masses were studied. These were collected based on a comprehensive investigation and 
survey of well described compressive stress-induced fallouts, in drifts, raises and/or 
tunnels. All six cases considered civil and mining engineering rock excavations where 
the rock mass properties, measured stresses, behaviour and fallout were well 
documented. The field observations were compared with predictions from numerical 
modelling using the finite element analysis program Phase2. The results of the applied 
brittle-plastic models were sensitive to changes of the peak strength parameters and less 



iv

sensitive to variations in residual parameters. A cohesion-softening friction-hardening 
(CSFH) model, using peak cohesion equal to the intact rock strength, proved to be 
the most appropriate material model for capturing the observed rock behaviour.  

Yielded elements failed in shear and intersecting shear bands were found to be good 
indicators of compressive-stress induced fallouts. This is likely since shear is often the 
final mechanism in the failure process before fallout occurs. The potential compressive 
stress-induced fallouts can, using a CSFH model, be predicted using the following 
indicators: (i) intersecting shear bands with significantly elevated strains and which 
connect to the excavation boundary, and (ii) shear bands being located within the 
region of yielding. Both criteria must be fulfilled simultaneously. The results showed 
that the developed shear bands and the zone of yielded elements were sensitive to 
changes in mesh density. By using small elements (0.01 m) at and close to the 
boundary of the excavation and in the region of the predicted failure, the results 
showed no significant changes of the predicted failure zone, with a further decrease in 
zone size.

The CSFH model was applied for prediction and follow-up of compressive stress-
induced failure and fallouts of footwall drifts in the Kiirunavaara underground mine. A 
multi-stage analysis was carried out in order to gradually change the stresses to simulate 
mining progress. A parametric study was conducted in which strength properties, 
location, and shape of the footwall drift were varied. The modelling results were 
sensitive to the shape of the drift. The location of the predicted fallouts in the model 
was in good agreement with the location of observed fallouts for the case when the 
drift roof was simulated flatter than the theoretical cross-section. The results indicate 
that the true shape of the drift was different from the planned one. 

Simulating actual fallout by removing the indicated region of fallout in the model 
showed fewer occurrences of compressive-stress induced fallouts in later loading stages 
for footwall drifts in the Kiirunavaara mine. By scaling the damaged rock and creating 
a v-notch in the roof (similar to the predicted fall-out shape), in an access drift in the 
Kristineberg mine, the stability of the excavation was improved.

Keywords: Hard Rock Mass, Strength, Failure Criterion, Classification, 
Characterisation, Case histories, Fallout, Numerical analysis  
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SAMMANFATTNING

Att förutsäga och bedöma tryckspänningsinducerade skador och utfall av berg är av 
stor betydelse för djupt belägna konstruktioner inom både gruv- och tunneldrift. Höga 
bergspänningar kan leda till utfall av berg, vilket i sin tur är en säkerhetsrisk för de som 
arbetar under jord samt att maskiner kan skadas och/eller att produktionsstörningar 
uppstår. Syftet med denna avhandling har varit att studera lämpliga materialmodeller 
för att kunna bedöma utfall orsakade av höga tryckspänningar. Denna avhandling 
fokuserar på vanligt förekommande metodiker för design av underjordskonstruktioner 
med tillämpning på hårda bergmassors. Målet är att föreslå den mest lämpade 
materialmodellen för att bedöma utfall samt att identifiera de faktorer som är styrande 
för hårda bergmassors hållfasthet.

En omfattande litteraturstudie av existerande klassificeringssystem och brottkriterier för 
bergmassan har genomförts i detta arbete. För att utvärdera dessa system och kriterier 
användes tre fallstudier. Ett så kallat "Round Robin Test" utfördes för två av dessa fall. 
Baserat på fallstudien så bedömdes "rock mass quality" (Q-system), "rock mass 
Number" (N-system), "Rock Mass index" (RMi), Yudhbir – "Rock Mass Rating" 
(RMR76) and Hoek-Brown – "Geological Strength Index" (GSI) vara de brottkriterier 
och system som gav en relativt god överensstämmelse med de spänningar som 
uppmätts vid brott. De parametrar som återspeglar sprickans skjuvhållfasthet hade störst 
påverkan på de uppskattade hållfasthetsvärdena. RMi metoden visade sig vara svår att 
använda. För att bedöma kvaliteten av en bergmassa ansågs ett spännings-
reduceringsfritt Q-system (eller N metoden) vara mest lämpligt, då beskrivningen av 
parametrarna i detta system är bättre och omfattar fler geologiska förhållanden än för 
RMR-systemet. För massiva bergmassor som är kraftigt sammanpressade av höga 
spänningar, är påverkan av sprickornas egenskaper av mindre vikt och GSI metoden
anses vara lämplig för att bedöma bergmassans kvalitet. 

För att kunna utvärdera lämplig materialmodell så har resultaten från numeriska 
analyser jämförts med fältobservationer av skador och utfall. Totalt beskrivs sex 
fallstudier, hämtade från gruvor och tunnlar, där utfall har skett i hårda bergmassor. 
Uppmätta spänningar i berget, bergmassans egenskaper och beteende är väl 
dokumenterade för respektive fall. Dessa fall baseras på en omfattande studie och 
insamling av välbeskrivna utfall orsakade av höga spänningar i tunnlar och schakt. 
Fältobservationerna har jämförts med beräknade resultat från numeriska analyser i 
Finita Element programmet Phase2. Efter att ha tillämpat fallstudier och utvärderat 
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resultat från numeriska analyser ansågs den mest lämpade materialmodellen vara 
kohesions-mjuknande friktions-hårdnande.  

Resultaten i denna avhandling visar också hur man kan tolka resultat från numeriska 
analyser med hänsyn till potentiella brott och utfall då man använder en kohesions-
mjuknande friktions-hårdnande materialmodell. Korsande skjuvband med 
genomgående höga värden, som mynnar ut på randen av utbrytningen samt som finns 
inom den plasticerade zonen bör tolkas som potentiellt utfall. Skjuvbanden och zonen 
av plasticerade element var elementberoende. Genom att använda små element 
(0.01 m) på och nära randen av utbrytningen och i det område där potentiellt utfall var 
möjligt så innebar fortsatt reducering av elementstorleken inte någon större påverkan 
på resultatet.

Tillämpningen för att förutsäga brott och utfall med hjälp av en kohesions-mjuknande 
friktions-hårdnande modell utfördes för Kiirunavaaragruvans fältorter i liggväggen. En 
flerstegsanalys utfördes för att kunna simulera förändringar i spänningar påverkade av 
gruvbrytningen. En parameterstudie genomfördes där hållfasthetsparametrar, 
lokalisering av orterna med avseende på avstånd till produktionen samt tvärsnitten på 
liggväggsorternas varierades. Resultaten påverkades mycket av formen på orten. För 
fältorter på samma nivå som produktionen fanns en tydlig tendens till tryckspännings-
inducerade utfall i anfanget i riktning mot malmen. Lokaliseringen av det beräknade 
brottet i anfanget var mer tydligt för ett platt tak kontra den teoretiska profilen av 
tvärsektionen. Resultaten indikerar att den verkliga formen på fältorterna skiljer sig 
från den teoretiska profilen. 

Genom att ta bort de element i modellen som motsvarade verkliga utfall visade 
resultaten från simuleringen att färre utfall av tryckspänningsinducerade utfall kunde 
förväntade i senare belastningsskeden för Kiirunavaaras fältorter. Genom att skrota bort 
skadat berg och skapa en v-formad kil i taket (liknande den som förväntas ske vid 
simuleringen) för en ort i Kristinebergsgruvan kunde stabiliteten förbättras.
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1 INTRODUCTION 

1.1 Problem description 

The prediction of possible failures due to high compressive stresses is of concern for 
deep underground openings in mining and in civil engineering. As a result of 
excavation in rock, the virgin rock mass condition is disturbed. This disturbance is in 
the form of redistribution of stresses, closure or opening of pre-existing fractures, 
and/or creation of new fractures. In environments with high in situ stress magnitudes 
and hard sparsely fractured rock the failure process is often dominated by new stress-
induced fractures. The shape and depth of the failed zone and the induced 
displacements influence the design and selection of suitable rock reinforcement. An 
overstressed rock mass in combination with a support with insufficient capacity results 
in fallouts of rock which may result in occupational safety hazards, damage to 
equipment, and/or production disturbances. 

With increasing excavation depth the number and the extent of failures increases. 
Knowledge of the rock mass behaviour in general, and the failure process and the 
strength in particular, is important for the design of drifts, ore passes, panel entries, 
tunnels, and rock caverns. Furthermore, knowledge regarding the physical and 
mechanical properties of the rock mass is of great importance in order to reduce 
potential environmental disturbance from mining and tunnelling such as hangingwall 
subsidence or ground settlements.  

The mechanical behaviour of the rock mass is complex with deformations and sliding 
along discontinuities, combined with deformations and failure in the intact parts 
(blocks) of the rock mass. A mathematical description of the failure process will 
therefore be very complex. Furthermore, input to such a model is difficult to obtain 
since the rock mass is often heterogeneous. It is difficult to determine the position, 
length, orientation, and strength of each and every individual discontinuity. Also, it is 
difficult to determine the properties of each individual block of intact material. For 
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practical rock mass strength determination, a simplification of the complex behaviour 
is necessary.

For underground excavations, the most commonly used methods for design are 
characterisation systems, failure criteria, and/or numerical analysis. The stability of an 
excavation is evaluated based on the results from these methods. However, the 
attempts to predict brittle failure using traditional failure criteria and characterisation 
systems have shown limited success (see e.g. Pelli et al., 1991; Martin, 1997; 
Hajiabdolmajid et al., 2002).  The correlation, verification, and comparison of 
predicted results from these methods with observed behaviour of high quality rock 
masses have not been achieved. A better understanding of the correspondence 
between the predicted results from a numerical analysis and observations in field is thus 
warranted. Despite the fact that research focusing on rock mass strength has been 
performed for at least the last 20 years, rock engineering still has to rely to some extent 
on empirical methods. In this thesis, different methods for strength estimation, 
prediction of fallouts, and numerical modelling of hard rock masses have been 
evaluated.

1.2 Aim and purpose 

The purpose of this thesis is to improve on how to model compressive stress-induced 
failure and fallouts with appropriate material models and strength parameters. The 
thesis focuses on commonly used design methods for underground excavation with 
special application to hard rock mass strength assessment. Working towards that end, 
this thesis aims to suggest the most appropriate material model for fallout prediction 
and to identify factors governing the strength of hard rock masses.

1.3 Approach 

The approach for achieving the aim and objective is described in Figure 1.1. The 
evaluation of existing rock mass failure criteria and classification systems resulted in 
applicable failure criteria for hard rock masses. In order to (i) increase the 
understanding of the rock mass strength, behaviour, and fallout characteristics and (ii) 
be able to compare results/predictions from estimations methods and numerical 
modelling with observations, a comprehensive investigation of well described fallouts 
from civil and mining engineering excavations was performed. A total of 11 cases are 
presented in this thesis with the purpose as described in Table 1.1. An overview of 
the location of the cases can be seen in Figure 1.2.
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Figure 1.1 Evolutionary flowchart of performed activities and results to improve on 
how to model failure and fallouts. 

Applicable criteria for rock mass 
strength assessment (Paper I) 

Methodology for: 
- model setup (Paper III) 
- choice of material model (Papers II 

and III) 
- interpretation of fallout (Paper V) 
- parameter estimation (Paper II) 
- prediction of failure and fallouts 

(Paper IV) 

Round Robin test 

Literature study of failure criteria and 
characterisation systems 

Application of modelling methodology 
and material model to observed cases 

Case study of failure and fallouts 

Methodology for numerical analysis 

Literature study of material models 

Study of cases with measured 
stresses at failure 

ResultsActivities
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Table 1.1 Summary and purpose of the case studies presented in this thesis.

Case Purpose of case study 

Laisvall, Stripa, fictitious 
case

Used for comparison of the measured stresses at failure and the 
determined strengths from failure criteria and characterisation 
systems. (Paper I) 

Kristineberg The observed fallouts and the scaled notch were compared with 
results from numerical modelling in order to improve on how to 
interpret the results when using a Cohesion-Softening Friction-
Hardening material model. (Paper V) 

Brofjorden,
Garpenberg, Heggura, 
Kobbskaret, Renström, 
Zinkgruvan

Observed fallouts were compared with results from numerical 
modelling in order to suggest the most appropriate material model 
and to identify governing strength parameters and their significance 
on the result. (Papers II and III) 

Kiirunavaara Prediction and follow-up of failure and fallouts in the footwall drifts 
in the Kiirunavaara mine using the most appropriate material 
model. (Paper IV) 

1.4 Scope and limitations 

This thesis focuses on hard rock masses, which here are defined as those comprising 
predominantly high-strength rock types, e.g. granites, diorites, amphibolites, 
porphyries and gneisses. High strength is defined as a uniaxial compressive strength of 
the intact rock in excess of approximately 70 MPa. This report is limited to 
underground excavations with typical tunnel dimensions (2 - 10 m wide). For civil 
and mining excavations it must be possible to assume continuous behaviour for the 
rock mass. A rock mass can be said to be continuous if it consists of either purely 
intact rock, or of individual rock pieces that are small in relation to the overall size of 
the construction element studied, see Figure 1.3. A massive rock mass is often treated 
as continuous if it is located at great depth with tight interlocks, where no separation 
of the discontinuities is possible due to the high confinement. For such conditions the 
impact of jointing is less obvious. 
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Figure 1.2 Map of Scandinavia, showing the location of the different cases. 

Figure 1.3  Example of continuous and discontinuous behaviour of rock masses. 

Decreased 
joint spacing 

Intact Closely jointed 
rock 

Continuous Continuous Discontinuous

Kobbskaret tunnel 

Laisvall mine 

Heggura
tunnel

Renström mine 

Garpenberg mine 

Kiirunavaara mine 

Stripa mine 

Zinkgruvan mine 
Brofjorden

Kristineberg mine 



6

As the influence of blasting on the rock mass strength is difficult to observe and hard 
to define, a reduction factor for blasting will not be considered. Possible time-
dependent behaviour, such as creeping, is not within the scope of this thesis. 

The fallout cases used to evaluate the most appropriate material model, comprise 
compressive stress-induced brittle failures in hard rock masses which are associated 
with rock masses that are massive or sparsely fractured and situated in regions with 
high in situ stresses, see Figure 1.4. Fallouts caused by stress relaxation or related to 
dynamic loading (e.g., blasting, rock bursting or earthquakes) are not within the scope 
of this work. 

    

Figure 1.4 Different typical compressive stress-induced fallouts: a) an access drift in 
the Kiirunavaara mine, b) a raise in the Garpenberg mine.  

The fallouts considered in this work are "initial", i.e., small in volume, time-
independent and consisting of detached rock pieces from the roof or wall. The fallouts 
are caused by high compressive stresses in rocks whose failure mechanisms are 
primarily spalling and/or shear failure. The location of these compressive stress-
induced fallouts is at some part/parts of the excavation boundary. The primary failure 
mechanisms are restricted to spalling and/or shearing where the rock beyond the zone 
that has fallen out is stable (if not subjected to changes in stresses).  

Throughout this thesis, a geomechanical sign convention is used, where compressive 
stresses are taken to be positive and tensile stresses negative, see Figure 1.5. As a result 
of this, normal strains are defined as positive when the material contracts.

a)

b)
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Figure 1.5 Geomechanical sign convention used in this thesis. 

1.5 Structure of the thesis 

The remainder of this thesis is structured in the following way;  
- Chapter 2 provides a state-of-the-art presentation of the existing body of 

knowledge on methods used when determining the rock mass strength. The 
results of an evaluation of methods applicable for predicting the strength of hard 
rock masses is also presented. 

- Chapter 3 outlines characteristics of compressive stress-induced fallouts in hard 
rock masses and the observed fallouts are presented.

- The application of material models used to simulate fallouts in numerical 
analysis together with an evaluation of material models is presented in 
Chapter 4.

- A general discussion is held in Chapter 5.
- Conclusions and major findings from the research are presented in Chapter 6. 
- Recommendations are presented in Chapter 7 along with suggestions for future 

research.

Finally, the scientific papers are appended at the end of the thesis. The author’s 
contribution to each of the appended papers is detailed below: 

Paper I: A quantitative comparison of strength criteria for hard rock 
masses. Authors: Catrin Edelbro, Jonny Sjöberg and Erling Nordlund. 
Written mainly by Catrin Edelbro. Catrin conducted the literature review of existing 
classification systems and failure criteria for hard rock masses, collection of cases, 
planning and performing the Round Robin tests together with evaluation and 
summary of the results.

y

x

y

x

xy

yx
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Paper II: Different approaches for simulating brittle failure in two hard rock 
mass cases — a parametric study. Author: Catrin Edelbro. 
Written and fully completed by Catrin Edelbro.

Paper III: Numerical modelling of observed fallouts in hard rock masses 
using an instantaneous cohesion-softening friction-hardening model. 
Author: Catrin Edelbro. 
Written and fully completed by Catrin Edelbro. 

Paper IV: Prediction and follow-up of failure and fallouts in footwall drifts 
in the Kiirunavaara mine. Authors: Catrin Edelbro, Lars Malmgren and 
Christina Dahnér-Lindqvist. 
Written by Catrin Edelbro. Catrin performed monthly field observations in the 
footwall drifts, planning and performing numerical analysis together with evaluation of 
the results.  

Paper V: Interpretation of failure and fallouts based on numerical modelling 
of an underground mine stope. Authors: Catrin Edelbro and Daniel 
Sandström.
Written by Catrin Edelbro, with complementary information of the case from the co-
author. The fundamental ideas of the contents, planning, and performing analysis as 
well as evaluation of the results from the numerical analysis was performed by Catrin.  
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2 STRENGTH OF HARD ROCK MASSES 

2.1 Basic definitions 

Before going any further into the subject of rock mass strength, some definitions 
commonly used in engineering geology and in the field of rock mechanics will be 
given. Rock material is the same as intact rock, which refers to the unfractured blocks 
that exist between structural discontinuities. The intact rock may consist of only one 
type of mineral but more commonly it contains a variety of minerals. The intact rock 
pieces may range from a few millimetres to several metres in size.

The collective term for the whole range of mechanical defects such as joints, bedding 
planes, faults, fissures, fractures and joints is discontinuity (Priest, 1993). The mechanical 
behaviour of the discontinuities depends on the material properties of the joint walls, 
the joint geometry (roughness), and the joint filling (Natau, 1990). A discontinuity is 
here defined as any significant mechanical break or fracture that has low shear strength, 
negligible tensile strength and high fluid conductivity compared with the surrounding 
rock material. Joint is used as a general term within the field of rock mechanics and 
usually it covers all types of pre-existing discontinuities.  

The term rock mass is defined as the rock material together with the three-dimensional 
structure of joints.

2.2 Stresses and strength 

The strength of a rock mass refers to the rock mass ability to resist an applied stress 
(force) and is defined as the stress at which the construction element in question (e.g., 
a stope or tunnel roof, or a pillar) cannot take any higher load. Depending on the 
construction element, the strength may be defined as the peak stress when failure or 
fallout occurs (e.g., in a tunnel roof) or the average stress at failure (e.g., over the 
cross-section of a pillar). Note that this definition does not imply that the load-bearing 
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capacity of the rock mass is completely exhausted; rather, a lower post-peak (residual) 
strength may be present.

Rock stresses can be inferred from e.g., measurements of strain for a stress-relieved 
rock volume, or normal stress on a pressurized fracture. However, the strength of the 
rock mass often cannot be measured at all. The strength of intact rock can be 
measured through standardised laboratory testing, and the shear strength of joints may 
also be assessed through laboratory tests. However, the scale of a rock mass for a 
typical design situation underground precludes physical testing, other than in very 
special, and isolated, circumstances. Moreover, the interaction between the intact rock 
and the discontinuities within the rock mass is often complex, and less understood 
(compared to the behaviour of the individual units), thus making it difficult to predict 
the rock mass strength solely from strength data on intact rock and small-scale 
discontinuities.

The strength of the rock mass is, in theory, determined by the combined strength of 
the intact rock and the various discontinuities in the rock mass. Due to the presence of 
joints and fractures the in situ strength of a rock mass is lower than the intact rock 
strength. Factors such as stress changes and blasting damage may also further reduce 
the in situ field strength. 

The failure stress in intact brittle rocks increases with increasing minimum principal 
stress ( 3) (Mogi, 1967). As shown in a number of studies, the effect of the 
intermediate principal stress ( 2) on the failure stress seems to be much smaller than 3

(e.g., Mogi, 1967). Based on test results on Westerly granite, Haimson and Chang 
(1999) showed that the peak strength increases with increasing 2 for constant 3.
However the value of 2 control the direction of propagating fractures in a rock. A 
high value on 2 confines the rock so that the developed fractures only can be directed 
parallel to the major and intermediate principal stresses ( 1 and 2 ) (Cai, 2008). 
Hence the effect of 2 on the failure stress is limited. However a high value on 2 can 
control the direction of propagating fractures. 

2.3 Determination of the rock mass strength  

The most commonly used methods for rock mass strength determination are: (1) rock 
mass failure criteria, (2) rock mass classification, (3) large-scale testing, (4) back-analysis 
of failures and (5) mathematical modelling. In this thesis, failure criteria and 
classification/characterization systems (here commonly denoted as estimation methods) 
have been evaluated. 
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Large-scale tests provide data on the true strength of the rock mass at the actual scale 
of the construction, and, indirectly, a measure of the scale effect that most rocks 
exhibit. As large-scale tests are often neither practical nor economically feasible, most 
researchers have studied the scale dependency of rock mass strength in a laboratory 
environment. The scale is thereby very limited.

Back-analysis of previous failures is attractive, as it allows more representative strength 
parameters to be determined. Obviously, failure must have occurred and the failure 
mode must be reasonably well established. Little data on compressive stress-induced 
fallouts in hard rock masses that could be used for back-analysis were available in the 
literature.

In mathematical modelling, the strength of rock masses is described theoretically. The 
rock substance and the properties of the discontinuities can be modelled separately or 
together. A mathematical model requires determination of a large number of 
parameters and is often based on simplifying assumptions. Numerical analysis presents 
an alternative means of mathematical modelling. An example of such modelling was 
presented by Staub et al. (2003). This approach requires input data in the form of 
strength of intact rock and pre-existing discontinuities, as well as detailed descriptions 
of the jointing pattern of the rock mass. Such detailed input data are seldom possible 
to obtain and the methodology is not feasible for practical strength assessment. 

The most commonly used rock mass failure criteria are empirically derived and are in 
general stress dependent. These empirically derived criteria are mainly based on triaxial 
testing of small rock samples. A few of the existing criteria have been verified with 
failure data for rock masses. Despite that the influencing factors affecting the rock mass 
strength are complex, the expressions are often simple. Numerous researchers (e.g. 
Aubertin and Simon, 1997; Zhang, 2008) have developed generalized three-
dimensional strength criteria for damage initiation or failure. Since the effect of the 
intermediate principal stress ( 2) on failure stress is limited, it is unclear whether such 
complexity is warranted. Hence in this work, the traditional expression 

)( 31 f  (2.1) 

was used.

Classification is often used in the primary stage of a project to predict the rock mass 
quality and the possible need for support. The value obtained by some of the 
classification systems is used to estimate or calculate the rock mass strength using a 
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failure criterion, see Figure 2.1. As the classification system might be developed for 
certain geological environments or construction elements (such as mines, pillars, 
tunnels etc.), the rock failure criterion can only be said to be applicable for the same 
conditions.

Figure 2.1 Schematic picture of the relation between a rock classification system 
and failure criterion. 

Many classification systems were primarily developed to qualitatively assess the rock 
mass conditions, expressed in subjective terms such as poor, acceptable or good rock. 
Some systems have been further developed into a criterion that numerically estimates 
the rock mass strength and its quality in more objective terms. The greatest advantage 
of these methods is, however, their versatility and ease-of-use, which has lead to their 
widespread, but often not very critical, application to many design situations. 

2.4 Evaluation of rock mass failure criteria and 
characterization systems 

2.4.1 Selection of estimation methods 

A review of 21 classification systems together with four rock mass strength criteria has 
been performed. The full review of all systems and criteria can be found in Edelbro 
(2003). All studied systems in this thesis are either used as input to a failure criterion or 
incorporate a criterion; hence both classification/characterisation systems and failure 
criteria are denoted estimation methods in this chapter. A set of criteria were defined 
for selection of estimation methods for more detailed studies. For further 
consideration, the methods had to: (i) present a numerical result, (ii) have been used 
after the first publication, and (iii) be applicable to underground rock masses. Based on 
this, the following nine methods were selected:

- Hoek-Brown - RMR76 (Rock Mass Rating),  
- Sheorey - RMR76,
- Yudhbir - RMR76,
- MRMR (Mining Rock Mass Rating),  
- RMS (Rock Mass Strength),
- Q (rock tunnelling Quality index),

Rock failure criterion nparameter...,3,parameter2,parameter1,parameter,311

Rock classification or characterisation system 
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- N (rock mass Number),
- RMi (Rock Mass index) and
- Hoek-Brown - GSI (Geological Strength Index).  

All methods comprise an expression for the uniaxial rock mass compressive strength, 
see Table 2.1.  

Table 2.1 Expressions of the uniaxial compressive strength of the rock mass for the 
selected estimation methods.

Estimation
method

Uniaxial compressive strength of rock mass 
( cm) Authors

Hoek-Brown - 
RMR76

9
100basicRMR

ccm e
Hoek and Brown 

(1988) 

Yudhbir - RMR76 100
100

65.7 basicRMR

ccm e Yudhbir et al. (1983) 

Sheorey - 
RMR76

20
100basicRMR

ccm e Sheorey (1997) 

MRMR 
100

)( cforratingMRMR
ccm Laubscher (1984) 

Q
3/1

100
5 c

cm Q Barton (2002) 

N
3

1

1.0
5.5
B

N
cm

Singh and Goel 
(1999) 

RMi JPRMi c Palmström (1995) 

Hoek-Brown -
GSI

3/2015/

6
1

2
1

39
100 ee

D
GSI

ccm

GSI

e
Hoek et al. (2002) 

RMS
RMS-value* 100-81 80-61 60-41 41-20 < 20 

cm [MPa] 30 12 5 2.5 0.5 
Stille et al. (1982) 

*RMS-value = RMR76 adjusted for joint set reduction. 
c = uniaxial compressive strength of intact rock, RMRbasic = Rock Mass Rating Basic value, (RMR for dry conditions and 

no adjustment for joint orientation), = rock density, in t/m3, B = tunnel span or diameter (parameter in the N-system) and 
JP =jointing parameter (parameter in RMi) and D = disturbance factor in the Hoek–Brown criterion
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2.4.2 Description of the Round Robin Test 

The nine selected methods were used in three case studies, to investigate their 
robustness and quantitatively compare the advantages and disadvantages of each 
method. The first case dealt with the pillar strength tests performed in the Laisvall 
mine in Sweden, while the second case was fictitious and represented a typical drift in 
a Swedish underground mine. The third case study was a strength test of a large-scale 
core from the Stripa mine in Sweden. 

A so-called Round Robin Test was applied for the Laisvall and the fictitious case. 
Totally 11 persons participated in the Round Robin test for the Laisvall case and 
7 persons participated in the fictitious case test. The participants were rock mechanics 
engineers representing academia, mining-industry and consulting. In the Round 
Robin test all participants were asked to calculate/estimate the rock mass strength for a 
described case, using the same input data, and by following the same recommendations 
for each of the methods. Most participants estimated a typical value together with a 
maximum and minimum value. The results from the Round Robin Tests were 
evaluated with respect to scatter and span of the resulting strength values, in order to 
assess the sensitivity and robustness of each parameter and method. In the following 
chapters, each case is briefly described, followed by a presentation of the results and 
implications from the Round Robin Test. 

2.4.3 The Laisvall case 

Krauland et al. (1989) presented a full-scale pillar test, conducted between 1983 and 
1988, in the Laisvall mine in an orebody named Nadok. The full-scale test was 
conducted on 9 pillars (see Figure 2.2) to estimate the pillar strength in order to obtain 
realistic future design values. The pillars were subjected to increasing stresses by 
decreasing the cross-sectional area of the pillars. This was accomplished by slice 
blasting that reduced their width and length by approximately 0.4 m, in six mining 
steps. The process was continued until pillar or roof/floor failure occurred. The stress 
was measured in two pillars (pillars 5 and 9) using the doorstopper overcoring method, 
while the estimated pillar stresses were determined by using Coates formula. The 
maximum average pillar strength capacity was 19.8 MPa (Krauland et al., 1989). The 
back-calculated strength, corresponding to the initial spalling of the pillar surface, was 
estimated to 30 MPa (Edelbro, 2004 and Paper I). Hence the strength values obtained 
in the Round Robin Test were compared to the average pillar stress at failure of the 
whole pillar (19.8 MPa) and the initial spalling strength (30 MPa).
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Figure 2.2 Overview of the test pillar area in the Laisvall mine. 

The estimated typical rock mass strength values obtained by each participant for each 
method are shown in Figure 2.3. The determined pillar strength and the peak strength 
of the pillar surface (19.8-30 MPa) lies within the interval of the estimated typical 
values for all used methods except the RMS.  The method that had the majority of 
estimated values in the interval of 19.8-30 MPa was N.

0 20 40 60 80

Rock mass strength (MPa)

Hoek-Brown - RMR76
RMS
Q
Hoek-Brown - GSI
RMi
N
Sheorey - RMR76
Yudhbir - RMR76
MRMR (DRMS) *

Determined peak strength of pillar 
surface (30 MPa)

Determined bearing capacity of 
pillars (19.8MPa)

Figure 2.3 The estimated typical rock mass strength values determined by 11 
participants for 9 different methods in the Round Robin test for the 
Laisvall case. 

8.5 m 

Rib pillar 

Pillars 1-9 constitute 
the test area 

N
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2.4.4 The Stripa case 

The Stripa case comprised a granitic (quartz monzonite) rock sample that was cut, by a 
slot drilling technique, in the Stripa mine in Sweden (Thorpe et al., 1980). The 
sample, which was recovered at the 360 m level, had a diameter of 1 m and was 2 m 
long, see Figure 2.4. The test resulted in a uniaxial compressive strength of 7.4 MPa.
The observed overall failure mode was a combination of brittle fracturing of intact 
rock and shear failure along discontinuities. 

For this case the author has determined the "rock mass strength", see Figure 2.5. For 
most methods, except the RMi and RMS, the strength was overestimated. The use of 
Hoek-Brown - GSI resulted in the highest rock mass strength and together with 
Hoek-Brown- and Sheorey– RMR76 criteria, the widest interval between the 
determined minimum and maximum values. The determined strength values by using 
MRMR were also high. 

Figure 2.4 The large Stripa core (Thorpe et al., 1980). 
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0 20 40 60 80
Rock mass strength [MPa]

Hoek-Brown - RMR76

RMS

Q

Hoek-Brown-GSI

RMi

N

Sheorey - RMR76

Yudhbir - RMR76

MRMR

Measured rock 
strength (7.4 MPa)

Figure 2.5 Rock mass strength determination of the Stripa granite by the author for 
9 different systems and criteria. 

2.4.5 The fictitious case 

The fictitious case was supposed to represent a drift or tunnel in typical Scandinavian 
conditions, i.e. hard rock and high stress conditions. The in situ stresses were v = 18.5 
MPa, H = 30.8 MPa and h = 19 MPa. The case involved a transportation drift, with 
a width of 7 m and a height of 5 m, located at a depth of 700 m. The major rock type 
was granite with a uniaxial compressive strength of 180 MPa. Since this case was 
fictitious, the results could not be compared to any strength value. The results were 
instead evaluated in terms of scatter, span and sensitivity for the different estimation 
methods.

The determined average values of the rock mass strength indicated that the application 
of the Hoek-Brown- and Sheorey – RMR76 and MRMR criteria result in higher rock 
mass strength values than the other systems, see Figure 2.6. 
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0 20 40 60 80
Rock mass strength(MPa)

Hoek-Brown - RMR76

RMS

Q

Hoek-Brown - GSI

RMi*

N

Sheorey - RMR76

Yudhbir - RMR76

MRMR*

* 6 participants 

Figure 2.6 The average rock mass strength determined by 7 participants. 

2.4.6 Summary of the Round Robin Test 

The results from the Round Robin Test revealed that the N, Yudhbir - RMR76, RMi,
Q-, and Hoek-Brown - GSI methods, appeared to yield a reasonable agreement with 
the measured strengths (stresses). The application of these methods resulted in a fairly 
small span between minimum and maximum value, which may be taken as an 
additional indicator of the precision of the methods. The selected five estimation 
methods appear applicable for hard rock masses, provided that care is taken when 
choosing values for each of the included parameters in each method. Of these five 
methods, RMi seems to be least user-friendly, primarily due to the difficulties of 
accurately determining block size. The method that showed the most reasonable 
agreement with all cases was the N-method. However, the agreement of the results 
from the methods with measured stresses at failure is still relatively poor, implying that 
a precise estimate cannot be expected with any method.

It was also concluded that the parameters reflecting joint shear strength (joint 
condition and joint alteration) have a major influence on the rock mass strength, see 
Table 2.2. For the Hoek-Brown-GSI method, the resulting strength was most 
sensitive to changes in the GSI-value, whereas changes in D (disturbance factor) had 
the smallest effect on the strength. It is important to distinguish: 
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(i) the parameters' impact on the resulting strength estimate for a particular 
method,

(ii) difficulties in choosing value of the parameter, and 
(iii) the importance of a parameter (on the rock mass strength).

Table 2.2 The influence of different parameters on the rock mass strength 
estimation.

Laisvall case Fictitious case 

Methods Major influence* Minor influence** Major influence* Minor influence** 

RMR76 Joint condition and 
joint spacing 

RQD Joint condition and 
joint spacing 

RQD 

MRMR Joint condition and 
joint orientation 

RQD Joint condition and 
joint spacing 

RQD 

RMS Joint condition and 
joint spacing 

RQD Joint condition and 
joint spacing 

RQD 

Q (2002) SRF and Ja RQD Ja RQD and Jn

N Ja RQD Ja RQD and Jn

Hoek-Brown - 
GSI (2002) 

GSI D GSI D 

RMi jA and Vb jR jA and Vb jR and jL

* Wide span; ** Small span 

Notations: RQD = Rock Quality Designation (rock mass classification), Ja, jA = joint alteration number (of least favourable 

discontinuity or joint set), Jn = joint frequency or the joint set number, Jr , jR= joint roughness number SRF = Stress 

Reduction Factor, Vb = block volume 

A small change in the value of a parameter can have a large impact on the result for a 
particular method. Parameters can be poorly described and their values are thereby 
difficult to select, such as the block volume in RMi or adjustment factors in MRMR.
However, a poorly described parameter can be very important for the rock mass 
strength. Conversely, a parameter can have a seemingly large effect on the estimated 
strength for a certain method, but still be of less actual importance for the true rock 
mass strength. Due to the stress situation one and the same parameter might have 
different impact on the rock mass strength and behaviour.  

For the typical Scandinavian hard rock masses, situated at great depths where the stress 
in the surrounding rock is high, the impact of tight interlocked structures is less 
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obvious. Therefore under such condition the rock is preferably chacterised by a 
method where the joint conditions have little influence. The RMi was least user 
friendly and difficult to use. The parameters described for the Q method was better 
than for RMR76. However the Stress Reduction Factor (SRF) in the Q method 
showed a major influence on the result and this parameter was according to many 
users difficult to choose value on. The rock mass number N, is a modified (SRF free) 
Q-system, but with another expression of the rock mass strength. For the N method 
the 1974 version of the Q-system should be used. Despite that the N method showed 
better agreement with measured stresses at failure compared to the other methods, the 
agreement is still poor. As the Hoek-Brown-GSI method is easy-to-use and joint 
properties do not have a major influence on the result, this method has been used in 
the continued studies. 
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3 OBSERVATIONS AND CHARACTERISTICS OF BRITTLE 
FALLOUTS IN HARD ROCK MASSES 

3.1 Definition of fallout  

In structural mechanics, the term failure is defined as the point at which the load 
acting on a construction element exceeds the strength of the element. In rock 
mechanics, however, failure is often used in a less stringent manner, and may be meant 
to describe everything from plastic yielding in the material, to visible cracks in the wall 
or roof of a tunnel, to major rock falls or even complete collapse of an underground 
excavation, see Figure 3.1. Other terms related to failure are e.g., disturbed rock, 
damaged rock, fractured rock, yielded rock, rock fall, and collapse. Therefore, a more 
clear description of which type of rock failure that is intended is required.  

In this thesis fallout is defined as when rock slabs detach completely from the rock 
mass (Figure 3.2). Fallouts often constitute the actual problem for the use of an 
underground opening in hard rock masses. The term damaged rock is used to describe 
remaining parts of the rock mass that has yielded and thus exhibit reduced strength and 
stiffness.

3.2 Characteristics of compressive stress-induced fallouts  

The failure process which is characteristic for intact brittle rock in small (micro) scale 
can be defined by the following stages (Bieniawski, 1967): (i) closure of pre-existing 
cracks, (ii) linear elastic deformation after the majority of pre-existing cracks have 
closed, (iii) crack initiation by microfracturing and stable crack growth, (iv) critical 
energy release and unstable crack growth, and (v) failure of material and post-peak 
behaviour. Extensile crack initiation has long been recognized as the primary form of 
micro-scale damage for hard rock, even under compression (e.g. Griffith, 1921; 
Stacey, 1981; Diederichs, 1999). 
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Figure 3.1 Different failures: a) visible cracks in rock support at the Kristineberg 
mine, b) compressive stress-induced fallout in a raise (diameter 4 m) at 
the Garpenberg mine and c) collapse of a drift (width/height = 7/6 m) 
at the Kiirunavaara mine. 

Figure 3.2 Thin rock slabs detached from the rock mass at the Malmberget mine 
(Photo: Thomas Öberg at LKAB). 

In the field the cracks are free to propagate near the excavation surface and axial 
splitting is the primary mode of macro-scale fracture in brittle rock (Fairhurst and 

a) b) 

c)
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Cook, 1966; Feder, 1986). Shear failure typically occurs under more triaxial stress 
conditions (Feder, 1986) as well as for softer rocks. However, fallouts can be caused by 
both spalling (initially) and shear failure (subsequently). Based on experiments on 
gypsum prisms, shearing takes place after the initiation of new splitting cracks 
(Fishman, 2008). Fallouts caused by spalling and/or shearing, see Figure 3.3, are 
presented as compressive stress-induced fallouts in this thesis. The potential location of 
compressive stress-induced failures is in regions with the highest tangential stress, 
around an opening.  

Figure 3.3 Compressive stress induced failure mechanisms: a) spalling and b) shear 
failure, around an excavation in hard rock mass. 

For a compressive stress-induced failure, different stages of the failure process can be 
identified, see Figure 3.4. This includes fracture initiation, propagation, and 
interaction. The fractures developed during the fracture initiation and propagation 
phase are referred to as stable fractures since an increase in stress is required to induce 
new fractures or to propagate existing ones. Increases in stress at this point lead to 
accumulation and growth of fractures. Further increases in stress result in fracture 
interaction. If the joints do not interact, the boundary is "only" damaged. For a brittle 
material, the propagation and accumulation of fractures causes a reduction in strength. 
Hence, stress concentrations transfer farther into the rock mass and new fractures are 
initiated at a larger distance from the boundary, see Figure 3.5. For spalling failure (see 
Martin 1997; Andersson, 2007; Diederichs 2007) slabs parallel to the surface are 
formed. Fallout can occur once fractures connect to the excavation boundary. Often, 
slabs fail at the outer ends through shear propagation, or in the middle through tension 
(buckling), as was shown in Figure 3.3. Hence, fallouts can be caused by both spalling 
(initially) and shear failure (subsequently), and it can be difficult to judge the exact 
cause of a fallout from field observations. However, shear failure is likely to occur in 
the final process of the formation of a fallout.

a) spalling b) shear 

1
1

shear
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Figure 3.4 Schematic picture of different stages of the failure process and the 
progressing fallout. 

Figure 3.5 Illustration of the staged process of a compressive stress-induced fallout 
where the stress concentrations transfer farther into the rock mass. 2 is 
directed along the tunnel axis. 

For spalling, new slabs are often formed once one slab has fallen out. The spalling of 
the rock is thus a gradual process that ends up in a final form that is most often drop- 
or v-notch shaped, as illustrated in Figure 3.4 and Figure 3.5. The typical v-shaped 
notches caused by the spalling were for instance reported for the URL and Äspö cases 
(Martin, 1997; Andersson, 2007) and from civil and mining constructions (e.g., Martin 
et al., 1999; Ortlepp, 2001; Diederichs et al., 2004). Sometimes, slabs remain partly 
attached (often outer end) to the free surface of the rock mass, see Figure 3.6. These 

1

Damage initiation Crack accumulation 
and growth 

Fallout due to crack interaction 

Higher stress 

Progressing fallout 
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remaining slabs result in some confinement, which in many cases has been found to 
inhibit further fallout of slabs from developing. 

Figure 3.6 Thin rock slabs that a) are partly detached and partly connected to the 
rock mass, and b) completely detached from the rock mass (the Laisvall 
mine).

For compressive stress-induced failures, the surface might be intact despite the rock 
beyond the boundary being damaged. In many cases, the first documented observation 
of instability is when fallout occurs, as the first stages (cf. Figure 3.4) either: (i) occur 
directly prior to fallout, (ii) are difficult to observe, or (iii) are not perceived to be of 
enough interest to affect the stability. For constructions in a constant stress field, such 
as tunnels, one, two or all of the stages in Figure 3.4 may develop, possibly even 
simultaneously. In mines, where the stresses often vary and change direction due to 
progressing mining, the fallout might propagate, see example in Figure 3.7.  

After and due to the fallout, the condition of the underground opening is more or less 
stable (if no stress changes occur) and outside the fallout region, the rock mass is much 
less damaged with no reduction in strength capacity (see e.g. Martin, 1997; Myrvang 
et al., 1997). The stabilisation by the failure process and the new geometry created is 
explained by an increase in confinement in the notch apex together with a decrease in 
induced damage (Hajiabdolmajid et al., 2002).

a) b)
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Figure 3.7 Propagation of an initial compressive stress-induced fallout in a footwall 
drift at the Kiirunavaara mine. 

In access drifts (width = 4.8 m and height = 5.5 m) in the Kristineberg mine in 
northern Sweden, spalling failure and strain bursts often occurs in the roof during 
drifting. The spalling caused fallouts to occur in the form of thin rock slabs orientated 
parallel to the surface. This behaviour typically occurs in good quality rock masses 
(consisting of cordierite quartzite) for deep situated drifts (approximately 1200 m) 
which are orientated perpendicular to the major horizontal stress. In order to stabilize 
the roof, a large v-notch with a depth of about one meter was scaled (see Figure 3.8) 
before installation of the rock reinforcement. The v-notch has proven to stabilize the 
roof in many places in the mine. The fact that scaling could continue without much 
effort, indicates that a zone of damaged rock had developed in the roof. The rock 
within the scaled v-notch could thus be assumed to represent the damaged rock. Once 
scaling partly attached thin slabs at the surface new slabs were formed until the final v-
notch was scaled. 

a) September 25, 2007 b) October 10, 2007 c) May 26, 2008 
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Figure 3.8 The scaled v-notch, in the Kristineberg mine (Photo: Daniel Sandström 
at Boliden Mineral AB). 

3.3 Selection and description of cases 

3.3.1 Selection criteria 

The presented cases are based on a comprehensive investigation of well described 
compressive stress-induced fallouts in drifts, raises or tunnels. They all represent civil 
and mining engineering cases where the properties and behaviour of the rock mass and 
the fallouts are well documented. Several mines and tunnels in Sweden, Norway, 
Finland and Canada have been visited and investigated. A failure survey concerning 
compressive stress-induced fallouts was given to mining companies and tunnel 
contractors worldwide. However, only 2 responses (out of 50) were received, which 
unfortunately did not satisfy the requirements stated below. More detailed information 
of all of these cases can be found in Edelbro (2006, 2008), where a total of 13 cases of 
fallouts are presented. 

For each case selected for further study, the following requirements were satisfied: 
1. A fallout has occurred in an underground excavation, with typical tunnel 

dimensions (approximately 2-10 m). The rock mass can be approximated as a 
continuum. 

2. The rock mass is described as a high quality rock mass (GSI > 70).
3. Stress measurements have been performed at or near the fallout area. 
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4. The uniaxial compressive strength of the intact rock (laboratory scale) is fairly 
high (above approximately 70 MPa). 

5. The excavation is undisturbed by adjacent drifting or mining and has a simple 
geometry.

3.3.2 Cases of brittle fallouts  

The selected cases comprise two road tunnels in Norway (Kobbskaret and Heggura), 
three mining sites in Sweden (two vertical raises in Boliden mines, one exploration 
drift in the Zinkgruvan mine), and one access drift to a large underground oil storage 
in Brofjorden, Sweden. Description of the fallouts, together with geological 
information and measured stress data were compiled for each case. An overview of the 
fallout cases is presented in Table 3.1. Each case is shortly described below. 

The Brofjorden cavern 

In the south-western part of Sweden a 2.6 million m3 underground crude oil storage 
was excavated in the late seventies. Three parallel twin-tunnels (Figure 3.9) were 
excavated in very good, homogeneous granite with slight in-filling of pegmatite 
(RQD=90-100%; Bergman and Johnsson, 1981) and with an estimated RMR of 75-80 
for the rock mass (Bergman and Stille, 1982). Conventional drilling and blasting was 
used. After a few hundred meters of excavation, at depths of 45-55 m below the 
ground surface spalling began to occur in the access tunnels (marked in Figure 3.9). 
The formed horizontal slabs had a thickness of 2-15 centimetres (Bergman and 
Johnsson, 1981). In some cases crack noises accompanying the spalling were reported. 
In addition to the spalling, concave shear failure surfaces could be identified in the 
homogeneous rock mass. In the area where the spalling began, the access drifts had a 
width of 10.2 m and a height of 6.5 m.
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Table 3.1 General information of the fallout cases (geometries are drawn to 
approximate scale). 

Cross section [m] and 
fallout location 

Fallout
depth

[m]

Rock
type

ci
[MPa]

GSI Depth*
[m]

H
[MPa]

h
[MPa]

v
[MPa]

0.02-
0.15

Granite 200 75-
80

50 20 (**) 8 2 

        

Brofjorden access tunnel

        

0.05 Limestone 73-
105

80-
85

830-
880

45 20 24 

        

Garpenberg raise 

        

0.05-0.4 Garnet-
gneiss- 

154 75-
80

670 24.5 
(**)

8.5 7.5 

 Granulites 210      

Heggura road tunnel 

        

0.05-0.3 Gneissic- 
granite

109.5 70 630 24 (**) 17 12 

        

Kobbskaret road tunnel 

        

Renström raise 0.1-0.2 Andesite 120-
200

75
(70-
80)

1115-
1185

48 14 24 

        

0.1-0.2 Leptite 160-
300

70-
82

965 55 (**) 54 28 Zinkgruvan exploration 
drift

        
        

* Depth of excavation. ** H, h and v represents the transformed principal stresses in the tunnel axis co-ordinate system. 

4.7

4.5

3.7

 6 

 9

5-5.5

8.5-9

2.1

10.2

6.5
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Figure 3.9 Schematic picture of the three twin-tunnels at Brofjorden. 

The Garpenberg raise 

In the Garpenberg mine, owned and operated by Boliden Mineral AB, ore is extracted 
containing zinc, silver, lead, copper, and gold. The unsupported vertical raise with a 
diameter of 2.13 m is situated at a depth of 830 to 880 m below ground surface. The 
mining area is 175 m from the raise. The raise has been developed mainly in 
limestone, but with some sections in dolomite-limestone and breccias. The GSI, for 
the limestone, is generally high in this region, with values of 80-85. The raise is 
situated directly above an area where stress measurements in limestone have been 
performed by 3D overcoring (Nilssen, 2004). The initial spalling on the surface of the 
raise started immediately after raising, in the direction perpendicular to the measured 
maximum stress, which confirms the major principal stress direction inferred from 
stress measurements. The fallouts were small with a maximum depth of 0.05 m. The 
mean values of the uniaxial compressive strengths of the rock types were 73-78 MPa 
based on laboratory uniaxial compression tests.

Spalling began to occur in 
the access drifts 
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Figure 3.10 The Garpenberg raise, with diameter 2.13 m, at level 880 m (photo 
courtesy of Boliden Mineral AB). 

The Heggura tunnel 

The 5360 m long Heggura road tunnel, situated in western Norway, was constructed 
in 1980 through 1982. It was the first tunnel in Norway in which steel-fibre 
reinforced shotcrete was used. The tunnel is only a few meters above sea level with an 
overburden of 670 m. The tunnel height and width is shown in Table 3.1. Fallouts 
due to spalling were observed in the upper corner and partly in the lower corner 
(Sörheim, 1981; Broch and Sörheim, 1984; Myrvang et al., 1997). 2D (doorstopper) 
and 3D (overcoring) stress measurements were performed in the walls of the tunnel. In 
the granulite region (GSI = 80 and ci = 210), where the 3D overcoring stress 
measurements were performed, the fallouts were limited to just a few centimetres in 
depth (Sörheim, 1981). The worst problems with compressive stress-induced fallouts 
occurred in the garnet-gneiss region (GSI = 75 and ci = 154) where fallouts occurred 
directly after blasting. The fallouts in the upper corner created a typical v-notch. The 
2D stress measurement that was performed in the region with garnet-gneiss showed 
results similar to the 3D overcoring measurements.  

1

1

3

3

Spalling, depth 0.05 m 
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The Kobbskaret tunnel 

The 4457 m long Kobbskaret road tunnel has a tunnel area of about 50 m2

and was excavated by conventional drill and blasting with two active fronts. 
The region is characterised by extensive foliation, spalling and buckling of 
slabs at the rock ground surface, indicating high, horizontal tectonic stresses. 
Along the entire tunnel length, the rock mass is composed of Precambrian 
coarse grained, gneissic granite (Kildemo, 1985). The summits of the 
mountains in the area are about 1000 m above sea level (Figure 3.11) and the 
overburden of the tunnel is about 630 m for the studied area. Spalling 
occurred in the tunnel roof, both during excavation and after completion of 
the tunnel. Stress measurements have been performed using 3D overcoring at 
630 m depth (Kildemo, 1985). Several fallouts have been documented with 
depths of 0.05 to 0.3 m (Statens vegvesen 2004; Kildemo, 1985). The 
progression of the failures was observed 10 years after excavation by studying 
drill holes in the zone closest to the boundary. An increased number of 
fractures could only be observed up to a maximum depth of 0.2 m from the 
boundary, (Myrvang et al., 1997). Hence fallouts did not continue after 
installation of rock support. 

Figure 3.11 Photo of the surrounding area of the entrance to the Kobbskaret tunnel. 
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The Renström raise 

In the Renström mine, owned and operated by Boliden Mineral AB, a complex 
sulphide orebody is mined for zinc, copper, lead, gold, and silver. The mine is located 
in northern Sweden. The studied raise has a diameter of 3.7 m and is located at a 
depth of 1115-1185 m below the ground surface. Compressive stress-induced fallouts 
were observed in the upper part of the raise, in the direction perpendicular to the 
major principal stress, see Figure 3.12. The rock mass is of high quality with GSI
values of about 70-80 and the fallout depth was about 0.1 to 0.2 m. These fallouts 
occurred either directly after excavation or up to one week after raising. After 
installation of support, the fallouts did not continue. The stresses used to simulate the 
raise were based on results from 3D overcoring, which was performed at a depth of 
1107 m (Sjöberg, 2003).  

Figure 3.12 Photo of the Renström raise after installation of shotcrete (Photo: 
Courtesy of Boliden Mineral AB). 

The Zinkgruvan drift 

The Zinkgruvan mine, owned and operated by Lundin Mining, is located in the 
south-central part of Sweden. The ore is extracted by either sublevel or longhole open 
stoping. The ore contains mainly zinc and lead, with silver as a by-product. Fallouts 
caused by spalling were observed in an exploration drift for a new potential orebody, 
as shown in Figure 3.13 (Sjöberg, 2005). A schematic view of the cross-section is 

Compressive stress-
induced fallouts 
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shown in Table 3.1. The exploration drift is excavated at 965 m level, with the 
ground surface approximately at the 0 m level. The failure surfaces were fresh, 
indicating intact rock mass failure, not influenced by geological structures. The fallout 
depth was limited to 0.1 to 0.2 m in the roof of the drift. The dominating rock type is 
a brittle, quartz-feldspar leptite. Failure was not observed when the drift was parallel to 
the major horizontal stress but began to occur when the drive changed direction, to 
being oblique to the maximum stress (Figure 3.13). Stress measurements have been 
performed using the 3D overcoring technique in a nearby area at 960 m depth. 

Figure 3.13 Horizontal view showing the exploration drift at the 965 m level, with 
mapped geology and the copper orebody shown in red, and area of 
observed spalling failure marked (Sjöberg, 2005). 

Local North 

Copper ore 

Spalling (also strain bursting) 
failures observed in this area H

h
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4 MODELLING OF FALLOUTS 

4.1 Modelling of brittle failure 

Different methods to model failure of brittle and hard rock masses have been proposed 
by e.g. Hoek et al. (1995), Martin (1997), Hajiabdolmajid et al. (2002) and Diederichs 
et al. (2007). As suggested by Hoek et al. (1995), an elastic-brittle material model, with 
low residual values of cohesion and friction angle, should be best suited to represent 
brittle fallout. At URL, it was observed that spalling failure occurred in the region of 
the boundary with maximum tangential stress and that stress-induced fracturing 
initiated at a stress level of approximately 0.3 – 0.5 ci (e.g. Martin et al., 1999; 
Diederichs et al., 2004). The application of the strength parameters in the Hoek–
Brown criterion by Martin et al. (1999) resulted in a suggestion that the location and 
depth of failure (but not the shape and extent) could be well estimated if a value of mb

close or equal to zero and s=0.112 is used in an elastic analysis (these values represent 
failure initiation at 0.3· c). Similar findings of low confinement dependency were 
presented by Diederichs et al. (2004), who summarised research of back-analyses of 
brittle failure on damage initiation.

As proposed by Schmertmann and Osterberg (1960) the friction term is active if 
movement between particles exists. Cohesion loss between particles implies the 
occurrence of such movement. For small plastic strains the frictional term has almost 
no influence and as the strains increase, the cohesion drops and the significance of the 
friction angle increases. According to Hajiabdolmajid et al. (2002) a strain dependent 
material model should be used to simulate brittle fallouts. The strain dependent model 
was suggested to be cohesion weakening and friction strengthening. A similar 
approach, but with instantaneous softening and hardening, has also been discussed and 
suggested by Diederichs (2007).

As pointed out by Marinos et al. (2005) the GSI system is not regarded as meaningful 
for application using the traditional failure criteria in hard rock at great depths with 
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tight interlocks. However, the back-calculated strength for fallout in massive brittle 
rock is often as low as 50% of ci (see e.g. Myrvang, 1991; Diederichs et al., 2004) 
which implies that the strength of rock is scale dependent and strength measured in 
the laboratory does not represent the strength of rock masses. Hence, the determined 
rock mass properties in the continued work are based on using the GSI system. 

4.2 Evaluation of material model 

4.2.1 Description of material models 

Commonly used methods for determining brittle fallouts have been evaluated through 
the use of numerical modelling. The results of numerical modelling have been 
compared with observed fallouts in order to improve the understanding of the failure 
process and the fallout characteristics. One of the key questions was how to simulate 
compressive stress induced fallouts using established continuum models. The main 
objective was to (i) clarify the importance of different strength parameters and their 
significance on the results and (ii) to evaluate which model that best captures the actual 
rock behaviour. This was achieved by comparing the predictions with the six observed 
fallouts described in Chapter 3, with respect to location, depth, and shape. The used 
input data were raw field data, without modifications, in order to be able to do 
relevant comparisons of the observed and predicted fallouts. 

To determine whether strength parameters defined by (1) the intact rock or (2) the 
GSI system (the "down-scaled" rock mass strength) show good agreement with field 
observations, both of these were applied. The different material models which have 
been evaluated are shown in Table 4.1 and are summarized as;

1. Elastic and elastic-perfectly plastic material models where the strength 
parameters of the rock mass are estimated using characterisation with GSI and 
the generalised Hoek-Brown (Hoek et al., 2002) criterion and equivalent 
Mohr-Coulomb parameters; 

2. Elastic and elastic-perfectly plastic material models where the strength 
parameters representing intact rock (e.g. GSI = 100, mb = mi, s = 1 , a = 0.5) 
was used in conjunction with the generalised Hoek-Brown (Hoek et al., 2002) 
criterion and equivalent Mohr-Coulomb parameters; 

3. An elastic model with m = 0 and s = 0.112 (Martin, 1997) was used in addition 
to an elastic-brittle-plastic model where the residual value was set as m = 0 and 
s = 0.112. In the brittle-plastic model, the peak strength value was estimated 
based on classification by using GSI in conjunction with the Hoek-Brown 
criterion;
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4. A brittle-plastic model with a instantaneous loss in cohesion of the rock mass to 
about 20% of the peak value and a reduction in friction (CSFS) to the rock 
basic friction (based on suggestions by Hoek et al., 1995);

5. A brittle-plastic model with instantaneous cohesion-softening (CS) was used (cres
= 0.3 · cpeak and øres = øpeak), mainly in order to study the significance of just 
changing the cohesion; and

6. An instantaneous cohesion-softening friction-hardening (CSFH) material 
model (based on suggestions by e.g., Schmertmann and Osterberg, 1960; 
Hajiabdolmajid et al., 2002; Diederichs et al., 2007). 

Table 4.1 Applied material models and criteria to determine the strength 
parameters for fallout prediction. 

Approach Rock
mass 

strength

Intact
rock

strength

m = 0 Cohesion 
Softening
Friction

Softening
(CSFS)

Cohesion
Softening

(CS)

Cohesion
Softening
Friction

Hardening
(CSFH)

Material
models

Used failure 
criteria

Mohr-Coulomb, 
Hoek-Brown 

Hoek-Brown Mohr-Coulomb 

Elastic 
-perfectly  
plastic 

Elastic 

Elastic-brittle
plastic 

Elastic

Elastic- 
brittle
plastic 
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4.2.2 Model setup 

Observed fallouts were compared with the predicted fallouts from numerical models 
in the stress analysis program Phase2 (Rocscience Inc., 2008a). The plasticity theory 
employed for the program is described in Owen and Hinton (1980). This program 
was chosen since it is easy to use and widely available and applied within mining and 
geo-engineering fields. The program is used for calculation of stresses and 
displacements around underground and surface excavations in rock. Phase2 is an elasto-
plastic finite element stress analysis program, in which the material can yield and 
exhibit non-linear stress-strain behaviour if treated as plastic. If the peak strength is 
exceeded, residual strength values can be applied by treating the material as either 
elastic-perfectly plastic or as elastic-brittle plastic (instantaneous softening).

The developed shear bands and the zone of yielded elements were sensitive to changes 
in mesh density, see e.g. Hobbs and Ord (1989), and Pietruszczak and Stolle (1987). 
The width of the shear strain localization band in a model will collapse to one element 
wide if developed parallel to the mesh orientation, or three elements wide if 
developed obliquely relative to the mesh orientation, see e.g., Itasca (2005). Larger 
elements result in wider and more diffuse shear bands. Also, the strain values increase 
with decreased element sizes. However, it could be shown that for an element size of 
about 0.01m close to the boundary of the opening (for an opening with diameter 4 m 
or greater), the modelling results were not sensitive to a further decrease in element 
size.

For all cases a "circle domain" (Figure 4.1) was used in order to decrease the number 
of elements compared to a rectangular shaped domain and thus enable a finer 
discretization in the region closest to the boundary. The extent of the modelled 
domain was defined by an expansion factor of four in relation to the excavation 
dimension, to eliminate boundary effects. The domain was discretized with a finite 
element mesh of six-noded, triangular elements. A mesh gradation factor of 0.1 was 
used.

The mesh setup in Phase2 is separated concerning element size on the excavation 
boundary (discretization density) and element sizes within the model domain (mesh 
density), see Figure 4.2. The selection of regions with finer discretization was in this 
work based on results of elastic models where the extent and depth of regions with a 
strength factor (safety factor) less than one was identified. To avoid an abrupt change 
of element sizes in regions near the finer discretization region, a smooth change of 
element size was applied. The element size at the tunnel boundary (in the region of 
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the predicted failure) was set to 0.01 m. In regions outside the predicted failed zone, 
the element side length was set to 0.2 m (except for close to the predicted failure, 
where it was set to 0.02 m).

Figure 4.1 Example of the circle domain used in Phase2.

A default setting in Phase2 is that tensile failure reduces the shear strength to residual 
values. No reference exists as to why this assumption is used as a default setting in the 
program (Corkum, 2008). The tensile failure might occur in one direction but this 
does not necessarily mean that the shear strength of the material in the zone in all 
directions also is reduced to the residual strength. Based on this no reduction of the 
shear strength when tensile failure occurs was used in this thesis. Hence, the tensile 
strength had no influence on compressive shear failure, see example in Figure 4.3. 
However, for most cases simulated in this thesis, the regions of shear and tensile failure 
overlap due to the relatively low applied tensile strength, such as shown in Figure 4.4.
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Figure 4.2 Schematic figure of the applied element mesh for all of the cases. 
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Tensile strength [MPa]

CSFH
model

-0.4
(Determined using 

RocLab and the rock 
mass strength) 

-4
(Determined using 

RocLab and the 
intact rock strength) 

-12
(From laboratory 

testing)

Yielded
elements
failed in 
shear

Yielded
elements
failed in 
tension

Figure 4.3 Yielded elements failed in shear and tension, for different applied tensile 
strengths, using a brittle-plastic (CSFH) model for the Heggura case. 

Figure 4.4 Yielded elements a) failed in shear, b) failed in tension and c) both failed 
in shear and tension applying a brittle-plastic (CSFH) model for the 
Heggura case. 

a) b) c) 

Shear

(Ex)tension

Shear + tension Tension

1
3
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4.2.3 Fallout indicators 

For elastic analysis in Phase2, the stability of the excavation is evaluated through the 
Strength Factor (SF). The strength factor is defined as the ratio of material strength to 
induced stress, at a given point. If the Strength Factor is < 1, this indicates that the 
stress in the material exceeds the material strength (i.e. the material would yield, if a 
plasticity analysis were carried out). The results of an elastic stress analysis shows that 
the shape of the region with SF less than one is arch-formed and has a large extent 
around the boundary as opposed to the true, more narrow v-notch form for a fallout 
in a brittle hard rock mass (Edelbro 2007).

In the plastic analysis, the (i) yielded elements, (ii) volumetric strains, and (iii) 
maximum shear strains were used as indicators for failure. In the plastic analysis, the 
stress might attain the yield limit so that plastic deformations can occur. The region of 
yielded element show where yielding and associated strength reduction (for a model 
with lower residual strength) occurs. Both yielded elements failed in shear and/or 
tension as well as through both tension and shear can be evaluated using Phase2 (Figure 
4.4).

The evolution of damage can be represented by irreversible/plastic strains in the rock. 
Hence, the maximum shear strain is evaluated as it indicates where shear occurs within 
the material. In particular, the developed shear bands, narrow zones of intense 
straining, are studied. Fallout, caused by shear, is assumed to occur when two shear 
bands cross or form a coherent arch. If the shear bands are connected with the 
excavation boundary, the area in between is assumed to fall out (see e.g. Sjöberg, 
1999, and Sandström, 2003). In plane strain analysis, the maximum shear strain is 
defined as:  

2
31

maxxy ,    (4.1) 

where 1 is the major principal strain and 3 is the minor principal strain in the plane. 
The principal strain orientations also correspond to the directions of the major and 
minor principal stresses in the plane of the cross section.  

The redistribution of stresses, due to mining or drifting, causes the material to change 
volume. The volumetric strain is the change of the volume relative to the original 
volume. The volumetric strain is used to indicate the location and size of the volume 
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change occurring within the material. In a 2D plane strain analysis in Phase2, where 
the out-of-plane strain is zero, the volumetric strain is defined as:

31yyxxv ,  (4.2) 

where the strain is positive if an element has shortened along the coordinate direction 
of interest and vice versa. For a 2D problem where the minimum principal strain 
might be small (close to the boundary) the maximum shear strain approaches half the 
value of the volumetric strain. 

According to e.g. Lau and Chandler (2004) and Eberhardt et al. (1998), the initiation 
and unstable crack propagation in a brittle intact rock can be predicted by studying the 
volumetric strain. Unstable crack growth occurs at the point of reversal in the 
volumetric strain curve, indicating that the formation and growth of cracks exceeds 
the elastic compression of the rock. It has been observed from laboratory tests on 
intact rock samples that slipping along a crack and the axial propagation occurs 
simultaneously at the onset of fracturing (Qiaoxing, 2006). Numerical simulations of 
intact rock samples showed that the contour map of shear bands and he volumetric 
strain localization were similar (Wang, 2007). A similar behaviour was observed for 
rock masses around openings, i.e. the volumetric strain concentrations more or less 
coincide with the maximum shear strain bands (Figure 4.5).

Kobbskaret "m = 0" "CSFS" "CS" "CSFH"

Maximum
shear
strain
(0-0.04)

Volumetric
strain
(-0.01-0.01) 

Figure 4.5 Calculated values of the maximum shear strain when using Phase2 and 
peak (and residual) values based on the rock mass strength. 



44

4.2.4 Selection of material model 

The results of the CSFS, CS and CSFH models showed a tendency towards v-notch 
shape as seen in Figure 4.5. The CSFS, CS and CSFH models were sensitive to 
changes of the peak strength parameters and less sensitive to changes in residual 
parameters. For the same peak strength, the intersecting shear bands of the CSFH
model gave the smallest fallout zone. For the same peak strength, the region of yielded 
elements of the CS model indicated the smallest damaged zone. The shear bands and 
yielded elements developing in the CSFS model showed the largest fallouts zone. The 
result from the CSFH model seemed to best capture the observed rock behaviour and 
fallout shape, depth and extent when applying the same peak strength for the different 
models.

4.3 The cohesion-softening friction-hardening model 

The initial part of the compressive stress-induced failure process is mainly due to 
propagation of tensile failure at pre-existing crack tips. Therefore the role of the 
friction in the early stages of the failure process is limited and only relevant for small-
scale strength, i.e. grain boundary structures and internal cleavage planes (Diederichs 
2007). The basic friction angle for quartz or feldspar is about 8º and around 14º for 
biotite mica (Horn and Deere, 1962). Hence, a low peak friction angle should be 
applied for a CSFH model. Friction becomes active as the failure surface is formed. 
The peak cohesion is active until failure (yielding) of the material occurs. Once the 
material has failed the cohesion drops to a low residual value. 

A peak cohesion representative of the intact rock strength in combination with the 
brittle-plastic CSFH model resulted in the best agreement with observed fallouts. 
Moreover a peak friction angle (øpeak) of 10  showed good agreement with field 
observations. A lower angle (as suggested by Hajiabdolmajid et al., 2002) resulted in a 
too wide and too deep failed zone while a higher angle (as used by Diederichs, 2007) 
underestimated the fallout. The strength parameters of the rock mass were estimated 
applying the generalized Hoek-Brown criterion (Hoek et al., 2002) and equivalent 
parameters (cohesion (cm) and friction angle (øm)) using the program RocLab
(Rocscience Inc., 2007). The residual cohesion (cres) was set equal to 30% of the rock 
mass cohesion (cm) determined from RocLab (a similar suggestion can be found in 
Hajiabdolmajid et al., 2002), while the residual friction angle (ør) was set equal to the 
friction angle of the rock mass (øm). The linear regression, used to determine the 
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equivalent Mohr-Coulomb parameters, was carried out for a minor principal stress 
range of tm through 3max, where tm is the tensile strength of the rock mass 
(determined from RocLab) and 3max is the upper limit of the confining stress over 
which the relationship between the Hoek-Brown and the Mohr-Coulomb criteria is 
considered. The value of 3max was determined using a linear elastic model. The 
maximum value of 3 within a distance of one tunnel width from the tunnel boundary 
was defined as 3max. The stress concentrations at the floor/wall spring-line were not 
considered. The peak cohesion (cpeak) was determined using the Mohr-Coulomb 
criterion

m

mci
peakc

cos2
sin1  (when 3 = 0) (4.3) 

where ci is the uniaxial compressive strength of the intact rock. An example of the 
determination of input data is shown in Figure 4.6. Since controlled blasting has been 
performed for a confined rock mass for all simulated cases the value of D was set to 
zero (Hoek et al., 2002). Based on e.g. Vermeer and de Borst (1984) the dilation angle 
for rock masses is fairly low (at least 20  less than the friction angle). What value that 
should be used for the dilation angle is very much matter of debate and there are no 
clear guidelines (Rocscience, 2008b). Based on the performed parametric study in this 
thesis more obvious and distinct shear bands were found for low dilation angles (also 
shown by e.g. Hobbs and Ord (1989); Wang (2007), Corthésy and Leite (2008), 
Zhang and Mitri (2008)). A high dilation angle underestimates the extent of the 
yielded zone (Zhang and Mitri, 2008). In this thesis the dilation angle was kept equal 
to 0 , as all cases can be considered to be constrained. The applied strength parameters 
for each case can be seen in Table 4.2.
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Figure 4.6 An example of the methodology used when determining input data to 
the CSFH material model. 

Table 4.2 Applied strength parameters in the cohesion-softening friction-hardening 
material model. 

Values Bro-
fjorden

Garpen-
berg

Heggura Kobb-
skaret

Renström Zink-
gruvan

min max min max  min max min max 

cpeak [MPa] 
when cm = ci and
ø =øm

20.8 16 20.7 23 28 18.9 21.5 32 26.6 38.9 

 øpeak [º] 10 10 10 10 10 10 10 10 10 10 

cres  = 0.3 · cm
[MPa]

1.4 2.1 2.9 2 2.8 1.7 2.4 3 1.8 2.6 

øres [º] = øm 66 42.8 46.9 56.8 60.2 51.9 50.5 54.2 53 61 

Tensile
strength, t
[MPa]

1 2.1 2.3 0.8 1.6 0.4 0.7 1.2 0.8 1.5 

Peak strength, 
cm [MPa] 

50 38 49.5 55 67 45 51 77 64 93 

0

40

80

120

c peak = 23, ø peak= 10°

c res = 0.3c m
ø res = ø m
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4.3.1 Interpretation of results 

By comparing the results of a simulation, using a CSFH model, with the observed 
fallouts (and the scaled v-notch) for an access drift in the Kristineberg mine an 
interpretation of damaged rock and fallouts could be conducted. The strength 
parameters used for the Kristineberg case are presented in Table 4.3. 

Table 4.3 Applied strength parameters in the cohesion-softening friction-hardening 
material model for the access drift in the Kristineberg mine.

Values Min Mean High Max 

cpeak [MPa]* 16 23 26 29 

øpeak [º] 10 10 10 10 

cres = 0.3 · cm [MPa]** 2 2 3 3 

øres [º] = øm 38 45 47 49 

Tensile strength, t [MPa] 7 7 7 7 

Peak strength, cm [MPa] 38 54 62 69 
* For cm = ci and ø =øm. **A similar suggestion was given by Hajiabdolmajid et al. 2002. 

The results from the simulation of the access drift showed that potential compressive 
stress-induced fallouts can be predicted using numerical modelling and the following 
indicators: (i) intersecting shear bands with significantly elevated strains and which 
connect to the excavation boundary, and (ii) shear bands being located within the 
region of yielding. Both criteria must be fulfilled simultaneously. Shear bands with 
zones of low strain values are assumed to indicate possible future fallouts (Figure 4.7), 
if for example stresses should change or scaling be performed. The zone of yielded 
elements failed in shear is greater than the zone of intersecting shear bands. Thus, 
yielded elements can be interpreted as damaged rock, see Figure 4.7. 
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Figure 4.7 Calculated maximum shear strain (0-0.02) and yielded elements in the 
roof of an access drift in the Kristineberg mine.

4.3.2 Application to observed fallouts 

The analysis results in the form of yielded elements failed in shear and the maximum 
shear strain, for the six fallout cases described in Chapter 3 is shown in Figure 4.8. The 
modelling results showed that the shear strain localization (shear bands) developed for 
all cases. The location and shape of the observed fallouts could be predicted fairly 
accurately. The results showed good agreement with observed fallout depth for the 
Heggura, Kobbskaret and Renström cases, see Figure 4.8. However, for the 
Garpenberg and Zinkgruvan cases, the zone of yielded elements and the depth of the 
intersected shear bands were deeper than the observed fallout depth. The calculated 
results from the Zinkgruvan case showed similar trend as for the Kristineberg mine, 
i.e., low strain values in the notch apex. The depth of the predicted fallout for the 
Zinkgruvan case, according to the above stated criteria for interpretation, was 
approximately 0.6 m, while the depth of the damaged rock was predicted to be 1.2 m 
(see Figure 4.9). 

Damaged
rockLower strain 

values

Elevated strain values 
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Yielded elements failed in shear (Observed fallout 
depth [m] marked with a thick line) 

Maximum shear strain  
(0-0.005) 

Bro-
fjorden
(GSI=75,  

ci = 200) 

Garpen-
berg
(GSI=85,  

ci = 105) 

Heggura 
(GSI=75,  

ci = 154) 

Kobb-
skaret
(GSI=70,  

ci = 110) 

Renström 
(GSI=75,  

ci = 200) 

Zink-
gruvan
(GSI=82,  

ci = 300) 

Figure 4.8 Close-up view of yielded elements failed in shear and maximum shear 
strains calculated using Phase2 and an instantaneous CSFH model. 

Zinkgruvan(GSI = 82, ci = 300) 

Figure 4.9 Yielded elements failed in shear and maximum shear strain (0-0.02) 
calculated using Phase2 and an instantaneous CSFH model for the 
Zinkgruvan case. 
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4.4 Forward prediction of failure and fallouts 

A forward prediction of failure and fallouts, using a CSFH model, were performed for 
the footwall drifts at the Kiirunavaara mine. For a rock mass subjected to stress changes 
due to nearby mining, one of the difficulties is to define when a fallout is initiated. To 
be able to study the whole failure process and changes in stability, footwall drifts, in 
the Kiirunavaara mine were studied. This comprised all stages from drifting to 
completed mucking at the same level as the footwall drift. The field studies were 
aimed at compiling detailed information regarding type and extent of failure in 
footwall drifts. The information gained would serve to study whether a CSFH model 
could be used for predictions of compressive stress-induced failure in the footwall 
drifts.

4.4.1 The Kiirunavaara mine 

The Kiirunavaara mine (owned and operated by LKAB) is divided into ten production 
blocks (Figure 4.10) where each block has its own infrastructure and ventilation 
system. Currently mining is conducted at levels 907 m and 935 m (ground surface is 
between levels 50 and 150 m in the mine coordinate system), with the main haulage 
level at the 1045 m level. The vertical distance between two sublevels is 28.5 m and 
drifting is done about two sublevels below the active production level (Figure 4.11). 

Figure 4.10 Blocks 9 to 45 and the infrastructure in the Kiirunavaara mine (courtesy 
of LKAB). 
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Figure 4.11 Schematic picture of production and drifting as of September 2008 
[figure not to scale]. 

The Kiirunavaara orebody is primarily composed of fine-grained magnetite with a 
varying content of fine-grained apatite (decreasing with depth). The footwall 
comprises trachyte, internally designated as syenite porphyry, whereas the hangingwall 
consists of rhyolite, internally designated as quartz porphyry. Contact zones of limited 
width are found on both the footwall and hangingwall side. The rock mass quality is 
generally good for all rock units, but locally, rock conditions vary from high-strength, 
brittle rock to altered, slightly weathered rock with clay- and chlorite-filled 
discontinuities.

Footwall drifts in three mining blocks were studied. This comprised drifts in blocks 
25, 28, and 33. These drifts were selected on the basis of:

- the drifts being located along the middle of the orebody and hence being more 
highly stressed than footwall drifts closer to the orebody end portions; 

- the rock mass behaving brittle with spalling and/or shear failures as typical 
failure mechanisms; 

- plane strain conditions possible to assume for the numerical analysis (hence, a 
two-dimensional model is sufficient); and, 

- results existing from earlier performed failure mapping on several levels. 

4.4.2 Observed failure and fallouts in the footwall drifts 

Failure mappings were performed on a regular basis (once a month) at level 993 m in 
all blocks, during April 2007 to August 2008. Field observations (failure mapping) of 
footwall drifts on all levels (820 m-993 m) in blocks 25, 28, and 33 were conducted 
four times during the period of April 2006 to August 2008 (reported in Malmgren, 

935, Production drilling and mucking  

878, Mucking completed 

907, Final mucking 

964, Crosscut drifting, production drilling 

993, Footwall and crosscut drifting (development)

Ore

Hangingwall
Footwall

10 -  85 m 

28.5 m

~ 80 m 
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2007 and in Paper IV). The different failures within the different blocks with on-going 
activities are summarised and presented in Table 4.4. The rock mass in block 28 was 
prone to spalling due to high uniaxial compressive strength in combination with the 
massive rock mass. The rock mass in block 25 and block 33 was more frequently 
jointed and with lower GSI compared to block 28; hence, more structurally-
controlled failures were observed in these areas.  

In the footwall drifts, the fallouts are most common in the abutment closest to the ore 
contact and also in the opposite lower corner, see Figure 4.12. 

Table 4.4 Summary of observed failures in footwall drifts for the different blocks. 

On-going
activity

Block 25 Block 28 Block 33 

Footwall
drifting

Few structurally controlled 
fallouts

Few initial compressive 
stress-induced fallouts 

Few structurally controlled 
fallouts

Crosscut
drifting

Few structurally controlled 
fallouts in the form of rock 
wedges. Sheared bolts (both 
failed and deformed) were 
also noted 

Few initial compressive 
stress-induced fallouts, 
mainly in abutment 

Few structurally controlled 
fallouts

Production
drilling

Fallouts in abutment in the 
form of spalling and/or 
shearing 

Initial compressive stress-
induced fallouts in 
abutment

Fallouts in abutment in the 
form of spalling and/or 
shearing, partly along pre-
existing structures 

Mucking Damages and fallouts 
increase markedly in 
footwall drifts at the same 
level

Compressive stress-
induced fallouts increase 
markedly in abutment 
(toward the ore contact) 
and lower corner 

Damaged pillars, fallouts 
from abutment and walls 

Mucking 
completed

Cracked, damaged 
shotcrete, extensive amount 
of damages and fallouts 

No performed failure 
mapping 

Extensive amount of 
damages and fallouts  

Non activity; 
levels above 
completed
mucking 

Large amount of damages 
and fallouts for the available 
studied area 

No performed failure 
mapping 

Huge fallouts 
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Figure 4.12  Typical compressive stress-induced fallouts in footwall drifts with 
production/mucking taking place on the same level as the drift.

4.4.3 Multi-stage analysis 

By default, the entire load on the model (equal to the field stress) is applied 
instantaneously in a single stage Phase2 model. This might be realistic for excavations in 
rock masses with no influence of adjacent mining or drifting. However, in this case, 
stresses are gradually changed as a result of mining (Figure 4.13). To account for this, a 
multi-stage analysis was conducted. For each stage individual materials were defined 
with a customized field stress specified for each material. The individual materials were 
given the same properties and between any two stages, no reset of yielded flags was 
performed. This allows simulation of stress changes as staging progresses. The use of 
this somewhat unconventional approach was verified through contacts with the 
developers of the Phase2 program (Rocscience Inc., 2008c). 

A global-local modelling approach was used, in which the boundary stress conditions 
for the footwall drifts were extracted from a global model (Sjöberg and Malmgren, 
2008). The footwall drifts on level 993 m were analysed with respect to the virgin 
stresses and changes in stresses when production is at level 907 m, 935 m, 964 m, and 
993 m, respectively. 

Ore
Wet
shotcrete
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Figure 4.13 Stress redistribution caused by progressive sublevel caving (from Sjöberg 
et al., 2001). 

Parametric study 

A parametric study, in which (i) rock mass strength, (ii) stress state (governed by 
distance to active mining level, orebody geometry, drifting, etc), and (iii) cross-section 
(shape) of the drift were investigated, was conducted. 

To simulate the different blocks, low, typical, and high strength properties were 
applied, see Table 4.5. The uniaxial compressive strength has been varied between 240 
and 420 MPa and the GSI between 60 and 80.

It was observed that the cross-sections of the drifts did not always resemble the 
theoretical (planned) cross-section of the drifts. Since the footwall drifts were not 
laser-scanned no exact measures of the cross-sections could be determined. Based on 
photos at footwall drifts at level 993 m, see Figure 4.14, different cross-sections could 
be assumed and simulated in the numerical models.

Major principal 
stress 

Orebody

FootwallHangingwall

Ground surface 



55

Table 4.5 Applied strength parameters in the cohesion-softening friction-hardening 
material model used.

Strength

Values Low Typical  High 

cpeak [MPa] when 
cm = ci and ø

=øm

51 60 62 

øpeak [º] 10 10 10  

cres  = 0.3 · cm
[MPa]

2.8 4.2 6.3 

øres [º] = øm 44 52 57 

Tensile strength, 
tm [MPa] 

0.8 1.8 3.7 
0

150

0 0.005

low strength

typical strength

high strength

[MPa]

Figure 4.14 Profiles of newly driven drifts at level 993 m. 

The analysis showed that the strength parameters had a significant influence on the 
results. When comparing the analysis results with observed fallouts, the low strength 
properties appeared to overestimate the extent of fallouts. The location and depth of 
the observed fallouts in the upper abutment was best captured by the simulation with 
high strength properties, see Figure 4.15. 

5.5 m 

Filling

material

5.5 m 
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Figure 4.15 Yielded elements failed in shear and maximum shear strain at the 
footwall drift at the 993 m level (distance = 10m from the ore contact) 
for mining at the same level and for the case of a) low-, b) typical-, and 
c) high strength properties. 

In order to study the influence of changes in the cross-section, two excavations with 
the same height as the theoretical cross-section but with a flatter roof were simulated. 
A flatter roof resulted in additional shear bands and yielded element in the abutment 
compared to a more arch-shaped roof, see Figure 4.16. The results showed that the 
compressive stress-induced problems increase in the abutment for a flatter roof, and in 
the middle of the roof for an arch-shaped roof. Hence, the results from the CSFH
model capture the behaviour in the field, especially for drifts simulated with a flatter 
roof than the theoretical cross-section. It is therefore likely to assume that the true 
shape is different from the planned one. 

Maximum 
shear strain 
(0-0.01)

Yielded
elements

a) Low Strength: b) Typical c) High 

Production at level 993 m  

993
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Production level (distance 10 m from ore contact) 

Cross-
section

Theoretical
cross-
section

Flatter roof 

Flat roof 

Figure 4.16 Yielded elements failed in shear for different cross-section shapes and for 
different production levels for the case of high strength properties. 

4.5 Removal of fallouts 

The effect of fallout of slabs and scaling was studied by removing elements in the 
numerical model. This was performed for the simulation of the Kiirunavaara footwall 
drifts and the access drift in the Kristineberg mine.

In Figure 4.17 the results of a simulation using the theoretical cross-section and for 
removing the predicted fallout region, for the footwall drifts in the Kiirunavaara mine, 
are presented. The elements were removed at the stage corresponding to production at 
level 964 m. The removal of elements resulted in fewer yielded elements for the 
subsequent (and last) mining stage (corresponding to production at level 993 m). 
Observations in the field also indicated that once a fallout had occurred in the roof, 
generally fewer fallouts occurred in the abutment as the mining progressed. 

993

935907

964
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Production level 

No removal of 
elements 

Removal of elements 

Figure 4.17 Calculated maximum shear strain (0-0.01) for the case of high strength 
properties of the rock mass. Simulation performed for footwall drifts in 
the Kiirunavaara mine at level 993 at a distance of 10 m from the ore 
contact.

The removal of elements had impact on the amount of yielded elements and the 
formed shear bands for the analysed access drift in the Kristineberg mine. Initially the 
predicted strain values were "low" in the notch apex, while for simulations of other 
drift shapes representing fallouts of slabs, the values were elevated in the apex. Once 
the simulated fallout had reached a depth of 1 m, no further developed fallout zones 
were predicted. This agreed well with field experience. This was the result for the case 
of high rock mass strength (Table 4.3), while for the minimum (low) rock mass 
strength, continued propagation of fallouts were predicted. 

This study has shown that by scaling the damaged rock, the stability of the excavation 
is improved. The results showed that if elements were removed close to the 
excavation boundary (representing scaling or a fallout) the strain values increased in 
the shear bands and new fallouts were predicted to occur, until a more stable final 
shape developed. Thus when scaling partly attached thin slabs at the surface new slabs 
can form and fallout occur until the final v-notch is scaled. 

993
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Instantaneous removal of zone with thickness 
0.2 m 0.3 m 0.5 m 0.7 m 0.9 m 

Figure 4.18  Calculated maximum shear strains (0-0.02) for different shapes 
(instantaneous excavation) of the drift roof for the case of high rock mass 
properties for the simulated access drift in the Kristineberg mine. 

Figure 4.19  Yielded elements failed in shear and maximum shear strain values (0-
0.06) for a simulation representative of scaling a one meter deep fallout 
region in the roof, of the access drift in the Kristineberg mine, and for 
the case of high rock mass strength.  

Instantaneous 
scaling of a 1 m 
deep notch 
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5 DISCUSSION 

The author wrote the information about the rock mass which was given to the 
participants of the Round Robin Tests. The author summarized different internal 
reports and articles about the pillar strength test in the Laisvall mine. Due to this, some 
information might have been lost "on the way". One might ask what the difference in 
results would have been if all participants had read all of the articles and reports 
prepared by the author and from that had drawn their own conclusions about the most 
important input data. It would also be interesting if all of the participants had made the 
classification from "scratch" i.e., had visited the pillar strength test area and based on 
that determined the rock mass strength. The results would probably differ more than 
what this study has shown. Such a test was conducted by e.g., Nilsen et al. (2003), 
focusing on reinforcement estimations using the Q, RMR and RMi methods. It was 
found that the Q-system was the easiest method to use but also the most sensitive to 
variation in parameter rating values. A somewhat similar study was presented by Hval 
(2000), in which RMR, Q and RMi were compared for two tunnel cases in Norway. 
RMi was found to be more difficult to use, primarily due to the introduction of block 
volume in the system. In a study performed by Lundman et al. (2004) four systems — 
RMR, Q, GSI and RMi — were used in a Round Robin Test with 7 participants. 
The difference between the results from the users was smallest for the RMR- and the 
Q-system.

In the results from the Round Robin Tests performed in this thesis, generally no 
comments were given for estimation methods in which the participants were 
experienced. However the RMi and MRMR were new methods for many of the 
participants and comments as "MRMR is too complicated to use, so I skipped it", "I 
did not complete the MRMR method since there are too many tables and adjustment 
factors" were mentioned. Hence, it seems as is the issue of user-friendliness must be 
considered. Based on that, the RMi method is too difficult to use. Also the personal 
experience should be considered. The RMR- and the Q-system are widely used in 
Scandinavia and according to this study the Q-system covers more geological 
situations and the parameters are better described than for the RMR-system. Hence, 
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the Q-system is preferable to the RMR-system. However the Stress Reduction Factor 
seems difficult to choose value on. The N method is not commonly used, which 
could be due to that new, updated, versions of the Q-system are preferred instead of a 
method where an old version of Q is used.

A major part of this work has focused on evaluating the most appropriate material 
model that can be used for simulating compressive stress-induced fallouts. To calibrate 
field data against results from numerical analysis is a waste of time if the applied 
material model cannot replicate observed behaviour. The accuracy in our predictions 
also depends on the accuracy in input data (e.g. stress conditions or characterisation of 
the rock mass). The observed and measured fallout depth, with which we compare 
our results, might also be uncertain. Hence, it is probably most interesting to study the 
location of the possible fallout and then use the results as an indicator as to whether 
the fallout depth is very great or small and how that might influence stability, required 
amount of rock reinforcement, and operations.  

The studied failure mechanisms are spalling and shearing. It is likely that shear occurs 
in the outer ends of the slabs as a final process of the formation of a fallout. Most 
often, the observed compressive stress-induced fallouts ends up in a shape that is drop- 
or v-notch shaped. This final shape was also predicted and showed good agreement 
with field observations, when using a CSFH material model. Hence, the CSFH model 
can be used for prediction of the final shape of a fallout if considering intersecting 
shear bands with significantly elevated strains (which connect to the excavation 
boundary) and shear bands being located within the region of yielding. Shear bands 
with zones of low strain values are assumed to indicate the possible future fallouts that 
may occur if the stresses changes or scaling is performed.   

The suggested peak cohesion for the CSFH model is a function of the uniaxial 
compressive strength of the intact rock together with the friction angle of the rock 
mass. A peak friction angle of 10º generally showed good agreement with field 
observations for most cases. However for simulation of a case using a CSFH model, 
values between 0º - 10º less than the rock mass friction angle, could be used for the 
peak friction angle in order to see the best and worst scenarios.

Despite the fact that all cases can be considered as hard rock masses and that the 
fallouts are compressive stress-induced, slightly different behaviour was observed, in 
particular for the Garpenberg case. One reason could be that the scale is different and 
the rock masses are more or less jointed. The same methodology has been used when 
determining the input data for all cases. A higher peak friction angle resulted in 
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narrower fallout zone. The same material model but with other input data might show 
better agreement for the Garpenberg case. A possible source of error is the input data 
in the form of e.g. stress conditions and uniaxial compressive strength. For the 
Garpenberg case, the measured stresses about two hundred meters below the raise 
were lower than those measured near the raise. Hence local stress variations may exist 
for the Garpenberg case. 

A plane strain condition was assumed for all fallout cases with stresses transformed to 
the two-dimensional analyses plane (perpendicular to the excavation). The measured 
stresses could perhaps, for some of the cases, be more correctly simulated by a 
complete plane strain approach (in 2D) or a full 3D-analysis. A linear-elastic two-
dimensional model, using a complete plane strain approach (Sjöberg, 2005), showed 
better agreement with the observed fallout depths for the Zinkgruvan case than the 
results shown in this work. The stress data that is most unreliable are the ones for the 
Brofjorden case. Very local stress changes were observed. The measured stresses in the 
roof of the cavern were induced stresses. Hence, it was judged preferable to also use 
results of stress measurement from a nearby storage. At least one of the boreholes was 
located at such distance that the virgin stresses could be measured for the nearby 
storage. However the location of the stress measurement was 500 m from the studied 
drifts and thus might not be representative.  

In this work, in order to permit relevant comparisons, the same element sizes have 
been used for all cases. For the Garpenberg case, the element sizes should preferably be 
smaller closer to the boundary, than used in this work. When simulating single cases, 
the suggestion is to use as small element size as possible near and at the boundary of 
the predicted fallout in order to obtain mesh independent results. Also, the significance 
of drift layout should be considered, as this has a significant impact on the results. 

The advantages of using the program, Phase2, were that it is easy to use and widely 
available and applied within the mining and geo-engineering fields which give the 
possibility for others to use the same methodology as described in this thesis. The 
advantage of fast computation made this program very suitable for parametric studies. 
The disadvantages, as shown for the analysis presented in this thesis, were that the user 
must be cautious with the default settings, e.g. reduction in shear strength when tensile 
failure occurs, which may not be suitable for every kind of simulation. The theory is 
not well described for the program. It is difficult for the user to find information on 
how the modelling, e.g. staging, is performed. For the multi-stage analysis of the 
footwall drifts in the Kiirunavaara mine, it was found that a few (2-10) yielded 
elements, located at some distance from the excavation boundary were reset in the last 
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loading stage. A possible reason is that the elements have gone from failed in shear to 
failed in tension. Stresses and strains in these elements where studied and compared 
with neighbouring elements. This showed similar behaviour in both types of elements. 
Hence, another possible reason for the reset of some elements could be a bug in the 
program concerning the plotting of yielded elements. However it was judged that this 
phenomenon had negligible influence on the results presented, since the predicted 
fallouts were closer to the excavation boundary. 

Concerning the Kiirunavaara case, the distance between the footwall drift and the ore 
contact had a significant influence on the amount of yielding. The simulations showed 
good agreement with field observations, as both the predicted and observed fallouts 
were fewer for drifts more than 40-50 m from the ore contact. However, an increased 
distance between the drift and ore contact results in longer travelling distances for the 
mucking and hence reduces the production effectiveness of mucking. A more practical 
problem is that the length of the electric cable for the automated loaders is limited to 
about 300 m. Therefore it is not always possible to locate the drifts at distances longer 
than 40 m from the ore contact. The location of the drifts should consider both the 
costs of rehabilitation and rock support for drifts located close to the ore as well as 
costs of drifting, reduction in mucking and transportation effectiveness. 

During the failure mapping of the footwall drift in the Kiirunavaara mine it was almost 
impossible to visually judge whether the rock support was a result of rehabilitation or 
the original designed support. The rock support design is therefore suggested to be 
based on damage and fallout experience from upper production levels. Follow-up of 
performed rehabilitations should be documented. Areas with performed rehabilitation 
should preferably be marked on the mine map for easier estimations of problem 
regions.
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6 CONCLUSIONS  

Case histories of fallouts of hard rock masses are presented which can be used for 
comparison of the determined strength from a strength estimation method or for 
numerical analysis simulations. The main conclusions in this thesis are summarised in 
seven subjects as described below. 

1. Applicable criteria for determination of the rock mass strength: 

- The use of the N, Yudhbir – RMR76, RMi, Q-, and Hoek-Brown - GSI
methods, yielded reasonable agreement with the measured strengths. 

- The agreement of the methods with measured stresses at failure is still relatively 
poor, implying that a precise estimate cannot be expected with any method. 

- The results from the Round Robin Test showed that the span between the 
minimum and maximum values was quite large for all used methods (except 
RMS). The large span could be due to the difficulties of choosing the values of 
the parameters. 

- The parameters reflecting joint shear strength (joint condition and joint 
alteration) had a major influence on the determined rock mass strength.  

- The RMi was difficult to use. 

- The parameters were better described and covered more geological situation for 
the Q-system compared to the RMR-system.

- The N method showed the best agreement with measured stresses at failure 
among the methods, however it relies on an old version of the Q-system. This 
is negative, since the new versions are developed to cover more geological 
situations.

- The GSI was most user-friendly. 

- For hard massive rock masses situated in areas with high stresses where no 
separation of joints is possible, the impact of jointing is less obvious. Due to less 



66

influence of joints compared to the other methods, the GSI can be used for 
such conditions. 

2. Model setup: 

- The results showed that the developed shear bands and the zone of yielded 
elements were sensitive to changes in mesh density.  

- By using small elements at and close to the boundary of the excavation and in 
the region of the predicted failure, the results showed no significant changes of 
the predicted failed zone, with a further decrease in zone size. 

- The reduction of shear strength when tensile failure occurs shall not be used 
when applying cohesion softening material models and for predicting shear and 
compressive brittle failure. 

- For a multi-stage simulation in Phase2 the user must be observant whether the 
yielded flags are reset or not when changing the material (the yielded flags 
should not be reset in Phase2 version 6.0).

- For the case when the yielded elements are reset, a reference stage option must 
be set, in order to view differential data (such as yielded elements) between any 
two stages of the multi-stage model. 

3. Applicable material model for prediction of compressive stress-
induced fallouts: 

- A small difference between the residual strength and the peak strength, i.e. less 
brittle and more perfectly plastic material, results in arch-shaped shear bands.  

- Results from elastic analysis show that the SF less than one is arch-shaped as 
opposed to the true v-notch shape. 

- The results from applying the CSFS, CS and CSFH material models showed (i) 
a v-notch shaped failed region and (ii) development of shear bands.  

- The result from the CSFH model, for the case of a peak cohesion 
representative of the intact rock strength, seemed to best capture the observed 
rock behaviour and fallout shape, depth and extent. 

- For the CSFH model, the depth of the intersected shear bands and yielded 
elements agreed well with observed fallout depths for the Heggura, Kobbskaret 
and Renström cases while the predicted depth was greater than the observed 
fallout depth for the Garpenberg and Zinkgruvan cases, and smaller for the 
Brofjorden case. 



67

4. Choice of material parameters: 

- The brittle-plastic CSFS, CS and CSFH models were sensitive to changes of 
the peak strength parameters and less sensitive to changes in residual parameters. 

- A peak cohesion representing the intact rock and a peak friction angle of 10º
showed good agreement with field observations.  

- Low residual values of the cohesion and friction angle, results in a larger depth 
of the crossed shear bands with narrower extent on the excavation boundary.

- More obvious and distinct shear bands were shown for low dilation angles. For 
hard rock masses with tight interlocks and high in-situ stresses the dilation angle 
is probably low (0  to maximum 20 ). For this range the choice of dilation 
angle is less significant with respect to the fallout prediction. 

5. Used methodology for the CSFH model: 

- The strength parameters of the rock mass were estimated applying the 
generalized Hoek-Brown criterion (Hoek et al., 2002) and equivalent 
parameters (cohesion (cm) and friction angle (øm)) using the program RocLab.

- The peak cohesion (cpeak) was determined using the Mohr-Coulomb criterion 
and for the case of applying the uniaxial compressive strength of the intact rock 
( ci) and the friction angle of the rock mass (øm). The peak friction angle was 
10 .

- The residual cohesion was 30% of the rock mass cohesion (cm) and the residual 
friction angle was equal to the friction angle of the rock mass (øm).

- The dilation was 0 .

- The linear regression, used to determine the equivalent Mohr-Coulomb 
parameters, was carried out for a minor principal stress range of tm through 

3max, where tm is the tensile strength of the rock mass (determined from 
RocLab).

- 3max is the upper limit of the confining stress over which the relationship 
between the Hoek-Brown and the Mohr-Coulomb criteria is considered. The 
value of 3max was determined using a linear elastic model. The maximum value 
of 3 within a distance of one tunnel width from the tunnel boundary was 
defined as 3max.

- The required information from the field was the GSI value while the uniaxial 
compressive strength of the intact rock ( ci) was required from laboratory tests.
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6. Interpretation of compressive stress-induced fallouts: 

- Based on the work presented above, a 2D stress analysis program can be used 
for guidance of where, on the boundary, compressive fallout will occur.  

- It is suggested that both the yielded elements and the shear strain bands should 
be used when evaluating potential compressive stress-induced fallouts. 

- This study has shown that potential compressive stress-induced fallouts can be 
predicted using numerical modelling and the following indicators: (i) 
intersecting shear bands with significantly elevated strains and which connect to 
the excavation boundary, and (ii) shear bands being located within the region 
of yielding. Both criteria must be fulfilled simultaneously.  

- Shear bands with zones of low strain values are assumed to indicate possible 
future fallouts, if for instance the stresses should change or scaling be performed. 
The zone of yielded elements failed in shear is greater than the zone of 
intersecting shear bands. Thus, yielded elements can be interpreted as damaged 
rock.

7. Prediction and follow-up of failure and fallouts in the Kiirunavaara 
mine:

- The location of observed fallouts in the footwall drifts in the Kiirunavaara mine 
was predicted for simulations of drifts close to the ore.

- The results from the CSFH model capture the observed behaviour, especially 
for footwall drifts simulated with a flatter roof than the theoretical cross-section. 

- The true shape of the drift is likely to be different from the planned one.

- For arch-shaped roofs the high strength properties of the rock mass resulted in 
the best agreement with compressive-stress induced observations in field. 

- The distance between the footwall drift and the ore contact had a significant 
influence on the amount of yielding. The simulations showed good agreements 
with field observations, as both the predicted and observed fallouts were fewer 
for drifts located more than 40-50 m from the ore contact.

- The simulation of removal of elements showed fewer occurrences of 
compressive-stress induced fallouts in later stages. 

- A multi-stage analysis is required to account for stress changes as a result of 
mining.
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7 RECOMMENDATIONS 

7.1 Practical application of the results 

Since the agreements of the criteria and the characterisation systems with measured 
stresses at failure were relatively poor, none could be selected as more favourable than 
the other. The issue of user friendliness must be considered together with personal 
experience. The RMi is not suggested to be the "beginner’s system", since it has 
proven to be difficult to use. For pure quality determination of the rock mass a stress 
reduction free Q-system (or N method) is preferable, as the Q-system covers more 
geological situations and the parameters are better described than for the RMR-system. 
For massive rock masses in areas with high stresses and in turn tight interlocks the GSI
can be used for determination of the rock mass quality. 

A CSFH material model can be used for prediction of compressive stress-induced 
fallouts. This model is valid for prediction of failure and fallouts in hard rock masses 
with high quality (GSI > 65; ci > 70 MPa). The estimation of input data is described 
in Figure 7.1. 

Potential compressive stress-induced fallouts are captured by yielded elements failed in 
shear and the maximum shear strain. This is likely since shear is often the final 
mechanism in the failure process before fallout occurs. The methodology used to 
identify potential fallouts in a numerical analysis is by the following steps: 

- Identify possible regions of fallout through an elastic analysis, using a rough 
mesh (element size at boundary about 0.2 m). 

- Build a finite element mesh where the elements are small (about 0.01 m for a 
5-10 m wide excavation) at the boundary for the expected fallout. 

- Apply a CSFH model, using input data as described in Figure 7.1. 
- Evaluate yielded elements failed in shear and the maximum shear strain 
- Interpret the results where: 

- Damaged rock = Yielded elements, 
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- Potential fallout = Shear band localisations, connected to the excavation 
boundary, where the strain values are elevated compared to nearby strain 
values. Shear bands are located within region of yielding, and 

- Potential future fallout = Shear band localisations with zones of low strain 
values. Shear bands are located within region of yielding. 

Figure 7.1 Schematic picture of the methodology for selecting input data to the 
CSFH model. 

A multi-stage analysis similar to that described in this thesis can be used in Phase2 to 
simulate cases where the stresses change values and directions, provided that the user is 
cautious concerning resetting of the yielded elements.

7.2 Suggestions for future research 

This thesis has shown some limitations in using Phase2, as an analyses tool. The use of 
other programs is therefore desirable in a future study. All cases with observed fallouts 

Estimate the GSI value from field observation

Determine equivalent Mohr-Coulomb parameters 
(cohesion (cm) and friction angle (øm))

Determine the rock mass strength parameters using 
Hoek-Brown-GSI

Determine the uniaxial compressive strength of the 
intact rock ( ci) from laboratory tests 

Determine the tensile strength of the rock mass ( tm)

Determined 3max using a linear elastic model

m

mci
peakc

cos2
sin1

øpeak = 10

CSFH model
(Dilation angle = 0 )

Peak values Residual values

cres = 30% cm
øpeak = øm



71

could be simulated by other programs (i.e. FLAC, UDEC, PFC) in order to see the 
difference in results and to clarify which behaviour (continuum, discontinuum) is most 
appropriate for simulation of compressive stress-induced fallouts.  

Despite that the footwall drifts in the Kiirunavaara mine was monthly investigated 
during one and a half years, continued follow-up at a regular basis of four to five 
months should be performed. The follow-up is in order to achieve better verifications 
of the material model. To be able to study the true cross-sections of the drifts, the 
suggestion is that some of them should be laser scanned.

For the Garpenberg case, the measured stresses about two hundred meters below the 
raise, were lower than those measured near the raise. Hence local variations existed for 
the Garpenberg case. Applying a CSFH model with the suggested input data as in this 
thesis resulted in greater fallout depth than observed in field. The effect of simulating 
the case with the stresses measured at a farther distance could be studied.

A CSFH model was the most appropriate model according to the results from this 
thesis. The suggested peak cohesion is a function of the uniaxial compressive strength 
of the intact rock together with the friction angle of the rock mass. The peak friction 
has been set equal for all cases (10º) since that has generally given good agreement 
with field observations. Further studies should be conducted to investigate whether 
the peak friction angle is also a function of the rock material. The suggestion is to 
continue with studies using the CSFH model in order to see which values and which 
material parameters that gives the best agreement with field observations.   
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Abstract

Knowledge of the rock mass strength is important for the design of all types of underground excavations. A frequently applied
approach for estimation of the rock mass strength is through an empirical failure criterion, often in conjunction with rock mass classi-
fication/characterisation systems. This paper presents a review of existing methods to estimate the rock mass strength using empirical
failure criteria and classification/characterisation systems—in this study, commonly denoted as estimation methods. A literature review
of existing methods is presented, after which a set of methods were selected for further studies. The selected methods were used in three
case studies, to investigate their robustness and quantitatively compare the advantages and disadvantages of each method. A Round
Robin test was used in two of the cases. The case studies revealed that the N, Yudhbir-RMR76, RMi, Q-, and Hoek–Brown-GSI
methods, appeared to yield a reasonable agreement with the measured strengths. These methods are thus considered the best candidates
for realistic strength estimation, provided that care is taken when choosing values for each of the included parameters in each method.
This study has also clearly shown the limits of presently available strength estimation methods for rock masses and further work is
required to develop more precise, practical, and easy-to-use methods for determining the rock mass strength. This should be based
on the mechanical behaviour and characteristics of the rock mass, which implies that parameters that consider the strength of intact rock,
block size and shape, joint strength, and physical scale, are required.
� 2006 Elsevier Ltd. All rights reserved.

Keywords: Rock mass strength; Failure criterion; Classification; Characterisation; Round Robin test

1. Introduction

The design of underground constructions in rock relies
on accurate and reliable estimates of the load (normally
the rock stress) acting on the constructions in question
and the strength of the rock construction material. For typ-
ical dimensions of tunnels, mine openings, underground
chambers, etc., the rock material is made up of intact
(unfractured) rock pieces separated by natural, pre-existing
joints. This composite material is defined as the rock mass.

Whereas rock stresses can be measured—at least indi-
rectly through, e.g., measurements of strain for a stress-
relieved rock volume, or normal stress on a pressurized
fracture—the strength of the rock mass often cannot be

measured at all. The strength of intact rock can be mea-
sured through standardised laboratory testing, and the
shear strength of joints may also be assessed through labo-
ratory work. However, the scale of a rock mass for a typ-
ical design situation underground precludes physical
testing, other than in very special, and isolated, circum-
stances. Moreover, the interaction between the intact rock
and the discontinuities within the rock mass is often com-
plex, and less well understood (compared to the behaviour
of the individual units), thus making it difficult to predict
the rock mass strength solely from strength data on intact
rock and small-scale discontinuities.

On the other hand, the rock mass strength has a tremen-
dous impact on the design of underground excavations. As
shown by, e.g., Sandström (2003), the uncertainties and
possible variations in strength determinations have at least
as large impact on the actual design, as the corresponding
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uncertainties in stress measurements. Hence, an improved
rock mass strength prediction, as well as a better under-
standing of the failure process in a rock mass, enables,
e.g., reduced stability problems in underground design
and reduced waste rock extraction, improved working con-
ditions underground, and, ultimately, reduced operating
costs for underground and mining work.

The most common methods in use today for rock mass
strength determination are: (i) empirical failure criteria and
rock mass classification or characterisation systems, (ii)
back-analysis of existing failures, (iii) large-scale testing,
and (iv) mathematical modelling. Each of these approaches
are described in the following. Empirical failure criteria
have often been developed in conjunction with methods
to classify or characterize the rock in order to obtain input
data that describe the rock mass conditions. As classifica-
tion systems may have been developed for certain geologi-
cal environments or constructions (such as mines, slopes,
pillars, etc.), the corresponding rock failure criterion is
often only deemed applicable for the same conditions.
Many classification systems were primarily developed to
qualitatively assess the rock mass conditions, expressed in
subjective terms such as poor, acceptable or good rock.
Some systems have been further developed into a criterion
that numerically determines the rock mass strength and its
quality in more objective terms. The greatest advantage of
these methods is, however, their versatility and ease-of-use,
which has lead to their widespread, but often not very crit-
ical, application to many design situations.

In mathematical models, the strength of rock masses is
described theoretically. Mathematical modelling is often
cumbersome due to the complex behaviour of rock masses
with deformations and sliding along discontinuities, com-
bined with deformations and failure of the intact blocks
of the rock mass. Hence, analytical expressions describing
the rock mass behaviour are seldom possible to derive.
Numerical analysis presents an alternative means of math-
ematical modelling. An example of such modelling was pre-
sented by Staub et al. (2003). This approach requires input
data in the form of strength of intact rock and pre-existing
discontinuities, as well as detailed descriptions of the join-
ting pattern of the rock mass. Such detailed input data are
seldom possible to obtain and the methodology is not a
feasible approach for routine and practical strength assess-
ment. Finally, large-scale testing is costly and often practi-
cally difficult, and can never be an option for routine
strength determination. Back-analysis of failures is perhaps

the most accurate method available; however, it requires
data on failures, a reasonable failure model, and similar
rock conditions for forward prediction.

This paper presents a review of existing methods to esti-
mate the rock mass strength using empirical failure criteria
and classification/characterisation systems. All studied sys-
tems are either used as input to a failure criterion or incor-
porate a criterion; hence, both classification systems and
failure criteria are denoted estimation methods in this
study. To investigate the robustness and quantitatively
compare the different selected estimation methods, they
were used in three case studies, the results of which are pre-
sented in this paper. The applicability of the studied meth-
ods with respect to hard, jointed rock masses, typical of the
crystalline rocks of Fennoscandia, was analysed and dis-
cussed. This paper is concerned with rocks whose failure
mechanisms primarily are spalling and/or shear failure.
Furthermore, the rock mass must be possible to approxi-
mate as a continuum material. A rock mass can be said
to be continuous if it consists of either purely intact rock,
or of individual rock pieces that are small in relation to the
overall size of the construction element studied, see Fig. 1.
Finally, the strength of a rock mass is defined as the stress
at which the construction element in question (e.g., tunnel
roof, or a pillar) cannot take any higher load. Depending
on the construction element, the strength may be defined
as the peak stress at failure (e.g., in a tunnel roof) or the
average stress at failure (e.g., over the cross-section of a
pillar).

2. Review of selected methods

A literature review of existing rock mass strength criteria
and rock mass classification systems was conducted. A total
of 21 classification systems were reviewed, see Table 1. Four
rock mass strength criteria were reviewed, all formulated in
terms of r1 and r3, see Table 2. In the review, a set of criteria
were defined for selecting strength estimation methods for
more detailed studies. For further consideration, the meth-
ods had to: (i) present a numerical result that corresponds to
the strength, (ii) have been used after the first publication,
and (iii) be applicable to underground rock masses. Based
on this, the following nine methods were selected: the
Hoek–Brown-, Sheorey- and Yudhbir-RMR76, MRMR,
RMS, Q, N, RMi and Hoek–Brown-GSI. All methods com-
prise an expression for the uniaxial rock mass compressive
strength, see Table 3. In the following, a short description

Intact rock Closely jointed rock

Discontinuous ContinuousContinuous

Fig. 1. Example of continuous and discontinuous rock masses as a function of joint spacing.
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is given of each of the nine selected methods. The full review
can be found in Edelbro (2003).

In 1973 Bieniawski (Bieniawski, 1974) introduced the
rock mass rating (RMR). The RMR-system incorporates
six parameters, see Table 4, whose ratings are added to
obtain a total RMR-value. After 1973, the classification
has undergone several changes and it is important to state
which version of the system that is used. Since Hoek–
Brown (Hoek and Brown, 1988), Yudhbir et al. (1983)
and Sheorey (1997) suggest that the 1976 version of
RMR should be used in combination with their methods,

this version will be used throughout this paper. Both
RMS and MRMR have been developed based on RMR.
The mining rock mass rating (MRMR) was developed
for mining applications (originally by Laubscher in 1975),
see Laubscher (1984), Laubscher and Jakubec (2000). The
1984 version of the MRMR-system takes into account
the same parameters as RMR a well as with adjustments
for joint orientation, the effect of blasting, and weathering,
see Table 4. Since the version from 2000 of MRMR con-
tains some errors in equations and missing data in a table,
the version from 1984 is used in this paper. The rock mass
strength (RMS) classification (Stille et al., 1982), is a mod-
ification of the RMR-system, see Table 4. The sum of the
parameters and the rating reduction with respect to joint
sets is the RMS-value for the rock mass.

Barton et al. (1974), introduced the rock tunnelling
quality index (Q), which incorporates six parameters, see
Table 4. Updating of the Q-system has taken place on sev-
eral occasions. In this paper the 2002 version (Barton,
2002) is used. The rock mass number, N is a modified Q-
system proposed in 1995 (Goel et al., 1995), see Table 4.
The N-system is a stress-free Q-system, but with another
expression of the rock mass strength. When using the N-
system, the 1974 version of the Q-system should be used.
The RMi method (Palmström, 1995) is principally an
expression of the rock mass strength as a reduction of
the intact rock strength due to jointing. The jointing
parameter JP is a reduction factor representing the block
size and the condition of the block faces (joint surfaces)

Table 1
Major rock classification/characterisation systems (from Edelbro (2003))

Name of classification Author and first version Applications Remarks

Rock load theory Terzaghi (1946) Tunnels with steel supports Unsuitable for modern tunnelling
Stand up time Lauffer (1958) Tunnelling Conservative
NATM Rabcewicz (1964, 1965, 1975) Tunnelling in incompetent

(overstressed) ground
Utilized in squeezing ground
conditions

RQD Deere et al. (1966) Core logging, tunnelling In Deere (1968)
A recommended rock classification
for rock mechanical purposes

Coates and Patching (1968) For input in rock mechanics

The unified classification of
soils and rocks

Deere et al. (1969) Based on particles and blocks for
communication

In Deere and Deere (1988)

RSR concept Wickham et al. (1972) Tunnels with steel support Not useful with steel fibre shotcrete
RMR-system (CSIR) Bieniawski (1974) Rock support and stand-up times in

tunnels, mines, foundations, etc
351 case histories are listed in
Bieniawski (1989)

Q-system Barton et al. (1974) Rock support, rock load in tunnels,
large chambers

Mining RMR Laubscher (1975) Rock support in mining In Laubscher (1977)
The typological classification Matula and Holzer (1978) For use in communication
The unified rock classification
system (URCS)

Williamson (1984) For use in communication In Williamson (1984)

Basic geotechnical description (BGD) ISRM (1981) For general use
Rock mass strength (RMS) Stille et al. (1982) Modified RMR
Modified basic RMR (MBR) Cummings et al. (1982) Mining
Simplified rock mass rating Brook and Dharmaratne (1985) Rock support in mines and tunnels Modified RMR and MRMR
Slope mass rating Romana (1985) Slopes
Ramamurthy/Arora Ramamurthy and Arora (1993) For intact and jointed rocks Modified Deere and Miller approach
Geological strength index – GSI Hoek et al. (1995) Mines, tunnels
Rock mass number – N Goel et al. (1995) Stress-free Q-system
Rock mass index – RMi Palmström (1995) Rock engineering, communication,

characterisation

Table 2
Rock mass failure criteria reviewed in the present study

Failure equation Comments Author, version of
criterion

r01 ¼ r03 þ rciðmb
r0
3

rci
þ sÞa s, a and mb are

material constants
Hoek et al. (2002)

r1 ¼ Arci þ Brciðr3rci Þ
a

A is a dimensionless
parameter and B is a
rock material constant,
a is suggested = 0.65

Yudhbir et al. (1983)

r1 ¼ rcmð1þ r3
rtm

Þbm Use RMR76 value Sheorey et al. (1989)
bm is a constant

r01 ¼ r03 þ r03 � Bjðrcjr0
3
Þaj ai and Bj are constants Ramamurthy (2001)

Notations: r1 is the major principal stress (compressive stresses are taken
as positive); r3 the minor principal stress; r01 the major effective principal
stress; r03 the minor effective principal stress; rci the uniaxial compressive
strength of intact rock; rcm the uniaxial compressive strength of the rock
mass; rcj the uniaxial compressive strength of the rock mass; rtm the
uniaxial tensile strength of the rock mass.
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as represented by their friction properties and the size of
the joints. JP includes the factors jR and jA which are sim-
ilar to Jr and Ja in the Q-system, see Table 4.

The geological strength index (GSI) was introduced in
1995 (Hoek et al., 1995) as a complement to their general-
ised rock failure criterion. The GSI-values are, in turn,
used when estimating the parameters s, a and mb in the
Hoek–Brown criterion, using empirical equations. The
GSI-system was introduced to overcome the deficiencies
in RMR for very poor quality rock masses. The original
GSI-table has been subject to several minor revisions, as
well as extensions to accommodate particularly weak and
soil-like rock masses. In this paper the 2002-version of
the GSI is used (Hoek et al., 2002; Rocscience, 2004), see
Table 4.

3. Case studies

3.1. Methodology

The selected methods were investigated in a case study
aimed at quantitatively comparing different methods and
evaluating the robustness of each one of these. To achieve
this, a number of rock mechanics engineers, representing
academia, mining industry, and consulting, were asked to
participate in a so-called ‘‘Round Robin Test’’. All partic-
ipants were asked to calculate/estimate the rock mass
strength for a described case, using the same input data,
and by following the same recommendations for each of
the methods. Totally 11 persons participated in the Round
Robin test no. 1 and 7 persons participated in the Round

Table 3
Expressions of the uniaxial compressive strength of the rock mass for the selected estimation methods

Criterion Uniaxial compressive strength of rock mass (rcm) Authors

Hoek–Brown-RMR76 rcm ¼ rc �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
e
RMRbasic�100

9

q
Hoek and Brown (1988)

Yudhbir-RMR76 rcm ¼ rc � e½7:65ð
RMRbasic�100

100 Þ� Yudhbir et al. (1983)

Sheorey-RMR76 rcm ¼ rc � eð
RMRbasic�100

20 Þ Sheorey (1997)

MRMR rcm ¼ rc � ðMRMR�rating for rcÞ
100 Laubscher (1984)

Q rcm ¼ 5qðQ � rc
100 Þ1=3 Barton (2002)

N rcm ¼ 5:5�q�N
B0:1

1=3
Singh and Goel (1999)

RMi RMi = rc Æ JP Palmström (1995)

Hoek–Brown-GSI rcm ¼ rc � eðGSI�100
9�3D Þ

1
2
þ1
6

e�GSI=15�e�20=3ð Þð Þ
Hoek et al. (2002)

RMS RMS-valuea 100–81 80–61 60–41 41–20 <20 Stille et al. (1982)

rcm (MPa) 30 12 5 2.5 0.5

Notations: rcm is the uniaxial compressive strength of the rock mass; rc the uniaxial compressive strength of intact rock; RMRbasic the rock mass rating
basic value, (RMR for dry conditions and no adjustment for joint orientation); MRMR the mining rock mass rating (rock mass classification); q the rock
density, in t/m3; Q the rock mass quality system (rock mass classification, NGI-index); N the rock mass number (rock mass classification); B the tunnel
span or diameter (parameter in the N-system); RMi the rock mass index (rock mass classification); JP the jointing parameter (parameter in RMi); GSI the
geological strength index (rock mass classification); D the disturbance factor in the Hoek–Brown criterion.
a RMS-value = RMR76 adjusted for joint set reduction, see Table 4.

Table 4
Parameters included in the selected estimation methods

Estimation
method

Parameters Adjustment
parameters

RMR76
a UCSc RQDd Joint or discontinuity spacing Joint condition Ground water condition Joint orientation

MRMR UCS RQD Joint or discontinuity spacing Joint condition Ground water condition Joint orientation,
blasting and
weathering

RMS UCS RQD Joint or discontinuity spacing Joint condition Ground water condition Joint sets
Q Joint set

number (Jn)
RQD Joint roughness (Jr) Joint alteration (Ja) Joint water

reduction
factor (Jw)

Stress
reduction
factor (SRF)

–

N Joint set
number (Jn)

RQD Joint roughness (Jr) Joint alteration (Ja) Joint water reduction factor (Jw) –

RMi UCS Block
volume (Vb)

Joint roughness (jR) Joint alteration (jA) Joint size and termination (jL) –

GSIb Surface
condition

Structure/interlocking of rock blocks –

a Hoek–Brown-, Sheorey- and Yudhbir-RMR76.
b Hoek–Brown-GSI.
c Uniaxial compressive strength of intact rock material.
d Rock quality designation.
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Robin test no. 2. The results from the Round Robin tests
were evaluated with respect to scatter and span of the
resulting strength values, in order to assess the sensitivity
and robustness of each parameter and method.

The cases in the Round Robin test were selected from a
short list of available, published case studies that involved
underground excavations in crystalline Fennoscandian
rock. In particular, cases that involved published informa-
tion on determined rock mass strengths through measure-
ments or field tests were sought-after. Based on this,
three case studies were selected. Two of these were studied
in the Round Robin test—the first case dealt with the pillar
strength tests performed in the Laisvall mine in Sweden,
while the second case was fictitious and represented a typ-
ical drift in a Swedish underground mine. The third case
study was a strength test of a large-scale core from Stripa.
For this case, strength estimation methods were applied by
the first author of this paper, as a complement to the
Round Robin test.

Subsequent to the Round Robin tests, additional analy-
sis of the results was conducted. All participants estimated
the typical value, often together with a minimum and max-
imum value, for each case and for each method. From this,
the scatter of the typical values of each method could be
studied, as well as how good the obtained strength esti-
mates corresponded to the measured/determined strengths
for the case studies. The span, defined as the difference
between minimum and maximum values for each uses,

was also evaluated. To identify the parameters having the
strongest impact on the calculated rock mass strength for
each criterion, their values were varied. Each of the param-
eters was varied within a span defined by the maximum and
minimum value determined by the participants while the
other parameters were kept constant and equal to their typ-
ical values, and the resulting strength values calculated.

3.2. The Laisvall case

3.2.1. General description

In this chapter, the information about the Laisvall case
that was given to the participants in the Round Robin test
(except for the pillar strength) is presented. Krauland et al.
(1989) described a full-scale pillar test, conducted between
1983 and 1988, in the Laisvall mine. The full-scale test was
conducted on 9 pillars, see Fig. 2. The objective of the test
was to estimate the pillar strength to obtain realistic future
design values for mine planning purposes. Stresses were
measured in two pillars (nos. 5 and 9) using the doorstop-
per overcoring method. In addition, Krauland et al. (1989)
also calculated the pillar stresses using Coates formula
(Coates, 1970). The test area was situated in a sandstone
formation with a maximum thickness of 11 m. The sand-
stone is interlayed with thin shale partings and overlayed
by lower Cambrian clays schist. The actual overburden of
the whole orebody varied between 110 and 300 m. The uni-
axial compressive strength of the intact rock (rc) was, on

Fig. 2. Overview of the test pillar area in the Laisvall mine.
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average, 180 MPa (Krauland et al., 1989; Palmström,
1995). The major weaknesses in the pillars are the horizon-
tal, thin shale layers and parallel joints. The following joint
characteristics were found:

– Horizontal joints, which are mainly parallel to the thin
shale layers;

presence of shale,
small undulations on wall,
assumed clay on joint wall,
mainly continuous, and
joint spacing for the horizontal joint set is 0.2–1.2 m.

– Vertical joints, which are mainly short joints parallel to
the loading direction;

slightly rough joints,
planar joints,
fresh joint walls,
mainly continuous joints with joint length 0.1–3 m,
and
joint spacing for the vertical joint set is 0.3–1.5 m.

In the actual full-scale test, the pillars were subjected to
increased stresses by decreasing their cross-sectional area.
This was accomplished by slice blasting that reduced their
width and length in steps of by approximately 0.4 m. The
process was continued until pillar or roof/floor failure
occurred. The pillar fracturing, due to increased loading,
was followed up by failure mapping. The failure develop-
ment was divided into condition classes where class 0 rep-
resents no fracturing and class 3 represents the ultimate
pillar strength, see Table 5.

3.2.2. Determination of pillar strength

The strength of the rock mass in a pillar can be defined
in two different ways. One definition of the strength is the
peak stress at the pillar surface when initial spalling occurs,
thus corresponding to condition class 1, see Fig. 3. Alterna-
tively, the maximum average pillar strength corresponding
to condition class 3 may be defined, see Fig. 3. A schematic
state of stress for condition class 1 and 3 is shown in Fig. 4.
As there is slight spalling on the pillar surface for condition
class 1, the maximum stress is located at the limit between
damaged and intact rock. For pillar condition class 3, the
ultimate load that the pillar can support is reached and rep-
resents the maximum pillar strength. For this case, the

average stress over the pillar cross-section represents the
ultimate pillar strength.

Krauland et al. (1989) only focused on the maximum
average pillar strength capacity when determining the
rock mass strength and they found that the pillars failed
(condition class 3) when the rock mass strength was
rcm = 19.8 ± 1.4 MPa.

To determine the strength at onset of spalling (condi-
tions class 1), the peak stress at the pillar surface was ana-
lysed using the computer program ExamineTAB

(Rocscience, 2003). This program is a displacement discon-
tinuity code for calculation of elastic stresses and displace-
ments for tabular, and in this case, horizontal orebodies.
Since ExamineTAB requires the assumption of linear-elastic
material behaviour, the calculated stresses were calibrated
with the measured stresses in pillar 5 before slice blasting
of the pillars was carried out, thus assuming that the pillars
were in an elastic (no-failure) state at this stage. The model
consisted only of the test area and its nine pillars, with no
consideration of adjacent mining areas or possible varia-
tions in geology in and around the test area.

The input data to the analysis was based on information
from Krauland et al. (1989), and is presented in Table 6.
The depth of the overburden (z) was changed (thus chang-
ing the vertical pre-mining stress) to calibrate calculated
with measured stresses in the pillars. After calibration,
the stresses were calculated for mining step 1 (first slice
blasting). The mean peak stress at the pillar surface of pil-
lar no. 5 after mining step 1 (subsequent to condition class
0 but prior to initial failure in condition class 1) was
30 MPa. The strength values obtained in the Round Robin

Table 5
Description of the pillar condition classes for the Laisvall mine

Class Description

0 No fractures
1 Slight spalling of pillar corners and pillar walls, short fracture

length in relation to pillar height, sub parallel to pillar walls
2 One or few coherent fractures near pillar surface, distinct

spalling
3 Fractures also in central parts of pillar, but not coherent
4 One or a few coherent fractures in central parts, dividing the

pillar into two or more major parts; fractures may be diagonal
or parallel to pillar walls

Initial spalling Pillar bearing capacity

Condition class 1 Condition class 3

Width

Height

Fig. 3. Example of different condition classes and their failure description
for pillars in the Laisvall mine.

Condition class 1 Condition class 3

σpeak

Elastic

σcm

PlasticElastic

Before failure After failure

Fig. 4. Typical theoretical and idealized stress conditions for class 1 and 3
for pillars in the Laisvall mine.
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test were thus compared to the average pillar stress at fail-
ure of the whole pillar (rcm = 19.8 MPa) and the back-
calculated strength corresponding to initial spalling of the
pillar surface (30 MPa).

3.3. The fictitious case

3.3.1. Description

The description of the fictitious case which was given to
the participants included information of mining method,
drift size, major rock types and their uniaxial compressive
strengths, joint set numbers, joint infilling, number of joints
per meter, water content, in situ stresses and rock density.
The case involved a typical transportation drift, with awidth
of 7 m and a height of 5 m, located at a depth of 700 m. The
in situ stresses were rv = 18.5 MPa, rH = 30.8 MPa and
rh = 19 MPa. The major rock type is granite with a uniaxial
compressive strength of 180 MPa. There are three major
joint sets, see Table 7. In addition to the three joint sets, there
were randomly distributed joints, which either had no infill-
ing or quartz and/or chlorite as infilling. The numbers of
joints per m were 2–5 in the horizontal direction and 1–4 in
the vertical direction. The tunnel was completely dry, except
for some small areas (2 m wide, 30 m spacing) of the granite,
where it wasmoist. Since this case is fictitious, the results can-
not be compared to any strength value. The results were
instead evaluated in terms of scatter, span and sensitivity
for the different estimation methods.

3.4. The Stripa case

3.4.1. Description

As a complement to the Round Robin tests, the selected
methods were used to estimate the strength of a large-scale
core that has been tested experimentally. For this case,

strength estimation was only conducted by the first author
of this paper. The Stripa case comprised a granitic (quartz
monzonite) rock sample that was cut, by a slot drilling
technique, in the Stripa mine in Sweden (Thorpe et al.,
1980). The sample, which was recovered at the 360 m level,
had a diameter of 1 m and was 2 m long. The sample was
highly fractured and all observable fractures were mapped.
The sample was tested uniaxially, resulting in a uniaxial
compressive strength of 7.4 MPa.

3.5. Results from the Round Robin tests

A summary of the estimated strength values for the
Laisvall, fictitious and Stripa cases is presented in Tables
8–10, respectively. The results from all methods and all
case studies have also been summarised with respect to
the span between estimated maximum and minimum val-
ues, see Table 11. The methods are arranged in descending
order of the span for each case. For the Laisvall case, the

Table 6
Input data for the ExamineTAB analysis for the Laisvall case study, based
on Krauland et al. (1989)

Parameter Selected value

Young’s modulus, host rock 40 GPa
Density of rock (q) 2700 kg/m3

Young’s modulus, pillar 50 GPa
Height of pillar 4.6
Dip of ore body 0�
rH/rV 3
Depth/overburden of pillars z

rV qgz

Notation: rH is the major horizontal stress.

Table 7
Information of the three major joint sets for the fictitious case

Joint Length Infilling Infilling
thickness (mm)

Orientation Large scale
roughness

Small scale
roughness

Joint
spacing (m)

Set 1 3–7 m Chlorite 61 Approximately horizontal Planar Slickensided 0.1–1
Set 2 7–20 Quartz Closed Approximately parallel to the tunnel

direction with a dip of 60�
Planar Slightly rough with

small undulation
3

Set 3 2–6 Quartz 610 Approximately perpendicular to the
tunnel direction with a dip of 40�

Planar Smooth 0.5–4

Table 8
Estimation of the uniaxial compressive rock mass strength in Laisvall by
11 participants for 9 methods

Min (MPa) Typical (MPa) Max (MPa)

Hoek–Brown-RMR76 12 34.5 74
Yudhbir-RMR76 4.2 16.3 52.9
Sheorey-RMR76 15.5 37 81
MRMR (DRMS)a 27 46.5 60.5
RMS 2.5 7 12
Q (2002) 0.2 36 139
Hoek–Brown-GSI (2002) 2.5 15 50
N 13 27 51
RMi 3 28 51

a Six participants.

Table 9
Estimation of the uniaxial compressive rock mass strength for the
fictitious case by 7 participants using 9 methods

Min (MPa) Typical (MPa) Max (MPa)

Hoek–Brown-RMR76 15 37 115.5
Yudhbir-RMR76 5.8 55 97.6
Sheorey-RMR76 19 43 120.5
MRMR(DRMS)a 24 51.5 70
RMS 2.5 6 12
Q (2002) 10 19.5 39
Hoek–Brown-GSI (2002) 3 22.5 59
N 9 14 23
RMi 2.5 20 60.5

a Six participants.
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largest span among all of the estimation methods was
found for Q (138.8 MPa). The large span is mainly due
to one participant’s misjudgement of the SRF-parameter.
Excluding this, the span would decrease to 40.4 MPa for
Q. Hence, when considering all three case studies, the larg-
est span was found for the Hoek–Brown- and Sheorey-
RMR76 methods, while the RMS showed the smallest span.
It should be noted, however, that the possible range of
strength values for, e.g., the Hoek–Brown method is much

larger than that for the tabulated values of the RMS
method.

The estimated typical rock mass strength values
obtained by each participant for each method for the
Laisvall case are shown in Fig. 5. RMS showed the small-
est scatter while Q showed the largest. For the fictitious
case, the typical rock mass strength values obtained by
each of the 7 participants are shown in Fig. 6. The rock
mass strength values were very low when using RMS,
which also showed the smallest scatter. The MRMR
yielded the largest scatter and typical rock mass strength
values greater than 30 MPa. This was also the case for
the Hoek–Brown- and Sheorey-RMR76 methods. The
other methods gave typical rock mass strength values that
were less than 35 MPa. The typical values of the rock mass
strength for this fictitious case cannot be compared to a
measured value, but the results indicated that an applica-
tion of the Hoek–Brown- and Sheorey-RMR76 and
MRMR methods yielded higher strength values than the
other methods.

All methods have been studied with respect to how
well they agree with the measured/back-calculated rock

Table 10
Strength estimation, by one of the authors, for the large-scale test in Stripa

Min (MPa) Max (MPa)

Hoek–Brown-RMR76 15 53
Yudhbir-RMR76 5.9 33.4
Sheorey-RMR76 19.2 60
MRMR 35 38.5
RMS 2.5 5
Q (2002) 16.5 22
Hoek–Brown-GSI (2002) 33.5 71
N 14 17.5
RMi 0.5 8.5

Table 11
The span between estimated maximum and minimum values, arranged in decreased values for each method

Laisvall case Fictitious case Stripa case

Method Spana (MPa) Method Spana (MPa) Method Spana (MPa)

Sheorey-RMR76 65.5 Sheorey-RMR76 101.5 Sheorey-RMR76 40.8
Hoek–Brown-RMR76 62.0 Hoek–Brown-RMR76 100.5 Hoek–Brown-RMR76 38.0
Yudhbir-RMR76 48.7 Yudhbir-RMR76 91.8 Hoek–Brown-GSI (2002) 37.5
RMi 48.0 RMi 58.0 Yudhbir-RMR76 27.5
Hoek–Brown-GSI (2002) 47.5 Hoek–Brown-GSI (2002) 56.0 RMi 8.0
Q (2002)b 40.4 MRMR(DRMS) 46.0 Q (2002) 5.5
N 38.0 Q (2002) 29.0 MRMR(DRMS) 3.5
MRMR(DRMS) 33.5 N 14.0 N 3.5
RMS 9.5 RMS 9.5 RMS 2.5

a Span = maximum � minimum values.
b Span is 138.8 MPa if all results from the participants are included when using Q.

0 20 40
Rock mass strength (MPa)

Hoek-Brown - RMR76

RMS

Q

Hoek-Brown - GSI

RMi

N

Sheorey - RMR76

Yudhbir - RMR76

MRMR (DRMS) *

Determined peak strength of 
pillar surface (30 MPa)

Determined bearing 
capacity of pillars 

60

Fig. 5. The estimated typical rock mass strength values determined by 11 participants for 9 different methods in Round Robin test no. 1 (Laisvall).
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mass strength for the Laisvall case. The number of typical
rock mass strength values within the interval of 19.8–
30 MPa, i.e., between the average pillar strength and
the peak strength of the pillar surface for the Laisvall
case is arranged in descending order in Table 12. The
rock mass strength back-calculated from the pillar test
lies within the interval of the estimated typical values
for all used methods except for RMS. The criterion that
has the majority of estimated typical values in the interval
of 19.8–30 MPa is N. The MRMR and Sheorey-RMR76

methods resulted in significantly overestimated strength
values.

The deviation between the determined typical rock mass
strength for each method and the measured strength
(7.4 MPa) for the Stripa case is shown in Table 13. The
rock mass strength was overestimated by all methods
except RMi and RMS. For the Stripa case, estimated min-
imum and maximum strength values using both RMi and

Yudhbir-RMR76 methods encompassed the measured
strength. It should be noted that a good correlation can
be expected when using RMi for the Laisvall and Stripa
cases, since this system was developed based on these cases
(among others). The determined typical strength values
when using MRMR, Hoek–Brown-GSI, Hoek–Brown-,
Sheorey and Yudhbir-RMR76, were high.

The information of the parameters having the major and
minor influence on the rock mass strength, based on the
Laisvall and the fictitious case is presented in Table 14.
The RQD has a minor influence on the resulting rock mass
strength for estimation methods in which this parameter is
included. The parameters reflecting joint shear strength
(joint condition in RMR76, MRMR, and RMS, and joint
alteration in Q, N, and RMi) have a major influence on
the rock mass strength. When using RMi the block volume
has a major influence on the end result, while the joint
roughness factor had the least affect on the strength. For
the Hoek–Brown-GSI method, the resulting strength was
most sensitive to changes in the GSI-value, whereas
changes in D (disturbance factor) had the smallest affect
on the strength.

0 20 40 60 80

Rock mass strength(MPa)

Hoek-Brown - RMR76

RMS

Q

Hoek-Brown - GSI

RMi*

N

Sheorey - RMR76

Yudhbir - RMR76

MRMR*

Fig. 6. The estimated typical rock mass strength values obtained by each of the 7 participants in Round Robin test no. 2 (fictitious case).

Table 12
Conformance between estimated typical values and the measured/back
calculated strengths for the Laisvall case

Criterion Number of values
between
(19.8–30 MPa)a

Comment

N 7
Q (2002) 4 Overestimation (54%)
RMi 3 Over-(45%) and

underestimation (27%)
Hoek–Brown-GSI (2002) 3 Underestimation (73%)
Yudhbir-RMR76 2 Underestimation (64%)
Hoek–Brown-RMR76 2 Overestimation (73%)
Sheorey-RMR76 1 Overestimation (82%)
MRMRb 1 Overestimation (83%)
RMS 0 Underestimation (100%)

a Between the determined pillar strength and the peak strength of pillar
surface.
b Only 6 participants = totally 6 values.

Table 13
Conformance between estimated typical values and the measured strength
for the Stripa case

Criterion Deviation from 7.4a (MPa)

RMi �2.8
RMS �3.7
N +8.3
Q (2002) + 11.9
Yudhbir-RMR76 + 19.6
Hoek–Brown-RMR76 + 26.6
MRMR + 29.3
Sheorey-RMR76 + 32.2
Hoek–Brown-GSI (2002) + 45

a Measured uniaxial compressive strength of the large scale Stripa core.
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4. Discussion and conclusion

The present study is limited in terms of number of cases
and the number of participants in the Round Robin test.
Nevertheless, the results from this study pointed at some
important aspects of using empirical methods to estimate
the strength of a rock mass. The results from the Round
Robin tests showed that the Hoek–Brown- and Sheorey-
RMR76, RMS, and MRMR strength estimation methods
gave results that were in poor agreement with the measured
strengths. Also, the largest span between maximum and
minimum values was found for the Hoek–Brown- and
Sheorey-RMR76 methods. When compared to measured
strengths, the application of MRMR always resulted in
high strength values while application of RMS resulted in
an underestimation of the strength. It can be noted that
only six participants estimated the rock mass strength by
the MRMR method, partly due to limited time available
for the participants. Some of the comments from the par-
ticipants during the tests were that: ‘‘MRMR is too compli-
cated to use, so I skipped it’’, ‘‘I did not complete the
MRMR method since there are too many tables and
adjustment factors’’. It is also worthwhile mentioning that
many of the participants expressed concerns about apply-
ing the RMi method, in particular the difficulty in using
the guidelines for block volume estimation. The partici-
pants had different experience of the estimation methods
and RMi and MRMR were new methods for many of
them.

The use of the N, Yudhbir-RMR76, RMi, Q-, and
Hoek–Brown-GSI methods, presented in Table 15, yielded
reasonable agreement with the measured strengths. Fur-
thermore, the application of these methods resulted in a
fairly small span between minimum and maximum value,
which may be taken as an additional indicator of the pre-
cision of the methods. These methods are thus considered
the best candidates for realistic strength estimation.
However, the issue of ‘‘user-friendliness’’ must first be
considered. Of these five methods, RMi seems to be least
user-friendly, primarily due to the difficulties of accurately
determining block size. The tables used for Hoek–Brown-
GSI, are basic, but may be experienced as inaccurate by
the user. As was found from the Round Robin tests, this

can result in wide spans between estimated minimum and
maximum values. All of the participants were experienced
in using RMR and Q; however, the many footnotes in
the tables for the Q-system, in particular for the SRF
parameter, may be confusing, thus making the method
more difficult to use. The large span found for the methods
related to RMR76 is mainly due to the difficulties of finding
a good rating number for the joint condition. The partici-
pants have often used several ratings for one joint set, as
the definition in RMR76 does not cover all possible situa-
tions. In conclusion, the selected five estimation methods
appear to be applicable for hard rock masses, provided that
care is taken when choosing values for each of the included
parameters in each method. However, the agreement with
measured strengths is still relatively poor, implying that
precise estimates cannot be expected with any method.

The study has shown that the span between the mini-
mum and maximum values was quite large for all used

Table 14
The influence of different parameters on the rock mass strength estimation

Methods Laisvall case Fictitious case

Major influencea Minor influenceb Major influencea Minor influenceb

RMR76 Joint condition and joint spacing RQD Joint condition and joint spacing RQD
MRMR Joint condition and joint orientation RQD Joint condition and joint spacing RQD
RMSc Joint condition and joint spacing RQD Joint condition and joint spacing RQD
Q (2002) SRF and Ja RQD Ja RQD and Jn
N Ja RQD Ja RQD and Jn
Hoek–Brown-GSI (2002) GSI D GSI D

RMi jA and Vb jR jA and Vb jR and jL

a Wide span.
b Small span.
c Same as for the RMR76.

Table 15
Methods with reasonable agreement with the measured strengths

Methods Parameters of
interest

Remarks

Q Jr, Ja The effect on the rock mass
strength due to roughness and
alteration needs to be better
defined

RMi Vb, jL, jR and jA The block volume and joint
length needs to be modified and
easier to use

N B Could be interesting to study a
stress free Q-system, of the
newest version to determine the
rock mass strength

rcm ¼ 5:5�q�Q0

B0:1

1=3

Yudhbir-RMR76 – Study the relation between
RMR76 and the rock mass
strength

Hoek–Brown-GSI m, s, a, and GSI –

Notations: Q the rock mass Quality system (rock mass classification, NGI-
index); Jr, jR the joint roughness number; Ja, jA the joint alteration
number; N the rock mass number (rock mass classification); B the tunnel
span or diameter (parameter in the N-system); RMi the rock mass index
(rock mass classification); Vb the block volume; jL the joint size factor; m,
s and a the material constants in Hoek–Brown criterion; GSI the geo-
logical strength index (rock mass classification).
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methods (except RMS). This could be due to the difficulties
of finding the parameter value. However, it is also possible
that the participants have estimated minimum and maxi-
mum values that are far apart to encompass all possible
rock conditions, based on the information given. The esti-
mated typical values have also displayed a wide scatter for
all used methods (except RMS).

The comparisons presented in this paper are based solely
on information relayed to the participants in the Round
Robin tests. This information was compiled by the first
author of this paper, by summarizing different reports
and papers. It is possible that some information might have
been lost ‘‘on the way’’. Furthermore, it is possible that the
results may have been different, if the participants had been
given the opportunity to conduct the strength estimation in
the field. Such a test was conducted by, e.g., Nilsen et al.
(2003), focusing on reinforcement estimations using the
Q, RMR and RMi systems. It was found that the Q-system
was the easiest method to use but also the most sensitive to
variation in parameter rating values. The main conclusion
by Nilsen et al. (2003) was that despite the differences
between the systems and variations of estimated individual
parameters among the observers, the final rock quality
classes (support estimations) were found to be quite simi-
lar. A somewhat similar study was presented by Hval
(2000), in which RMR, Q and RMi were compared for
two tunnel cases in Norway. Hval’s main conclusion was
that all of these three methods could be used when estimat-
ing the final rock support. RMi was found to be more dif-
ficult to use, primarily due to the introduction of block
volume in the system. In a study performed by Lundman
et al. (2004) four systems—RMR, Q, GSI and RMi—were
used in a Round Robin test with 7 participants. Similar to
the present study, the results showed a wide scatter for the
determined typical values as well as for the span between
minimum and maximum values for all used methods. Gen-
erally, the scatter in typical values was larger for poor rock
conditions then for good quality rock masses. The differ-
ence between the results from the users was smallest for
the RMR and the Q system. Lundman et al. (2004) also
compared the Round Robin test result with actual field
mapping of the tunnel, which showed that the results from
the Round Robin test results were, in general, lower (indi-
cating poorer rock quality) than the result from the field
mapping.

In this study, the impact of each parameter on the result
has been studied. In this respect, it is important to separate:

(i) the parameters’ impact on the resulting strength esti-
mate for a particular method,

(ii) difficulties in choosing correct value of the parameter,
and

(iii) the importance of a parameter (on the rock mass
strength).

A small change in the value of a parameter can have
large impact on the result for a particular method. Param-

eters can be poorly described and their values are by that
difficult to select, such as the block volume in RMi or
adjustment factors in MRMR. However, a poorly
described parameter can be very important for the rock
mass strength. Conversely, a parameter can have a seem-
ingly large effect on the estimated strength for a certain
method, but still be of less actual importance for the true
rock mass strength.

Some of the parameters in the five chosen methods have
been marked as interesting in Table 15. The selection of
these parameters is based on the notion that the rock mass
strength is a function of the mechanical properties of the
intact rock material and the joints in the considered rock
mass. Consequently, it can be assumed that important
parameters that can be used when determining the rock
mass strength, are

(i) the strength of the intact rock (represent the rock
material),

(ii) block size and shape (represents the influence of
discontinuities),

(iii) joint strength (represent the influence of discontinu-
ities), and

(iv) physical scale (of the construction versus the rock
mass).

The strength of the intact rock does not necessarily have
to be defined as the uniaxial compressive strength of the
intact rock, as in all of the studied methods. However, some
parameter is needed, which describes the material strength.
The only method that directly incorporates block size and
shape is RMi. However, this study has shown that the block
volume was difficult to estimate; hence, a better method for
block size estimation is warranted. The joint strength is
included in most of the methods, where the joint alteration
and joint roughness parameters (in Q, RMi and N) covers
more possible geological situations and, according to this
study, are better described than the joint condition parame-
ter in RMR. The physical scale is not included in any of the
existing methods. The N method considers the tunnel span
or diameter (B), but not related to the scale of the rock mass.

This study has clearly shown the limits of presently avail-
able strength estimation methods for rock masses. Some of
the tested methods are too complicated and may thus yield
inaccurate results. Other methods may be too simplistic and
for that reason yield unreliable results. It is recommended
that further work in this area is focused on achieving more
precise, practical, and easy-to-use methods for determining
the above four parameters. This could then form the basis
for an improved method (or methods) for practical rock
mass strength estimation, which is based on the mechanical
behaviour and characteristics of the rock mass.
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ABSTRACT

One of the aims of rock mechanics analysis is to predict fallouts in underground 
excavations. The objective of this paper was to study the relative importance of 
different strength parameters and their significance on the simulation of brittle 
failure and fallouts. This work was conducted as a parametric study, using 
numerical modelling and a number of approaches. The results were compared 
with observed fallouts. More obvious and distinct shear bands could be observed 
with decreased element sizes close to, and at, the boundary. The maximum shear 
strain was the most reliable indicator for fallout prediction. The results of the 
(instantaneous) cohesion softening friction softening models were sensitive to 
changes of the peak strength parameters and less sensitive to variations in residual 
parameters. The result from the cohesion softening friction hardening (CSFH)
model, when using a peak cohesion equal to the intact rock strength, best captured 
the observed rock behaviour. 

Keywords: Fallout, brittle failure, numerical modelling, parameter study, case 
study, hard rock 

1 INTRODUCTION 
As a result of mining or underground construction in rock, the virgin rock 

mass condition is disturbed in the region close to an excavation. The 

disturbance can be in the form of redistribution of stresses, which can 

create closure or opening of pre-existing fractures, and/or creation of new 

fractures. Once fractures are formed, the rock can be said to be damaged. 

Accumulating fractures and fracture growth may result in fallout once 
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fractures interact and extend to the boundary of an opening. The aim of 

rock mechanics analysis is often to predict fallouts and understand the 

process of failure and fallout in order to minimise production costs and 

increase personnel safety. The behaviour and strength of intact rock and 

joints respectively can be studied and measured through standardised 

laboratory testing. The rock mass strength may be assessed through back-

analysis of well-described fallouts. However, there has been little work 

reported in the literature that deals with field scale behaviour and well-

described fallouts of hard rock in underground constructions. In this 

paper, numerical modelling was used together with a number of 

approaches, for simulating failure and fallouts. The results were 

compared with observed fallouts in order to improve the understanding 

of the brittle failure process and the fallout characteristics. The objective 

was to study the relative importance of different strength parameters and 

their significance. An evaluation of which approach that best captured the 

actual rock behaviour was performed by comparing the results with 

observed fallouts in two hard rock mass cases.  

In structural mechanics, the term failure is commonly defined as the point at 

which the load acting on a construction element exceeds the strength of the 

element. In rock mechanics, however, failure is often used in a less stringent 

manner, and may be meant to describe everything from plastic yielding in the 

material, to visible cracks in the wall or roof of a tunnel, to major rock falls or 

even complete collapse of an underground excavation. Other terms related to 

failure are disturbed rock, damaged rock, fractured rock, yielded rock, rock fall, 
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and collapse. Therefore, a more clear description of which type of rock failure that 

is referred to is required. 

Fallout is defined as when rock slabs detach completely from the rock mass. In 

hard rock masses, fallouts often constitute a problem for the use of an 

underground opening. In many cases, the first documented observation of 

instability is when fallout occurs, as the first stages either: (i) occur directly 

prior to fallout, (ii) are difficult to observe, or (iii) are not perceived to be of 

enough interest to affect the stability.

For a compressive stress-induced failure, different stages of the failure process 

can be identified, see Fig. 1. This includes fracture initiation, propagation, and 

interaction. The initiation and propagation (micro-scale) is driven by extensile 

cracking (see e.g. Stacey, 1981; Diederichs, 1999). The fractures developed 

during the fracture initiation and propagation phase are referred to as stable 

fractures since an increase in stress is required to induce new fractures or 

propagate existing ones. Increases in stress at this point lead to accumulation and 

growth of fractures. For a brittle material, this also causes a reduction in strength. 

Hence, stress concentrations transfer farther into the rock mass and new fractures 

are initiated at a larger distance from the boundary. Further increases in stress 

result in fracture interaction. For spalling failure slabs parallel to the surface are 

formed (see e.g. Martin, 1997, Diederichs, 2007). Surface parallel fractures are 

not possible to observe from the tunnel surface and can only be noticed through 

monitoring cross-cuts, borehole observations or by fallouts. Fallout can occur 

once fractures connect to the excavation boundary. Often, slabs fail at the outer 

ends through shear propagation, or in the middle through tension (buckling). 
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Thus, shear failure is likely to occur in the final process of the formation of a 

fallout. Often when one thin slab (one to several centimetres thick) has fallen out 

(or been scaled), new slabs are formed. The spalling of the rock is thus a gradual 

process that ends up in a final form that is most often drop- or v-notch shaped. 

Since shear occurs in the outer ends of the slabs, the final shape of the fallout may 

be captured by shear bands or yielded elements failed in shear. 

This work is limited to compressive stress induced brittle fallouts in hard 

rock masses, which are massive or sparsely fractured and situated in 

regions with high in-situ stresses. The considered fallouts in this paper 

are "initial" and the time-dependency is not considered. Obviously, a 

precise limit of initial fallout cannot be established. However, the studied 

fallouts are small in volume (total depth about 0.05 to 0.3 m) and consist 

of detached rock pieces from the roof or wall of a tunnel or drift. The 

primary failure mechanisms are restricted to spalling and/or shearing 

where the rock beyond the zone that has fallen out is stable (if not 

influenced by added load or adjacent mining or drifting). After and due to 

the fallout, the condition of the underground opening is more or less 

stable. The stabilisation by the failure process and the new geometry 

created is explained by an increase in confinement at the notch apex 

together with a decrease in induced damage (Hajiabdolmajid et al., 

2002). Fallouts caused by stress relaxation or related to dynamic loading 

(e.g., blasting, rock bursting or earthquakes) are not within the scope of 

this paper. 



5

2 CASE STUDIES OF OBSERVED FALLOUTS 
Two cases with observed fallouts are presented, each resulting from 

compressive stress-induced spalling where the rock mass can be treated 

as a continuum. These cases are undisturbed by adjacent drifting or 

mining and situated in hard rock masses (uniaxial compressive strengths 

of the intact rocks above 70 MPa) in regions with high in-situ stresses. 

The Kobbskaret case is a road tunnels in Norway while the Garpenberg 

case is a vertical raise in one of the Boliden mines in Sweden. The 

behaviour of the two rock masses differs in that the rock mass in 

Kobbskaret fails in a purely brittle way while it fails in a more brittle-

ductile way for the Garpenberg case. The author has visited both of these 

sites to collect data and study the failure behaviour. Information is also 

based on discussion and communication with the mining/tunnel or 

underground facility staff. Table 1 presents the derived and used input 

parameters for each case. In each case, the rock mass has been 

approximated as a homogeneous, isotropic continuum, since the rock 

mass is sparsely jointed and the fallout is not structurally controlled. The 

stress conditions can be represented by a plane strain assumption since 

the raise- and tunnel lengths are much longer than the cross-section 

dimensions. More detailed information of both of these cases can be 

found in Edelbro (2006). 

2.1 The Kobbskaret tunnel  

The Kobbskaret road tunnel, see Fig. 3, situated in northern Norway, was 

officially opened in 1986. The 4457 m long tunnel has a typical tunnel 

area of about 50 m2 (width  9 m and height  6 m) and was excavated 

by conventional drill- and blast-tunnelling with two active fronts. The 
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region is characterised by extensive foliation, spalling and buckling of 

slabs at the rock ground surface, indicating high, horizontal tectonic 

stresses. Along the entire tunnel length, the rock mass is composed of 

Precambrian coarse grained, gneissic granite (Kildemo, 1985). The 

mountains in the area have heights of about 1000 m above sea level, see 

Fig. 4. 

Due to the high rock stresses, spalling occurred in the tunnel roof, both 

during excavation and after completion of the tunnel. Stress 

measurements have been performed by 3D overcoring at 630 m depth 

(Kildemo, 1985), see Table 1. Five fallouts have been documented from 

1997 to 2004 with a depth of 0.05 to 0.3 m (Statens vegvesen 2004, 

Kildemo, 1985, and Myrvang et al., 1997). The failure did not proceed 

after installation of reinforcement and completion of the tunnel. The 

progress of the brittle failure was observed by studying drill holes in the 

zone closest to the boundary, 10 years after excavation. An increased 

number of joints could only be observed up to a maximum depth of 0.2 m 

from the boundary, (Myrvang et al., 1997). 

2.2 The Garpenberg raise 

In the Garpenberg mine, owned by Boliden Mineral AB, ore is extracted 

containing zinc, silver, lead, copper and gold. The unsupported vertical 

raise with a diameter of 2.13 m is situated at a depth of 830 to 880 m 

below surface. The raise has been developed in limestone and is directly 

above an area where stress measurements have been performed using 3D 

overcoring (Nilssen, 2004), see summary of results in Table 1. The initial 

spalling on the surface of the raise started immediately after raising, in 
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the direction perpendicular to the maximum measured stress, which 

confirms the major principal stress direction. The fallouts were small 

with a maximum depth of 0.05 m, see Fig. 5. 

3 APPROACHES TO SIMULATE BRITTLE 
FAILURE AND FALLOUTS 
Different methods of how to model failure of brittle and hard rock 

masses have been proposed by e.g. Martin (1997), Hajiabdolmajid et al. 

(2002) and Diederichs (2007), primarily based on observations at the 

Underground Research Laboratory (URL) in Canada. As the proposed 

approaches have been developed for a certain geological environment, 

these are assumed applicable for similar rock conditions elsewhere. Some 

of the approaches were calibrated so that the results, in terms of strength 

factor and yielded elements, would fit the depth, extent and shape of the 

brittle failures. The use of the term failure in the references quoted above 

is equivalent to the definition of fallout used in this work. 

Perhaps the most common approach within numerical modelling in rock 

mechanics is to use the Hoek-Brown failure envelope or equivalent 

Mohr-Coulomb strength parameters. These are used both for elastic and 

plastic material models. The generalised non-linear version of the Hoek-

Brown criterion (Hoek et al., 2002), is written:

a

ci
bci sm 3

31 ,  (1) 

where 1 and 3 are used instead of the effective stresses when no water 

pressure is considered. ci is the intact uniaxial compressive strength. The 
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constants s, mb and a in the Hoek-Brown criterion depend upon the rock 

mass characteristics and are defined as 

D
GSImm ib 1428

100exp ,  (2) 

D
GSIs

39
100exp ,  (3) 

3/2015/
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2
1 eea GSI ,  (4) 

where D is a factor that depends on the degree of disturbance and mi is a 

constant for the intact rock. The rock mass jointing is described by rock 

structure and joint surface condition in the geological strength index 

(GSI). For massive rock masses the GSI value is generally high (often 

>70) and values of mb, s and a approaches the intact rock values (i.e. 

values for GSI=100).

As suggested by Hoek et al. (1995), an elastic-brittle material model, with low 

residual values of cohesion and friction angle, should be best suited to represent 

brittle fallout. At URL, it was observed that brittle failure occurs in the region of 

maximum tangential stress around the boundary and that stress-induced fracturing 

around the tunnel initiated at approximately 0.3 – 0.5 ci (e.g. Martin et al., 1997; 

Diederichs et al., 2004). The application of the strength parameters in Hoek–

Brown criterion (Martin et al., 1999) resulted in a suggestion that the location and 

depth of brittle failure (but not the shape and extent) could be well estimated when 

using a value of mb close, or equal, to zero and s = 0.112 in an elastic analysis 

(this represents brittle failure initiation at 0.3· c). The stability of the excavation 

was evaluated through the Strength Factor (SF). The region of SF less than one 

was assumed to represent the observed failed region. Similar findings of low 
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confinement dependency were presented by Diederichs et al. (2004), who 

summarised research of back-analyses of brittle failure on damage initiation.  

As proposed by Schmertmann and Osterberg (1960) the friction term is 

active if movement between particles exists. Cohesion loss between 

particles implies the occurrence of such movement. For small plastic 

strains the frictional term has almost no influence and as the strains grow, 

the cohesion drops and the significance of the friction angle increases. 

According to Hajiabdolmajid et al. (2002) a strain dependent model 

should be used when simulating brittle fallouts and the calculated yielded 

elements failed in shear resulted in good agreement with fallout 

observations from the Underground Research Laboratory experiment in 

Canada. The strain dependent model was suggested to be cohesion 

weakening and friction strengthening. The same model, except for an 

instantaneous softening and hardening model has also been discussed and 

suggested by Diederichs et al. (2007). In Diederichs (2007) the predicted 

depth of the fallout was evaluated through shear band localisations and 

yielded elements, which resulted in good agreement with the observed 

failures. 

4 METHODOLOGY 

4.1 Numerical modelling 

Observed fallouts were compared with the predicted fallouts from 

numerical models in the stress analysis program Phase2 (Rocscience Inc., 

2008). This program was chosen since it is easy to use and widely 

available and applied within mining and geo-engineering fields. The 
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program is used for calculation of stresses and displacements around 

underground and surface excavations in rock. Phase2 is an elastic-plastic 

finite element stress analysis program, in which the material can yield 

and exhibit non-linear stress-strain behaviour if treated as plastic. If the 

peak strength is exceeded, residual strength values can be applied by 

treating the material as either elastic-perfectly plastic or as elastic-brittle 

plastic (instantaneous softening).  

In this work, three different material models have been used: (i) elastic, 

(ii) elastic-perfectly plastic, and (iii) elastic-brittle plastic. The applied 

material models and failure criteria, shown in Table 2, are based on the 

approaches presented in section 3. As pointed out by Marinos et al. 

(2005) the application of the GSI system is not regarded as meaningful in 

hard rock at great depths with tight interlocks. However, the back-

calculated strength for fallout in massive brittle rock is often as low as 

50% of ci (see e.g. Myrvang, 1991; Diederichs et al., 2004). To 

determine whether it is meaningful to use the GSI system when GSI >70, 

the strength parameters were defined by (1) the intact rock and (2) the 

GSI system (the "down-scaled" rock mass strength). An elastic analysis 

with m=0 and s=0.112 was applied. In addition, four different elastic-

brittle plastic material models were used: (i) m = 0 and s = 0.112 

(residual values); (ii) a cohesion and friction instantaneous softening 

(CSFS) model as suggested by Hoek et al. (1995); (iii) a cohesion 

instantaneous softening (CS) model in order to study the significance of 

cohesion while the friction was kept constant and (iv) a cohesion 

instantaneous softening and friction instantaneous hardening (CSFH)
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model (based on e.g. Hajiabdolmajid et al., 2002; Diederichs, 2007). 

Since the cohesion weakening and friction strengthening model presented 

by Hajiabdolmajid et al. (2002) require non-simultaneous changes of the 

friction and cohesion it cannot be studied by the use of the simple stress 

analysis program utilised in this study. Also for these kinds of strain 

softening models, the required input data in the form of 

softening/hardening strains are difficult to obtain. The methodology 

suggested by Diederichs (2007) was based on determination of the 

damage and systematic damage initiation thresholds, preferably, from 

acoustic emission data, as well as a reliable estimate of the tensile 

strength. Thereafter values on s and m corresponding to the damage and 

systematic damage initiation was determined. The equivalent Mohr-

Coulomb parameters, used in the simulations performed by Diederichs 

(2007) were cohesion-softening friction-hardening. For all of the brittle 

plastic models, the peak strength parameters were determined from the 

rock mass strength using the program RocLab (Rocscience Inc., 2007). 

4.2 Fallout indicators 

For elastic analysis, the stability of the excavation was evaluated through 

the Strength Factor (SF). However, an elastic model cannot "fail", so a 

SF value less then one is considered to represent failure within the 

material. This may be used to estimate the depth, shape and extent of the 

fallout. In the plastic analysis, the (i) yielded elements, (ii) volumetric 

strains, and (iii) maximum shear strains were used as indicators for 

failure.  



12

As discussed earlier, it is reasonable to assume that the region of 100% 

yielded elements is equal to or larger than the area/shape of a fallout. The 

evolution of damage can be represented by irreversible/plastic strains in 

the rock. The maximum shear strain is evaluated as it indicates where 

shear occurs within the material. In particular the developed shear bands, 

narrow zones of intense straining, are studied. Fallout, caused by shear, is 

assumed to occur when two shear bands cross or forms a coherent arch. 

If the shear bands are connected with the excavation boundary, the area 

in between is assumed to fall out (see e.g. Sjöberg, 1999 and Sandström, 

2003). In plane strain analysis, the maximum shear strain is:  

2
31

maxxy ,    (5) 

where 1 is the major principal strain and 3 is the minor principal strain. The 

principal strain orientations also correspond to the directions of the major and 

minor principal stresses in the cross section plane.  

The redistribution of stresses, due to mining or drifting, causes the material to 

change in volume. The volumetric strain is the change of the volume versus the 

original volume. The volumetric strain is used to indicate the location and size of 

the volume change occurring within the material. In a plane strain analysis in 

Phase2, where the out-of-plane strain is zero, the volumetric strain is defined as 

the sum of the principal strains:  

31yyxxv  ,   (6) 

where the strain is positive if an element has shortened along the 

coordinate direction of interest and vice versa. According to e.g. Lau and 

Chandler (2004) and Eberhardt et al. (1998), the initiation and unstable 
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crack propagation in a brittle intact rock can be predicted by studying the 

volumetric strain. Unstable crack growth occurs at the point of reversal in 

the volumetric strain curve, indicating that the formation and growth of 

cracks exceeds the elastic compression of the rock. It has been observed 

from laboratory tests on intact rock samples that slipping along a crack 

and the propagation axially occurs simultaneously at the onset of 

fracturing (Qiaoxing, 2006). Numerical simulations of intact rock 

samples showed that the contour map of shear bands and the volumetric 

strain localization was similar (Wang, 2007). Assuming this behaviour 

also exists at larger scales and when simulating rock masses, the 

volumetric strain very probably shows bands that more or less coincide 

with maximum shear bands. Hence, the evaluation of the volumetric 

strain is the same as for the maximum shear strain, i.e. if the developed 

volumetric strain localizations cross (or form a coherent arch) and are 

connected with the excavation boundary, the area in between is assumed 

to fall out.  

4.3 Parametric study 

To study the relative importance of different strength parameters and to 

evaluate the material models and fallout indicators, which best capture 

the observed rock behaviour and fallouts, the following steps were 

carried out:

- Define the input data from field studies and/or documented 

information of the cases. 
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- Use the selected material models and criteria presented in Table 2, 

to calculate stresses, strength factors or strains and yielded 

elements, using numerical modelling. 

- Evaluate the outcome and compare the predicted failed zone, 

using the different indicators, with the observed fallout.  

- Select the material models and indicators that best capture the 

rock behaviour, based on the most suitable agreement with the 

observed fallout. Selection was also based on the possibility of 

changing peak and residual strength parameters for better 

agreement. 

Based on the selected material models, a parametric study of the 

significance of variation of different material behaviour and strength 

parameters was performed. As a complement, a study of the variation in 

element types, external boundary, mesh and mesh density was performed 

for the Kobbskaret case. Also, the effect of reduction of the shear 

strength when tensile failure occurs was investigated. 

For each case, data from rock stress measurements, rock mass 

characterisation and laboratory testing have been compiled and used to 

identify the stress conditions, the geological strength index, GSI (Hoek et 

al., 2002), the uniaxial compressive strength, Young’s modulus, and 

Poisson’s ratio of the intact rock. The peak strength parameters were 

determined by using the most widely referred and used criteria for rock 

mass strength determination, namely the Hoek-Brown (Hoek et al., 2002) 

and equivalent Mohr-Coulomb failure criteria. The intermediate stress 
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has limited influence on the peak strength of the rock near the excavation 

boundary (Cai, 2008). However a high value on 2 confines the rock so 

that the developed fractures can only be directed parallel to the major and 

intermediate principal stresses ( 1 and 2 ) [Cai, 2008]. Hence the effect 

of 2 on the failure stress is limited but, if 2 is high, it can control the 

direction of propagating fractures. The applied criteria in this work only 

consider the 1 and 3 stress components. When determining the intact 

rock strength, see Table 2, mi is used instead of mb together with 

GSI=100, s = 1 and a = 0.5. To estimate the cohesion (c) and friction 

angle (ø) of the rock mass, a Mohr-Coulomb failure envelope has been 

matched to the Hoek-Brown failure envelope using linear regression and 

the program RocLab. The linear regression was conducted for a minor 

principal stress range of tm through 3max, where tm is the tensile 

strength of the rock mass and 3max is the upper limit of the confining 

stress over which the relationship between the Hoek-Brown and the 

Mohr-Coulomb criteria is considered. The value of 3max was selected, 

based on an elastic stress analysis, as the 3-value at a distance of one 

tunnel width beyond the tunnel boundary. The values for the cohesion 

and friction in the cohesion softening brittle models are presented in 

Table 3. The disturbance factor (D) is set to zero for all cases as 

controlled blasting or raising has been used. 

5 MODELLING RESULTS 

5.1 Finite element mesh 

For the Kobbskaret case, a study of variation in element types, external boundary, 

mesh and mesh density was performed. A "circle domain" was used, see Fig. 6, in 
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order to decrease the number of elements compared to a box domain and thus 

enable a finer discretization in the region closest to the boundary. The extent of 

the modelled domain can be defined by an expansion factor in Phase2, which 

determines how far the generated external boundary will be projected relative to 

the excavation dimensions. The extent of the modelled domain was defined by an 

expansion factor of four in relation to the excavation dimension, to eliminate 

boundary effects. The domain was discretized with a finite element mesh of six-

noded, triangular elements. A mesh gradation factor of 0.1 was used. 

The mesh setup in Phase2 is separated concerning element size on the excavation 

boundary (discretization density) and element sizes within the model domain 

(mesh density), see Fig. 6. It is, for instance, possible to increase the element 

density within boundaries without affecting the discretization density on the 

excavation boundary and vice versa. It was found that the thickness of the 

developed shear bands was sensitive to changes in element sizes (Fig. 7a). Such 

mesh dependency, especially for strain-softening models, has been shown by 

various authors, e.g. Hobbs and Ord (1989), Pietruszczak and Stolle (1987) and 

Courthésy and Leite (2008). In this work, the same location of the failed zone was 

predicted independent of element sizes and mesh density. More obvious and 

distinct shear bands could be observed with decreased element sizes at the 

boundary and increased mesh density close to the boundary. The failure 

localization is dependent on the element size, hence larger elements result in 

wider and more diffuse shear bands. For large elements (such as 1m for a 9 m 

wide excavation) the region of possible failure and fallout is difficult to evaluate. 

Also, the strain values increase with decreased element sizes. Furthermore, a 

smooth change of element sizes nearest the excavation increased the sharpness of 
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the bands. The influence of changes in element sizes on e.g. the major and minor 

principal stress, and the maximum shear strain (Fig. 7b and c), can be studied in 

order to determine a reasonable depth of the finer mesh zone in the region where 

the predicted fallout is expected to occur. In the example (Kobbskaret case) 

presented in Fig. 7b and 7c, the depth of the zone with higher mesh density is 

suggested to be 1.5 m, as beyond that depth, the curves stabilise and show no 

significant difference. In this study, the element sizes closest to the boundary are 

0.01 m for the Kobbskaret case and 0.003 m for the Garpenberg case. These were 

the smallest element sizes that could be used, when applying the default and fast 

Gaussian elimination solver in Phase2and for a computer configuration of 2GB 

memory (RAM). More elements can be used when applying the conjugate 

gradient solver, but this is a much slower algorithm and was not used in this work. 

Considering the overall aim of this work the used mesh was considered 

sufficiently accurate for this purpose. In regions on the excavation boundary 

which were outside the predicted failed zone, the element side length was set to 

0.2 m. 

5.2 Reduction of shear strength when tensile failure occurs 

A default setting when using the program Phase2 is that tensile failure reduces 

shear strength to residual values. No reference exists as to why this assumption is 

used as a default setting in the program (Corkum, 2008). The default setting has 

no effect when using a perfectly plastic material model (as residual strength is 

equal to peak strength). When applying the CS or CSFH model, the reduction of 

the shear strength did not influence the results significantly. However, the shear 

strength reduction had a clear effect on the results when using the CSFS model, 

see Fig. 8. Hence, it is important to study whether the region of elements that has 

failed in tension is greater than the region failing in shear. In those cases, the 
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reduction of shear strength when tensile failure occurs has a significant influence 

on the amount of yielded elements. The tensile failure might occur in one 

direction but this does not necessarily mean that the shear strength of the material 

in the zone in all directions is equal to the residual strength. Based on these results 

no reduction of the shear strength when tensile failure occurs was used in the 

parametric study below. 

5.3 Parametric study 

5.3.1 Evaluation of material models and fallout indicators 

The results of an elastic stress analysis show that the shape of the region 

with SF less than one is arched-formed and has a large extent around the 

boundary as opposed to the true, more narrow fallouts of thin slabs 

observed in the two cases.   

The perfectly plastic model resulted in a slightly deeper fallout zone 

when using input data in form of the rock mass strength. This was also 

shown by Hajiabdolmajid et al. (2002). When using the intact rock 

strength the result was the opposite. Hence, for very high strength rock 

masses (intact rock), the region of SF less than one is larger than the 

region of yielded elements.

The region of the yielded elements for a perfectly plastic material model, 

shows, similar to the SF, an arch formed shape, see Fig. 9 a). This was 

determined both for the approach when the rock mass strength 

parameters are defined by the GSI system and for the intact rock strength 

simulation. When applying CSFS, CSFH or CS models, the predicted 

yielded zone is greater than the observed fallout. However, if compared 
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to the results from perfectly plastic material models, the shape of the 

yielded zone is more v-notch shaped, see Fig. 9 b). For the m=0

approach, the plastic analysis resulted in better agreement with actual 

fallout compared to the elastic analysis. 

The evaluation of the agreement between observed fallouts and the 

maximum shear strain, showed that shear bands only formed for the 

brittle plastic material models, see Fig. 10 (except approach m=0, for the 

Kobbskaret case). This could be explained by the increase of shear band 

development with lower residual strength. If compared to the yielded 

element zone, the regions of crossed shear bands are more v-notch 

formed and closer to the boundary of the excavation.

Similar to the maximum shear strain, localizations of bands of volumetric 

strain formed when using the brittle plastic models. These bands have in 

general the same shape and extent as the maximum shear strain bands, 

see Fig. 11. However, the contour of the shear strain bands appeared 

more obvious compared to the volumetric strain localizations and the 

maximum shear strain is therefore selected as a more reliable indicator of 

fallout. This is in consistent with the fact that shear is likely to occur in 

the final process of formation of the fallout.  

The shape of the predicted fallout when using elastic and elastic-perfectly 

plastic material models for a hard rock mass will be arch-formed (versus 

the true v-notch) despite changing the peak strength parameters. Hence, 

as the results of the CSFS, CS and CSFH models: (i) showed a tendency 
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towards v-notch shape, (ii) resulted in development of shear bands, and 

(iii) could be studied with a wide range in strength parameters, these 

were used in the continued parametric study.  

5.3.2  Dilation angle 

Dilatancy is a measure of the volume increase in a material during shearing. 

Based on e.g., Vermeer and de Borst (1984) the dilation angle for rock masses is 

fairly low and at least 20  less than the friction angle. This is considered 

conservative as a higher dilation angle should produce a higher failure load 

(Vermeer and Borst, 1984). Hoek and Brown (1994) suggested using peak 

dilation angles equal to ¼ of the peak friction angle for good quality rock masses. 

According to the Rocscience website (2008) a dilation angle equal to  of the 

peak friction angle is suggested for hard rock masses and  to ½ of the peak 

friction angle for a strain softening model. What proportion of the friction angle 

that should be used is very much a matter of debate and there are no clear 

guidelines (Rocscience, 2008). Hence, to cover suggested dilation angles and 

investigate the corresponding significance on the results, a parametric study was 

conducted. As seen in Fig. 12, a low dilation angle results in more distinct shear 

bands, while the zone of yielded elements is not much affected. For a dilation 

angle of 20  shear bands are no longer formed  instead, an arch-formed zone 

develops. The developed shear bands become wider and more diffuse as the 

dilation increases (see also e.g. Hobbs and Ord, 1989; Wang, 2007; Corthésy and 

Leite, 2008; and Zhang and Mitri, 2008). It appears reasonable to assume that for 

hard rock masses with tight interlocks at large depths, the possibility for dilation is 

small. Zhang and Mitri (2008) showed that an associated plasticity flow rule 

(dilation angle equal to friction angle) would underestimate the extent of final 
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yield zone around the excavation. In this study all cases can be considered to be 

constrained and the dilation angle was kept equal to zero (non-associated flow 

rule).

5.3.3 Tensile strength 

Changing the tensile strength, from -0.4 MPa to -12 MPa, had no significant 

influence on the results. This is as expected  tensile strength would not influence 

on compressive shear failure. A value representing the tensile strength for the rock 

mass determined using RocLab, was used in the continued parametric study. 

5.3.4 Peak Cohesion  

All of the studied material models in the parametric study consider a cohesion 

softening behaviour. The peak strength of the cohesion was determined using the 

Mohr-Coulomb criterion (when 3=0) 

cos2
sin1cmc         (7) 

where the friction angle ( ) is retained as the value determined for the rock mass 

strength. cm (uniaxial compressive strength of the rock mass) is represented by (i) 

the peak value determined for the rock mass strength using RocLab and by being 

equal to (ii) 50%, (iii) 70% and (iv) 100% of ci. The selection of these values 

were based on laboratory studies from the URL case, where it was observed that 

systematic damage initiation starts at about 30-50% of ci and that crack 

interaction starts at about 60-70% of ci (Diederichs et al., 2004). 

This study showed that the peak cohesion has great influence on the result and one 

needs to be cautious when selecting this value, see Fig. 13 and Fig. 14. Since the 

best agreement with the observed fallout was found when the peak cohesion was 
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based on cm = ci for the Garpenberg raise and cm = 50% of ci for the 

Kobbskaret tunnel (except for the CSFH model, where cm = ci showed the best 

agreement), these were used in the continued parametric study.    

5.3.5 Residual Cohesion 

This study shows that the residual cohesion had less influence on the result 

compared to the peak cohesion, see Table 4. The largest effect of the residual 

cohesion was found for the CSFH model and when applying the same peak 

cohesion for all models. When using the CSFS or CS models, the residual 

cohesion had little influence on the result. The zone of yielded elements is more 

influenced by the variation in residual cohesion compared to the maximum shear 

and volumetric strains. A lower residual cohesion results in a larger fallout depth 

from the excavation surface but also a narrower zone of fallout as indicated by the 

crossed shear bands. 

5.3.6 Peak friction angle 

A change in friction angle for the CS model influences both the peak and the 

residual strength. When using a CSFH model the variation in peak friction angle 

also has a great influence on the results, especially on the zone of yielded 

elements, see Fig. 15. In the literature, the value of the peak friction angle, when 

simulating strain CSFH behaviour, is varying between 0-22  (see in e.g. 

Hajiabdolmajid et al., 2002; Diederichs, 2007; Corthésy and Leite, 2008). It is 

therefore not obvious which value is preferable to use. Based on this study, a peak 

friction angle equal to zero (as suggested by Hajiabdolmajid et al., 2002), results 

in a very wide and deep zone of yielded elements. For the CSFH and CSFS

model, a higher peak friction angle (25-30º) results in yielded zones and crossed 

shear bands with narrower extent on the excavation boundary and smaller depth 
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compared to lower peak friction angles (0-5º). Based on the results in this study a 

peak friction angle of 10º has shown the best agreement with field observations. 

5.3.7 Residual friction angle 

The residual friction angle shows less influence on the results compared to the 

peak friction angle, see Table 4. The effect of varying the residual friction angle is 

largest for a CSFH model, and when applying the same peak cohesion for all 

models. A lower residual friction angle results in a more v-notch shaped zone of 

yielded elements compared to higher angles. For the CSFS model, a large 

variation in residual friction angle does not lead to large differences in residual 

strength. Hence it shows little influence on the result. A lower residual friction 

angle results in a larger depth of the crossed shear bands but also a more narrow 

extent on the excavation boundary.

6 DISCUSSION 
The present study is an evaluation of commonly used material models to simulate 

possible brittle fallouts by using numerical stress modelling. The results from this 

study pointed at some important aspects of using different material models and 

indicators for fallouts and the significance of the choice of strength parameters 

when simulating brittle fallouts. The predicted failure, using Phase2 and the Mohr-

Coulomb criterion, are tensile and shear failure, while the observed and studied 

fallouts are caused by spalling. In this paper it was evaluated whether (i) SF less 

than one for an elastic model, or (ii) yielded elements, (iii) maximum shear strain, 

and/or (iv) the volumetric strain for an plastic model could be used as indicators 

of compressive stress-induced fallouts. The results from the elastic analysis did 

not agree well with the shape and extent of the observed fallouts. When using 

brittle plastic analysis and cohesion softening models the region of yielded 
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elements (failed in tension and shear) is greater than the zone of crossed shear 

bands, especially for lower peak strengths. The zone of elements failed in shear is 

almost equal to the region of crossed shear bands (Fig. 8). The maximum shear 

strain was found to be the most reliable indicator for predicting compressive 

stress-induced fallouts when using cohesion softening models. The damaged rock 

is rock that has yielded and thus exhibit reduced strength. The damaged rock may 

undergo fallout if subjected to changes in stress or if not reinforced or scaled. The 

results from this study showed that the region of yielded elements (considering 

elements both failed in tension and shear) is more likely to represent the damaged 

rock than a fallout, at least for lower peak strength.

When using brittle plastic material behaviour the peak strength values have the 

greatest influence on the results, while the residual values have smaller influence, 

see Table 4. When comparing the results from different material models, the 

CSFH model was most sensitive to variation in strength parameters. Actually, 

every studied parameter showed a significant influence on the results for the 

CSFH model. The peak strength, when using the CSFH model, was much lower 

compared to the CS and CSFS models, see Fig. 13 and Fig. 14. Smaller difference 

between peak and residual value leads to greater influence on the result. Hence, 

the significance on the result of the residual parameters for the CSFH model is 

smaller if the peak strength is much higher.  

The best agreement with the observed fallout was found when cm = ci for the 

Garpenberg raise and cm = 50% of ci for the Kobbskaret tunnel. Hence, the 

strength and rock mass behaviour vary a lot for these two cases, despite that they 

both can be defined as hard rock masses and that the fallout is caused by spalling 
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failure. One reason for this could be that the scale is different. A possible source 

of error is the input data in the form of e.g. stress conditions and uniaxial 

compressive strength. The uniaxial compressive strength value, for the 

Garpenberg case, is a mean value of all performed compression tests on 

limestone. The 95% confidential interval for ci corresponds to 45-105 MPa. 

Hence a higher ci might be more representative for the Garpenberg case. 

If the same peak strength was used for the different material models (i.e. higher 

peak cohesion angle for the CSFH model), the same location was predicted for the 

failed zone, independent of the model. The shape of the predicted failed zone was 

widest and deepest when using the CSFS model. The predicted failed zone of the 

CS model was arch-shaped for higher peak strengths. The result from the CSFH

model seemed to capture the rock behaviour the best, as the results showed a 

fallout region with a smaller extent on the boundary, compared to the other 

models when using the same peak strengths. A peak cohesion representative of 

the intact rock strength resulted in the best agreement with observed fallouts, 

when applying the CSFH model. This is inline with results from Diederichs 

(2007). Theoretically, a cohesion loss and increase of friction when the rock 

weakens is reasonable.

7 CONCLUSIONS 
Based on the work presented above, a 2D stress analysis program can be used for 

guidance of where, on the boundary, compressive fallout will occur. This study 

has also shown that the developed shear bands and the zone of yielded elements 

were very sensitive to changes in mesh density. However when using small 

elements at and close to the boundary of the excavation and in the region of the 
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predicted failure, the results show no significant changes of the predicted failed 

zone.

The maximum shear strain was found to be the most reliable indicator for fallout 

prediction when using the Cohesion Softening models. This is consistent with that 

shear often occurs in the outer ends of the slabs. The zone yielded elements is 

likely to show better agreement with the damaged zone, at least for low peak 

strengths. 

The CSFS, CS and CSFH material models were selected to be used in the 

parametric study as their results showed (i) a v-notch shaped failed region, and (ii) 

development of shear bands. The CSFS, CS and CSFH models were sensitive to 

changes of the peak strength parameters and less sensitive to changes in residual 

parameters. For the same peak strength, the results of crossed shear bands of the 

CSFH model gave the smallest failed zone while CSFS gave the largest. For the 

same peak strength, the region of yielded elements was smaller for the CS model 

and largest for the CSFS model. The result from the CSFH model, when using a 

peak cohesion representative for the intact rock strength, seemed to best capture 

the observed rock behaviour and fallout shape, depth and extent. 

A small difference between the residual strength and the peak strength, i.e. less 

brittle material, results in arch-shaped shear bands. Lower residual value of the 

cohesion and friction angle, results in a larger depth of the crossed shear bands 

with narrower extent on the excavation boundary.



27

More obvious and distinct shear bands were shown for low dilation angles. For 

hard rock masses with tight interlocks and high in-situ stresses the dilation angle 

is probably low (0  to maximum 20 ). For this range the choice of dilation angle 

is less significant with respect to the fallout prediction. 

The reduction of shear strength when tensile failure occurs should not be used 

when applying cohesion-softening material models and for predicting shear and 

compressive brittle failure. As a consequence the tensile strength had no influence 

on compressive shear failure. 
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Fig. 1 Schematic picture of different stages in the failure process 

Fig. 2 Photo of the entrance and the view around the Kobbskaret tunnel 

Fig. 3 Schematic cross section through analysed portion of the 

Kobbskaret tunnel [not to scale] 

Fig. 4 Photo of the raise, with diameter 2.13 m, at level 880 m 

(photo: courtesy of Boliden Mineral AB)

Fig. 5 The circle domain and the result of the changes in discretization or 

mesh density 

Fig. 6 a) Schematic picture of the effect of changes in element density. 

Maximum shear strain for b) variation in discretization density and c) 

variation in mesh density 

Fig. 7 The effect of applying reduction of shear strength when tensile 

failure occurs, when using a CSFS model and peak values based on the 

rock mass strength 

Fig. 8 Yielded elements calculated using a) a perfectly plastic material 

model and b) a CSFS model, for the 2.1 m diameter raise in Garpenberg 

Fig. 9 Calculated values of the maximum shear strain when using Phase2

and peak (and residual) values based on the rock mass strength 

Fig. 10 Calculated values of the volumetric strain when using Phase2 and 

peak (and residual) values based on the rock mass strength 

Fig. 11 The effect of variation in dilation angle, when using a CSFH

model and peak (and residual) values based on the rock mass 

strength
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Fig. 12 Yielded elements when using different values of the peak cohesion 

for the Kobbskaret case 

Fig. 13 Maximum shear strains when using different values of the peak 

cohesion for the Garpenberg case 

Fig. 14 Yielded elements, using the CSFH model, when applying peak 

friction angle as a) 10  and b) 30 , for the 2.13 m diameter raise in 

Garpenberg 



32

Table 1 Input data used in the numerical modelling.  

Table 2 Applied material models and criteria to determine the strength parameters. 

Table 3 Parameters, material models and values used for the cohesion softening models. 

Table 4 The significance on result of the different parameters. 
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Table 1 Input data used in the numerical modelling.    
Input data Garpenberg  Kobbskaret 

Stress data, 

H [MPa] 45 24 (*) 

h [MPa] 20 17 

v [MPa] 24 12 

GSI 80 70 

ci [MPa] 73 110 

Young’s Modulus, E [GPa] 55 19 

Poisson’s ratio,   0.17 0.12 

3max [MPa] 23 12 

Material constant, mi 15 28 

Dilation angle [°] 0 0 

Tensile strength [MPa] -1 -0.4 
* H , h  and v represents the transformed principal stresses in the tunnel axis co-ordinate system. 
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Table 2 Applied material models and criteria to determine the strength parameters. 
Approach Rock

mass 
strength

Intact
rock
strength

m=0 Cohesion 
Softening
Friction
Softening
(CSFS)

Cohesion
Softening

(CS)

Cohesion
Softening
Friction
Hardening
(CSFH)

Material
models  

Used failure 
criteria

Mohr-Coulomb, 
Hoek-Brown

Hoek-Brown Mohr-Coulomb 

Elastic 
-perfectly  
plastic

Elastic

Elastic-brittle plastic

Elastic

Elastic- 
brittle  
plastic
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Table 3 Parameters, material models and values used for the cohesion softening models. 
Material

model 

Parameter Value 

cres [MPa] = 0.2 · cpeak

øpeak  [º] Based on the rock mass strength using RocLab

CSFS

øres [º] Basic friction angle (from Barton and Choubey, 

1977)

cres [MPa] = 0.3 · cpeakCS

ø [º] Based on the rock mass strength using RocLab

cres [MPa] = 0.3 · cpeak

øpeak  [º] 10 

CSFH

øres [º] Based on the rock mass strength using RocLab
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Table 4 The significance on result of the different parameters. 
Material

model 

Parameter Influence 

on result 

Comment

t [MPa] - *  

Dilation Angle ++ *** No significant influence on yielded elements 

cpeak [MPa] ++  

cres [MPa] -  

øpeak  [º] + **  

CSFS

øres [º] -  

cres [MPa] -  CS

ø [º] +  

cres [MPa] +  

øpeak  [º] ++ Affects the yielded elements the most 

CSFH

øres [º] +  

* - = Small influence, ** + = influences but not in a huge amount, *** ++ = great influence on the 
result.
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Figure 2 Photo of the entrance and the view around the Kobbskaret tunnel. 



Figure 3 Schematic cross section through analysed portion of the Kobbskaret tunnel [not 
to scale]. 
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Figure 4 Photo of the raise, with diameter 2.13 m, at level 880 m (photo courtesy of 
Boliden Mineral AB).
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Figure 5 The circle domain and the result of the changes in discretization or mesh density.  
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Figure 7 The effect of applying reduction of shear strength when tensile failure occurs, 
when using a CSFS model and peak values based on the rock mass strength. 



Figure 8 Yielded elements (both failed in shear and tension) calculated using a) a perfectly 
plastic material model, and b) a CSFS model, for the 2.1 m diameter raise in 
Garpenberg. 
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 Case "m=0" "CSFS" "CS" "CSFH"

Kobbskaret
(Strain
interval:
0-0.04)

Garpenberg 
(Strain
interval:
0-0.018) 

Figure 9 Calculated values of the maximum shear strain when using Phase2 and peak (and 
residual) values based on the rock mass strength. 
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Figure 10 Calculated values of the volumetric strain when using Phase2 and peak (and 
residual) values based on the rock mass strength. 
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Figure 11 The effect of variation in dilation angle, when using a CSFH model and peak 
(and residual) values based on the rock mass strength. 
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Figure 12 Yielded elements when using different values of the peak cohesion for the 
Kobbskaret case.  
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Figure 13 Maximum shear strains when using different values of the peak cohesion for the 
Garpenberg case.  



Figure 14 Yielded elements, using the CSFH model, when applying peak friction angle as a) 
10  and b) 30 , for the 2.13 m diameter raise in Garpenberg. 
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 Abstract 

The work presented in this paper focuses on compressive stress-induced brittle fallouts 

in hard rock masses, which are massive or sparsely fractured and subjected to 

intermediate to high in-situ stresses. The results of numerical modelling, using a linear-

elastic, brittle-plastic material model with cohesion-softening friction-hardening 

(CSFH) behaviour, were compared with observed fallouts from six cases. The objective 

was to study how well the results of a CSFH model agree with observed fallouts with 

respect to location, depth, and shape. All six cases were well documented with respect 

to virgin stresses, fallout characteristics, rock mass properties, and rock behaviour. The 

modelling results showed that shear strain localization (shear bands) developed in all 

cases. The depth of the intersected shear bands were used as a fallout indicator. 

Furthermore, the location and shape of the observed fallouts could be predicted fairly 

accurately. The predicted fallout depth was in good agreement with observed fallouts in 

three of the cases. Using both yielded elements and intersecting shear bands as fallout 

indicators results in a better prediction of fallout than using just one indicator.

Keywords: Fallout; failure; numerical modelling; case studies; hard rock; cohesion–

softening, friction-hardening 

1. Introduction 

Fallout is defined as the complete detachment of rock slabs from the rock mass and 

often constitutes a problem for the use of an underground opening. For openings at great 

depth, and in competent massive or sparsely fractured rock masses, the pre-dominant 

type of fallout is that of compressive stress-induced (Martin and Christiansson, 2008). 

These fallouts can be caused by both spalling (initially) and shear failure (subsequently) 

and it can be difficult to judge the exact cause of a fallout in the field (that has already 

occurred). For a compressive stress-induced failure, different stages of the failure 
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process can be identified. This includes fracture initiation, propagation, and interaction. 

The fractures developed during the fracture initiation and propagation phase are referred 

to as stable fractures, since an increase in stress is required to induce new fractures or to 

propagate existing ones. Increases in stress at this point lead to accumulation and the 

growth of fractures. Further increases in stress can result in fracture interaction. Once 

fractures are formed, the rock can be said to be damaged, and the strength is thus 

usually reduced. Hence, stress concentrations transfer farther into the rock mass and 

new fractures are initiated at a larger distance from the boundary. For spalling failure 

(see e.g. Martin 1997; Andersson, 2007; Diederichs, 2007; Martin and Christiansson, 

2008) thin rock slabs (one to several centimetres thick) parallel to the surface are 

formed. Fallout can occur once fractures connect to the excavation boundary. Often, 

slabs fail at the outer ends through shear propagation, or in the middle through tension 

(buckling). However, shear failure is likely to occur in the final process during the 

formation of a fallout, see Fig. 1. 

Often when one slab has fallen out (or been scaled), new slabs are formed. The spalling 

of the rock is thus a gradual process that ends up in a final form that is most often drop- 

or v-notch shaped. The stabilisation of the underground opening by the new geometry 

created by the fallout is explained by an increase in confinement at the notch apex, 

together with a decrease in induced damage (Hajiabdolmajid et al., 2002). Since shear 

often occurs in the outer ends of the slabs, the final shape of the fallout may be captured 

by studying shear bands (shear strain localisation) and yielded elements failed in shear. 

Relatively few studies have been published that deal with field scale behaviour and 

well-described failures and fallouts of hard rock in underground constructions. One 

reason might be that the crack initiation and propagation of the surface parallel fractures 

is not possible to observe from the tunnel surface and can only be noticed through 
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monitoring cross-cuts or borehole observations. Once a fallout occurs, at least in civil 

engineering constructions, additional rock reinforcement is installed, and detailed 

documentation of the fallout may not be conducted. Fallouts in mines might not always 

be re-habilitated and can be documented, but detailed descriptions of the sequence of 

events leading up to a fallout (initiation and progression) may be lacking. Another 

reason for the scarcity of published information might be lack of high-quality input data 

for analysis e.g., performed stress measurement, rock properties, etc. 

Different methods of how to model failure of brittle and hard rock masses have been 

proposed by e.g. Hoek et al. (1995), Martin (1997), Hajiabdolmajid et al. (2002) and 

Diederichs (2007). As suggested by Hoek et al. (1995), an elastic-brittle material model, 

with low residual values of cohesion and friction angle, should be best suited to 

represent brittle fallout. The application of the strength parameters in the Hoek–Brown 

criterion by Martin et al. (1999) resulted in a suggestion that the location and depth of 

failure (but not the shape and extent) could be predicted fairly well using a value of mb

close, or equal, to zero, and s = 0.112 in an elastic analysis (this represents failure 

initiation at 0.3· c). Similar findings of low confinement dependency were presented by 

Diederichs et al. (2004), who summarised research of back-analyses of brittle failure on 

damage initiation. According to Hajiabdolmajid et al.(2002) a strain dependent model 

should be used to simulate brittle fallouts. The strain dependent model was suggested to 

be cohesion-weakening and friction-strengthening and the calculated yielded elements 

failed in shear resulted in good agreement with fallout observations from the 

Underground Research Laboratory experiment in Canada. The suggested model is in 

line with research by Schmertmann and Osterberg (1960), who showed that the friction 

term is active only if movement between particles exists. Cohesion loss between 

particles implies the occurrence of such movement. For small plastic strains the 

frictional term has almost no influence but as the strains accumulate, the cohesion drops 
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and the significance of the friction angle increases. However, for this kind of strain 

softening models, the required input data, in the form of softening strains for the rock 

mass, are difficult to obtain. The methodology suggested by Diederichs (2007) was 

based on determination of the thresholds for damage initiation and systematic damage 

initiation. Both should preferably be estimated from acoustic emission data, and a 

reliable estimate of the tensile strength is also required. The equivalent Mohr-Coulomb 

parameters, used in the simulations performed by Diederichs (2007), were cohesion-

softening, friction –hardening. In Diederichs (2007) the predicted depth of the fallout 

was evaluated through shear band localisations and yielded elements, which coincided 

with the observed failures.

Different commonly used methods to model failure of brittle and hard rock masses were 

evaluated by Edelbro (2008a), by comparing the results from finite element analyses 

with observed fallouts in two hard rock mass cases. The objective was to study which 

model that best captured the actual rock behaviour and to study the relative importance 

of different strength parameters and their significance to the predicted results. The result 

from the instantaneous cohesion softening friction hardening (CSFH) model seemed to 

capture the rock behaviour most successfully, as the results showed a "v-notch shape" 

with a better agreement with observed fallouts, compared to the other models.  

In this paper, six cases of observed fallouts are compared with results from finite 

element analysis using the CSFH material model. The objective is to improve the 

understanding of the failure process and the fallout characteristics, and to study how 

well the results in the form of maximum shear strain localizations from a CSFH model 

agree with observed fallouts with respect to location, depth and shape. A perfect 

agreement is not expected since there is variability and uncertainty in e.g., measured 
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stresses and the rock mass strength parameters. However, a model that captures the rock 

mass behaviour when predicting compressive stress-induced fallouts is desired. 

The work presented in this paper is limited to compressive stress-induced brittle 

fallouts in hard rock masses which are massive or sparsely fractured and subjected 

to intermediate to high in-situ stresses. The primary failure mechanisms 

considered are spalling and/or shearing where the rock beyond the zone that has 

fallen out is stable (if no stress changes occur). The considered fallouts in this 

paper are "initial", i.e., small in volume (the time-dependency is not considered) 

and consisting of detached rock pieces from the roof or wall of a tunnel or drift. 

Obviously, a precise limit in initial fallout cannot be established. In this work, a 

total fallout depth of about 0.02 to 0.4 m represents the initial fallouts. Fallouts 

caused by stress relaxation or related to dynamic loading (e.g., blasting, rock 

bursting or earthquakes) are not within the scope of this paper.

2. Numerical modelling 

Observed fallouts were compared with the predicted fallouts from numerical 

models using the stress analysis program Phase2 (Rocscience Inc., 2008). This 

program was chosen since it is easily applied to use and widely used within the 

mining and geo-engineering fields. The program is used for the calculation of 

stresses and displacements around underground and surface excavations in 

rock. Phase2 is an elasto-plastic finite element stress analysis program, in 

which the material can yield and exhibit non-linear stress-strain behaviour if 

treated as plastic. If the peak strength is exceeded, residual strength values can 

be applied by using either an elastic-perfectly plastic material model or, as was 

done in this work, an elastic-brittle plastic (instantaneous softening) material 

model.
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In the analysis, the maximum shear strains and yielded elements were used as fallout 

indicators. The evolution of damage can be represented by irreversible/plastic strains in 

the rock. The maximum shear strain is evaluated, as it indicates where shear occurs 

within the material. In particular, the developed shear bands (narrow zones of intense 

straining) are studied. Fallout, caused by shear, is assumed to occur when two shear 

bands intersect or form a coherent arch. If the shear bands are connected with the 

excavation boundary, the area in between is assumed to fall out (see e.g. Sjöberg, 1999, 

and Sandström, 2003). According to e.g. Lau and Chandler (2004) and Eberhardt et al. 

(1998), the initiation and unstable crack propagation in a brittle intact rock can be 

predicted by studying the volumetric strain. Unstable crack growth occurs at the point of 

reversal in the volumetric strain curve, indicating that the formation and growth of 

cracks exceeds the elastic strength of the rock. Wang (2007) conducted numerical 

simulations of intact rock samples and showed that the contour map of shear bands and 

the volumetric strain localization was similar. Edelbro (2008a) also showed that the 

contour map of shear bands and the volumetric strain localization was similar for two 

rock mass cases. Hence, as the results were more distinct and clear for the developed 

shear bands, the maximum shear strain was chosen as an indicator for predicting 

compressive stress-induced fallouts.  

Based on comparison between field observations and predictions of an access drift in 

the Kristineberg mine (Edelbro and Sandström, 2009), it was concluded that potential 

compressive stress-induced fallouts can be predicted using numerical modelling and the 

following indicators: (i) intersecting shear bands with significantly elevated strains and 

which connect to the excavation boundary, and (ii) shear bands being located within the 

region of yielding. Both criteria must be fulfilled simultaneously. A similar suggestion 

for evaluation of likely failing rock has been discussed in Carter et al. (2008). 
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In research carried out by Edelbro (2008a) it was found that when applying the CSFH

model (Fig. 2.) a peak cohesion representative of the intact rock strength resulted in the 

best agreement with observed fallouts. Initially, the strength parameters of the rock 

mass were estimated by applying the generalized Hoek-Brown criterion (Hoek et al., 

2002) and calculating equivalent Mohr-Coulomb rock mass strength parameters (øm and

cm, respectively) using the program RocLab (Rocscience Inc., 2007). A peak friction 

angle (øpeak) of 10  showed good agreement while a lower angle (as suggested by 

Hajiabdolmajid et al., 2002) resulted in a too wide and deep failed zone, and a higher 

angle underestimated the extent of the fallout. Moreover, the results from the elastic-

brittle plastic models were sensitive to changes of the peak strength parameters and less 

sensitive to variations in residual parameters. The residual cohesion (cres) was set equal 

to 0.3 times the rock mass cohesion, cm, determined as described above. This choice was 

based on suggestions by Hajiabdolmajid et al. (2002). The residual friction angle (ør)

was chosen to be equal to the friction angle of the rock mass (øm), as determined using 

RocLab. The peak strength of the cohesion (cpeak) was determined using the Mohr-

Coulomb criterion 

m

mci
peakc

cos2
sin1  (when 3 = 0) 

where ci is the uniaxial compressive strength of the intact rock (see also Fig.2). Since 

either controlled blasting was performed in a confined rock mass or excavation done 

mechanically in all cases, the value of D was set to zero (Hoek et al., 2002). 

The linear regression, used for determining the equivalent parameters, was carried out 

for a minor stress range of tm through 3max, where tm is the tensile strength of the rock 

mass and 3max is the upper limit of the confining stress over which the relationship 

between the Hoek-Brown and the Mohr-Coulomb criteria is considered. The value of 

3max was chosen as the maximum value of 3 within a distance of one tunnel width 
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from the tunnel boundary, based on a linear-elastic stress analysis. The stress 

concentrations at the floor and wall abutment were not considered. The dilation angle 

was set to zero (non-associative flow rule) as all cases can be considered as constrained. 

This is a conservative estimate as a higher dilation angle should produce a higher failure 

load (Vermeer and de Borst, 1984). More obvious and distinct shear bands are shown 

for low dilation angles (in e.g. Hobbs and Ord, 1989; Wang, 2007; Corthésy and Leite, 

2008; and Zhang and Mitri, 2008). For hard rock masses with tight interlocks and high 

in-situ stresses, the dilation angle is probably low (0  to maximum 20 ). For this range 

the choice of dilation angle is less significant with respect to the fallout prediction, as 

shown by Edelbro (2008a).

A default setting when using the program Phase2 is that when tensile failure occurs, the 

tensile strength and the shear strength are reduced to their residual values. However, as 

shown in Edelbro (2008a), the reduction of shear strength when tensile failure occurs 

should not be used when applying cohesion-softening material models and for 

prediction of shear and compressive failure. Tensile failure might occur in one direction 

but this does not necessarily mean that the shear strength of the material in the zone in 

all directions, is reduced. Hence, in this study the shear strength is not reduced when 

tensile failure occurs and tensile and shear failures will therefore be independent of each 

other. As a consequence, the tensile strength had no influence on the predicted 

compressive shear failure. 

The developed shear bands and the zone of yielded elements are sensitive to changes in 

mesh density, see e.g. Hobbs and Ord (1989), Pietruszczak and Stolle (1987), and 

Edelbro (2008a). The width of the shear strain localization band in a model will collapse 

to one element wide if developed parallel to the mesh orientation, or three elements 

wide if developed obliquely relative to the mesh orientation, see e.g., Itasca (2005). 
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Larger elements result in wider and more diffuse shear bands. Also, the strain values 

increase with decreased element sizes. However, it could also be shown that for an 

element size of about 0.01 m at and close to the boundary of the opening (for an 

opening with a diameter width of 4 m or greater), the modelling results were not 

sensitive to a further decrease in element size. In this work a "circle domain" was used 

(Fig. 3.) in order to decrease the total number of elements compared to a rectangular 

shaped domain, and thus enable a finer discretization in the region closest to the 

boundary. The extent of the modelled domain can be defined by an expansion factor in 

Phase2, which determines how far the generated external boundary will be projected 

relative to the excavation dimensions. The extent of the modelled domain was defined 

by an expansion factor of four in relation to the excavation dimension, in order to 

eliminate boundary effects. The domain was discretized with a finite element mesh of 

six-noded, triangular elements. A mesh gradation factor of 0.1 was used.

The mesh setup in Phase2 is separated concerning element size on the excavation 

boundary (discretization density) and element sizes within the model domain (mesh 

density). It is, for instance, possible to increase the element density in the domain 

without affecting the discretization density on the boundary and vice versa. The 

selection of regions with finer mesh was, in this work, based on results of elastic models 

where the extent and depth of regions with the strength factor (=safety factor) less than 

one was identified. Hence, the finer discretization was used in these regions of potential 

failure. To avoid an abrupt change of element sizes in regions near the finer 

discretization region, a smooth change of element size was applied. The element size at 

the tunnel boundary (in the region of the predicted failure) was set to 0.01 m (Fig. 4.). In 

regions outside the predicted failed zone, the element side length was set to 0.2 m 

(except for close to the predicted failure, where it was set to 0.02 m).  



Numerical modelling of observed fallouts   10 
Catrin Edelbro 

In this work the methodology used to predict compressive stress-induced fallouts has 

been applied to single openings (undisturbed by adjacent drifting) in massive, 

continuous, homogeneous, isotropic, and hard rock masses with essentially brittle 

material behaviour. As the proposed methodology to model compressive stress-induced 

fallouts of rock has been developed for typical Scandinavian hard rock masses, it is 

assumed to be applicable for similar rock conditions elsewhere. 

3. Case studies of observed fallouts 

3.1. Selection of cases 

The cases presented in this paper are based on a comprehensive investigation of well 

described compressive stress-induced fallouts in drifts, raises and/or tunnels. They all 

represent civil and mining engineering cases where the rock mass properties, behaviour, 

and fallouts, are well documented. In addition to the cases presented, several other 

mines and tunnels in Sweden, Norway, Finland and Canada have been visited and 

investigated. A failure survey concerning compressive stress-induced fallouts was given 

to mine and tunnelling companies worldwide. However, only 2 responses (out of 50) 

were received, and these did not unfortunately, satisfy the requirements stated below. 

More detailed information of all of these cases can be found in Edelbro (2006, 2008b). 

In this paper, six hard rock mass cases with observed compressive stress-induced 

fallouts are presented. For each case the following requirements were satisfied: 

1. A fallout has occurred in an underground excavation, with typical tunnel 

dimensions (approximately 2-10 m). The rock mass can be approximated as a 

continuum. 

2. The rock mass is described as a high GSI rock mass (GSI > 70). 

3. Stress measurements have been performed at or near the fallout area. 
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4. The uniaxial compressive strength of the intact rock (laboratory scale) is fairly 

high (above approximately 70 MPa). 

5. The excavation is undisturbed by adjacent drifting or mining and has a simple 

geometry.  

Two of the cases, Kobbskaret and Heggura, are road tunnels in Norway. The other four 

are from Swedish sites — two are vertical raises in Boliden mines, one is an exploration 

drift in the Zinkgruvan mine, and one is the access drift to a large underground oil 

storage. Description of the fallouts, together with geology and measured stresses are 

presented for each case. Of the six cases, the author has visited the sites of the 

Garpenberg mine and the Kobbskaret tunnel to collect information and acquire 

knowledge of how the fallout occurred. Information is also based on discussion and 

communication with the mining/tunnel or underground facility staff. The exploration 

drift in the Zinkgruvan mine, the access drift in Brofjorden and the Heggura tunnel 

cases are based solely on documented information.  

3.2. The Brofjorden cavern 

In the south-western part of Sweden, a 2.6 million m3 underground crude oil storage 

was excavated in the late 1970s (see overview of the region in Fig. 5). Three parallel 

twin-tunnels were excavated in very good, homogeneous granite with slight in-filling of 

pegmatite (RQD=90-100%, Bergman and Johnsson, 1981) and with an estimeted 

RMR=75-80 for the rock mass (Bergman and Stille, 1982). Conventional drilling and 

blasting were used. After a few hundred meters of excavation, at depths of 45-55 m 

below the ground surface, spalling began to occur in the access tunnels. The formed 

horizontal slabs had a thickness of 2-15 cm (Bergman and Johnsson, 1981). In some 

cases, crack noises were reported as accompanying the spalling. In addition to the 

spalling slabs, concave shear failure surfaces could be identified in the homogeneous 
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rock mass. In the area where the spalling began, the access drifts had widths of 10.2 m 

and heights of 6.5 m, (see location marked with A in Fig. 6). Since the spalling 

problems influenced the tunnelling operations, the shape of the drifts was modified to 

being more arch-formed with a width of 10.2 m and a height of 7 m (see location 

marked with B in Fig. 6). The stress data used for the Brofjorden case is based on 

measured stresses in one borehole in the middle of cavern 2 (Ingevald and Strindell, 

1977), and from measured stresses at a nearby oil storage (Ingevald and Strindell, 1980) 

which was located approximately 500 m from the access drifts. 

3.3. The Garpenberg raise 

In the Garpenberg mine, owned and operated by Boliden Mineral AB, ore is extracted 

which contains zinc, silver, lead, copper, and gold. The unsupported vertical raise with a 

diameter of 2.13 m is situated at a depth of 830 to 880 m below the surface. The mining 

area is 175 m from the raise which has been developed mainly in limestone, but with 

some sections of the raise being in dolomite-limestone and breccia. The GSI is generally 

high in this region, with values of 80-85. The raise is situated directly above an area 

where stress measurements in limestone have been performed by using 3D overcoring 

(Nilssen, 2004). The initial spalling on the surface of the raise started immediately after 

raising, in the direction perpendicular to the measured maximum stress, which confirms 

the major principal stress direction inferred from measurements. The fallouts were small 

with a maximum depth of 0.05 m (Fig. 7).  

The uniaxial compressive strength of the limestone had a mean value of 73 MPa based 

on performed laboratory compression tests, with a measured variation of 68-78 MPa for 

a 95% confidential interval. For the dolomite limestone, the corresponding values were 

78 MPa (mean value) and 45-105 MPa (95% confidence interval). The breccia exhibited 

a mean uniaxial compressive strength of 140 MPa; however, breccias could only be 
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observed for very short distances in the raise and are not considered representative of 

the general rock mass condition. In this work, values of ci = 73 and ci = 105 

(corresponding to the mean value of limestone and the maximum value for the dolomite 

limestone) have been used. 

3.4. The Heggura tunnel 

The Heggura road tunnel, situated in western Norway, was constructed in 1981 through 

1982 and it was the first tunnel in Norway in which steel-fibre reinforced shotcrete was 

used. The tunnel is only a few metres above sea level with an overburden of 670 m, as 

shown in Fig. 8. The tunnel height and width are about 9 m and 5 m, respectively. 

Fallouts due to spalling were observed in the upper right corner and partly in the lower 

left corner as shown in Fig. 8 (Sörheim, 1981; Broch and Sörheim, 1984; and Myrvang 

et al., 1997). Both 2D (doorstopper) and 3D (overcoring) stress measurements were 

carried out in the walls of the tunnel. In the granulites region (GSI=80 and ci = 210), 

where the 3D overcoring stress measurements were performed, the fallouts were limited 

to just a few centimeters in depth (Sörheim, 1981). The worst problems with 

compressive stress-induced fallouts occurred in the garnet-gneiss region (GSI=75 and 

ci = 154) where fallouts occurred directly after blasting. For the garnet-gneiss, a 

heaving of the floor occurred in the lower corner. The fallouts in upper corner created a 

typical v-notch. When simulating the Heggura case, both the determined rock mass 

properties from the local 3D stress measurement area (granulites) and the values for the 

garnet-gneiss area were applied. The 2D stress measurement that was performed in the 

region with garnet-gneiss showed similar results as the 3D overcoring measurements 

hence only the 3D overcoring stress results were used in this study. 
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3.5. The Kobbskaret tunnel 

The Kobbskaret road tunnel, situated in northern Norway, was officially 

opened in 1986. The 4457 m long tunnel has a typical tunnel area of about 50 

m2 and was excavated by conventional drill- and blast-tunnelling with two 

active fronts. The region is characterised by extensive foliation, spalling and 

buckling of slabs at the rock ground surface, indicating high, horizontal 

tectonic stresses. Along the entire tunnel length, the rock mass is composed of 

Precambrian coarse-grained, gneissic granite (Kildemo, 1985). The summits of 

the mountains in the area are about 1000 m above sea level and the overburden 

of the tunnel is about 630 m for the section studied (Fig. 9). 

Due to the high rock stresses in the area, spalling occurred in the tunnel roof, 

both during excavation and after completion of the tunnel. Stress 

measurements have been performed using 3D overcoring at 630 m depth 

(presented in Kildemo, 1985). Several fallouts have been documented with 

depths of 0.05 to 0.3 m (Statens vegvesen 2004, Kildemo, 1985 and Myrvang 

et al., 1997). Fallouts did not proceed after installation of rock support and 

completion of the tunnel. The progression of the failure was observed by 

studying drill holes in the zone closest to the boundary, 10 years after 

excavation. An increased number of joints could only be observed up to a 

maximum depth of 0.2 m from the boundary (Myrvang et al., 1997). 

3.6. The Renström raise 

In the Renström mine, owned and operated by Boliden Mineral AB, a complex sulphide 

orebody is mined for zinc, copper, lead, gold, and silver. The mine is located in northern 

Sweden. The studied raise has a diameter of 3.7 m and is located at a depth of 1115-
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1185 m below the ground surface. Compressive stress-induced fallouts were observed in 

the upper part of the raise, in the direction perpendicular to major principal stress (see 

Fig. 10). In the upper level of the raise (  1115-1130 m) the rock mass is of high quality 

(andesite) with GSI values of about 70-80 and the fallout depth was about 0.1 to 0.2 m. 

The fallouts had depths of 0.4-0.5 m at the deeper level (  1130-1185 m) where the rock 

mass quality was lower, with GSI = 30-50. The GSI ratings were determined by rock 

mechanics staff at Boliden Mineral AB. These fallouts occurred either directly after 

excavation or up to one week after raising. In this work only the upper part (  1115-

1130 m) is simulated. The stresses used to simulate the raise is based on results from 3D 

overcoring, which was performed at a depth of 1107 m (Sjöberg, 2003).  

3.7. The Zinkgruvan drift 

The Zinkgruvan mine, owned and operated by Lundin Mining, is located in the south-

central part of Sweden. The ore is extracted by either sublevel or longhole open stoping. 

The ore contains mainly zinc and lead, with silver as a by-product. Fallouts caused by 

spalling were observed in an exploration drift for a new potential orebody (Sjöberg, 

2005), as shown in Fig. 11. A schematic view of the cross-section is shown in Fig. 11. 

The exploration drift was excavated at a level of 965 m, with the ground surface 

approximately at the 0 m level. The failure surfaces were fresh, indicating intact rock 

mass failures which were not influenced by geological structures. The fallout depth was 

limited to 0.1 to 0.2 m in the roof of the drift. The dominating rock type is a brittle, 

quartz-feldspar leptite. Failure was not observed when the drift was parallel to the major 

horizontal stress but began to occur when the drive changed direction, to being oblique 

to the maximum stress (Fig. 11). Stress measurements have been performed using 3D 

overcoring technique in a nearby area at 960 m depth.  
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4. Application of an instantaneous cohesion-softening friction-hardening 

material model 

The used input data are raw field data, without modifications, in order to be able to do 

fair comparisons of the observed and predicted fallouts. Table 1 presents the field, 

laboratory and measured stress data for each case. Analyses were conducted using 

strength parameters as presented in Table 2. For the Garpenberg, Heggura, Renström 

and Zinkgruvan cases both minimum and maximum values were used. The stress-strain 

curves, when applying the CSFH model, are shown in Fig. 12. The massive rock masses 

have been approximated as continuum for all cases. The stress conditions were 

simulated as plane strain conditions, since all cases are single openings where the raise 

and tunnel lengths are much longer than the cross-sectional dimensions.  

In Fig.13, the results in the form of yielded elements and maximum shear strains are 

shown. All cases are presented in the same scale and with the same contour intervals for 

the maximum shear strain. Shear strain localizations (shear bands) developed for all 

cases. The typical "v-notch" shape and the location of the observed fallouts were also 

predicted for all cases. As seen in Fig. 13, the predicted depth of the intersected shear 

strain localizations and the zone of yielded elements are deepest for the Zinkgruvan case 

and most shallow for the Brofjorden case.   

The comparison of the results from the analyses with the observed fallout depths 

showed different degrees of agreement. In Fig. 14, the yielded elements failed in shear 

and the maximum shear strains are presented for each case, together with the observed 

fallout depth marked with a thick black line. The results show good agreement with 

observed fallout depth for the Heggura, Kobbskaret and Renström cases. However, for 

the Garpenberg and Zinkgruvan cases, the zone of yielded elements and the depth of the 

intersected shear bands are deeper than the observed fallout depth. For the Brofjorden 
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case, the extent of the shear bands and the yielded elements are similar (see Fig. 15), but 

less than the depth of the observed fallouts. The virgin stresses are relatively high for 

this fairly shallow excavation. However, the minimum principal stress is low compared 

to the other studied cases and the predicted failure was in tension rather than shear in the 

roof.

In general, the total depth of the zone of elements failed in shear is nearly equal to, or 

greater than, the region of intersected shear bands; see Fig. 13 and Fig. 14. However, the 

intersected shear bands are more v-notch shaped, obvious and clear when compared to 

the region of yielded elements. Near the surface all elements have yielded, whereas at a 

larger distance from this zone of complete yielding only some elements are at yield. For 

some elements at a larger distance from the surface, shear yielding has not occurred 

despite the developed shear bands. This could be observed i.e., for the Zinkgruvan case 

(see Fig. 16). For these elements tensile yielding had occurred. Since the diffuse pattern 

of yielded elements is mesh dependent, the mesh is also shown in Fig. 16. Considering 

the criteria for potential fallouts, the values of the maximum shear strains are low in the 

notch apex for the Zinkgruvan case. Hence, the potential fallouts are the intersected 

shear bands closer to the boundary.

As can be seen in both Fig. 12 and Table 2, the maximum peak strength used for the 

Zinkgruvan case is the highest value for all cases. Despite the high strength values, the 

predicted fallout zone is the greatest due to the high stresses. When using auto-range (0-

0.014) of the maximum shear strain, for the Zinkgruvan case, the same depth of the 

shear bands are observed as for the custom-range (0-0.005), see Fig. 17. However, strain 

localizations with low strain values are not that distinct, for the greater range.
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For the Heggura case, two different rock types were simulated. In the granulites region 

no or limited (few cm depth) fallouts were observed, while the observed fallouts had 

depths of about 0.4 m in the garnet-gneiss region. The prediction from the numerical 

model showed the same results as the field observations, namely no clear shear bands 

for the granulites while a zone of intersecting shear bands with a depth of about 0.4 m 

was found for the garnet-gneiss. For the Garpenberg, Zinkgruvan and Renström cases 

the simulations with the maximum strength values showed the best agreement with 

observed fallouts. If using the minimum strength values the predicted fallout region was 

greater than in Figure 13 and thus greater than the observed fallouts. 

5. Discussion  

This work has focused on evaluating whether a CSFH material model can be used when 

simulating fallouts, and to study whether the model can capture the behaviour of typical 

hard rock mass at large depths. To calibrate field data against results from numerical 

analysis is a waste of time if the applied material model cannot replicate the reality. The 

accuracy of our predictions also depends on the accuracy in input data (e.g. stress 

conditions or characterisation of the rock mass). There might also be uncertainties in the 

observed and measured fallout depth, with which we compare our results. Hence, it is 

probably most interesting to study the location of the possible fallout. The result could 

be used as an indicator as to whether the fallout depth is large or small and how that 

might influence stability, required amount of reinforcement, and mining or tunnelling 

operations.

A plane strain condition was assumed for all cases, with stresses transformed to the two-

dimensional analyses plane (perpendicular to the excavation). The measured stresses 

could perhaps, for some of the cases, be more correctly simulated by a complete plane 

strain approach (in 2D) or a full 3D-analysis. A linear-elastic two-dimensional model, 
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using a complete plane strain approach (Sjöberg, 2005), showed somewhat better 

agreement with the observed fallouts for the Zinkgruvan case than the results shown in 

this work. However, this is also the case in which the principal stress are oriented 

approximately 45º relative to the drift axis; hence, a plane strain assumption is likely to 

introduce some error. This error is less for all other cases. The stress data that is most 

unreliable are the ones for the Brofjorden case. Very local stress changes were observed 

in the measurements. Furthermore, the measured stresses in the roof of the cavern were 

induced stresses. Hence, it was judged preferable to also use results of stress 

measurement from a nearby storage. At least one of the boreholes was located at such 

distance that the virgin stresses could be measured for the nearby storage. As already 

mentioned the location of the stress measurement was 500 m from the studied drifts and 

the obtained stresses may not be representative. For the Garpenberg case, the measured 

stresses about two hundred meters below the raise were lower than those measured near 

the raise. Hence local stress variations existed also for the Garpenberg case. These 

variations may have influenced the model results, but to an unknown extent. 

In this work, in order to permit fair comparisons between cases, the same element sizes 

were used for all cases. The element sizes should preferably be smaller closer to the 

boundary, than used in this study for instance for the Garpenberg case, in order to give a 

better agreement with the small (0.05 m) fallout depth. When simulating single cases, 

the suggestion is to use as small element size as possible near, and at the boundary of, 

the predicted fallout. Also, the significance of variation in the true cross-section (versus 

theoretical profile) should be considered, as this may have significant impact on the 

results.

As pointed out by Edelbro (2008a), the maximum shear strain was the most suitable 

fallout indicator when using the CSFH model. When evaluating the maximum shear 
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strain an interval needs to be defined. It is not realistic that fallouts occur for the same 

value of the maximum shear strain irrespective of rock mass. As was shown for the 

Zinkgruvan case, the same depth of the shear bands will be predicted independent of the 

contour interval and range used. However, when using a custom-range, and presenting 

results from several cases with a wide spread in shear strain values, the chosen interval 

may obscure some of the developed shear bands. Therefore, it is suggested that both the 

yielded elements and the shear strain bands should be used when evaluating the 

potential for compressive stress-induced fallouts. One reason for studying both of these 

indicators is that the rock outside the zone of the fallout may be damaged. It is 

reasonable to assume that the total depth and extent of yielded elements is equal to or 

larger than the area/shape of a fallout. Hence, the damaged rock is likely represented by 

the zone of yielded elements, which for the cases studied in this work have been greater 

than the region corresponding to the intersecting shear bands.

6. Conclusions

Based on the results in this work, the location of the observed fallouts was well 

predicted together with the fallout shape when applying a CSFH model in the Phase2

program. The depth of the intersected shear bands and yielded elements agreed well 

with observed fallout depths for the Heggura, Kobbskaret and Renström cases, while the 

predicted depth was greater than the observed fallout depth for the Garpenberg and 

Zinkgruvan cases and smaller for the Brofjorden case.  

This study has shown that it is reasonable to assume that the potential compressive 

stress-induced fallouts can be predicted using the CSFH model and intersecting shear 

bands with elevated strains and which connect to the excavation boundary. The shear 

bands should also be located within the region of yielding. The interpretation of the 

results is consistent with that shear often occurs in the outer ends of the slabs. 
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When modelling fallouts in the program Phase2 the user must be cautious concerning 

default settings. The reduction of shear strength when tensile failure occurs shall not be 

used when applying the CSFH model for prediction of compressive stress-induced 

fallouts. As a consequence the tensile strength will have no influence on the shear 

failure. It is also important to create a finer mesh in the region of potential fallout to 

avoid mesh dependency. In this work using elements with size of 0.01 m at the 

boundary (in the region of the potential fallout) was found reasonable, as the results 

were not sensitive to a further decrease in element size. 
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Figure captions 

Fig.1. Schematic picture of different stages of the failure process. 

Fig.2. An example of the methodology used when determining input data to the CSFH

material model. 

Fig. 3. Example of the circle domain used in Phase2.

Fig. 4. Schematic figure of the applied element mesh for all of the cases. 

Fig. 5. Overview of the surrounding area of the oil storage in Brofjorden (photo courtesy of 

Preem Lysekil). 

Fig. 6. A horizontal view of the location of the access drifts and the three caverns, at 

Brofjorden.

Fig. 7. Photo of the Garpenberg raise, with diameter 2.13 m, at level 880 m (photo courtesy of 

Boliden Mineral AB). 

Fig. 8. Schematic cross section through the Heggura tunnel [Not to scale].

Fig. 9. Schematic cross section through analysed portion of the Kobbskaret tunnel [not to 

scale].



Fig. 10. The top-level (depth  1125 m) of the Renström raise before lining (photo courtesy of 

Boliden Mineral AB).

Fig. 11. Horizontal view showing the exploration drift at the 965 m level, with the area of 

observed spalling failure marked, from Sjöberg (2005). The schematic cross section of the 

exploration drift (A-A) is not to scale. 

Fig. 12. Stress strain curves, using the maximum strength values, for each case. 

Fig.13. Yielded elements failed in shear and the maximum shear strain calculated using 

Phase2 and an instantaneous CSFH model. 

Fig. 14. Close-up view of yielded elements failed in shear and maximum shear strains 

calculated using Phase2 and an instantaneous CSFH model. 

Fig. 15. Yielded elements failed in shear and maximum shear strains calculated using Phase2

and an instantaneous CSFH model for the Brofjorden case. 

Fig. 16. Yielded elements failed in shear and maximum shear strain calculated using Phase2

and an instantaneous CSFH model for the Zinkgruvan case. 

Fig. 17. Maximum shear strains calculated using Phase2 and an instantaneous CSFH model 

for the Zinkgruvan case. 
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Table 2 Applied strength parameters in the used cohesion-softening friction-hardening 
material model 



Table 1 Input data for each case 

Input data Brofjorden Garpenberg  Heggura Kobbskaret Renström Zinkgruvan  

Stress data, 

H [MPa] 20 (*) 45 24.5 (*) 24 (*) 48 55 (*) 

h [MPa] 8 20 8.5 17 14 54 

v [MPa] 2 24 7.5 12 24 28 

GSI 75-80 80-85 80 (**) 

75 (***) 

70 75 (70-
80)

70-82

ci [MPa] 200 73-105 210 (**) 

154 (***) 

109.5 120-200 160-300 

Young’s Modulus, E
[GPa] 

54 55 43 (**) 

24 (***) 

19 95 71 

Poisson’s ratio,   0.13 0.17 0.28 (**) 

0.15 (***) 

0.12 0.225 0.33 

3max [MPa] 2.5 18 10 12 16.5 10 

Material constant, mi 32 15 30 (**) 

28

(***)

28 25 20-25 

* H , h  and v represents the transformed principal stresses in the tunnel axis co-ordinate system. 

** Mean value for the granulites 

*** Mean value for the garnet-gneiss 



Table 2 Applied strength parameters in the cohesion-softening friction-hardening 

material model 

Values Brofjorden Garpenberg  Heggura Kobbskaret Renström Zinkgruvan 

  min max min max  min max min max 

cpeak [MPa] when 
cm = ci and ø =øm

20.8 16 20.7 23 28 18.9 21.5 32 26.6 38.9 

 øpeak [º] 10 10 10 10 10 10 10 10 10 10 

cres  = 0.3 · cm [MPa] 1.4 2.1 2.9 2 2.8 1.7 2.4 3 1.8 2.6 
øres [º] = øm 66 42.8 46.9 56.8 60.2 51.9 50.5 54.2 53 61 
Tensile strength, t
[MPa]

1 2.1 2.3 0.8 1.6 0.4 0.7 1.2 0.8 1.5 

Peak strength, cm
[MPa] 

50 38 49.5 55 67 45 51 77 64 93 



Fig.1. Schematic picture of different stages of the failure process. 
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Fig. 3. Example of the circle domain used in Phase2.



Fig. 4. Schematic figure of the applied element mesh for all of the cases. 
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Fig. 5. Overview of the surrounding area of the oil storage in Brofjorden (photo courtesy of 

Preem Lysekil). 

Fig. 6. A horizontal view of the location of the access drifts and the three caverns, at 

Brofjorden.
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Fig. 7. Photo of the Garpenberg raise, with diameter 2.13 m, at level 880 m (photo courtesy of 

Boliden Mineral AB).

Fig. 8. Schematic cross section through the Heggura tunnel [Not to scale].
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Fig. 9. Schematic cross section through analysed portion of the Kobbskaret tunnel [not to 

scale].

Fig. 10. The top-level (depth  1125 m) of the Renström raise before lining (photo courtesy of 

Boliden Mineral AB).
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Fig. 11. Horizontal view showing the exploration drift at the 965 m level, with the area of 

observed spalling failure marked, from Sjöberg (2005). The schematic cross section of the 

exploration drift (A-A) is not to scale. 
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Phase2 and an instantaneous CSFH model. 

10 m



Yielded elements failed in shear (Observed 

fallout depth [m] marked with a thick line) 

Maximum shear strain  

(0-0.005)

Bro-
fjorden 
(GSI=75,  

ci = 
200) 
Garpen-
berg 
(GSI=85,  

ci = 
105) 

Heggura 
(GSI=75,  

ci = 
154) 

Kobb-
skaret
(GSI=70,  

ci = 
110) 

Renström 
(GSI=75,  

ci = 
200) 

Zink-
gruvan 
(GSI=82,  

ci = 
300) 

Fig. 14. Close-up view of yielded elements failed in shear and maximum shear strains 

calculated using Phase2 and an instantaneous CSFH model. 

 Yielded elements failed in shear Maximum shear strain (0-0.002) 

Brofjorden
(GSI=75,  

ci = 200)

Fig. 15. Yielded elements failed in shear and maximum shear strains calculated using Phase2

and an instantaneous CSFH model for the Brofjorden case. 

0.2

0.05

0.4

0.3

0.2

0.2

0.2

0.05

0.4

0.3

0.2

0.2



Zinkgruvan(GSI=82, ci = 300) 

Fig. 16. Yielded elements failed in shear and maximum shear strain calculated using Phase2
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Abstract

A likely result of changes in rock stresses due to progressing mining is an increased number of compressive 
stress-induced failures. This paper presents the results from numerical analysis and observations of stress-
induced fallouts in footwall drifts in the Kiirunavaara underground mine. A brittle-plastic Cohesion 
Softening Friction Hardening (CSFH) material model was used for simulating brittle fallouts. Two-
dimensional stress analysis was used, in which the local model stress boundary conditions were extracted 
from a global model, to account for mining-induced stress changes. The rock mass properties were based on 
field observations in the footwall drifts as well as on results from laboratory testing. A multi-stage analysis 
was carried out in order to gradually change the stresses to simulate mining progress. A parametric study 
was conducted in which strength properties, location and shape of the footwall drift were varied. Yielded 
elements and maximum shear strain were used as fallout indicators. The modelling results were sensitive to 
the shape of the drift. The location of the predicted fallouts in the model was in good agreement with the 
location of observed fallouts for the case when the drift roof was simulated flatter than the theoretical cross-
section. The results indicate that the true shape of the drift is different from the planned one.  

1 Introduction 

1.1 Background 

For sublevel caving mines, excavations near the orebody will be subjected to changing stresses as mining 
progresses downward, see Figure 1. A likely result of this change in stress conditions is an increased number 
of compressive stress-induced fallouts. The footwall drifts, oriented parallel to the orebody, are the first 
development on a new sublevel, later followed by cross-cut drifting, production drilling, and mucking. The 
footwall drifts needs to remain functional during the entire production cycle, from the first drifting to the 
final mucking. Prediction of compressive stress-induced fallouts in the footwall drifts caused by mining is 
therefore of interest. In this work fallout is defined as when rock slabs, primarily caused by spalling and/or 
shearing, detach completely from the rock mass. 
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Figure 1 Stress redistribution caused by progressive sublevel caving (from Sjöberg et al., 2001).  

For a rock mass subjected to stress changes due to nearby mining, one of the difficulties is to define when a 
fallout is initiated. To be able to study the whole failure process and changes in stability, footwall drifts, in 
the Kiirunavaara mine were studied. This comprised all stages from drifting to completed mucking at the 
same level as the footwall drift. These studies were aimed at compiling detailed information regarding type 
and extent of failure in footwall drifts. The information gained would serve to improve compressive stress-
induced failure predictions.  

1.2 The Kiirunavaara Mine 

The Kiirunavaara underground mine in northern Sweden is owned and operated by Luossavaara-
Kiirunavaara AB (LKAB) and is presently one of the largest underground metal mines in the world. Open pit 
mining started in the beginning of the 20th century and continued until the late 1950s, when a switch to 
underground mining was made. Currently, large-scale sublevel caving mining is conducted and the annual 
production is about 26 million metric tons of iron ore. The average thickness of the tabular orebody is 80 m 
and the length or the orebody is close to 4000 m. The orebody strikes almost north-south and dips 55°–60° 
toward east, see Figure 2. The proven ore reserve down to the 1365 m level is 598 Mton (as of 2008).  

The Kiirunavaara orebody is primarily composed of fine-grained magnetite with a varying content of fine-
grained apatite (decreasing with depth). The footwall comprises trachyte, internally designated as syenite 
porphyry, whereas the hangingwall consists of rhyolite, internally designated as quartz porphyry. All rocks 
are of Precambrian age. Contact zones of limited width are found on both the footwall and hangingwall side. 
The rock mass quality is generally good for all rock units, but locally, rock conditions vary from high-
strength, brittle rock to altered, slightly weathered rock with clay- and chlorite-filled discontinuities. The 
dominating joint orientations are north-south (foliation parallel to the orebody) and east-west. Both these 
joint sets are steeply dipping.  

Major principal 
stress trajectories 

Orebody

FootwallHangingwall

Ground surface 
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The mine is divided into ten production blocks (Figure 2) where each block has its own infrastructure and 
ventilation system. Currently, at the time of writing, mining is conducted at levels 907 m and 935 m (ground 
surface is between levels 50 and 150 m in the mine coordinate system), with the main haulage level at the 
1045 m level. The vertical distance between two sublevels is 28.5 m and drifting is done about two sublevels 
below the active production level, see Figure 3. The on-going activities in Figure 3 can vary slightly between 
the production blocks. 

Figure 2  Blocks 9 to 45 and the infrastructure in the Kiirunavaara mine (courtesy of LKAB). 

Figure 3  Schematic picture of production and drifting as of September 2008 [figure not to scale]. 

1.3 Objective and Scope 

This work has been performed with the objective to: (i) predict compressive stress-induced fallouts of the 
footwall drifts in Kiirunavaara, using numerical analysis, and (ii) follow-up actual fallouts in field. The study 
has focused on compressive stress-induced failures and fallouts, i.e., primarily shearing and/or spalling 
failures. However, all types of failures, e.g., structurally controlled fallouts, overstressed shotcrete, 
compressive stress-induced fallouts, etc., have been documented in the field observations. Only single drifts 
with simple geometries were simulated in this work. The planned cross-section of the footwall drift is 
presented in Figure 4.

935, Production drilling and mucking  

878, Mucking completed 

907, Final mucking 

964, Crosscut drifting, production drilling 

993, Footwall and crosscut drifting (development)

Ore

Hangingwall
Footwall

10 -  85 m 

28.5 m

~ 80 m 

Level, on-going activity
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Figure 4 Planned cross-section of footwall drifts in block 25, 28, and 33. 

2 Observed failures in the footwall drifts at the Kiirunavaara mine  

Footwall drifts in three mining blocks were studied. This comprised drifts in blocks 25, 28, and 33 (cf. 
Figure 5). These drifts were selected on the basis of:  

- the drifts being located along the middle of the orebody and hence being more highly stressed than footwall 
drifts closer to the orebody end portions; 

- the rock mass behaving brittle with spalling and/or shear failures as typical failure mechanisms; 

- plane strain conditions possible to assume for the numerical analysis (hence, a two-dimensional model is 
sufficient); and, 

- results existing from earlier performed failure mapping on several levels. 

Figure 5 Horizontal view of the studied footwall drifts 25, 28 and 33 at level 993 m (courtesy of 
LKAB). The predicted orebody limits are shown with solid lines. The thick solid black 
lines show where failure mapping was performed. 

Block 33 

Block 28 
Block 25 

7.00

6.00

1.00

[m]

0.50
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The footwall drifting on level 993 m started in the spring of 2007, and since then it has been possible to 
study the initiation of fallouts and the changes in stability of the drift as the mining has progressed 
downwards. Failure mappings of the footwall drifts were conducted on a regular basis (monthly) in all three 
mining blocks during the period of April 2007 through August 2008. The drifts where the failure mapping 
was performed (at level 993 m) is marked with a thick black line in Figure 5. Minor compressive stress-
induced fallouts were observed in the footwall drifts, see Table 1. The intact uniaxial compressive strength 
values, presented in Table 1, are from laboratory tests performed by LKAB in 2007 and the values are 
presented as mean value  standard deviation. The values of GSI and the information of joints are based on 
the field observations performed in this work. The RQD values are estimated from core holes in the footwall, 
located ± 50 m in height from the studied drifts and the values are based on the whole core. The rock mass in 
block 25 is more frequently jointed with lower RQD and GSI compared to block 28. For block 33, the RQD
value could be estimated from only one borehole. The RQD from block 25 and 33, showed larger scatter of 
the values and with more core loss compared to block 28. The rock mass in block 28 was prone to spalling 
due to high uniaxial compressive strength in combination with the massive rock mass while structurally 
controlled failure were more common in block 25 and block 33. 

Table 1  Detailed information of observed footwall drifts at level 993 as of May 26, 2008. 

Level 993 Block 25 Block 28 Block 33 

Production* Mucking almost completed 
three levels above observed 

drifts.

Production newly started 
two levels above observed 
drifts (beginning of April 
2008). Mucking almost 
completed three levels 

above drifts. 

Mucking almost completed 
three levels above observed 

drifts. Production started 
two levels above drifts. 

Failure Mainly structurally 
controlled fallouts 

Initial spalling in abutment Mainly structurally 
controlled fallouts 

GSI 60-70 70-80 60-75 

ci [MPa] 267  30  408  18  -

Joints Spacing 0.02-0.3 m, 
hematite coating, 

RQD(mean)=76%; 
RQD=41-96% (Niiranen, 

2008)

Spacing 0.3-0.5 m,  
RQD(mean)=87%; 

RQD(min-max)=57-98% 
(Niiranen, 2008) 

RQD(mean)=81%; 
RQD=69-93% (Niiranen, 

2008)

* at the same day as the failure mapping was performed (May 26, 2008)

The regular mapping conducted at level 993 m also enabled observing the propagation of failures and 
fallouts (Figure 6). In September 2007, fallout of both rock and shotcrete was observed, while only fallout of 
shotcrete was observed during the later failure mappings. As shown in Figure 6 the fallout did not propagate 
between May and August 2008. In May 2008, the production started at level 935 m. The production in a 
block starts with an opening blast at the hangingwall and progresses towards the footwall. The "opening-
phase" can be said to be completed when connection has been established with the caved rock above and the 
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ore and the hangingwall are "cut off". The most significant stress redistribution occurs for the opening of a 
new level. Once the hangingwall is "cut off", the continued production at that level has very little influence 
on the stress state at the location of the footwall drift.   

Figure 6 Propagation of an initial compressive stress-induced fallout the footwall drift of block 
28, level 993 m.  

Failure mapping of footwall drifts on all levels (820 m-993 m) in blocks 25, 28, and 33 were also conducted 
at four occasions during the period of April 2006 to August 2008. For the drifts located at levels 907, 935 
and 964 m, the entire length of the footwall drifts was mapped. Two major types of failure were observed, 
namely stress induced failures (such as spalling and/or shearing) and structurally controlled failures. 
According to the geological mapping, performed by rock mechanics staff at LKAB, a few rock bursts had 
also occurred in these blocks. The rock support in the footwall drifts is normally shotcrete with spot bolting. 
Drift intersections are often supplementary reinforced with cable bolts. 

At one level below the mucking, fallouts and drift rehabilitation was frequent, see Figure 7. A slight increase 
of the fallout sizes, compared to fallouts in drifts two to three levels below the mucking, was observed. The 
installed rehabilitation, typically consisting of fibre-reinforced shotcrete, bolts and cable bolts, is normally 
sufficient to avoid further fallouts. For footwall drifts at the production level a pronounced increase of 
compressive stress-induced fallouts was observed (Figure 8) and for some areas the installed rehabilitation 
was not sufficient to inhibit extensive fallouts. The damages and failures continue even after completing the 
mucking. The largest fallouts were observed in drift intersections. In the footwall drifts, the fallouts are most 
common in the abutment closest to the ore contact and also in the opposite lower corner, see Figure 8. The 

d) August 28, 2008,
- access and crosscut 

drifting in progress 

- production at level 935 
m and final mucking at 
level 907 m

Ore

a) September 25, 2007,
- access drifting in 

progress

- production and 
mucking at level 907 m

b) October 10, 2007,  
- access drifting in 

progress

- production and 
mucking at level 
907 m

c) May 26, 2008,  
- access and 

crosscut drifting in 
progress

- production and 
mucking at level 
907 m and 935 m
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fallouts were larger and more frequent for footwall drifts located close to the ore. Drifts located at a 40-50 m 
distance (or farther) from the footwall contact, are much more stable with fewer fallouts. Generally the 
fallouts, failures and damages are larger and more frequent for the footwall drifts in block 25 compared to 
block 28 and 33. This could be due to the fact that the drifts in block 25 are located closer to the ore, and thus 
subjected to higher stresses. It could also be due to a lower rock mass strength. Based on years of practical 
experience, from the rock mechanic staff at LKAB, the rock mass competence is lower in block 25 compared 
to block 28 and 33. The different failures within the different blocks with on-going activities are summarised 
in Table 2. 

Figure 7 Typical fallout and rehabilitation of the footwall drift on the 935 m level, with 
production and mucking on-going at the 907 m level.  

Figure 8  Typical compressive stress-induced fallouts in footwall drifts with production/mucking 
taking place on the same level as the drift. 

Ore
Wet shotcrete 

Ore
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Table 2 Summary of observed failures in footwall drifts for the different blocks. 

On-going
activity

Block 25 Block 28 Block 33 

Footwall
drifting

Few structurally controlled 
fallouts

Few initial compressive 
stress-induced fallouts 

Few structurally controlled 
fallouts

Crosscut
drifting

Few structurally controlled 
fallouts in the form of rock 
wedges. Sheared bolts (both 
failed and deformed) were also 
noted

Few initial compressive 
stress-induced fallouts, 
mainly in abutment 

Few structurally controlled 
fallouts

Production
drilling

Fallouts in abutment in the 
form of spalling and/or 
shearing

Initial compressive stress-
induced fallouts in abutment 

Fallouts in abutment in the 
form of spalling and/or 
shearing, partly along pre-
existing structures 

Mucking Damages and fallouts increase 
markedly in footwall drifts at 
the same level 

Compressive stress-induced 
fallouts increase markedly in 
abutment (toward the ore 
contact) and lower corner 

Damaged pillars, fallouts 
from abutment and walls 

Mucking
completed

Cracked, damaged shotcrete, 
extensive amount of damages 
and fallouts 

No performed failure 
mapping

Extensive amount of 
damages and fallouts  

Non activity – 
levels above 
completed
mucking 

Large amount of damages and 
fallouts for the available 
studied area 

No performed failure 
mapping

Huge fallouts. 

3 Methodology and input data 

3.1 Material model 

Different methods to model failure and fallouts of brittle hard rock masses were evaluated in Edelbro (2008a 
and 2008b). The evaluation was based on a comparison between observed fallouts in the field versus 
predictions using commonly used material models and numerical analysis. In Edelbro (2008a) the results 
from six commonly used methods of brittle rock mass modelling, such as those proposed by e.g. Martin 
(1997) and Hajiabdolmajid et al. (2002), were compared with observed fallouts for two cases. A Cohesion 
Softening Friction Hardening (CSFH) material model showed the best agreement with observed fallouts and 
was therefore chosen as the most appropriate material model for predicting brittle fallouts. The brittle-plastic
CSFH model was also applied to six case studies, and the location and shape of the fallout zone (for each 
case) was fairly well predicted (Edelbro, 2008b). Hence, in this work a CSFH model was applied when 
predicting compressive stress-induced fallouts in the footwall drifts at the Kiirunavaara mine. The CSFH
model is a brittle-plastic material model for which the cohesion decrease and the friction increase 
instantaneously to the residual values after having reached the peak strength. The results presented in 
Edelbro (2008a and 2008b) were sensitive to changes of the peak strength parameters and less sensitive to 
variations in residual parameters. The maximum shear strain was found as the most reliable indicator for 
fallouts. To verify the results of the maximum shear strains also the yielded elements should be studied.  
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3.2 Parameter values 

Initially, the strength parameters of the rock mass were estimated by applying the generalized Hoek-Brown 
criterion (Hoek et al., 2002) and calculating equivalent Mohr-Coulomb rock mass strength parameters (cm

and øm) using the program RocLab (Rocscience Inc., 2007). The linear regression, used for determining the 
equivalent parameters, is carried out for a minor principal stress range of tm through 3max, where tm is the 
tensile strength of the rock mass and 3max is the upper limit of the confining stress over which the 
relationship between the Hoek-Brown and the Mohr-Coulomb criteria is considered. The value of 3max was 
chosen using linear elastic stress analysis. The maximum value of 3 within a distance of one tunnel width 
from the tunnel boundary was chosen as 3max. The stress concentrations at the floor/wall abutment were not 
considered. The peak strength of the cohesion (cpeak) was determined using the Mohr-Coulomb criterion 

m

mci
peakc

cos2
sin1

 (when 3 = 0) 

where ci is the uniaxial compressive strength of the intact rock. Since controlled blasting has been 
performed in a confined rock mass the value of D was set to zero (Hoek et al., 2002). The dilation angle was 
set to zero (non-associative flow rule) as the rock can be assumed to be constrained (see e.g Vermeer and de 
Borst, 1984).  

For the CSFH model, it has previously been shown that a peak cohesion representative of the intact rock 
strength resulted in the best agreement with observed fallouts, when applying the CSFH model (Edelbro, 
2008a). Moreover, a peak friction angle (øpeak) of 10  showed good agreement, while a lower angle (as 
suggested by Hajiabdolmajid et al., 2002) resulted in a too wide and deep failed zone and a higher peak 
friction underestimated the fallout area. The residual cohesion (cres) was set equal to 0.3 times the rock mass 
cohesion, cm, determined as described above. This choice was based on suggestions by Hajiabdolmajid et al. 
(2002). The residual friction angle (ør) was set equal to the value of the rock mass friction angle (øm). Both 
cm and øm represent the rock mass strength values determined from using RocLab, as discussed above. Using 
this methodology and the values in Table 3, the parameter values for the chosen material model in Table 4 
were derived. The values presented in Table 3 and Table 4 is a summary of all values for blocks 25, 28 and 
33. The low and typical strength properties are more representative of the rock mass in block 25 and 33 and 
the typical and high strength are more representative for block 28. 
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Table 3  Material properties used for simulating the footwall drifts.  

Parameter Low Typical High 

GSI 60 70 80 

ci [MPa] 240 350 420 

Youngs Modulus, E [GPa] 80 80 80 

Poisson’s ratio,   0.2 0.2 0.2 

3max [MPa] 26 26 26 

Material constant, mi 15 20 25 

Table 4 Applied strength parameters in the cohesion-softening friction-hardening material 
model used. 

Strength

Values Low Typical  High 

cpeak [MPa] when cm

= ci and ø =øm

51 60 62 

øpeak [º] 10 10 10  

cres  = 0.3 · cm [MPa] 2.8 4.2 6.3 

øres [º] = øm 44 52 57 

Tensile strength, tm
[MPa] 

0.8 1.8 3.7 

0

150

0 0.005

low strength

typical strength

high strength

[MPa]

3.3 Numerical modelling approach 

Observed fallouts were compared with results from numerical models using the program Phase2 6.0 
(Rocscience Inc., 2008a). This program was chosen since it is easy to use and widely applied within the 
mining and geo-engineering fields. The program is used for calculation of stresses and displacements around 
underground and surface excavations in rock. Phase2 is an elasto-plastic finite element stress analysis 
program, in which the material can yield and exhibit non-linear stress-strain behaviour if treated as plastic. If 
the peak strength is exceeded, residual strength values can be applied by treating the material as either elastic-
perfectly plastic, or as in this work, elastic-brittle-plastic (instantaneous softening).  

A default setting when using the program Phase2 is that the tensile failure, in addition to reducing tensile 
strength to zero, also reduces the shear strength to residual values. In this study this default setting was not 
used, i.e., the shear strength was not reduced by a tensile failure. As a consequence, the tensile strength had no 
influence on the predicted compressive shear failure. 

By default, the entire load on the model (equal to the field stress) is applied instantaneously in a single stage 
Phase2 model. This might be realistic for excavations in rock masses with no influence of adjacent mining or 
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drifting. However, in this case, stresses are gradually changed as a result of mining. To account for this, a 
multi-stage analysis was conducted. For each stage individual materials were defined with a customized field 
stress specified for each material. In this study, the individual materials were given the same properties and 
between any two stages, no reset of yielded flags was performed. This allows simulation of stress changes as 
staging progresses. The use of this somewhat unconventional approach was verified through contacts with 
the developers of the Phase2 program (Rocscience Inc., 2008c). 

Once the name of a material changes from one stage to the other, the stresses are reset (Rocscience Inc., 
2008c). A stress reset has no influence on the result presented in this work, since a custom field stress was 
applied for each stage. However the user must be observant whether the yielded flags are reset or not when 
changing the material (the yielded flags should not be reset in Phase2 version 6.0). For the case when the 
yielded elements are reset, a reference stage option must be set, in order to view differential data (such as 
yielded elements) between any two stages of the multi-stage model. In Phase2 version 7.0 (Rocsciene Inc., 
2008b) the option to reset yielded flags is only applicable if using a load split option or a staged model with 
an increase or decrease in material strength. However, if applying load splitting, the stresses cannot be given 
individual values; therefore that option was not used in this paper.  

The work presented in this paper was based on modelling with version 6.0 of Phase2. Unfortunately, it was 
found that a few (2-10) yielded elements, located at some distance from the excavation boundary were reset 
in the last loading stage. A possible reason is that the elements have gone from failed in shear to failed in 
tension. Stresses and strains in these elements where studied and compared with neighbouring elements. This 
showed similar behaviour in both types of elements. Hence, another possible reason for the reset of some 
elements could be a bug in the program concerning the plotting of yielded elements. However it is judged 
that this phenomenon had negligible influence on the results presented below, since the predicted fallouts are 
closer to the excavation boundary. 

3.4 Loading conditions 

The assumed major factors that influence the stability of the footwall drifts are: 

1. rock mass strength, 

2. stress state (governed by distance to active mining level, orebody geometry, drifting, etc), and 

3. cross-section (shape) of the drift. 

A parametric study, in which these factors were investigated, was thus conducted. A global-local modelling 
approach was used, in which the boundary stress conditions for the footwall drifts were extracted from a 
global model (Sjöberg and Malmgren, 2008), see Figure 9. This approach was necessary to take into account 
stresses induced by sublevel caving, while keeping the overall model size reasonable and also allow fine 
discretisation near the footwall drift. The virgin rock stresses were determined based on the compilation and 
interpretation of all conducted measurements in the mine by Sandström (2003). The calculated stresses from 
the global model were then used as boundary conditions for the local models of the footwall drifts. For this 
study, Sjöberg (2008) has assisted with the calculation of the stresses. The footwall drifts on level 993 m 
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were analysed with respect to the virgin stresses and changes in stresses when production is at level 907 m, 
935 m, 964 m and 993 m. The drifts are situated in the footwall, at 10–85 m distance from the orebody 
contact (see Figure 3 and Figure 5). The width of the ore is approximately 80 meter in that region.  

Boundary 
stresses from
global model

H

H

Global model 

Local model of 
access drift 

Local model 

Drift

Figure 9 Global-local modelling approach for the Kiirunavaara sublevel caving mine (after 
Sjöberg and Malmgren, 2008). 

Since the stresses and their orientations around the footwall drifts are a function of the distance between the 
footwall and the footwall drifts, four locations of the footwall drifts have been studied corresponding to 10, 
20, 40 and 85 meters distance from the footwall contact. In Figure 10 the stresses at level 993 m are plotted 
with respect to production level, where the intercept on the y-axis represent the virgin stresses. The stresses 
shown in Figure 10 were used as boundary stresses in the local model of the footwall drift. 
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* VS = Virgin Stress, before production         

Figure 10 Calculated stresses at the location of the footwall drift on level 993 m, and for a) 10 m, 
b) 20 m, c) 40 m and 85 m distance from the footwall contact, and for different mining 
steps ( zz is oriented horizontally and parallel to the axis of the footwall drift). 
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4 Numerical modelling results  

4.1 Fallout indicators 

The following indicators were used to predict the compressive stress-induced fallouts: (i) yielded elements 
and (ii) maximum shear strain. The yield condition at a point is reached when the state of stress reaches the 
yield surface. The evolution of damage can be represented by irreversible/plastic strains in the rock, in 
particular the developed shear bands (narrow zones of intense straining). Fallout, caused by shear, is 
assumed to occur when two shear bands intersect or forms a coherent arch. If the shear bands are connected 
with the excavation boundary, the area in between is assumed to fall out (see e.g. Sjöberg, 1999 and 
Sandström, 2003). Previous work has shown that the contour map of shear bands and the volumetric strain 
localization is often similar (see e.g. Edelbro, 2008a and Wang, 2007). As the developed shear bands were 
more distinct and clear compared to the volumetric strain, the maximum shear strain was judged a better 
indicator for predicting compressive stress-induced fallouts (Edelbro, 2008a). However, as shown in Edelbro 
(2008b), both results of yielded elements and maximum shear strains should be used to make reliable 
predictions.

Regions with 3 less than tm (causing tensile failure) was predicted in the walls but also in the abutment 
towards the ore. In this study tensile failure is not considered and when studying the results from e.g. yielded 
elements, only elements that have failed in shear are shown. 

4.2 Multi-stage versus single-stage instantaneous loading model 

Using a single-stage instantaneous loading model and for the case when the production is taking place at the 
same level as the observed footwall drift, the typical observed failure in the abutment is predicted, see Figure 
11. For a multi-stage analysis, yielding and subsequent strength reduction in each stage will be carried 
forward to the next stage. This will cause local stress redistribution as illustrated in Figure 12. The multi-
stage analysis used in this work seems more realistic as a variation in stresses and the effect of previous 
stages can be simulated. Already for the simulation of the production at level 907 m, the results (in terms of 
shear strain) from the two different loading models differs (Figure 11), as the excavation in the virgin stress 
rock mass is considered for the multi-stage analysis. Shear bands and yielding develop first when the 
production reaches level 935 m. The strain values are lower when applying the instantaneous loading model 
compared to the multi-stage analysis. This might result in under-prediction of failure and fallouts for 
scenarios where stresses change due to progressing mining. 
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Production level 

Multi-
stage
analysis

Single-
stage
analysis

Figure 11 Maximum shear strain (0-0.01) calculated for a multi-stage analysis and single-stage 
analysis, applying typical strength properties for drift situated 10 m from ore contact. 

Figure 12 Schematic picture of the stress trajectories around a drift, a) no strength reduction 
(representative for single-stage simulation) and b) strength reduction in the roof 
(representative for multi-stage simulation). 

Using the earlier stage as a reference stage in the multi-stage analysis makes it possible to investigate the 
incremental (differential data) changes between two stages, see Figure 13. The increments are for 
comparison with the single-stage analysis results. The location of the increments of each stage, for the multi-
stage analysis, is similar as for the single-stage analysis. Reduction of rock mass strength was predicted in a 
region at the roof for drifts simulated one level below the production (964 m) using the multi-stage analysis. 
Hence, the multi-stage simulation of level 993 results in stress concentrations in that same region and less 
stress concentrations in the abutment.  

993

935907

b)

Region with 
reduced strength 

a)

964
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Production level 

Increments of 
each stage 
marked inside 
the dashed 
line (multi-
stage
analysis).

Single-stage 
analysis

Figure 13 Yielded elements failed in shear, calculated using a multi-stage analysis and a single-
stage analysis.  

As the applied multi-stage analysis has not been presented or used in the literature, verification was 
performed using a continuum analysis in the distinct element program UDEC. The trend of plasticity was 
similar for the two programs, i.e. generally no elements failed in shear for simulation of production at level 
907. For the case with production at level 935 m, yielded elements were located in the upper right portion of 
the roof. Simulation with production at level 964 m showed for both programs an increase in the amount of 
yielded elements on the side of the roof approaching the abutment towards the ore contact. Hence, the multi-
stage analysis in Phase2 seems reasonable.  

4.3 Variation in strength properties 

The uniaxial compressive strength has been varied between 240 and 420 MPa and the GSI between 60 and 
80. Three different strength definitions were used: (i) low, (ii) typical and (iii) high, see Table 4. The analysis 
showed that, the strength had a significant influence on the results. Almost the same peak strength is 
determined for the typical and high strength condition (see Table 4), while there is a larger difference 
between their residual strengths. If studying the intersected shear bands, the result of the low strength 
simulation of production at level 935 shows a fallout in the roof, while no fallout was predicted applying the 
high strength properties (Figure 14). The observed fallouts for this stage were minor (none to just a few 
fallouts); thus model with the low strength properties appear to overestimate the amount of fallouts.  

993
964

935
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Figure 14 Maximum shear strain (0-0.01) around the footwall drift at the 993 m level (distance = 
10m from the ore contact) calculated using Phase2 for mining at level 935 m and for a) 
low-, b) typical-, and c) high strength properties.

The result of the simulation with low strength properties for drifts at the production level shows a greater 
depth and extent of the predicted fallout compared to the results from using typical and high strength 
properties (Figure 15). The observed fallouts for this scenario (observed in drifts at production level 907 m) 
were located in abutment and lower right corner. The location and depth of the observed fallouts, in the 
upper left abutment, is best captured by the high strength simulations.  

Figure 15 Yielded elements failed in shear and maximum shear strain around the footwall drift at 
the 993 m level (distance = 10m from the ore contact) calculated using Phase2 for 
mining at the same level and for a) low-, b) typical-, and c) high strength properties.

a) Low Strength: b) Typical c) High 

Yielded
elements 

Maximum 
shear strain 
(0-0.01)

Production at level 993 m –same level as the footwall drifts 

a) Low Strength: b) Typical c) High 

Production at level 935 m –
None to a few observed fallouts

935

993
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4.4 Effect of progressing mining 

The variation in stresses with respect to production level had a large influence on the results, see Figure 16. 
For simulation of the virgin stress as well as for the case with production at level 907 m, no elements failed 
in shear and no shear bands were formed. Also for production at level 935, and for the case of the high 
strength properties, no shear bands developed. However, shear bands developed for this mining stage for the 
low and typical strength simulations. The amount of yielded elements increased significantly, independent of 
strength properties, in the next mining stage, corresponding to opening of sublevel caving at level 964 m. 
Field observations also showed an increase of fallouts when the production was one level above the footwall 
drift. The predicted depth, shape and location of the intersected shear bands were almost the same for mining 
at level 964 m and 993 m. However, the predicted strain values were higher for the case of mining at level 
993 m. For both the low and high strength property simulations the intersected shear bands approaches the 
abutment as mining progresses downwards. Again, the best agreement with observations in field was found 
for the case of high strength properties. 

Production level

Low
strength

Typical
strength

High
strength

Figure 16 Maximum shear strain (0-0.01) calculated using low- and high strength properties 
when simulating the progressing mining (distance = 10m from the ore contact). 

993

935
907

964
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4.5 Distance between footwall drift and the ore contact 

As could be expected, a smaller disturbed zone was predicted for drifts located farther from the orebody. For 
drifts farther than 40 meters from the ore contact the results from the analysis showed little influence from 
changes in distance between the ore contact and the footwall drift. At a distance of 85 m, and for the case of 
high strength properties, no significant yielding was predicted even when production was at the same level as 
the drift (Figure 17). This was also observed in field. The observed fallouts in the abutment were more 
typical for drifts closer to the ore, with greater fallout depth and frequency, which was predicted for the case 
of high strength properties, see Figure 17. 

Production level 

Distance

10 m 

20 m 

40 m 

85 m 

Figure 17 Yielded elements failed in shear calculated for drifts at different distances between the 
drift and the ore contact, and for the case of high strength properties. 

4.6 Cross-section of drift 

During the failure mapping it was observed that the cross-sections of the drifts did not always resemble the 
theoretical (planned) cross-section of the drifts, as seen in Figure 18. The excavated drifts were often larger 
in height and/or width versus the planned drift cross-section. The difference between final cross-section and 

993

935
907

964
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the theoretical cross-section could be a result of performed scaling, and/or poor drilling or blasting. Since the 
footwall drifts are not laser-scanned no exact measures of the cross-sections could be determined. However, 
based on photos at footwall drifts at level 993 m, different cross-sections were assumed and simulated.  

Figure 18 Profiles of newly driven drifts at level 993 m. 

In order to study the influence of changes in the cross-section, two excavations with the same height as the 
theoretical cross-section but with a flatter roof were simulated. A flatter roof results in additional shear bands 
and yielded element in the abutment compared to a more arch-shaped roof, see Figure 19. Compared to the 
theoretical cross-section the calculated yielded elements and intersected shear bands approaches the 
abutment already when production is at level 964. The results showed that the compressive stress-induced 
problems increase in the abutment for a flatter roof, and in the middle of the roof for an arch-shaped roof. 
However, for a flat roof, regions with yielded elements failed in tension increases in the roof, caused by less 
arching action.

5.5 m 

Filling
material

5.5 m 



21

Production level 

Cross-
section

Theoretical
cross-
section

Flatter roof 

Flat roof 

Figure 19 Yielded elements failed in shear for different cross-section shapes and for different 
production levels for the case of high strength properties (distance 10 m from ore 
contact).

4.7 Significance of removal of fallout region 

A zone with reduction in strength (e.g. due to yielding) causes stress redistribution. Stress redistribution will 
also take place when fallouts occur. The latter may be simulated by removing elements. The significance of 
removal of the indicated fallout region for the simulation with high strength properties was studied. In Figure 
20 the results of a simulation using the theoretical cross-section and for removing the predicted fallout region 
is presented. The elements were removed at the stage corresponding to production at level 964 m. The 
removal of elements resulted in fewer yielded elements for the subsequent (and last) mining stage 
(corresponding to production at level 993 m). Observations in field also indicated that once a fallout had 
occurred in the roof generally fewer fallouts occurred in the abutment as the mining progressed. 

993

935
907

964
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Production level 

No removal of elements Removal of elements 

Figure 20 Calculated maximum shear strain (0-0.01) for the case of high strength properties of 
the rock mass, for drifts at level 993 at a distance of 10 m from the ore contact. 

5 Discussion and conclusion 

The location of the typical observed fallouts, in upper abutment (towards the ore contact) respectively 
opposite lower corner, of the footwall drifts can be explained by the direction of the major principal stress. 
When starting the drifting, the major principal stress is oriented more or less horizontal, while after 
completed mucking at the same level, the orientation of induced stresses coincide with the dip of the ore (for 
the drifts located close to the ore). The location of the observed compressive stress-induced fallouts is 
typically in the abutment, towards the ore contact, and opposite lower corner. This location was predicted for 
simulations of drifts close to the ore and was more evident for flatter roofs, indicating that the true shape of 
the drift is different from the planned one. This study has shown that high strength properties (for arch-
shaped roofs) of the rock mass results in the best agreement with compressive-stress induced observations in 
field. For the case of high strength, yielding occurs for drifts when mining is one level above or at the same 
level as the drifts. This was also observed in the field.  

The distance between the footwall drift and the ore contact had a significant influence on the amount of 
yielding. The simulations showed good agreement with field observations, as both the predicted and 
observed fallouts were fewer for drifts more than 40-50 m from the ore contact. The simulation of removal of 
elements showed fewer occurrences of compressive-stress induced fallouts in later stages. Both regions with 
reduced strength and removal of elements affect the stress trajectories so that that the stresses are 
concentrated near the tip of the removed or damaged zone. After the removal of elements, closely situated 
regions will be exposed with lower stress concentrations. 

This work has focused on using a CSFH model for prediction of compressive stress induced failure and 
fallouts in the footwall drifts in the Kiirunavaara mine. A perfect agreement was not expected, however the 
results from the CSFH model captures the behaviour in the field, especially for drifts simulated with a flatter 
roof than the theoretical cross-section. New theoretical cross-sections with flatter roofs enable a 
concentration of rock support in the abutment compared to the whole roof for arch-shaped drifts.  
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Based on the results from this study the continued predictions of fallouts should be based on high strength 
properties if arch-shaped roofs are simulated, while for flat roofs the most typical strength for each block 
should be used. This study has also shown limitations, such as reset of a few yielded elements, in the multi-
stage analysis in Phase2. The use of other programs is therefore desirable in a future study. The future study 
should also include simulation of the footwall drift with installed reinforcement.  

Despite that the footwall drifts in the Kiirunavaara mine was monthly investigated during one and a half 
years, continued follow-up at a regular basis of four to five months should be performed. The follow-up is in 
order to achieve better verifications of the material model. To be able to study the true cross-sections of the 
drifts, the suggestion is to laser scan some of them.  
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1  INTRODUCTION 

In underground excavation, the ability to predict fallout 
and damage of rock is essential, in order to optimize 
underground design and construction. This paper presents 
a study on fallouts and rock damage close to the 
boundary of an excavation, using numerical modelling. 
Finite element numerical modelling was applied to an 
access drift in the Kristineberg mine in northern Sweden, 
and a cohesion-softening friction-hardening (CSFH)
material model was applied. The modeling results were 
compared with field observations and an evaluation of 
indicators that are useful when predicting fallouts and the 
damaged rock zone was conducted. The study also 
comprised suggestions for interpretations of the results in 
terms of fallout.  

2  BRITTLE FAILURE AND FALLOUT 

2.1  Failure and fallout in underground excavations   

In rock mechanics, the term failure may be meant to 
describe everything from plastic yielding in the material, 
to visible cracks in the wall or roof, to major rock falls or 

even complete collapse of an excavation. In this paper 
fallout is defined as when rock slabs detach completely 
from the rock mass. The term damaged rock is used to 
describe remaining parts of the rock mass that has yielded 
and thus exhibit reduced strength and stiffness. Fallout of 
rock may lead to production disturbances but also a risk 
of human safety and damages to the equipment. A 
damaged rock does not necessarily result in any 
production disturbance or destruction. Still, the damaged 
rock may fallout if subjected to changes in stress if not 
reinforced or scaled. 

For a compressive stress-induced failure, different 
stages of the failure process can be identified. This 
includes fracture initiation, propagation, and interaction. 
The initiation and propagation (micro-scale) is driven by 
extensile cracking (see e.g. Stacey 1981; Diederichs 
1999). The fractures developed during the fracture 
initiation and propagation phase are referred to as stable 
fractures since an increase in stress is required to induce 
new fractures or propagate existing ones. Increases in 
stress at this point lead to accumulation and growth of 
fractures. For a brittle material, this may cause a 
reduction in strength. Hence, stress concentrations 
transfers farther into the rock mass and new fractures are 
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initiated at a larger distance from the boundary. Further 
increases in stress result in fracture interaction. For 
spalling failure (see e.g. Martin 1997, Diederichs 2007) 
slabs parallel to the surface are formed. Fallout can occur 
once fractures connect to the excavation boundary. Often, 
slabs fail at the outer ends through shear propagation, or 
in the middle through tension (buckling), see Figure 1. 
Thus, shear failure is likely to occur in the final process 
of the formation of a fallout. Often when one slab has 
fallen out, new slabs are formed, see Figure 2. The 
spalling of the rock is thus a gradual procedure that ends 
up in a final form that is most often dropped or v-notch 
formed. Since shear occurs in the outer ends of the slabs, 
the final shape of the fallout is best captured by shear 
bands or yielded elements failed in shear in a numerical 
analysis. 

Figure 1: Compressive stress induced failure mechanisms 
around an excavation in brittle hard rock mass. 

Figure 2: Illustration of the staged process of a compressive 
stress-induced fallout with fractures developed parallel to the 

excavation surface. 

2.2  Modeling of brittle  failure and fallouts 

For simulation of failure and fallouts in hard rock masses, 
the results of a CSFH material model, in form of shear 
bands and yielded elements failed in shear, have shown 
good agreement with observations of spalling failure in 
field (Hajiabdolmajid et al. 2002; Diederichs 2007). In a 
previous study it was also shown that a CSFH model 
provided good agreement with both shearing and spalling 
failures for a number of cases. (Edelbro 2008a, 2008b).  

The CSFH model is supposed to capture the behavior 
of stress induced failures. The initial part of the failure 
process is mainly due to propagation of tensile failure at 
pre-existing crack tips. Therefore the role of the friction 
in the early stages of the failure process is limited and 
only relevant for small-scale strength, i.e. grain boundary 
structures and internal cleavage planes (Diederichs 2007). 
Hence, a low peak friction angle should be applied for a 
CSFH model. Friction becomes active as the failure 
surface is formed. The peak cohesion is active until 
failure (yielding) of the material occurs. Using, high peak 
cohesion, representative of the intact rock strength, good 
agreement with field observations was found (Edelbro 

2008a, 2008b). Once the material has failed the cohesion 
drops to a low residual value. 

3  CASE STUDY 

3.1  The Kristineberg Mine 

In the Kristineberg mine located in northern Sweden zinc 
and copper ore is presently extracted at a depth of 900-
1200 m below the ground surface. The mine is operated 
by Boliden Mineral AB. The host rock mass mainly 
comprises sericite-, cordierite- and chlorite quartzite. The 
uniaxial compressive strength of the intact host rock 
varies approximately between 65-150 MPa and the 
geological strength index (GSI) varies between 50-80. 
The variation is primarily depending on the grade of 
alteration, foliation and chlorite content in the rock types.  

The varying rock mass conditions in combination with 
high virgin stresses at the current level of production, 
lead to different types of ground condition problems in 
ramps and access drifts. This mean the mine has to deal 
with strain bursts and spalling as well as squeezing rock 
conditions. In this work the focus is on the stress induced 
spalling.

3.2  Observed spalling and fallouts in an access drift  
In an access drift (width=4.8 m and height=5.5 m), 
spalling failure and strain bursts occurred in the roof 
during drifting. The spalling caused fallouts to occur in 
the form of thin rock slabs orientated parallel to the 
surface. The drift was located in a good quality rock mass 
(consisting of cordierite quartzite) at a depth of 1200 m 
and was orientated perpendicular to the major horizontal 
stress. In order to stabilize the roof, a large v-notch with a 
depth of about one meter, was scaled (Figure 3) before 
installation of the rock reinforcement. The v-notch has 
proven to stabilize the roof in many places in the mine. 

Figure 3: The v-notch, in the Kristineberg mine, created by 
scaling. 

The observed fallouts in the drifts were smaller than 
the created v-notch. The fact that scaling could continue 

shear

spalling
1
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without much effort, indicates that a zone of damaged 
rock had developed in the roof. The rock within the 
scaled v-notch could thus be assumed to represent the 
damaged rock.  

3.3 Numerical modeling

3.3.1  Model setup 

In order to study the significance of scaling and to enabled 
an evaluation of damage and fallout indicators, the access 
drift was simulated with the elastic-plastic finite element 
stress analysis program Phase2 (Rocscience Inc. 2008). 
The default setting of reducing the shear strength when 
tensile failure occurs was not used. As a consequence, the 
tensile strength had no influence on the predicted yielded 
elements failed in shear. 

To optimize the analysis and enable a finer 
discretization in the region closest to the boundary 
domain, a "circle domain" was used. The extent of the 
modelled domain was defined by an expansion factor of 
four in relation to the excavation dimension, to eliminate 
boundary effects. The domain was discretized with a 
finite element mesh of six-noded, triangular elements. A 
mesh gradation factor of 0.1 was used.  

The selection of regions with finer mesh for the CSFH
model was based on the results of the elastic model. The 
finer discretization was used in regions of expected 
failure (i.e. strength factor < 1 in the elastic analysis). To 
avoid an abrupt change of element sizes in regions near 
the finer discretization region, a smooth change of 
element size was applied. The element size at the roof 
was set to 0.01 m and in the spring-line 0.02 m. For the 
walls and floor, the element side length was set to 0.2 m.  

3.3.2 Input data 

The input data used for modelling the access drift is 
presented in Table 1. The parameter values for the CSFH
model (in Table 2) were derived based on suggestions 
and results from Edelbro (2008a, 2008b). The calculation 
of the rock mass cohesion and friction angle was 
conducted using rock mass classification and the 
empirical Hoek-Brown failure criterion in RocLab
(Rocscience Inc. 2007). The peak friction angle was set 
to 10º. The residual friction angle was the rock mass 
friction angle. A peak cohesion representative of the 
intact rock strength was determined using the Mohr-
Coulomb failure criterion, while the residual cohesion 
was set equal to 30% of the rock mass cohesion. 

Since the stresses and the rock mass properties were 
general for the host rock as a whole, a parametric study 
with four sets of rock mass strength values was 
conducted. The in situ tensile strength, for the sparsely 
jointed rock, was assumed equal to the intact tensile 
strength (Carter et al. 2008) determined using RocLab
and GSI=100. Simulations with the tensile strength 
representative for the rock mass were also performed. 
However, the tensile strength did not influence the 
yielded elements failed in shear. Since controlled blasting 

has been performed in a confined rock mass the value of 
the disturbance factor (D) was set to zero (Hoek et al. 
2002). The dilation angle was set to zero (non-associative 
flow rule) as the rock can be assumed to be constrained 
(see e.g. Vermeer and de Borst 1984).  

Table 1: Input data for the drift. 
Input data  
Stress data (*), 

H [MPa] z04.08.2 (**) 51  
h [MPa] z024.02.2 31
v [MPa] z027.0 32

GSI 65-75 
ci [MPa] 65-144 

Young’s Modulus, E [GPa] 40 
Poisson’s ratio,   0.2 

3max [MPa] 20 
Material constant, mi 20

* (from Stephansson 1993); ** z = depth below surface (for 
this case 1200 m) 

Table 2: Applied strength parameters in the cohesion-
softening friction-hardening material model. 

Values Min Mean High Max 
cpeak [MPa]* 16 23 26 29 
øpeak [º] 10 10 10 10 
cres = 0.3 · cm [MPa]** 2 2 3 3 
øres [º] = øm  38 45 47 49 
Tensile strength, t
[MPa] 

7 7 7 7 

Peak strength [MPa] 38 54 62 69 
* For cm = ci and ø =øm; ** a similar suggestion was given by 

Hajiabdolmajid et al. 2002. 

3.3.3 Modeling results 

The first step was to run an elastic analysis to study 
potential failures. These were identified through areas 
with the calculated strength factor (factor of safety) being 
less than one. The results indicated that the failure caused 
by high compressive stress was expected in the roof of 
the drift while tension developed primarily in the walls.  

The yielded elements for the different strength 
properties are shown in Figure 4. The results shows that 
elements yielded in shear and tension overlap, especially 
for the higher strength rock. Shear band localizations are 
predicted for the different strength properties (Figure 5). 
Larger strain values were obtained for the higher rock 
strength cases. The stronger rock allow for a larger build-
up of strain before failure.  

Due to the reduced strength in the roof, the 
concentrations of compressive stress develop at some 
distance from the boundary, outside the disturbed zone 
(Figure 6). A reduction of tangential stress (compared to 
the pre-mining stress) is found in the disturbed zone.  

3.4  Interpretation of failure and fallout 

The shear strain values in combination with yielded 
elements were used to interpret damage and fallouts. The 
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scaled notch in the access drift was captured by the 
contour of the localized maximum shear strain bands, 
especially for the higher strength properties (Figure 5). 
Despite that the shear bands intersect the strain values in 
the intersection apex are comparatively low, especially 
for the higher strength rock, see example in Figure 7. 
This could be a result of mesh geometry, with coarser 
discretization farther from the boundary.  

 Min Mean High Max 

Shear

Tension

Figure 4: Yielded elements failed in shear, for different 
strength properties of the rock mass.  

Figure 5: Calculated maximum shear strain (0-0.02) for min, 
mean, high and max strength properties of the rock mass.  

Figure 6: Calculated major principal stress ( 1) for min and 
max strength properties of the rock mass.  

In the field it is possible that the shear fractures (shear 
strain localisation) grow but not intersect. However, if 
fallout of rock slabs occurs, or scaling is performed, 
existing shear fractures are likely to intersect. For the 
Kristineberg case, the smaller fallouts observed in the 
field is likely to be a result of intersection between 
fractures developing parallel to the excavation boundary 
and shear fractures, such as those in Figure 7.  

Intersected shear bands with consistently high strain 
values can thus be interpreted as possible indicators for 
fallout. Similar suggestion for prediction of likely failing 
rock was presented in Carter et al. (2008). Yielded 

regions with low strain values could be assumed to 
represent the damaged rock, see Figure 8. 

.
Figure 7: The maximum shear strain (0-0.02) for the case of 

high rock mass strength simulation.  

Figure 8: Yielded elements failed in shear for the case of high 
rock mass strength simulation.  

3.5  Removal of fallouts or scaled v-notch 

The effect of fallout of slabs or complete scaling of the v-
notch was studied by removing elements in the numerical 
model, see Figure 9.  

Figure 9: Calculated maximum shear strain values (0-0.02) for 
the case of high rock mass strength. Dashed line indicates the 
scaled notch in the roof, while thick line represents fallout of 

one slab.  

Different shapes of the drift, representing fallouts, had 
a significant influence on the amount of yielded elements 
and the formed shear bands. A simulation of the drift 
representing a fallout of 0.2 m thickness in the roof 
showed that the strain values in the shear bands increased 
(Figure 10). For the drift with no removal of elements, 
the predicted strain values were "low" in the notch apex, 
while the strain values were elevated also in the apex for 
the simulation with removed elements. When the 
simulated fallout had reached a depth of 1 m (Figure 11), 

Min

Reduction in tangential stress 

Max 

Min Mean MaxHigh

Damaged 
rock

Lower strain 
values

Elevated strain values
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no further developed fallout zones were predicted. This 
agreed well with field experience. This was the result for 
the case of high rock mass strength, while for the 
minimum (low) rock mass strength, continued 
propagation of fallouts were predicted. 

Instantaneous removal of zone with thickness 
0.2 m 0.6 m 0.8 m 

Figure 10: Maximum shear strain values (0-0.02) for different 
shapes of the drift roof for the case of high rock mass 

properties.  

Figure 11: Yielded elements failed in shear and maximum 
shear strain values (0-0.06) after removal of a one meter deep 

fallout region for the case of high rock mass strength.  

4  DISCUSSION AND CONCLUSIONS 

The method used seemed suitable for hard rock with high 
strength. The high rock mass strength properties resulted 
in the best agreement with observations in field. Based on 
this study potential compressive stress-induced fallouts 
(using a CSFH model) can be predicted using numerical 
modelling and the following indicators: (i) intersecting 
shear bands with significantly elevated strains and which 
connect to the excavation boundary, and (ii) shear bands 
being located with the region of yielding. Both criteria 
must be fulfilled simultaneously.  

Shear bands with zones of low strain values are 
assumed to indicate possible future fallouts, if e.g., the 
stresses should change or scaling be performed. The zone 
of yielded elements failed in shear is greater than the 
zone of intersecting shear bands. Thus, yielded elements 
can be interpreted as damaged rock. 

This study has also shown that by scaling of the 
damaged rock, the stability of the excavation is 
improved.  
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