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Abstract 

This licentiate thesis consists of four papers, A-D. 

In paper A the development of tensile and compression strength is presented for old 
concrete railway trough bridges. The compression strength has usually increased 50 to 
100% over the years for these trough bridges. However, the same cannot be said for the 
tensile strength. Further, when the results from drilled out cores were compared for 
different structural parts (i.e. the bottom slab and the longitudinal beams) for one 
bridge. It turned out that the compressive strength was approximately 15% higher in 
the beam than in the slab. In the paper a rather well known method, the Capo-test, is 
used to determine the in-situ concrete compression strength in old railway trough 
bridges. The Capo-test has been compared with the results from drilled cores, which is 
the common way to determine the in-situ strength of a concrete structure. The study 
indicates that the Capo-test can be used on objects with old age, but with some 
restrictions, especially regarding the aggregate size. Results from tests performed on one 
bridge, the Lautajokki Bridge, show that the Capo-test might in some cases 
overestimate the compressive strength. An improved formula is presented for 
evaluation of the compression strength from Capo-tests for old structures. It gives a 
better correlation than the general one given by the manufacturer of the equipment 
and the one proposed by Rockström & Molin (1989). However, further studies are 
necessary. 

In paper B load carrying capacities of cracked as well as un-cracked concrete railway 
sleepers have been investigated. The cracking is believed to be caused by delayed 
ettringite formation. The tests that have been performed are: 

(1) Bending moment capacity of the midsection. 

(2) Bending moment capacity of the rail section. 

(3) Horizontal load capacity of the fasteners. 

(4) Concrete properties of the tested sleepers.  
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Information on how the visual inspection and the classification of damages are 
performed is presented together with possible failure mechanisms of the fastener when 
loaded horizontally. The purpose with the tests have been to get information on how 
the cracking influences the load carrying capacity compared to an un-cracked sleeper. 
The test results have been compared with calculations according to the Swedish Rail 
Code for sleepers. The tests show that small cracks do not seem to influence the load 
carrying capacity and first when cracking is very severe the load-carrying capacity is 
reduced significantly. 

In paper C results and analyses are presented from cyclic tensile fatigue tests. The tests 
can be considered as initial ones. The fatigue tests in this paper are compared to a 
deformation criterion proposed by Daerga & Pöntinen (1993) based on an idea of 
Balázs (1991). The growth in deformation during fatigue can according to the model 
be described as three phases. In the beginning of the first phase the deformation rate is 
high but stagnates after a while. The second phase is characterised by a constant 
deformation rate. These two phases can be described as stable. During the third phase, 
the failure phase, the deformation rate increases rapidly leading to failure within a short 
time. The strain criterion for fatigue failure means that the strain at peak load during a 
static failure load corresponds to the strain at the changeover between phases two and 
three during a fatigue failure. These tests indicate that the strain criterion proposed by 
Balázs (1991) might also be applied on plain concrete subjected to cyclic tensile fatigue 
load. Though, further studies are needed.  

In paper D a comparison is made between the Swedish Codes and Eurocode regarding 
fatigue load for concrete. If the results are compared there are differences. The 
calculation with EC2-2 (1995) gives the least conservative values. The Swedish code is 
slightly more conservative than the EC2-2, but they are still fairly similar. The new 
version of Eurocode, EC2-draft (1999), is by far the most conservative one. Some of 
the differences are: 

� The expression to calculate the shear force capacity. 

� The expression to calculate the design fatigue strength. 

� The Swedish Code gives an approximate value of the number of cycles before 
failure (the value is taken from a graph). 

The reason why EC2-draft (1999) is much more conservative than the EC2-2 
(1995)/EC2-1 (1991) is the suggested reduction of the design shear strength. This leads 
to the fact that the trend regarding concrete fatigue goes in a conservative direction. 
The result presented in this paper indicates instead, that it rather would be possible to 
allow higher stresses. 

 

Keywords: concrete, bridges, strength development, Capo-test, cyclic tensile fatigue 
test, fatigue, strain criterion, sleepers. 
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Sammanfattning 

Denna licentiatuppsats består av fyra artiklar, A-D. 

I artikel A presenteras drag- och tryckhållfasthetsutveckling hos ett antal gamla 
trågbroar av betong. Undersökningarna visar att tryckhållfastheten till skillnad från 
draghållfastheten har ökat med 50 till 100% över tiden för dessa trågbroar. När resultat 
från de utborrade cylindrarna jämfördes för en trågbro, visade det sig att 
tryckhållfastheten var ca 15% högre i balkarna än i plattan. I undersökningarna har även 
en relativt känd provningsmetod använts för att undersöka tryckhållfastheten in-situ, 
det s.k. Capo-testet. Resultat från Capo-testet har jämförts med resultat från de 
utborrade cylindrarna, vilken är den rekommenderade metoden för att undersöka 
tryckhållfastheten. Denna studie ger indikationer på att Capo-testet kan användas för 
gamla konstruktioner men med vissa förbehåll bl.a. vad gäller storleken på ballasten. 
Resultaten som erhållits på ett av provobjekten, bron över Lautajokki, visar att Capo-
testet i vissa fall kan ge för höga värden relativt utborrade cylindrar, dvs. på osäker sida. 
I artikeln presenteras ett nytt samband för att korrelera utdragskraften från Capo-testet 
mot tryckhållfastheten för gamla konstruktioner. Detta nya samband ger en bättre 
korrelation gentemot tryckhållfastheten än den generella som tillhandahålls av 
tillverkaren och den som Rockström & Molin (1989) föreslagit. Vidare studier är dock 
nödvändiga inom detta område. 

I artikel B redovisas provning och utvärdering av bärförmågan för uppspruckna 
respektive ej uppspruckna järnvägssliprar av betong. Uppsprickningen tros bero på s.k. 
försenad ettringitbildning. De test som utförts är: 

(1) Böjprov i mittsnitt. 

(2) Böjprov i rälläge. 

(3) Dragprov av befästning (horisontalkraftskapacitet). 

(4) Kontroll av sliprarnas betonghållfasthet.  
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I artikeln redovisas även hur den visuella inspektionen och klassificeringen av sliprarna 
utförts. Dessutom presenteras möjliga brottmekanismer för befästningarna när de 
belastas horisontellt. Målet med provningarna har varit att få en uppfattning om hur 
uppsprickningen påverkar bärförmågan. Resultaten från försöken har jämförts med 
beräkningar enligt gällande norm. Försöksresultaten visar att ett fåtal sprickor inte  
påverkar bärförmågan nämnvärt utan det är först när ett väl utvecklat spricksystem 
utvecklats som bärförmågan avtar avsevärt. 

I artikel C redovisas resultat och analyser från cykliska dragförsök av cylindriska 
betongprovkroppar. Dessa försök kan betraktas som inledande och resultaten har 
jämförts med ett töjningskriterium föreslaget av Daerga & Pöntinen (1993) baserad på 
en idé föreslagen av Balázs (1991). Tillväxten av töjning under ett cykliskt försök kan 
enligt modellen beskrivas i tre faser. I den första fasen är töjningshastigheten hög men 
stagnerar efter ett tag och övergår i fas två där förloppet kan betraktas som stabilt med 
konstant töjningsutveckling. Fas tre, brottfasen, kännetecknas av att 
töjningsutvecklingen ökar dramatiskt vilken i sin tur leder till brott tämligen omgående. 
Töjningskriteriet innebär att töjningen vid maximal last i ett statiskt försök motsvarar 
töjningen i övergången mellan fas två och tre i ett utmattningsförsök. Försöken som 
utförts hittills indikerar att töjningskriteriet som föreslagits av Balázs (1991) även kan 
användas på oarmerad betong utsatt för cyklisk belastning i drag. Vidare studier är dock 
nödvändiga. 

I artikel D presenteras en jämförelse av hur betongutmattning beräknas i svenska betong 
normer och i Eurocode. Studien visar att det finns skillnader mellan normerna. 
Beräkningen enligt EC2-2 (1995) ger de minst konservativa resultaten. Den svenska 
normen är något mindre konservativ än EC2-2 (1995) men de är ganska lika. Det nya 
förslaget till Eurocode, EC2-draft (1999), ger dock de mest konservativa resultaten. 
Några av skillnaderna mellan normerna är: 

� Ekvationen för att bestämma tvärkraftskapaciteten. 

� Ekvationen för att bestämma utmattningshållfastheten. 

� Den svenska normen ger endast approximativa värden för antalet cykler till 
brott (värden läses ur ett diagram). 

Orsaken till att EC2-draft (1999) är mycket mer konservativ än EC2-2 (1995)/EC2-1 
(1991) beror på hur tvärkraftskapaciteten beräknas. För att vara på den säkra sidan har 
en reduktion av skjuvhållfastheten föreslagits. Detta medför att trenden beträffande 
utmattning av betong går i en konservativ riktning. De resultat som redovisas här tyder 
snarare på att större påkänningar borde kunna tillåtas.  

 

Nyckelord: betong, trågbroar, hållfasthetsutveckling, Capo-test, cykliska dragförsök, 
utmattning, töjningskriterium, sliper. 
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1 Introduction 

1.1 Background. Aim and Scope 
During the last decades it has become more and more important to assess, maintain and 
strengthen structures like bridges, dams and buildings. This is due to the increased age 
of many structures and the high costs to construct new infrastructure. Therefore it is of 
great interest to find methods to evaluate these concrete structures, since there are so 
many factors that influence, e.g. the load carrying capacity or the general condition of 
the structure. Such factors are e.g. in-situ strength, cover of reinforcement, amount and 
quality of the reinforcement, degree of degradation of resistance (frost attack etc.). An 
important factor to keep in mind is also why the structure is going to be evaluated so 
that the right action is taken. 

In Figure 1 an idea is presented of how such an evaluation could be performed. It 
consists of three steps. The first is the simplest of them: an inspection at site and 
recalculation according to the present Design Code. The next step is a more refined 
check and might be more costly and time consuming. It consists of e.g. strength tests 
and measuring at site of some parameters (strain, deflection etc.). With this information 
new and more advanced calculations could be performed. The last step is what action 
that must be taken with the new information. Will the structure be: 

- Supervised i.e. e.g. measurement of the strain development over a longer time 
(this is already done today with the help of a modem and a data logger see Utsi 
et.al (2001))? 

- Or must the bridge be strengthened with e.g. carbon fibre reinforced polymers 
(see e.g. Carolin (2001))? 

- Or must a new bridge be built? 

Some of the checks in Figure 1 are not easy to perform e.g. the measuring of the strain 
development in concrete at site. An earlier research project - 30 ton på Malmbanan - 
has shown that field measurements of the deflection during passing trains are an 
important instrument when evaluating the condition of a bridge. 
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check C. Action 

 
Figure 1 Idea of how an evaluation of e.g. a concrete bridge could be performed.  

Of all these parameters/factors mentioned above that influence e.g. the load carrying 
capacity, the focus has been set on the in-situ concrete strength in old railway trough 
bridges, see paper A. Here, among other things, different semi-destructive and non-
destructive methods to determine the strength of concrete in existing structures have 
been evaluated.  

When a calculation is performed with the present Design Code on an existing bridge in 
e.g. step 1 in Figure 1, it can fail to live up to the demands in several ways. An old 
bridge that was recalculated according to the present concrete Design Code in an 
earlier research project – 30 ton på Malmbanan- showed that it would not manage the 
increase in axle load from 25 tons to 30 tons, especially regarding the concrete shear 
fatigue capacity. To check whether this was correct it was exposed to a full-scale 
fatigue test in the laboratory at LTU in 1996. It managed 6 million load cycles with an 
axle load of 360 kN instead of the 500 cycles that the Swedish Concrete Code 
indicated. The reason for this discrepancy is partly due to the fact that concrete fatigue 
is roughly modelled and often with large safety factors in the present Design Codes (see 
the comparison in paper D). This led to the study presented in paper C, a study of 
deformations at cyclic tensile load, which hopefully in the end will lead to a proposal 
for how the fatigue capacity might be calculated for tensile fatigue load. 

This thesis also contains study of a concrete railway element and that has, in fact, been 
investigated according to the idea presented in Figure 1. This concrete element is a 
railway sleeper made of prestressed concrete and results can be found in paper B. Load 
carrying capacity tests have been performed on cracked as well as un-cracked railway 
sleepers.  

1.2 Contents 
In chapter 2 a summary is presented of paper A that has the title: Concrete Strength 
Development in Swedish Bridges. In the paper the development of tensile and 
compression strength is presented for old concrete railway trough bridges.  

Chapter 3 presents a summary of paper B that has the title: Load Carrying Capacity of 
Cracked Concrete Railway Sleepers. In this paper load carrying capacities of cracked as 
well as un-cracked concrete railway sleepers have been investigated. The paper is co-
authored by PhD student Sofia Utsi. The laboratory tests of the bending capacity of the 
midsection and the rail section have been performed by Sofia Utsi while the tests of the 
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horizontal load carrying capacity of the fastener have been performed by Håkan Thun 
except for one of the tests.  

In chapter 4 a summary is presented of paper C that has the title: Concrete fatigue 
capacity. A study of deformations at tensile forces. In this paper results and analyses are 
presented from uniaxial tensile cyclic fatigue tests. The tests can be considered as pilot 
tests.  

In chapter 4 a summary is presented of paper D that has the title: Fatigue capacity of the 
concrete slab – a comparison between the Swedish Concrete Code and Eurocode . In this paper a 
comparison is made between the Swedish Codes and Eurocode regarding the fatigue 
shear capacity for concrete.  

Chapter 6 contains an outlook. 

The tests and the analyses in the presented papers have in general been performed by 
the author. Guidance and comments have been given by the co-authors Prof. Lennart 
Elfgren and Tech. Dr. Ulf Ohlsson. 

1.3 New and original features 
To the knowledge of the author, the following features are new and original 
contributions: 

- Concrete strength evaluation for old trough railway bridges. 

- Revised expression for correlating the Capo-test to compressive strength for old 
concrete structures. 

- Tests and evaluation of load carrying capacity of deteriorating concrete sleepers. 

- Cyclic testing of concrete at tensile load and checking of a fatigue failure strain 
criterion. 

- Comparison of Swedish and European Codes for concrete shear fatigue 
capacity. 
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2 Strength development in Swedish Concrete 
Bridges – Paper A 

2.1 Background. Aim and Scope 
Field studies of the concrete strength development were initiated when an increase of 
the axle load from 25 tons to 30 tons was planned on the iron ore railway line between 
Luleå in Sweden and Narvik in Norway. Due to this a program was initiated by the 
Swedish and Norwegian Railway Authorities to check the bearing capacity of the 
existing bridges strength and what kind of strengthening procedures that would be 
necessary to allow the enlarged load. 

One of the first steps in the investigation was to recalculate a 29-year-old standard 
trough bridge from Lautajokki with the present design codes. The calculations 
indicated that the shear fatigue capacity was inadequate so in order to check this a full-
scale fatigue test was carried out on the Lautajokki Bridge. The bridge was exposed to 
6 million load cycles (axle load 360 kN) without any signs of a reduction of its capacity 
(this is considerably more than what the Swedish Code indicated). 

There are some 70 concrete bridges of trough type, see Figure 2, between Luleå and 
Narvik, and some 200 in the rest of Sweden. The trough consists of a slab, filled with 
ballast, connected to and carried by two longitudinal beams. The bridges of this 
standard type were usually built between 1950 and 1980 with a design compression 
strength of about 40 MPa (tested on 150 mm cubes). 

 
Figure 2 Typical cross-section of a Swedish concrete railway trough bridge. The 
trough, filled with ballast, consists of a slab connected to two longitudinal beams, 
Nilsson et al. (1999). 
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One of the reasons why it turned out so well in the fatigue test was due to the fact that 
the concrete compression strength had increased considerably over the years compared 
to the design strength. The reason to this increase can be due to several factors. The 
two most likely are that the concrete delivered to the building site was “better” than 
what was stipulated or that the hydration of concrete had continued over the years (see 
e.g. Rådman (1998)). This is possible when the cement is coarsely grinded.  

If this increase in strength that was found in the Lautajokki Bridge also could be a fact 
for all other bridges along the railway line it could lead to great savings of time and 
money. Therefore suitable test methods and a large number of bridges have been 
investigated regarding the strength development. In this paper different semi-
destructive and non-destructive methods to determine the strength of concrete in 
existing structures have been used. The results have made it possible for a decision for 
each bridge if it could be kept or if it must be replaced. 

2.2 Test methods 
The methods that have been used in the field investigation to determine the concrete 
strength of the concrete railway trough bridges are: 

� Capo-test 

� Drilled out cores 

� Rebound-hammer (Schmidt hammer) 

The Capo-test and the rebound-hammer are simpler and less expensive to perform 
compared to drilling out cores. They also have the advantage that the equipment is 
lighter and easier to move compared to the equipment used for drilling out cores. This 
was one of the key-advantages since many of the bridges could only be reached either 
by train or by hiking. 

To use drilled out cores to estimate the in-situ strength of a structure is a common 
method. Most countries have adopted standard procedures for how a core should be 
prepared, stored, etc. before testing. In this study the preparation, the storage etc. have 
been made according to the Swedish Concrete Code, BBK94 (1994,1996). The cores 
have been air cured for at least three days before testing. 

The Capo-test on the other hand is a method to determine the concrete strength of the 
cover-layer for an existing structure. It was developed in Denmark by German Petersen 
& Poulsen (1993) in the middle of the 1970s. The Capo-test is a further development 
of the so-called Lok-test where the pullout bolt is embedded in fresh concrete. 

The test procedure of the Capo-test, see Figure 3, consists of drilling a 65 mm deep 
hole with a diameter of 18 mm using a water-cooled diamond bit. Then a 25 mm 
recess is made at a depth of 25 mm using a portable router. An expandable split steel 
ring is inserted through the hole in the recess and expanded by the means of a special 
tool. Finally the ring is pulled through a 55 mm counter pressure placed concentrically 
on the surface. The pullout force is measured by the pull machine and can be 
converted into compressive strength by means of calibration charts provided by 
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German Petersen & Poulsen (1993). A description can also be found in for example 
Bungey & Millard (1996).  

 

To hydraulic 
pull machine 

counter pressure

Failure cone

Expandable 
split steel ring 

drilled hole 

recess 

25
 

55
 

[mm]

25

18
 

 
Figure 3 Schematic drawing of the Capo-test, German Petersen & Poulsen (1993) 
and Bungey & Millard (1996). 

The background of the correlation charts is several laboratory and field studies made by 
the manufacturer as well as by other researchers. Results from the Lok-test are mostly 
the basis of the correlations charts. 

Especially at the end of the 1970s and during the 1980s the Lok-test and similar 
methods were heavily discussed in the concrete society, particularly regarding what 
property that is actually measured in a pullout test. In the literature you can find several 
theories and some of them are, Yener (1994): 

� Compression strength: Ottosen (1981) published a non-linear finite element 
analysis of the Lok-test in 1981. His study indicated that the cracking initiated 
in the circumferential direction behind the disk (compare with the steel ring in 
Figure 3) at 7 % loading. Radial cracking was found to initiate at 18 % loading 
near the outer concrete surface. With increased loading radial cracks developed 
gradually and at 64 % loading a considerable development of new 
circumferential cracks occurs. These were found to extend from the outer part 
of the steel disk towards the support. At 70% loading the distribution of 
principal stresses indicated that large compression forces run from the disk in a 
narrow band toward the support. Hence, the pullout capacity above 64% of 
the loading was due to crushing of the concrete within this band. His 
conclusion was that the force that is needed in a pullout test to extract the disk 
directly depends on the compressive strength of the concrete.  

In Yener (1994) one can find support for this theory. That the reasonably good 
correlation between the compression strength and the pullout force is 
explained by the fact that the residual strength in a pullout test is a consequence 
of the crushing of the concrete in the vicinity of the support ring. 

� Aggregate interlocking: Stone & Carino (1983) carried out large-scale pullout 
tests and their observations refute the thesis with narrow bands. Their tests 
showed no visible evidence of such bands. They speculated that aggregate-
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interlock across the failure surface is the reason to the load capacity above the 
64% mentioned in Ottosen (1981). 

This idea was rejected in Yener (1984) since aggregate interlocking would be 
very sensitive to different types of aggregate. This would in turn had led to 
reports of high variations within performed tests.  

� Tensile strength: Stone & Carino (1984) concluded on basis of a comparison 
between the predicted elastic tensile trajectories of the un-cracked concrete 
and the experimental failure surface profile, that the formation of the complete 
failure surface is governed primarily by the tensile strength of mortar. They 
proposed that the observed correlation exists because both the pullout strength 
and the compressive strength of concrete are related to the tensile strength of 
the mortar. 

� Combined compression and bending actions: Yener (1994) made a FEM-
analysis of the problem and suggested that the behaviour of concrete subjected 
to a pullout test is primarily controlled by combined compression and bending 
actions. The bending action is pronounced in the later stages of the loading and 
the concrete within the eventual failure surface is compressed in the general 
direction of the applied load. His study also indicates that this is combined with 
tensile stresses in the earlier stages of the applied load. 

However, a common thing for all studies is that a fairly good correlation has been 
found between the pullout force and the compression strength. In this paper the failure 
is not analysed. Instead the reasonably good correlation between the pullout force and 
the compression strength has been accepted and utilized to determine the in-situ 
compression strength. 

Not many studies have been made concerning comparison between the Capo-test and 
drilled out cores (dimensions 100×100 mm) from old structures. To the authors’ 
knowledge only one study has been made, Rockström & Molin (1989). Their study 
showed that the correlation proposed by German Petersen (1997) might not give a 
perfect correlation when the test object is an old structure, i.e. old road bridges. 

Together with the results obtained by Rockström & Mohlin and the results in this 
study a new correlation has been proposed for old structures, see also Figure 4: 

cF 0.59 f ' 2.46= × +   N (1) 
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Figure 4 The correlation between Capo-test and 100 mm ×××× 100 mm cores, 
trimmed and air cured 3 days before testing, made by LTU on 6 old railway 
bridges. The correlation is compared to the general correlation for standard 
cubes (figure 2) and the correlation proposed by Rockström & Molin (1989) on 5 
old Swedish bridges.  

2.3 Results and Discussion  
This study indicates that the Capo-test can be used on objects with old age, but with 
some restrictions. The results from the tests performed on the Lautajokki Bridge show 
that the Capo-test might overestimate the compressive strength compared with drilled 
out cores. The Capo-test gave higher values when it was performed on the 
longitudinal beams and the slab than drilled out cores from the slab. If this is something 
general for all actual bridges is hard to say while the basis is poor - there are only results 
from one bridge.  

This study along with the study performed by Rockström & Molin (1989) show that if 
the general correlation proposed by the manufacturer is used, values on the safe side 
ought to be received for the compression strength. The correlation proposed by the 
authors gives a better correlation than the general one and the one proposed by 
Rockström & Molin (1989) for old structures, but it might give results on the unsafe 
side. More studies are needed of old structures. 

Regarding very old structures it is essential to use the Capo-test with caution. This is 
due to the risk of a big difference in aggregate size in used concrete. For bridge No. 10 
in the survey the Capo-test resulted in the compression strength 29.7 MPa, but when 
cores were taken out later on they gave the compression strength of 56 MPa. The 
difference was probably due to the great difference in aggregate size. 

The Capo-test is included in the new proposal for International as well as Swedish 
standard for assessing the concrete strength in structures (see prEN 13791:1999 : 
Assessment of concrete compressive strength in structures or in structural elements). 

When the results from the drilled out cores were compared for the structural parts, i.e. 
the slab and the longitudinal beams, it showed that the compressive strength was 
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approximately 15% higher in the longitudinal beam than in the slab for the Lautajokki 
Bridge. This indicates that there is a difference in strength between the side beams and 
the slab. Until this difference is verified with further studies, a reduction of the 
concrete strength with 15% should be performed when the tests are done in the side 
beam and the analysis concerns the slab. This reduction could be introduced as a partial 
coefficient, see Nilsson et.al. (1999). 

Regarding the strength development of the concrete in the bridges it has increased 
heavily over the years, just for the Lautajokki Bridge the strength has increased from 
about 40 MPa to 72 MPa for the slab. The difference in strength between the side 
beams and the slab needs further studies. 

The results of tensile strength vary considerably between the studied bridges (i.e. the 
longitudinal beams) and it is not possible to say from the results obtained in this study 
that the tensile strength has increased as much as compressive strength with time. 
When the tensile strength is determined from compressive strength it should be limited 
because of the possibility of cracks due to e.g. constraint. In Thun et.al. (1999) a 
method is included how to achieve characteristic tensile strength from test results 
according to the Swedish Concrete Code. 
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3 Load Carrying Capacity of Cracked Concrete 
Railway Sleepers – paper B  

3.1 Background. Aim and Scope 
Normally concrete sleepers sustain their properties for more than 50 years. However in 
Sweden some sleepers made between 1992 and 1996 have started to deteriorate. They 
have obtained cracking of a more or less severe kind and some of them have even lost 
most of their bearing capacity. The cracking is believed to be caused by delayed 
ettringite formation, which leads to an internal expansion and with time cracks. This 
process might reduce the service life to as few years as five. 

This has of course led to extensive investigations by the Swedish National Rail 
Administration. They have inspected about 3.5 millions sleepers and there are about 
300 000 sleepers that are cracked and the only way of finding them is by walking along 
the railway tracks. Knowing this, it is easy to understand that the investigation is very 
difficult and time consuming to perform. The investigations are performed in the way 
that two inspectors walk along the railway track on opposite sides.  

The origin of the delayed ettringite formation is believed to be inferior production 
methods. In order to increase the production speed, the cement amount was increased 
from ordinarily 420kg/m3 to 500kg/m3 and steam curing was used during the 
hardening process in some of the production plants. 

In Figure 5 a principal drawing of a Swedish railway sleeper is presented. The sleepers 
are made of prestressed concrete with the concrete class K60 (compression strength 60 
MPa tested on 150 mm cubes). The sleepers are prestressed with 10 strands (each strand 
consists of 3 wires with the diameter 3 mm each). 
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Figure 5 Principal drawing of tested concrete sleepers. 

In this paper results from strength capacity tests are presented along with possible failure 
mechanisms of the fastener when loaded horizontally. The purpose with the tests have 
been to get information on how the cracking influences the load carrying capacity 
compared to an un-cracked sleeper.  

3.2 Visual inspection and Classification  
The first inspections led to a categorization of the sleepers depending on the cracking. 
They were divided into three classes by the Swedish National Rail Administration. The 
typical damages for each class are: 

Class 1. Acute / Red: 

The cracking is so severe that there is a considerable reduction of the load carrying 
capacity. There are typical longitudinal cracks in the middle part of the sleeper. There 
are also cracks at the end of the sleepers with a crackled pattern. The sleepers may have 
a crack from the fastener and downwards. The concrete surface is discoloured by 
yellow spots. A typical crack-pattern is shown in Figure 6. 

Class 2. Initial degradation / Yellow: 

Some cracks. The cracking is of the kind that the load carrying capacity is almost intact. 
There may be cracks with a crackled pattern at the end of the sleepers. The sleepers 
might have a crack from the fastener and downwards. There is presence of yellow 
spots. Typical crack-patterns are given in Figure 7. 

Class 3. OK / Green: 

No visible cracks. No visible tendencies to develop major faults. No change in colour. 
The load carrying capacity is intact. 

 

 
Figure 6 Characteristic crack patterns for sleepers of class 1 (red sleepers). 
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Figure 7 Typical cracks for sleepers of class 2 (yellow). a) Sleepers in group 3 i.e. 
no visible cracks on the upper side but there might be cracks on the side at the 
lower edge. b) Sleepers in group 2 i.e. only 1 or 2 visible cracks on the upper 
side. They have fewer cracks on the side towards the lower edge than the sleepers 
in group 1 (the crackled pattern is not yet as “developed” as for group 1 
sleepers). c) Sleepers in group 1 i.e. cracks in a crackled pattern on the side as 
well as on the upper side. 

Since the yellow sleepers are so many (about 300 000 up to this date) and the variation 
in cracking is so large, they have been divided into subcategories in the hope of finding 
out if there is a variation in load carrying capacity among them. The criterion that has 
been used as a basis is what kind of cracks an inspector has a chance of discovering 
when he/she walks along the railway track. Since the sleepers are covered with 
macadam, it is only possible to notice damages that are on the upper side of the sleeper 
and 1 to 2 cm along the top parts of the sides. The cracks that have been used as target 
have a width larger than 0.05mm. These are possible to see with the naked eye and can 
be discovered without the need to get down on one’s knees. These cracks are in this 
paper called visible cracks. 

The area on the sleeper where the first visible cracks appear (when they lie in the track) 
seems to be on the upper side at the end, near the edge. This leads to a problem since 
most yellow sleepers also have cracks on the side towards the lower edge, see Figure 7. 
These cracks are not possible to detect at an inspection as long as the macadam is not 
removed. This might lead to the fact that a yellow sleeper is given the class green. 

The subdividing of the yellow sleepers is thus only based on visible cracks on the upper 
side of the sleeper, at the end. Worth pointing out is that not all sleepers have two ends 
with the same type of damages. Some sleepers have several cracks at one end but no 
cracks at the other. 

The yellow sleepers have therefore in turn been subdivided into three categories: 

Group 1  Several cracks on the upper side with a crackled pattern Figure 7 c). 

Group 2  One or two cracks on the upper side, see Figure 7 b). 

Group 3  No cracks on the upper side, see Figure 7 a). 

3.3 Results 
The tests that have been performed are: 

(1) Bending capacity of the midsection. 

a) b) c) 
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(2) Bending capacity of the rail section. 

(3) Horizontal load carrying capacity of the fasteners. 

The material properties of the concrete in the tested sleepers have also been studied. 

The results have been compared to theoretical calculations according to the Swedish 
Rail Code. 

3.3.1 Bending capacity of midsection 

The red sleepers have a moment capacity of approximately 19kNm and the green 
sleepers approximately 32 kNm, see Figure 8. According to BVF 522.32 (1995) the 
sleepers must manage 19.25 kNm. 

0 10 20 30 40 50
Deflection [mm]

0

20

40

60

80

100

120

Lo
ad

 [k
N

]

Sleeper Class Fmax Mf,mid Failure type
no. [kN] [kNm]

2 red 65 19.5 shear
4 green 109 32.7 wire fracture
5 green 106 31.8 wire fracture
6 red 64 19.2 wire slip

   

 

 
Figure 8 Results from tests of the bending capacity at midsection. 

3.3.2 Bending capacity of rail section 

The red sleepers have a moment capacity of between 9 and 11 kNm while the green 
sleepers manage approximately 45kNm, see Figure 9. According to BVF 522.32 (1995) 
the sleepers must manage 26.25 kNm. 
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Figure 9 Results from tests of the bending capacity at the rail section. 



Evaluation of Concrete Structures 

- 15 - 

3.3.3 Horizontal load capacity of the fastener 

The horizontal load carrying capacity, 100-130 kN see Figure 10, for the fasteners in 
the green and yellow sleepers are much beyond the load imposed by the trains, which 
is of the order of 30 kN. Even the red sleeper with the lowest maximum capacity of 18 
kN for a deformation of 5 mm may function if it is surrounded by green and yellow 
sleepers.  
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Figure 10 Results from the tests of the load carrying capacity of the fastener for 
the tested sleepers. 

3.4 Discussion 
The bending capacity of the midsection of the tested sleepers is enough to prevent 
failure with a safety factor of 1.75 against failure even for the sleepers in class 1 (red 
sleepers). 

The bending capacity of the rail section of the tested sleepers is on the other hand not 
high enough for the sleepers in class 1 (red sleepers). This is probably due to bad 
anchorage for the strands when the cracking is so severe.  

Small cracks, corresponding to class 2 (yellow sleepers), do not seem to influence the 
horizontal load carrying capacity of the tested fasteners significantly. It is first when the 
cracking is very severe (red sleepers, where both the longitudinal cracks and the vertical 
cracks appear) that the load carrying capacity is reduced so much that it is approaching 
the level of the applied load. The vertical crack at the fastener and downwards probably 
comes from track forces, i.e. the presence of this crack depends on where it has been 
lying in the track (curves etc) where it has been exposed to high forces. 

It was also possible to see a variation of the load carrying capacity of the fastener for the 
yellow sleepers. But the results show that there is nothing to gain by dividing the 
yellow sleepers into groups since they manage approximately the same loads. 
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The material properties of the concrete in the tested sleepers were high. The mean 
value for 16 compression tests was 100.7 MPa and the mean value for 13 tensile tests 
was 3.9 MPa.  

The sleepers produced with inferior methods are now inspected annually in order to 
see at what rate the cracking is progressing. 

The big question is now how fast a green or yellow sleeper turns into a red one, i.e. 
how fast is the formation of ettringite? Probably weather conditions have an important 
role. If a sleeper will be exposed to cyclic frost erosion the process ought to accelerate 
considerably. An indication of that the weather conditions may play an important role 
has been discovered on one sleeper. The midsection of this sleeper had been covered 
with equipment for the signalling system a so-called “Balis” and this part seemed to be 
in better conditions (no visible cracks) in comparison with the ends where the crack 
system had developed quite a bit. 
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4 Concrete fatigue capacity. A study of 
deformations at tensile forces – Paper C  

4.1 Background. Aim and Scope 
In this paper results and analyses are presented from uniaxial cyclic tensile fatigue tests. 
The tests can be considered as pilot tests. The fatigue tests in this paper can be 
compared to a deformation criterion proposed by Daerga & Pöntinen (1993) based on 
an idea of Balázs (1991). The model has successfully been used to describe bond failure 
between rebars and the concrete. The growth in deformation during a fatigue test can 
according to the model be divided into three phases, see Figure 11. In the beginning of 
the first phase the deformation rate is high but stagnates after a while. The second phase 
is characterised by a constant deformation rate. These two phases can be described as 
stable. During the third phase, the failure phase, the deformation rate increases rapidly 
leading to failure within a short time. The strain criterion for fatigue failure is that the 
strain at peak load during a static test corresponds to the strain at the changeover 
between phases two and three during a fatigue failure, see Figure 11. 
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Figure 11 Strain criterion for fatigue failure according to Balázs (1991). 
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When ε(σu) has been reached only a limited number of cycles are needed until failure 
occurs. Since there is a difference between the number of cycles at failure and at 
initiation of phase three one can consider the criterion as safe, Balázs (1991).  

4.2 Experimental program 
The tensile fatigue tests have been performed on two types of specimens with different 
shapes. One type was casted in a special steel mould equipped with a half-circle notch 
with the radius 15 mm. The other type of specimen was drilled out from a small 
concrete beam. It was later cut into a suitable length and a notch was milled. For 
dimensions see Figure 12 and Figure 13.  
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Figure 12 Dimensions of the two different types of specimens used in the tensile 
fatigue test, Andersson (2000). 

 
Figure 13 Photo showing the two types of shapes that were used in the tensile 
fatigue tests, Andersson (2000). 

All fatigue tests have been performed under load control with a sinusoidal load cycle. 
The lower load level (A) was held constant and the higher level (B) was varied. Since a 
fatigue test can last a very long time depending on what load levels that are used, the 
decision was made to increase the higher level if the strain still were small after 2000 
load cycles. During the stop when the level was adjusted the load was kept at a mean 
value of the two earlier load levels by the machine. The load frequency has during all 
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tests been 2.004 Hz. The test set-up is shown in Figure 14. In order to decide the 
maximum load capacity of the concrete (so that the load levels in the fatigue test could 
be set) a number of uniaxial tensile tests were performed. 

 
Figure 14 Test set-up uniaxial tensile test and fatigue tensile test. 

4.3 Results 
In Figure 15 and Figure 16 some results from the fatigue tests are presented. 
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Figure 15 Result from the cyclic tensile fatigue test of specimen A5. The strain 
development for the COD-gauge that has been exposed to the highest strain is 
shown in (a). This curve is compared with the normalized average peak load 
obtained in the uniaxial tensile tests (b). 
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Figure 16 Results from cyclic fatigue tests of specimen S2. (a) The strain 
development is displayed versus the number of load cycles. (b) Tensile strength 
displayed versus the total strain. For the test the upper load level B corresponds 
to 90, 94, 96, 99 and 102% of the average peak load obtained in the uniaxial 
tensile tests (note that the “average” peak load for series S is based only on two 
tests). 

4.4 Discussion 
Strain Criterion 
The conformity between the maximum strain obtained in the uniaxial tensile test and 
the total strain when phase 3 begin (according to Figure 11) is reasonably good for 
some of the specimens see Figure 15. The results from the tests indicate that the strain 
criterion proposed by Balázs (1991) might also be applied to plain concrete exposed to 
cyclic tensile fatigue load.  

Fatigue tests 
An interesting observation from the tests in Figure 16 is that it is the initial and the final 
load level that seems to give the largest contributions to the total strain development. 
The load cycles in between give rise to only about 20% to the total strain. If this 
phenomenon is compared with the three phases described in Figure 11 it indicates that 
the increase of Smax, i.e. σmax / fct, (strength levels 3.33, 3.42 and 3.51 MPa) belongs to 
phase 2, the stable part of the fatigue process with a nearly constant strain rate. The 
reason for that so many levels have been needed in order to obtain a fatigue failure for 
this specimen is that the value of the average peak load for series S is not accurate. The 
other tests show almost the same behaviour as specimen S6. A thing that needs further 
studies is the influence the increase in load during a test has on the final result.  

One of the most interesting parts of the fatigue curve in e.g. Figure 15 is the strain rate 
(equal to the angle of the slope) for phase 2 since it indicates how close you are to 
failure. A high strain rate (i.e. steep slope) means that not so many cycles are left until 
fatigue failure occurs and a low one (i.e. flat curve) that fatigue failure will not occur in 
a near future (at the same conditions). It is not easy to perform an analysis of the factors 
that influences the strain rate during phase 2 (i.e. the slope) from the results obtained in 
this study. This is due to the reason that there are too few tests with enough load cycles 
(i.e. before the failure) in order to make it possible to calculate the strain rate (C = 
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dε/dN). A hypothesis would be that C is decreasing with decreasing Smax and increasing 
R-values (decreasing amplitudes). 

The tests have also given valuable information on how a test like this shall be 
performed (type of adhesive, the way the data are collected etc.). 
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5 Shear fatigue capacity – a comparison between 
the Swedish Code and Eurocode – Paper D 

5.1 Background. Aim and Scope 
In this paper a comparison is made between the Swedish Codes and Eurocode 
regarding concrete fatigue in shear. The aim is to see how the fatigue phenomenon is 
treated in the two codes. It is also very interesting to see in what direction the fatigue 
ideas are going in Europe since there is a continuous work with new drafts of the 
Eurocodes.  A thing that makes it even more interesting is the fact that we must soon 
use the Eurocode here in Sweden. 

The codes that have been used and are referred to in this chapter: 

Swedish Codes: BBK94 (1995) and BV BRO94 (1996). 

EC2-1 (1991): Eurocode 2: Design of Concrete Structures, Part 1: General rules and 
rules for buildings.  

EC2-2 (1995): Eurocode 2: Design of Concrete Structures, Part 2: Concrete Bridges. 

EC2-draft (1999): First Draft of Eurocode2: ”Design of concrete structures – Part 1: 
General rules and rules for buildings” (December 1999), [CEN/TC 250/sc 2 N314]. 
prEN 1992-1:2001 (1st draft). 

Since a comparison of this kind is not “easy” due to the differences in strength classes, 
partial safety factors, load combinations etc., this comparison is made in such a way that 
the load calculation follows the Swedish Codes. However, the strength classes are taken 
from the EC2-draft (1999). 

The bridge that has been used in this example is the Lautajokki Bridge. This bridge was 
exposed to 6 million load cycles (axle load 360 kN) without collapsing, which was 
considerably more than what the Swedish Code indicated. The test was performed in 
the laboratory at Luleå University of Technology during 1996. The calculation is made 
on 1 m of the slab. 
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The trough consists of a slab connected to and carried by two longitudinal beams. The 
bridges of this standard type were usually built between 1950 and 1980 with a concrete 
compression strength of about 40 MPa (tested on 150 mm cubes). The older bridges 
were designed according to principles where the shear capacity of the concrete was 
somewhat overestimated. This leads to problems when the bridges are recalculated with 
the design strength for the higher axle loads. 

The load case that has been used for the calculation is shown in Figure 5.1, Figure 5.2 
and Figure 5.3. 
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Figure 5.1 Load case with two bogies from two iron ore wagons, Nilsson et al. 
(1999). 
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Figure 5.2 Cross-section of the Lautajokki Bridge, Nilsson et al. (1999). 
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Figure 5.3 Reinforcement in the longitudinal direction in the slab in the 
Lautajokki Bridge. 

The comparison can also be found in the report Thun et al. (2000). 

5.2 Results and Discussion 
First of all it must be said once again that it is very difficult to make a comparison of 
this kind between the codes. Though, this comparison nevertheless gives an idea how 
the two codes are designed. 

One general difference between the codes is how you check the fatigue capacity. In 
Eurocode you have three different “levels”. The first check is very easy to perform 
since the calculations are very basic. If your structure passes this level you do not have 
to go any further. The following level needs more calculations and more information 
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and the last level is very complicated since it is connected to so-called γ-values (factors 
for loads, traffic etc.). These “levels” cannot be found in BBK94.  

In Table 5.1 you can see a summary of the number of load cycles the Lautajokki 
Bridge could manage with the compared codes. In the table the more refined methods 
from the different codes are compared. 

If we compare the results in Table 5.1 we can see that there are differences. The 
calculation with EC2-2 (1995) gives the least conservative values. The Swedish code is 
slightly more conservative than the EC2-2, but they are still fairly similar. The new 
version of Eurocode, EC2-draft (1999), is by far the most conservative one.  

For example: for the strength class C30 at P = 30 tons the Swedish Code gives that the 
bridge should manage 2000 cycles before failure, the EC2-draft (1999) gives 50 cycles 
and the EC2-2 (1995) gives 3800 load cycles. We then have in mind that the bridge 
managed 6M cycles without failure (full-scale test performed at LTU, 1996), which 
points out that none of the three compared codes is especially accurate. 

Table 5.1 Number of load cycles (n in million load cycles) for the Lautajokki 
bridge. Comparison between EC2-1 (1991)/EC2-2 (1995), BBK94 (1994) and 
EC2-draft (1999) at different strength classes. 

A) Strength Class Code Number of load cycles, n 
[M cycles] 

  22.5 tons 25 tons 30 tons 

 Swedish 0.90 0.10 0.002 

C30 EC2 1.9 0.19 0.0038 

 Draft 0.053 0.004 0.00005 

 Swedish >1 >1 0.8 

C40 EC2 223 31 1.1 

 Draft 0.44 0.039 0.0007 

 Swedish >1 >1 >1 

C50 EC2 3093 519 26.8 

 Draft 1.8 0.18 0.0036 

 Swedish >1 >1 >1 

C60 EC2 8929 1615 95.6 

 Draft 5.1 0.5 0.012 

 Swedish >1 >1 >1 

C80 EC2 34659 6900 486 

 Draft 18.8 0.06 0.06 
A) Strength classes according to EC2-draft (1999). 

What are the differences between the three codes? Some of them are: 

- The expression to calculate the shear force capacity, see Table 5.2. 
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- The expression to calculate the design fatigue strength. 

- The Swedish Code gives an approximate value of the number of cycles before 
failure (the value is taken from a graph). 

The reason why EC2-draft (1999) is much more conservative than the EC2-2 
(1995)/EC2-1 (1991) depends on how the shear strength is calculated. The new 
equation in EC2-draft (1999) to calculate the design value for the shear strength gives a 
lower value compared to the EC2-1 (1991).  

The “new” equation for the design shear strength in EC2-draft (1999) is taken from 
MC 90 (1993), section 6.4.2.3: “Shear in cracked zones without shear reinforcement”. 
It has the following formula: 

( )1/3

Rd1 ck redV 0.12 k 100 f b dρ= ⋅ ⋅ ⋅ ⋅ ⋅    (Eq. 6.4-8 in MC 90 (1993)) 

The reason to this change is that there has been some uncertainty when it comes to 
high strength ordinary concrete and to be on the safe side a reduction of the design 
shear strength has been made. 

This reduction has led to, for example that the difference in fatigue shear strength is as 
much as 35% for C80 (VRd1-fat and VRd,ct-fat), see Table 5.2and Figure 5.4. 

Table 5.2 Design value for the shear strength according to EC2-1 (1991) and 
EC2-draft (1999). 

  A) Strength Class  
  C30 C40 C50 C60 C80  

EC2-1 (1991) / EC2-
2 (1995) 

VRd1 = 189.0 236.2 274.0 292.9 321.2 kN 

 VRd1-fat = 189.0 236.2 274.0 292.9 321.2 kN 
EC2-draft (1999) VRd.ct = 176.5 194.2 209.2 222.4 244.7 kN 

 VRd,ct-fat = 164.3 178.0 188.7 197.1 209.0 kN 
A) Strength classes according to EC2-draft (1999). 
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Figure 5.4 Design value for the shear strength according to EC2-1 (1991) and 
EC2-draft (1999). 
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An interesting thing is that the trend seems to go in a more conservative direction 
when it comes to concrete fatigue. Because the newest Code is the most conservative 
one! 

More work is needed in this area and it might be an idea to keep the “old” equation 
(the one in the EC2-1 (1991)) to calculate the design shear strength when the fatigue 
capacity is studied. 

The studied codes generally give too conservative values, especially for high strength 
concrete. Further work is needed in this area, especially regarding the shear force 
capacity. 
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6 Outlook 

Strength development 
The next step regarding the Capo-test can be to analyse the failure. A slab has been 
casted in the laboratory and the Capo-test will be performed on it. The results can then 
e.g. be compared with different FEM-models. 

Concrete sleepers 
A possible next step can be to test the fatigue capacity of yellow/red sleepers and to 
perform some more tests of the bending capacity in the midsection and rail section.  

A very interesting part is also the influence of weather conditions on the development 
of the cracks. This ought to be investigated. 

Fatigue tests 
The strain criterion may be developed to form the basis for a design and assessment 
procedure for concrete structures. 

Concrete Fatigue Codes 
The concrete fatigue codes are probably too conservative. The safety levels ought to be 
analysed and possibly modified. 
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CONCRETE STRENGTH DEVELOPMENT IN SWEDISH 
BRIDGES 
by Håkan Thun, Lennart Elfgren and Ulf Ohlsson 

ABSTRACT 
In the paper the development of tensile and compression strength is presented for old 
concrete railway trough bridges. The compression strength has usually increased 50 to 
100% over the years for these trough bridges. However the same could not be said for 
the tensile strength. When the results from drilled out cores were compared for 
differrent structural parts, i.e. the slab and the longitudinal beams, it turned out for one 
bridge that the compressive strength was approximately 15% higher in the longitudinal 
beam than in the slab. This indicates that there is a difference in strength between the 
side beams and the slab. Until this difference is verified with further studies, a reduction 
of the concrete strength with 15% has been proposed when the tests are done in the 
side beam and the analysis concerns the slab. 

In the paper a rather well-known method, the Capo-test, is used to determine the in-
situ concrete compression strength in old railway trough bridges. The Capo-test has 
been compared with the results from drilled cores, which is the common way to 
determine the in-situ strength of a concrete structure. The study indicates that the 
Capo-test can be used on objects with old age, but with some restrictions, especially 
regarding the aggregate size. Results from tests performed on the Lautajokki Bridge in 
Northern Sweden show that the Capo-test might in some cases overestimate the 
compressive strength. An improved formula is presented for evaluation of the 
compression strength from Capo tests. It gives a better correlation than the general one 
and the one proposed by Rockström & Molin (1989) for old structures, but it might 
give results on the unsafe side and further studies are necessary. 

 

Keywords: strength development, Capo-test, drilled cores, concrete, bridges 

RESEARCH SIGNIFICANCE 
During the last decades it has become more and more important to assess, maintain and 
strengthen structures like bridges, dams and buildings due to increased age of many 
structures and the high costs to construct new infrastructure. Therefore it is of great 
interest to find methods to evaluate the concrete strength. In this paper a rather well-
known method, the Capo-test, is used to determine the in-situ concrete compression 
strength in old railway trough bridges. Up to this date the method has primarily been 
used to estimate the strength of the cover-layer of new structures. The Capo-test has 
been compared with the results from drilled cores, which is the common way to 
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determine the in-place strength of a concrete structure. This comparison has led to a 
new proposal for the correlation between the pullout force from the Capo-test and the 
compression strength from drilled out cores for old structures. In this paper is also the 
development of tensile and compression strength for old railway trough bridges 
presented.  

INTRODUCTION 
Field studies of the concrete strength development were initiated when an increase of 
the axle load from 25 tons to 30 tons was planned on the iron ore railway line between 
Luleå in Sweden and Narvik in Norway. Due to this a program was initiated by the 
Swedish and Norwegian Railway Authorities to check the actual bearing capacity of 
the existing bridges and what kind of strengthening procedures that would be necessary 
to allow the enlarged load. 

The railway was originally built between 1884 and 1902, and has over the years been 
repaired and rebuilt. It has a total length of 473 km and annually about 20 million tons 
of iron ore and pellets are transported on it. There are some 70 bridges of trough type, 
see Figure 1, between Luleå and Narvik, and some 200 in the rest of Sweden. The 
trough consists of a slab, filled with ballast, connected to and carried by two 
longitudinal beams. The bridges of this standard type were usually built between 1950 
and 1980 with design strength of about 40 MPa (tested on 150 mm cubes).  

 

 
Figure 1 Typical cross-section of a Swedish concrete railway trough bridge. The 
trough, filled with ballast, consists of a slab connected to two longitudinal beams, 
Nilsson (1999). 

One of the first steps in the investigation was to recalculate a bridge from Lautajokki 
close to the Artic Circle with the present design codes. Since this old bridge was 
designed according to principles where the shear capacity of the concrete sometimes 
was somewhat overestimated it has led to problems, e.g. regarding the fatigue capacity. 
In order to check the concrete fatigue capacity, a full-scale fatigue test was carried out 
on the Lautajokki Bridge, a 29-year-old trough bridge, which had a span length of 6.1 
m and a width of 4.1 m and was built in 1967. It had carried traffic for 20 years, up to 
1988, when it was replaced. The test was performed in the laboratory at Luleå 
University of Technology during 1996, Paulsson et al. (1996, 1997). The bridge was 
exposed to 6 million load cycles (axle load 360 kN) without any signs of a reduction of 
its capacity (this is considerably more than what the Swedish Code indicated). After the 
fatigue test the properties of the concrete were examined. The result was that the 
compression strength had increased over the years. This led to an investigation of the 
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strength of all bridges along the railway line in question.  In this paper some results 
from this investigation are presented. 

STRENGTH DEVELOPMENT AND VARIATION 
It is a well-known fact that there is a variation of properties within a member of a 
structure. According to Bungey & Millard (1996) this can be due to:  

� Differences in concrete compaction and curing. 

� Differences in the quality of concrete delivered. 

Here the influence of difference in quality of delivered concrete is assumed to be 
random whereas concrete compaction and curing follow patterns according to the 
member type. Usually the bottom parts are better compacted with higher density than 
the top parts, where the percentage of ballast may be smaller. This is due to the 
influence of the gravity force and the stability of the concrete mixture.  

The strength variations that can be found in a member differ. According to Bungey & 
Millard (1996) the variation between the top and the bottom for a beam can be up to 
40% and for a slab 20% (here the loss in strength is concentrated to the top 50 mm). It 
is also said that it is difficult to make any general assumptions since individual 
circumstances vary widely from structure to structure. This variation of strength in a 
member, i.e. higher in the bottom than in the top, could also be found in e.g. Bartlett 
& MacGregor (1999). The authors have not been able to find any investigations 
regarding the possible strength variations between members in bridge structures with, 
e.g. a slab and longitudinal beams.  

Most of the bridges in this study are built in the 1960s and there are no records left 
from the building sites. For the oldest bridges (built in the 1940s and 1950s) even the 
concrete compaction could be done by “foot”. One thing that must also be kept in 
mind is the development/improvement that has been over the years. Things that you 
could do in the 1940s you don’t dream of doing today, e.g. to put plums (i.e. large 
stones) in the structure to save concrete.  

The two things that are of most importance regarding strength variation in this case are: 
the possible strength variation between the structural members (slab versus the 
longitudinal beams) and the reliability of the Capo-test as a method itself compared to 
drilled cores. One interesting question is also how the tensile strength is to be 
determined for those bridges where only the Capo-test has been performed. 

One of the reasons why the Lautajokki Bridge turned out so well in the fatigue test was 
due to the fact that the concrete strength had increased considerably over the years 
compared to the design strength. The reason for this increase can be due to several 
factors. The two most likely are that the concrete delivered to the building site was 
“better” than what was stipulated or that the hydration of the concrete had continued 
over the years. This is possible when the cement is coarsely grinded. If this increase of 
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strength could be the fact for all other bridges along the railway line it could lead to 
great savings of time and money.   

In order to check the strength development with time, data from 45 bridges were 
collected from the Swedish National Road Administration and the Swedish National 
Rail Administration, Rådman (1998). The increase in compressive strength from the 
design strength could be set to approximately 19% based on all the collected data. The 
actual increase in compressive strength is for the majority of studied bridges 
considerably larger. The 19% given are therefore to some extent an underestimation, 
but gives an indication on the safe side, which is important to account for.  

The evaluated data indicate that concrete with a lower initial strength for instance K16, 
K20 experiences the greatest increase in strength (explanation: e.g. K16 means the 
compression strength of 16 MPa tested on 150mm cubes after 28 days). This is 
advantageous since most of the older bridges have an initial strength of K16, K20 etc. 

In Figure 2 a comparison between the design K-value and the K-value after x years is 
presented which gives the tendency of lower intended K-value giving larger increase of 
K-value when being tested x years after construction. Two of the bridges are built in 
the eighties and two are built in the sixties. The rest of them are built during the 
thirties and forties. 

 
 

Figure 2 Development of strength (K-value according to drawing to K-value 
after x years) for bridges from the archives of the Swedish National Road 
Administration and the Swedish National Rail Administration. The K-value is the 
28-days cube strength, tested on 150××××150××××150 specimens. K40 corresponds to (the 
nearest one) C30 in Eurocode. From Rådman (1998). (Drawing value = design 
value). 

Design K-value K-value after x years 
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USED METHODS 
The methods that have been used in the field investigation to determine the concrete 
strength of the concrete railway trough bridges are: 

� Capo-test 

� Drilled out cores 

� Rebound-hammer (Schmidt hammer) 

The Capo-test and the rebound-hammer are simpler and less expensive to perform 
compared to drilling out cores. They also have the advantage that the equipment is 
lighter and easier to move compared to the equipment used for drilling out cores. This 
was one of the key-advantages since many of the bridges could only be reached either 
by train or by hiking. 

The Capo-test 
The Capo-test is a method to determine the concrete strength of the cover-layer for an 
existing structure. It was developed in Denmark by German Petersen & Poulsen (1993) 
in the middle of the 1970s. The Capo-test is a further development of the so-called 
Lok-test where the pullout bolt is embedded in fresh concrete. Especially at the end of 
the 1970s and during the 1980s the Lok-test and similar methods were heavily 
discussed in the concrete society, particularly regarding what property that is actually 
measured in a pullout test. In the literature you can find that the pullout strength is a 
measure of the tensile strength, the shear strength or the punching shear or aggregate 
interlocking, see e.g. Yener (1991). However, a common thing for all studies is that a 
fairly good correlation has been found between the pullout force and the compression 
strength.  

In this paper the failure is not analysed. Instead the reasonably good correlation 
between the pullout force and the compression strength has been accepted and utilized 
to determine the in-situ compression strength. 

As mentioned earlier the Capo-test is designed to determine the strength of the cover-
layer, but in this investigation efforts have been made to use it as a 
complement/substitution to the drilled out cores that are stipulated by all Concrete 
Codes including the Swedish one to determine the in-place concrete compression 
strength. But, in the Swedish code it is allowed to use other methods, as long as it can 
be shown that they are as reliable as drilled out cores. 

The test procedure of the Capo-test, see Figure 3, consists of drilling a 65 mm deep 
hole with a diameter of 18 mm using a water-cooled diamond bit. Then a 25 mm 
recess is made at a depth of 25 mm using a portable router. An expandable split steel 
ring is inserted through the hole in the recess and expanded by the means of a special 
tool. Finally the ring is pulled through a 55 mm counter pressure placed concentrically 
on the surface. The pullout force is measured by the pull machine and can be 
converted into compressive strength by means of calibration charts provided by 
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German Petersen & Poulsen (1993), see Figure 4. A description can also be found in 
for example Bungey & Millard (1996).  
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Figure 3 Schematic drawing of the Capo-test, German Petersen & Poulsen (1993) 
and Bungey & Millard (1996). 

The background of the correlation charts is several laboratory and field studies made by 
the manufacturer as well as by other researchers. Results from the Lok-test are mostly 
the basis of the correlations charts. The general correlation that must be used to fit the 
Swedish Code is shown in Figure 4.  
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F=0.63 fc' + 6.0   ≥ 50 kN 

F=0.71 fc' + 2.0   ≤ 50 kN 
(1)

Eq. 1

16 mm aggregate, 95% confidence limit

32 mm aggregate, 95% confidence limit

 
Figure 4 Suggested general correlation between pullout strength measured by 
Lok-Test and Capo-test and 150 mm standard cube compressive strength. The 
confidence limits are 95% for 16mm and 32mm maximum aggregate size for an 
average of 2 reference tests and 4 pullout tests, German Petersen (1997). 

Not many studies have been made concerning comparison between the Capo-test and 
drilled out cores (dimensions 100×100 mm) from old structures. To the authors’ 
knowledge only one study has been made, Rockström & Molin (1989). Their study 
showed that the correlation proposed by German Petersen (1997) might not give a 
perfect correlation when the test object is an old structure, i.e. old road bridges. They 
performed tests with both the Capo-test and drilled out cores on six road bridges that 
had ages up to 54 years (1989). Their result showed that if the general correlation was 
used the compression strength from the Capo-test, Eq. 1, differed considerably 
compared to the drilled out cores, in the sense that the compression strength was 
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underestimated. Rockström & Molin then proposed a revised equation for 100×100 
mm cores, see Figure 5. One can see that the difference increases with higher 
compressions strength. 
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F=0.55 fc' + 3.16
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Figure 5 Correlation between Capo-test and 100 mm ×××× 100 mm cores, trimmed 
and air cured 3 days before testing, made by Rockström & Molin (1989) on 5 old 
Swedish bridges. The correlation is compared to the general correlation for 
standard cubes (Eq. 1), German Petersen (1997). 

The reasons for this discrepancy in correlation for old structures could according to 
Rockström & Molin be due to: (a) Difference in concrete strength of the cover-layer 
and concrete further into the structure (the cover-layer represents the strength 25 mm 
into the structure and a core 50 mm or more, Bellander (1977)). (b) For older 
structures the aggregate size may vary greatly (an increase in aggregate size from 8 to 32 
mm increases the pullout force between 10 to 35%). (c) Risk for irregular and 
insufficient concrete compaction. 

Worth mentioning is that the study in Rockström & Molin (1989) was based on five 
objects and where the Capo-test and cores were taken from the same test spot. The 
results from one bridge were rejected due to the great difference between the Capo-
test and the drilled out cores (low strength of the cover-layer due to high porosity).  

Drilled cores 
To use drilled out cores to estimate the in-situ strength of a structure is a common 
method. Most countries have adopted standard procedures for how a core should be 
prepared, stored, etc. before testing. In this study the preparation, the storage etc. have 
been made according to the Swedish Concrete Code, BBK94 (1994,1996). The cores 
have been air cured for at least three days before testing. 

The cores have been used for uniaxial tensile tests, splitting tensile tests and 
compression tests. A drill with diamond edges has been used. The inner diameter was 
93.8 mm. The length/diameter ratio has been 1.0. The cores have been marked with a 
drill hole number and a serial number, see Figure 6. 
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Rebound test (Schmidt-hammer) 
The rebound test with a Schmidt-hammer is an old and well-known method to 
determine the surface hardness. Since the first variant of this kind was developed in the 
late thirties it has been a subject for researchers ever since. It has by several researchers 
been suggested not to use it as a substitution for other methods to determine the 
strength since it is not a reliable method due to the fact that there are so many factors 
that influence the result, see for example Bungey & Millard (1996) or Malhotra & 
Carino (1991). 

In this study the method has only been used in order to determine the uniformity of 
the concrete for the bridges respectively and therefore no results are presented. 

FIELD INVESTIGATIONS AND TEST PROGRAM 

Lautajokki 
An enlarged investigation of the concrete strength was performed on the Lautajokki 
Bridge. In Figure 6 the dimensions of the bridge are shown. A total of 12 cores were 
taken from the slab and 10 from the longitudinal beams. In most tests the section of the 
core that has been used is the “upper” core (i.e. part i:1 in Figure 6) due to heavy 
reinforcement in the bottom of the slab. In the longitudinal beams the cores are taken 
from the upper side, see Figure 6.  
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Figure 6 Dimensions and cross-section of the Lautajokki Bridge. The illustration 
also shows in principle where the cores have been taken. 
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Eight road underpasses 
In order to get a reference material regarding the strength of the trough bridges the 
compression strength was examined for eight bridges. The method that was used was 
drilled out cores which is the method stipulated by the Swedish Concrete Code 
BBK94 (1994,1996). At a later stage of the project also Capo-tests were also performed 
so that a comparison between the two methods could be made. The bridges are built 
between 1965 and 1980 with the concrete class K40 (compression strength 40 MPa 
tested on standard 150mm cubes) with a maximum aggregate size of 32 mm. 

RESULTS AND ANALYSIS 

Compression strength 
In Table 1 the results are presented from the extended investigation of the Lautajokki 
Bridge. It is shown that the compression strength determined by the drilled cores is 
dependent on where the core is taken. The difference between cores from the 
longitudinal beams and the slab regarding compression strength is 12.7 MPa, which 
corresponds to about 15%.  

Table 1 Concrete compression strength for the Lautajokki Bridge, performed on 
100××××100 mm cores. 

Part of Compression strength, Part of Compression strengt
structure  drilled cores structure  drilled cores

No.  fcc No. fcc

[MPa] [MPa]
P1:2 69.9 B1:2 80.3
P3:2 70.8 B1:2 83.4
P5:2 78.2 longitudinal B7-1:3 86.4

slab P6:2 66.5 beam B8-2:2 83.9
P2:1 69.3 B9:2 88.3
P2:2 74.1 B10:2 89.2
P4:1 74.0 m = 85.3
P4:2 77.8 s = 3.1

m = 72.6 V = 0.04
s = 3.9
V = 0.05  

In Table 2 a summary is presented of the results from the eight road underpasses. The 
correlation used to calculate the compression strength obtained with the Capo-test, is 
the general one proposed by German Petersen (1997), see Eq.1. 

In Table 2 and Figure 7 one can see that for only one bridge (bridge no. 6) the Capo-
test gives a result higher than the core, i.e. on the unsafe side, if the Eq.1 is used to 
evaluate the pullout force. One reason for this could be that there are only three tests 
that have been performed on this bridge. For bridges no. 7 and 8 Eq.1 gives a 
difference between the Capo-test and the core strength on a level that could be 
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expected (about 8 MPa). But for the other bridges Eq.1 gives very low strengths 
compared to the core strength. It is almost a difference of 20 MPa, in other words the 
correlation equation could be improved. 

It is also interesting that the difference that exists between the core strength of the slab 
and the longitudinal beam, is not reflected on the result from the Capo-test. Instead the 
Capo-test indicates that the strength is higher in the slab than in the longitudinal beam. 
One explanation might be that too few Capo-tests are performed on the slab (they are 
also performed vertically). In German Petersen (1993) one can read that testing the 
upper side of a slab gives a higher standard deviation than testing on a vertical surface.  

The mean value of all core compression tests is 73.7 MPa (standard deviation s = 8 
MPa and the coefficient of variation V=0.11) and 64.4 MPa for the Capo-test (standard 
deviation s = 7.56 MPa and the coefficient of variation V=0.12). 
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Figure 7 Mean value of the concrete compression strength for eight road 
underpasses. The names of the bridges could be found in Table 2. 

 

 

 

 

 

 

 

 

 

 



 

- 11 - 

Table 2 Concrete compression strength for eight trough bridges. Explanations: m 
= mean value, s = standard deviation and V= coefficient of variation. The cores 
are taken from the longitudinal beams if nothing else is said. 

Bridge                Compression strength, Bridge                Compression strength,
No. Capo-test Drilled Cores No. Capo-test Drilled Cores
Name F a)  fc' b)  fcc Name F a)  fc' b)  fcc

[kN] [Mpa] [MPa] [kN] [Mpa] [MPa]
34.9 46.3 - - - 71.7

1 45.6 61.5 68.4 - - 61.5
Boden C 46.5 62.6 78.7 6 58.3 83.1 63.8

33.4 44.2 71.9 Kallkällevägen 46.5 62.6 53.9
m = 53.6 73.0 45.1 60.8 55.6
s = 8.4 4.3 m = 68.8 61.3
v = 0.16 0.06 s = 10.1 6.4

48.8 65.9 - v = 0.15 0.10
2 46.7 62.9 88.3 42.6 57.2 -
Garnisonsgatan 50.3 70.3 77.3 7 49.2 66.5 71.2

54.3 76.6 84.5 Bensbyvägen 35.6 47.3 65.5
m = 68.9 83.4 45.5 61.3 59.1
s = 5.2 4.6 m = 58.4 65.3
v = 0.07 0.05 s = 8.1 4.9

42.7 57.3 - v = 0.14 0.08
3 41.2 55.2 74.0 54.6 77.1 -
Gammelstad 41.7 55.9 77.0 8 54.3 76.6 -

46.4 62.5 69.7 Lautajokki 52.4 73.7 -
m = 57.7 73.6 (long. beam) 51.8 72.7 -
s = 2.8 3.0 59.0 84.2 c)

v = 0.05 0.04 m = 76.9 85.3
- - 74.3 s = 5.2 3.1

4 - - 70.0 v = 0.07 0.04
Notviken - - 61.3 8 53.8 75.8 -

m = - 68.5 Lautajokki 50.7 71.0 c)

s = - 5.4 (slab) m = 73.4 72.6
v = - 0.08 s = 2.4 3.9

49.1 66.3 - v = 0.03 0.05
5 52.4 73.7 77.0
Haparandavägen 52.9 74.5 86.0 a)  Pullout force.

38.5 51.5 75.4 b) Compression strength according to Eq. 1.
m = 66.5 79.5 c) For individual data, see table 1.
s = 9.3 4.7
v = 0.14 0.06  

In Figure 9 the results from the field survey of 36 trough bridges are presented. All 
bridges have been tested with the Capo-test. Eq. 1 has been used to correlate the 
pullout force from the Capo-test to compression strength. The bridges in Figure 9 are 
sorted after the year of construction (the oldest to the left). The bridges are built 
between 1953 and 1980 with the concrete class K40 or K45 (40MPa or 45 MPa 
compression strength tested on standard 150mm cubes).  

Bridges No. 1 to 8 are from the fifties, No. 9 to 24 from the sixties and 25 to 36 from 
the eighties. Maximum aggregate size is 32 mm for the bridges built in the eighties. It is 
probably also 32 mm for the bridges built during the fifties and sixties due to the heavy 
reinforcement in the bridges but it can be as high as 128 mm. For bridges No. 10 and 
23 big differences in aggregate size has been confirmed by drilled out cores. 
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Figure 8 shows the location where the Capo-test has been performed on the bridges 
(tests on both sides). 
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Figure 8 Figure showing where the Capo-test has been performed on the bridges. 
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Figure 9 Graph showing the mean value of the compression strength and its 
standard deviation obtained with the Capo-test on 36 trough bridges. The pullout 
force from the Capo-test is evaluated with the general correlation, Eq. 1. 

The next step in the survey was to determine the concrete class according to the 
Swedish code for each bridge in Figure 9, see Thun et al. (1999). After that the bridges 
were recalculated with the new axle load 30 tons, by means of the characteristic 
compression strength, which is connected to each concrete class. 

Tensile strength 
One difficulty was how to determine the tensile strength for the bridges where only the 
Capo-test had been performed. For the Lautajokki Bridge on the other hand there 
were two possible ways: the uniaxial tensile test and the splitting test. There was also 
the possibility of using the compression strength (mean value) obtained by the Capo-
test and then use empirical equations between compression strength and tensile 
strength. In the literature some equations to convert compression strength into tensile 
strength could be found. In Möller et.al (1994) the following equation is proposed: 

B
ct fAf ⋅=   MPa (3) 

where  A=0.21 and B=2/3 or A=0.24 and B=2/3 
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Another correlation to determine the tensile strength is the one that could be found in 
CEB-FIP (1993): 

2
3

ck
tk

ck0

f
f

f
α

 
= ⋅  

 
  MPa (4) 

where  αmin=0.95 MPa, αmean=1.4 MPa, αmax=1.85 MPa, fck0=10 MPa 

In Figure 10 examples show the variations obtained when empirical expressions are 
used to determine the tensile strength. This variation could also be observed using the 
same equation but with different constants α and A, see equation 3 and 4. The two 
equations have also been established on young concrete.  
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Figure 10 Variation obtained when different correlations between compression 
and tensile strength are used. 

The result from these equations differs a great deal from each other as can be seen in 
Figure 11. The tensile strength calculated with the compression strength from the 
Capo-test as basis with equation 4 is higher than the results from the splitting test and 
the uniaxial test. If Eq 3. is used only the results from the uniaxial tensile test are lower. 
The difference between the splitting test and the uniaxial test is about 35%. The result 
in Figure 11 shows the difficulty in using equations to correlate the tensile strength 
with the compression strength, since it is very difficult to choose factors for the 
equation. 

2
3t cf 0.24 f= ⋅

2
3

t cf 0.21 f= ⋅

2
3

c
t

f
f 0.95

10
 = ⋅  
 

2
3

c
t

f
f 1.4

10
 = ⋅  
 

2
3

c
t

f
f 1.85

10
 = ⋅  
 



 

- 14 - 

0.0

1.0

2.0

3.0

4.0

5.0

6.0

slab long. beam

Te
ns

ile
 s

tre
ng

th
 [M

Pa
]

Ek
v.

 3
 (c

ap
o)

; A
=0

.2
4,

 B
=2

/3

U
ni

ax
ia

l t
en

si
le

 te
st

Te
ns

ile
 s

pl
itt

in
g 

te
st

U
ni

ax
ia

l t
en

si
le

 te
st

Te
ns

ile
 s

pl
itt

in
g 

te
st

Ek
v.

 4
 (c

ap
o)

; a
lfa

=1
.4

 M
Pa

Ek
v.

 4
 (c

ap
o)

; a
lfa

=1
.4

 M
Pa

Ek
v.

 3
 (c

ap
o)

; A
=0

.2
4,

 B
=2

/3

 
Figure 11 Tensile strength determined with different methods on the Lautajokki 
Bridge. The methods that have been used are: uniaxial tensile tests (cores), 
splitting tensile tests (cores) and tensile strength calculated with Eq.3 and 4 with 
the mean value from the Capo-test. Note: For the splitting tensile strength the 
tensile strength is set to 80% of the tensile splitting strength according to the 
Swedish Concrete Code BBK94 (1994,1996). It is also revised with 7% due to the 
smaller dimensions (100××××100mm) instead of the standard dimensions 
150××××300mm, Möller et al. (1994). 

Since the methods discussed above do not work for the bridges where only the Capo-
test has been performed another method must be used to determine the tensile strength 
for these bridges. The problem was approached in the way that a concrete class was 
established for each bridge (with the mean value of the compression strength from the 
Capo-test), e.g. K60. In the Swedish concrete code K60 means that the strength of the 
concrete should be 60 MPa tested on standard 150mm cubes after 28 days. The 
corresponding characteristic design value for the tensile strength was then used but with 
the limitation that the tensile strength could not be higher than 2.25 MPa (which 
corresponds to concrete class K50 in the Swedish code) even if the Capo-test resulted 
in a higher concrete class. In Thun et.al. (1999) a method is included how to achieve 
characteristic tensile strength from test results according to the Swedish Concrete Code 
BBK94 (1994,1996). 

This conservative limitation is due to the fact that from these studies it is not possible to 
say that the concrete tensile strength has increased as much as the compression strength 
over the years. The results vary too much. Micro cracks may also form in the tensile 
zones of the bridges, reducing the tensile strength 

In Table 3 the results for the Lautajokki Bridge are presented. The tensile strength for 
the Lautajokki Bridge shows a similar variation as the compressive strength, i.e. 
variation between the structural parts. For the uniaxial tensile test the difference is 0.3 
MPa (8.5%) and for the splitting test 0.2 MPa (4%), see Table 3. If this difference is 
significant for all bridges in the survey is of course uncertain since there has only been a 
thorough investigation of one bridge. This topic could be target future studies. 
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Table 3 Concrete tensile strength for the Lautajokki Bridge performed on 
100××××100 mm cores. The test methods that have been used are uniaxial tensile test 
and splitting test. Note: For the splitting tensile strength the tensile strength is set 
to 80% of the tensile splitting strength according to the Swedish Concrete Code 
BBK94 (1994,1996). It is also revised with 7% due to the smaller dimensions 
(100××××100mm) instead of the standard dimensions 150××××300mm since a smaller 
core give higher values, Möller et al. (1994). 

Part of Tensile strength, drilled cores Part of Tensile strength, drilled cores
structure Uniaxial test Splitting test structure Uniaxial test Splitting test

No. fct No. fct,s No. fct No. fct,s

[MPa] [MPa] [MPa] [MPa]
- 2.90 P1:1 3.93 B2:2 3.64 B5:1 4.4
- 2.91 P3:1 4.67 B4:2 2.25 B6:1 4.8

slab P10 3.12 P5:1 5.19 longitudinal B5:2 2.62 B6-2:1 5
P8:2 3.17 P6:1 3.89 beam B7-1:2 3.63 B7-1:1 4.9

P11:2 2.49 P8:1 5.1 B8-1:2 3.25 B8-11:1 4.8
P12:2 2.71 P9:1 5.2 B9-3:2 3.47 B9:1 5.2

m = 2.9 m = 4.7 m = 3.2 m = 4.9
s = 0.2 s = 0.6 s = 0.5 s = 0.2
V = 0.08 v = 0.12 V = 0.17 v = 0.05  

In Table 4 and Figure 12 values are presented from the uniaxial tensile tests for eight 
road underpasses. The uniaxial tensile test on the drilled cores resulted in a mean value 
for all bridges of 3.3 MPa (standard deviation s = 0.39 and the coefficient of variation 
V=0.12). 
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Figure 12 Mean value and standard deviation of the tensile strength from the 
uniaxial tensile test for eight road underpasses. 
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Table 4 Mean value and standard deviation of the tensile strength from the 
uniaxial tensile test for eight road underpasses. 
Bridge Tensile strength, Bridge Tensile strength,
No. Drilled Cores No. Name Drilled Cores
Name fct fct

[MPa] [MPa]
2.28 3.89

1 3.16 5 3.49
Boden C 2.31 Haparandavägen 3.09

m = 2.6 m = 3.5
s = 0.4 s = 0.3
V = 0.16 V = 0.09

4.06 2.72
2 3.60 6 3.26
Garnisonsgatan 3.82 Kallkällevägen 2.97

m = 3.8 m = 3.0
s = 0.2 s = 0.2
V = 0.05 V = 0.07

2.77 2.72
3 3.76 7 2.53
Gammelstad 3.30 Bensbyvägen 4.07

m = 3.3 m = 3.1
s = 0.4 s = 0.7
V = 0.12 V = 0.22

3.76 8 m = 3.2
4 4.31 Lautajokki a) s = 0.5
Notviken 3.27 (long. beam) V = 0.17

m = 3.8 8 m = 2.9
s = 0.4 Lautajokki a) s = 0.2
V = 0.11 (slab) V = 0.08

a) For individual values se table 3  

A proposal for a new correlation for the CAPO –test for old 
structures 
If the correlation proposed by Rockström & Molin (1989) is used instead of the general 
one the correlation for bridge no.1 is better (67.1 MPa instead of 53.6 MPa). For the 
other bridges, except bridge no. 3, the values of the compressive strength are higher 
than the core strength, i.e. on the unsafe side. This is probably due to the fact that the 
correlation proposed by Rockström & Molin (1989) is valid in the range of 11 - 66 
MPa and the bridges in this study are on the edge or outside this range. 

If the mean values of the pullout forces are plotted versus the mean values of the 
compression strength in Table 2, together with the data from Rockström & Molin 
(1989) the result is according to Figure 13. For these data a regression analysis 8linear 
model) has been performed, see Figure 13 and appendix A. Unfortunately it is not 
possible to use all the data obtained in this study. Thus it is not possible to connect the 
pullout force from a Capo-test to a certain core. This is due to the fact that several 
companies have performed the tests and there is no record of core numbers (the cores 
were taken prior to this study). So it is only possible to connect the pullout force from 
the Capo-tests to the core strength for a whole bridge. 
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The regression equation is: 

cF 0.59 f ' 2.46= × +  N (5) 

In Figure 13 two values for very old bridges are also presented, the ones with a circle. 
They are not included in the regression analysis since the cores from these bridges 
showed that the concrete used in the bridges was not a “modern” one. The mixture 
consisted of a few very big aggregates (approximate 70 mm) and the rest were small 
ones (approximate 8 mm) combined with mortar. As one can see in Figure 13 these 
two bridges give somewhat different values compared to the others. 
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Figure 13 Proposal for new correlation between Capo-test and 100 ××××100 mm 
cores for old bridges. Regression analysis is based on y = kx + m, where the 
standard error is 1.8683 for m and 0.0359 for k. Coefficient of determination, R-
squared, is 0.927. Estimate standard error is 3.61 MPa. The confidence limit is 
95%, dotted lines. The equation is valid in the interval 11 to 85 MPa. 

It is similar to the equation proposed by Rockström & Molin (1989) but it reaches 
further than that correlation, up to 85 MPa, and the slope for the higher regions is 
steeper, which leads to lower values of the compression strength, see Figure 14.  

 

 

 

 



 

- 18 - 

10 20 30 40 50 60 70 80 90 100 110
Cube strength fc', 100 ×100 mm core strength [MPa]

0

10

20

30

40

50

60

70

Lo
k-

St
re

ng
th

 &
 C

ap
o-

St
re

ng
th

 F
 [k

N
]

General correlation

Rockström & Molin correlation:
F = 0.55  fc' + 3.16

LTU/Rockström & Molin 
correlation: F = 0.59  fc' + 2.46

 
Figure 14 The correlation between Capo-test and 100 mm ×××× 100 mm cores, 
trimmed and air cured 3 days before testing, made by LTU on 6 old railway 
bridges. The correlation is compared to the general correlation for standard 
cubes (figure 2) and the correlation proposed by Rockström & Molin (1989) on 5 
old Swedish bridges.  

If Eq. 5 is used, the correlation is better between the Capo-test and the core strength. 
But still, for bridges 6, 7 and 8 the equation overestimates the compressive strength, i.e. 
on the unsafe side. The conclusion of this regression analysis is that more studies are 
needed if a good and reliable correlation for old structures will be possible to develop. 
The decision that was made was to use Eq. 1 since the other correlation might give 
results on the unsafe side. 

SUMMARY AND CONCLUSIONS 
Capo-test 
This study indicates that the Capo-test can be used on objects with old age, but with 
some restrictions. The results from the tests performed on the Lautajokki Bridge show 
that the Capo-test might overestimate the compressive strength compared with drilled 
out cores. The Capo-test gave higher values when it was performed on the 
longitudinal beams and the slab than drilled out cores from the slab. If this is something 
general for all actual bridges is hard to say while the basis is poor – there are only results 
from one bridge.  

This study along with the study performed by Rockström & Molin (1989) show that if 
the general correlation proposed by the manufacturer is used, values on the safe side 
ought to be received for the compression strength. The correlation proposed by the 
authors gives a better correlation than the general one and the one proposed by 
Rockström & Molin (1989) for old structures, but it might give results on the unsafe 
side. More studies are needed of old structures. 

Regarding very old structures it is essential to use the Capo-test with caution. This is 
due to the risk of a big difference in aggregate size in used concrete. For bridge No. 10 
in Figure 9 the Capo-test resulted in the compression strength 29.7 MPa, but when 
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cores were taken out later on they gave the compression strength of 56 MPa. The 
difference was probably due to the great difference in aggregate size. 

The Capo-test is included in the new proposal for International as well as Swedish 
standard for assessing the concrete strength in structures (see prEN 13791:1999 : 
Assessment of concrete compressive strength in structures or in structural elements). 

Compression strength 
When the results from the drilled out cores were compared for the structural parts, i.e. 
the slab and the longitudinal beams, it showed that the compressive strength was 
approximately 15% higher in the longitudinal beam than in the slab for the Lautajokki 
Bridge. This indicates that there is a difference in strength between the side beams and 
the slab. Until this difference is verified with further studies, a reduction of the 
concrete strength with 15% should be performed when the tests are done in the side 
beam and the analysis concerns the slab. This reduction could be introduced as a partial 
coefficient, see Nilsson et.al. (1999). 

Regarding the strength development of the concrete in the bridges it has increased 
considerably over the years, just for the Lautajokki Bridge the strength has increased 
from about 40 MPa to 72 MPa for the slab.  

The difference in strength between the side beams and the slab needs further studies. 

Tensile strength 
The results of tensile strength vary considerably between the studied bridges (i.e. the 
longitudinal beams) and it is not possible to say from the results obtained in this study 
that the tensile strength has increased as much as compressive strength with time. 
When the tensile strength is determined from compressive strength it should be limited 
because of the possibility of cracks due to e.g. constraint. In Thun et.al. (1999) a 
method is included how to achieve characteristic tensile strength from test results 
according to the Swedish Concrete Code BBK94 (1994,1996). 
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NOTATION 
ft  calculated tensile strength from equation in Möller et.al. (1994) 

ftk  calculated tensile strength from equation in CEB-FIP (1993). 

fc’  Compression strength evaluated from Capo-test 

F  pullout force from Capo-test [kN]  
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fcc  concrete compression strength, from cores 

fct  concrete tensile strength, uniaxial tensile strength (cores) 

fct,s  concrete tensile strength derived from splitting strength test (cores). The splitting 
strength is first reduced with 80% according to the Swedish Concrete Code and 
then additionally reduced with 7% due to different dimension than what is 
stipulated in the code. The core dimension used in this study is smaller and gives 
higher strengths than the standard dimension 150*300mm. These two reductions 
result in fct,s. 

m  mean value. Calculated as,
n
f

m i∑=  

s  standard deviation. Calcualted as,
( )

1

2

−
−

= ∑
n

mf
s i  

V  coefficient of variation. Calculated as, V=s/m. 
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APPENDIX A REGRESSION ANALYSIS 
For the bridges where both cores have been taken and Capo-tests have been performed 
a linear regression analysis has been performed with a computer program called: 
STATGRAPHICS Plus for Windows 4.0 (Statistical Graphics Corp.). 
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The values that have been used are: 

Rockström & Molin (1989): Ltu investigation: 
fcc 

[MPa] 
F 

[kN] 
Bridge 
  

fcc 
MPa]

F 
[kN] Bridge 

34.5 19.3 D119  73 40.1 Boden C 
39 25.5 D119  83.4 50 Garnisonsgatan 

43.5 25.2 D119  85.3 54.4 Lautajokki, beam 
46 26.5 D119  61.3 50 Kallkällevägen 

37.5 21.7 S908  79.5 48.3 Haparandavägen 
32.5 20.7 S908  73.6 43 Gammelstad 
32.5 18 S908  65.3 43.2 Bensbyvägen 
34 19.2 S908     

66.3 41.5 BD245     
38.6 28.3 BD245     
43.4 27.6 BD245     
31.8 22 L687     
33 22.4 G502     
11 10.2 H29     

12.6 11.9 H29     
37.9 28.9 H29     
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LOAD CARRYING CAPACITY OF CRACKED 
CONCRETE RAILWAY SLEEPERS 
by Håkan Thun, Sofia Utsi and Lennart Elfgren 

ABSTRACT 
In this paper load carrying capacities of cracked as well as un-cracked concrete railway 
sleepers have been investigated. The cracking is believed to be caused by delayed 
ettringite formation. The tests that have been performed are: 

(1) Bending capacity of the midsection. 

(2) Bending capacity of the rail section. 

(3) Horizontal load carrying capacity of the fasteners. 

(4) Control of the concrete properties of the tested sleepers.  

Information on how the visual inspection and the classification of damages are 
performed is presented together with possible failure mechanisms of the fastener when 
loaded horizontally. The purpose with the tests have been to get information on how 
the cracking influences the load carrying capacity compared to an un-cracked sleeper.  

The sleepers are made of prestressed concrete with the concrete class K60 (compression 
strength 60 MPa tested on 150mm cubes). The sleepers are prestressed with 10 strands 
(each strand consists of 3 wires with the diameter 3 mm each).  

The test results have been compared with calculations according to the Swedish Rail 
Code for sleepers. The tests show that small cracks do not seem to influence the load-
carrying capacity and it is first when cracking is very severe that the load-carrying 
capacity is reduced significantly.  

Keywords: sleeper, classification, inspection, cracks, concrete, delayed ettringite, load 
carrying capacity, fastener. 

RESEARCH SIGNIFICANCE 
The problems that delayed ettringite formation cause for these concrete sleepers are 
very serious. Therefore it is important for economic but mostly safety reasons to 
investigate their load carrying capacity. An enlarged understanding of the factors that 
influence the process is needed in order to be able to give reasonably good predictions 
of the remaining life length of these sleepers. 
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INTRODUCTION 
Railway sleepers made of concrete have only been the standard during the last decades 
in Sweden. According to Andersson & Berg (1999) pine was substituted for concrete as 
material in the 1950s when prestressed concrete became available for sleepers. The 
advantages of the concrete sleepers were e.g. the longer service life, higher bearing 
capacity and no use of environmental hazardous chemicals such as creosote (used to 
increase the service life of the timber).  

A railway sleeper has several functions such as: being elastic foundations to the rails, 
keeping the right distance between the rails, cooperating with the rail so the railway 
track is resistant to flexuous movement in the horizontal direction, etc. If all above-
mentioned reasons are considered it is easily understood that a sleeper must withstand 
various types of loads, weather conditions etc., without losing its properties during its 
service life. 

Normally concrete sleepers sustain their properties for more than 50 years. However in 
Sweden some sleepers made between 1992 and 1996 have started to deteriorate. They 
have obtained cracking of a more or less severe kind and some of them have even lost 
most of their bearing capacity. The cracking is believed to be caused by delayed 
ettringite formation, which leads to an internal expansion and with time cracks, see e.g. 
Tepponen & Eriksson (1987). This process might reduce the service life to as few years 
as five. 

The Swedish National Rail Administration has started investigations. Bad production 
methods are believed to be the cause of the deterioration. In order to increase the 
production speed, the cement amount was increased from ordinarily 420kg/m3 to 
500kg/m3 and steam curing was used during the hardening process in some of the 
production plants.  

In this paper results from strength capacity tests are presented. The purpose of the tests 
has been to get an idea of how the cracking influences the load carrying capacity.  

In Figure 1 a principal drawing of a Swedish railway sleeper is presented. The sleepers 
are made of prestressed concrete with the concrete class K60 (compression strength 60 
MPa tested on 150mm cubes). The sleepers are prestressed with 10 strands (each strand 
consists of 3 wires with the diameter 3mm each). 
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Figure 1 Principal drawing of tested concrete sleepers. 

The load carrying capacity of sleepers and especially the fatigue capacity have earlier 
been studied at LTU, see Gylltoft & Elfgren (1977) and Gylltoft (1978). 

Damages on sleepers have earlier been observed in Finland, Tepponen & Eriksson 
(1987), in the U.S., Hime (1996) and Collepardi (1999), and in Germany, Stark et al. 
(1998). Often delayed ettringite formation has been the reason for the damage. 

VISUAL INSPECTION AND CLASSIFICATION 

Visual inspection 
When the Swedish National Rail Administration became aware of the problem with 
the cracked sleepers, several investigations were initiated. These showed among other 
things that the damaged sleepers could be found all over Sweden. About 3.5 million 
sleepers have been inspected and there are about 300 000 sleepers that are cracked. The 
only way of finding them is by walking along the railway tracks making a visual 
inspection. Knowing this, it is easy to understand that the investigation is very difficult 
and time consuming to perform. The investigations are performed in the way that two 
inspectors walk along the railway track on opposite sides.  

Since the sleepers are covered with macadam as in Figure 2, it is only possible to notice 
damages that are on the upper side of the sleeper and the top 1 to 2 cm along the sides. 
This makes it very difficult to discover sleepers that are in the beginning of the failure 
process. 



- 4 - 

 

Figure 2 Picture showing how much of a sleeper that is visible when it is placed 
in the railway track. 

Classification 
The first inspections led to a categorization of the sleepers depending on the cracking. 
They were divided into three classes by the Swedish National Rail Administration. The 
typical damages for each class are: 

Class 1. Acute / Red: 

The cracking is so severe that there is a considerable reduction of the load carrying 
capacity. There are typical longitudinal cracks in the middle of the sleeper. There 
are also cracks at the end of the sleepers with a crackled pattern. The sleepers might 
have a crack from the fastener and downwards. The concrete surface is discoloured 
by yellow spots. A typical crack-pattern is shown in Figure 3. 

 

 

Figure 3 Characteristic crack patterns for sleepers in class 1 (red sleepers). 

Class 2. Initial degradation / Yellow: 

Some cracks. The cracking is of the kind that the load carrying capacity is almost 
intact. There might be cracks with a crackled pattern at the end of the sleepers. The 
sleepers might have a crack from the fastener and downwards. There is presence of 
yellow spots. Typical crack-patterns are given in Figure 5. 
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Class 3. OK / Green: 

No visible cracks. No visible tendencies to develop major faults. No change in 
colour. The load carrying capacity is intact. 

Combined with these classes the Swedish National Rail Administration has set up 
safety rules like: maximum number of damaged sleepers that can lie next to each other 
for a certain curve radius etc. before they must be replaced. 

Since the yellow sleepers are so many (about 300 000 up to this date) and the variation 
in cracking is so large, they have been divided into subcategories in the hope of finding 
out if there is a variation in load carrying capacity among them. The criterion that has 
been used as a basis is what kind of cracks an inspector has a chance of discovering 
when he/she walks along the railway track. Since the sleepers are covered with 
macadam as in Figure 2, it is only possible to notice damages that are on the upper side 
of the sleeper and 1 to 2 cm along the top parts of the sides. The cracks that have been 
used as target have a width larger than 0.05mm. These cracks are possible to see with 
the naked eye and can be discovered without the need to get down on one’s knees. 
These cracks are in this paper called visible cracks. 

The area on the sleeper where the first visible cracks appear (when they lie in the track) 
seems to be on the upper side at the end, near the edge. This leads to a problem since 
most yellow sleepers also have cracks on the side towards the lower edge, see Figure 5 
and Figure 4. These cracks are not possible to detect at an inspection as long as the 
macadam is not removed. This might lead to the fact that a yellow sleeper is given the 
class green. 

 

Figure 4 Illustration showing where in a sleeper the cracks first seem to appear.  

The subdividing of the yellow sleepers is thus only based on visible cracks on the upper 
side of the sleeper, at the end. Worth pointing out is that not all sleepers have two ends 
with the same type of damages. Some sleepers have several cracks at one end but no 
cracks at the other. 

The yellow sleepers have therefore in turn been subdivided into three categories: 

Group 1 Several cracks on the upper side with a crackled pattern, see Figure 5 c). 

Group 2 One or two cracks on the upper side, see Figure 5 b). 

Upper side sleepers end, 
near the edge 

Upper side sleeper 

Side sleepers end, lower edge 
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Group 3 No cracks on the upper side, see Figure 5 a). 

   

Figure 5 Typical cracks for sleepers of class 2 (yellow). a) Sleepers in group 3 i.e. 
no visible cracks on the upper side but there might be cracks on the side at the 
lower edge. b) Sleepers in group 2 i.e. only 1 or 2 visible cracks on the upper 
side. They have fewer cracks on the side towards the lower edge than the sleepers 
in group 1 (the crackled pattern is not yet as “developed” as for group 1 
sleepers). c) Sleepers in group 1 i.e. cracks in a crackled pattern on the side as 
well as on the upper side. 

Before the tests started every sleeper delivered to LTU was visually inspected and 
photographed. The condition of the sleepers varied from OK to very damaged. To be 
able to see the cracks more easily the sleepers were washed and especially interesting 
parts were moistened.  

The following could be said after the laboratory inspection: 

� Generally one can say that if a sleeper only has one or two cracks on the upper 
side at the sleeper end, it also has fewer cracks on the side compared to a 
sleeper who has a lot of cracks on the upper side (at the end). 

� The concrete was very fragile and pieces had a tendency to loosen. 

� The colour of the concrete was brighter compared to the colour of the 
concrete for sleepers in class 3 (green sleepers).  

� Some of the sleepers had no visible cracks on the upper side but they had 
cracks on the sides, see Figure 5 a). 

� All sleepers have discolorations here and there. The colour is brown-yellow. 

The sleepers in class 3 (green sleepers) showed none of the signs mentioned above. 

LOADS 

Bending capacity of midsection 
According to the Swedish National Rail Code, BVF 522.32 (1995), a sleeper must 
have the moment bearing capacity according to Figure 6.  

 

a) b) c) 
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0.5 1.0 1.0 

+15 kNm +8.5 kNm 

-11 kNm

 
Figure 6 Moment distributions for sleepers, from the Swedish National Rail 
Code, BVF 522.32 (1995) 

The moment carrying capacity of the midsection must be Mmax = 11 kNm. 
Additionally it is stipulated that the safety factor against failure must be at least 1.75.  

This leads to a moment carrying capacity in the midsection of: 

Mf,mid = 1.75 ⋅ 11 = 19.25 kNm (1) 

Bending capacity of rail section 
Figure 6 gives that the moment carrying capacity of the section where the rail is placed 
must be 15 kNm. With a safety factor against failure of 1.75 this results in a moment 
carrying capacity of: 

Mf,rail 1.75⋅15 = 26.25 kNm (2) 

Horizontal load carrying capacity of fastener 
In the Swedish National Rail Code, BVF 522.32 (1995), there is no specification of 
how the load carrying capacity could be tested or calculated. In this section efforts have 
been made to estimate the level of the horizontal forces that act on a fastener. 

Horizontal forces caused by the centripetal acceleration 
The horizontal forces that act on a sleeper are partly caused by the centripetal 
acceleration. It can be written as v2/R, for a train travelling with the speed v in a curve 
with the radius R. In order to reduce this force, the curve can be sloped, i.e. one of the 
rails is placed higher than the other one, see Figure 7. 
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Figure 7 Forces acting on a mass m in a vehicle moving in a curve. The 
influence of a slope ϕϕϕϕs is shown to the right, Sahlin & Sundqvist (1995). 

Using the level of the track as reference the horizontal acceleration component ay is: 

ϕ ϕ= ⋅ − ⋅
2

y s s

v
a cos g sin

R
 (3) 

where a
s

h
sin

s
ϕ =   

  ha = heightening of sleeper (ha=h in Figure 7) 
  s = 1.50 m i.e. the distance between one pair of wheels 
  Small angles are assumed. 

The horizontal force, F, can be written as: 

= ⋅ yF m a  (4) 

In the calculation it is also assumed that one fastener takes all the forces from one axle 
when the train is standing still. No consideration is taken of possible tilting of high-
speed trains. 

Horizontal forces F from equation (4) are shown in Figure 8 for two cases, a freight 
train carrying iron ore (axle load 30 tons) and a high-speed train (axle load 18.75 tons). 
The smallest radii R are used, which exist on the railway line they traffic. From the 
figure it can be seen that the maximum force from one axle is approximately 35 kN for 
the freight train at 70 km/h and 50 kN for the high speed train at 130-140 km/h. If a 
train is standing still in a curve the maximum force will come from the freight train, 
approximate 30 kN. This load is distributed by the rail to two or three neighbouring 
sleepers. For one fastener the maximum horizontal load will thus be of the order of 12 
to 25 kN. 



- 9 - 

0 20 40 60 80 100
Train speed [kM/h]

-40

-20

0

20

40

60

80

100

H
or

iz
on

ta
l f

or
ce

 [k
N

]

Curve radius: 335 m
Train type: Iron ore
Axle load: 30 tons

ha = 150 mm

ha = 0 mm

(a)  
0 40 80 120 160

Trainspeed [km/h]

-40

-20

0

20

40

60
Curve radius: 600 m
Train type: X2000
Axle load:18.75 tons ha = 150 mm

ha = 0 mm

(b)  
Figure 8 Horizontal force, F, as defined in Eq. 4, as function of train speed, v, 
and heightening, ha, of one sleeper end. (a) Freight train with iron ore, R= 335 
m. (b) High speed train, R= 600 m. 

Horizontal force on track 
In Figure 9 the forces are presented that act between the rails and the wheels. 

 
 

Figure 9 Forces that act between the rails and the wheels. Vertical forces Qv and 
Qh, lateral forces Yv och Yh and the horizontal track on force S. The wheel set is 
seen from behind. Positive direction of forces. From Sahlin & Sundqvist (1995). 

It is difficult to calculate the highest possible horizontal force. This is due to the 
complexity of the forces acting between the rails and the wheels. If the duration of a 
horizontal S-force is very brief, it is not capable to move the track. A duration of two 
meters is a commonly used distance, see Figure 10. 

 

 

Qh Qv 

Yh Yv 

S 

S = Yv - Yh Yh 

Qh Qv 

Yv 
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Figure 10 The horizontal track force, S, must have the duration corresponding to 
a distance of 2m when comparing to allowed value. From Andersson & Berg 
(1999). 

The maximum allowed horizontal force on the track, S2m,till, is according to Andersson 
& Berg (1999) calculated as: 

= ⋅ + 0
2m,till

2Q
S K (10 )

3
 kN (5) 

 where  K  is a constant depending on the track structure and the 
      degree of consolidation. For freight trains K is 0.85 and 
      for engines and passenger coaches K is 1.0. These values 
      are valid for new tracks. 
    2Q0 is the static axle load [kN] 

Assuming a new and well consolidated track we will get the following for a freight 
train transporting iron ore, with an axle load of 30 tons: 

= ⋅ + =2m,till

300
S 1.0 (10 ) 110 kN

3
 

This force will in turn be distributed on a distance of 2m (for more details see 
Andersson & Berg (1999)). The iron ore railway has a distance between the sleepers of 
0.55m, which leads to the following force that every sleeper must manage: 

⋅= =sleeper

110 0.55
F 30.2

2
 kN 

Measured track forces   
Track forces have been measured by the Swedish National Rail Administration on an 
iron ore engine (class IORE 101) along the iron ore railway line, “Malmbanan”, by 
direction of Adtranz Kassel. The measurements have been conducted during September 
and October 2000. 

The maximum track force that was measured was 70 kN. The largest lateral forces (Y-
forces) that were measured were on average 60 –80 kN. Single “spikes” up to 120 kN 
appeared though. 

These loads correspond approximately to the loads in the calculations above. 
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TEST SET-UP AND RESULTS 

Bending capacity of midsection 
The sleepers were placed upside down on bearings at each rail section (distance 
between bearings: 1500mm). Each bearing consisted of a steel cylinder (diameter 
60mm) and two steel plates (thickness 100mm). Between the bearings and the sleeper a 
rubber pad was mounted. 

At the middle of the sleeper two bearings were mounted on the upper side at a distance 
of 150mm from the symmetry line. Each bearing consisted of a steel cylinder (diameter 
15mm) and two steel plates (thickness 50mm). Between the bearings and the sleeper a 
rubber pad was mounted. On the bearings a steel girder was placed so the load could 
be applied symmetrically in proportion to the rail sections, see Figure 11. 

The displacement was measured by four LVDT-gauges, one on each side of the 
midsection to compensate for a possible rotation during the test. An LVDT-gauge was 
also mounted at each rail section to compensate for the possible setting of the supports. 
The test was run in displacement control and the load was applied with a rate of 
0.02mm/s. The sleepers were loaded until failure. 

 

600 300 600

1500

150150

 
Figure 11 Illustration showing the test set-up during the test of the bending 
capacity of midsection. 

The results from the tests are shown in Figure 13 and a typical failure is shown in 
Figure 12. The maximum moment is calculated as: 

( ) max
FM 0.6 M 0.6
2

= = ⋅ kNm (6) 

The red sleepers have a moment capacity of approximately 19 kNm and the green 
sleepers approximately 32 kNm. According to BVF 522.32 (1995) the sleepers must 
manage 19.25 kNm. 
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Figure 12 Failure of sleeper no. 2 in shear. 
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Sleeper Class Fmax Mf,mid Failure type
no. [kN] [kNm]

2 red 65 19.5 shear
4 green 109 32.7 wire fracture
5 green 106 31.8 wire fracture
6 red 64 19.2 wire slip

   

 

 

Figure 13 Results from the tests of the bending capacity of the midsection for the 
tested sleepers. 

Bending capacity of rail section 
The sleepers were placed on two bearings at a distance of 300mm on each side of the 
symmetry line of the rail section.  

Each bearing consisted of a steel cylinder (diameter 60mm) and two steel plates 
(thickness 100mm). Between the bearings and the sleeper a rubber pad was mounted. 

In the middle of the rail section a steel plate, thickness 15 mm and the width 50 mm, 
was placed with a rubber pad between the concrete and the steel. The test was run in 
displacement control and the load was applied via a hinged edge with a rate of 0.02 
mm/s. The sleepers were loaded until failure. 
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The displacement was measured by four LVDT-gauges, one on each side of the 
midsection of the rail section to compensate for a possible rotation during the test. A 
LVDT-gauge was also mounted at each of the supports. 

 

600

300

 
Figure 14 Illustration showing the test set-up during the test of the bending 
capacity of rail section. 

The results from the tests are shown in Figure 16 and a typical failure is shown in 
Figure 15. The maximum moment is calculated from: 

( ) = = ⋅max

F
M 0.3 M 0.3

2
kNm  (7) 

The red sleepers have a moment capacity of between 9 and 11 kNm while the green 
sleepers manage approximately 45 kNm. According to BVF 522.32 (1995) the sleepers 
must manage 26.25 kNm. 

 

Figure 15 Failure of sleeper no. 3 after wire slip. 
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Figure 16 Results from the tests of the bending capacity of the rail section for the 
tested sleepers. 

Horizontal load capacity of the fastener 
The test arrangement is shown in Figure 17. The outer of the two fasteners has been 
tested. The sleeper was placed on a steel girder and tightened to prevent movement. A 
hydraulic jack and a load cell were mounted on a bar. The tests have been run in load 
control with a load velocity of 0.4 kN/s. To measure the displacement, an LVDT-
gauge was placed horizontally against the fastener.  

 

Figure 17 Illustration showing the test set-up. 

Typical failures are shown in Figure 18 and Figure 19 and test results are given in 
Figure 20. In Table 1 a summary of all horizontal load carrying capacity tests is 
presented. According to the calculations presented earlier the sleeper must manage 
about 30 kN. 

F 
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Figure 18 Failure of sleeper no. 10 by vertical and horizontal cracking. 

 

 

Figure 19 Failure of sleeper no. 11 by vertical and horizontal cracking. 

 

The horizontal load carrying capacity, 100-130 kN, for the fasteners in the green and 
yellow sleepers are much beyond the load imposed by the trains. Even the red sleeper 
with the lowest maximum capacity of 18 kN for a deformation of 5 mm may function 
if it is surrounded by green and yellow sleepers.  
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Figure 20 Results from the tests of fasteners capacity for horizontal load. 

Table 1 Summary of all horizontal load carrying capacity tests. 

Max. horizontal force
F max ,  [kN]

7 red - 18
16a red - 65.5
16b red - 52.5

5 green - 117.1
8 green - 133.5
9 green - 111
10 yellow 1 108.1
11 yellow 1 103.8
12 yellow 2 110.9
13 yellow 2 114.1
14 yellow 3 133.5
15 yellow 3 122.9
17 yellow 3 85.2
18 yellow 3 109.5

a)  Classification performed by the Swedish National Rail Administration.
b) Classification performed by LTU.

Sleeper no. Class a) Group b)

 
Sleepers No. 16-18 have been tested at a later stage than the others. Worth mentioning 
is that sleeper No. 7 was in a much worse condition than the other red sleeper (the 
outer fastener and the concrete surrounding it had fallen off at one end). Note also that 
sleepers No. 16a and 16b is the same sleeper but different sides. The main reason why 
sleeper No. 7 managed a much lower load than 16 and 17 is probably because it has a 
vertical crack from the fastener and downwards. This was also combined with a very 
developed crack system.  
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Sleeper No. 17 looks more like the yellow sleepers because only the ends had a lot of 
cracks. Sleeper No. 16 looks more like sleeper No. 7 due to the fact that it has long 
horizontal cracks. As mentioned above it does not have the vertical crack at the 
fastener. 

For sleepers No. 5, 7-16a and 17 the tests have been performed according to Figure 21, 
i.e. with a steel pad between the end of the sleeper and the vertical girder. For sleeper 
No. 16b and 18 the steel pad was removed to be able to see the influence of this steel 
pad. In Figure 20 it is shown that for a sleeper of class 2 or 3 (compare with sleeper 
No. 18) it does not influence the test. For a sleeper that is in class 1 (red sleepers) that 
have severe cracking the steel pad may influence the test, compare No. 16a and 16b. 

Steel pad Vertical girder 

 
Figure 21 Test set-up. Illustration showing the steel pad used in the tests. 

Material properties 
The material properties of the concrete have been determined from uniaxial tensile and 
compression tests on drilled out cores with a diameter of 68 mm, see Figure 22. 

The concrete was specified to have a cube strength of 60 MPa. The cement content 
was ordinarily 420 kg/m3. In order to increase the production speed, the cement 
amount was increased to 500 kg/m3 and heat was used during the hardening process in 
some of the production plants. The test results are summarised in Table 2. 

 

9:1p 
18:1 
9:1 

12:1p

b) a) 

Mid section 
sleeper 

i = sleeper no. 
i:1 = tensile test 
i:2 = compression test  
i:3 = reserve 

i:1 i:2 i:3 

 
Figure 22 Test of material properties. (a) Location of cores. (b) Crack planes for 
the test specimens 9:1p, 9:1 and 12:1p. 

The mean value for 22 compression tests was 100.4 MPa with a standard deviation of 
6.6 MPa and a coefficient of variation of 0.07 (the lowest value was 85 MPa). 
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The mean value for 18 tensile tests was 3.8 MPa with a standard deviation of 0.4MPa 
and a coefficient of variation of 0.11. Four test specimens that had cracks according to 
Figure 5 (b) have not been included in the mean value. If these tests are also included 
in the mean value the results are 3.3 MPa with a standard deviation 1.13 MPa and a 
coefficient of variation of 0.34.  

Table 2 Summary of the results from the compression and tensile tests. Index p 
means that the core comes from that half of the sleeper that has been exposed to 
the horizontal pull test. 

Sleeper no. Sleeper
class /part Fu fcc Fu fct

no. [kN] [MPa] mean [kN] [MPa] mean

16 16a 379.3 85 7.691 3.12

red 16b 351.3 92.7 88.9 7.309 2.97 3.05
8 8 356.6 96.5 10.0125 4.25

green 8p 375.2 101.5 9.7354 4.1
9 9 379.3 102.6 3.3308 (0.90)

green 9p 351.3 95 98.9 3.6701 (0.99) 4.17
10 10 390.6 105.7 8.9805 3.78

yellow/group1 10p 362.3 98 8.1252 3.42
11 11 402.6 108.9 9.5888 4.04

yellow/group1 11p 404 109.3 105.5 7.8843 3.33 3.64
12 12 386.2 104.5 9.5105 4

yellow/group2 12p 367.2 99.3 1.4154 (0.38)

13 13 385.3 104.2 8.9323 3.76

yellow/group2 13p 372.4 100.8 102.2 10.0566 4.23 4.00
14 14 320.1 86.6 8.9785 3.78

yellow/group3 14p 344.9 93.3 7.9265 3.34

15 15 376.4 101.8 10.4542 4.4

yellow/group3 15p 381.7 103.3 8.8922 3.74
17 17 370.6 100.3 8.833 3.59

yellow/group3 17p 383.7 103.8 9.766 3.97
18 18 399.1 108 9.033 (2.44)

yellow/group3 18p 395.3 107 104.0 9.483 3.85 3.81

Compression strength a) Unixail tensile strength

 

FAILURE MECHANISM OF FASTENER 
If the fastener is compared to an ordinary bolt the load-carrying capacity according to 
the Ψ-method, Eligehausen et.al. (1994), can be written as:  

Ψ
 

= ⋅ ⋅ ⋅ ⋅ 
 

0.2

0.5 ref 1.5' 0.5
u c cc 1

h
V d f c

d
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ψ ′ = = =
⋅

2
c

1

where
c 75  á 100

 0.156   á 0.208
1.5c 1.5 320

, see Figure 23. 

Dimension of the fastener: d = bolt diameter, varies between 12 and 60 mm see Figure 24, fcc = 
concrete cube strength, 100 MPa, and href = effective depth, 110 mm. 

 

 Figure 23 Failure mode of a single anchor loaded in shear when located in a 
narrow member, Eligehausen et.al. (1994). 

 

  

Figure 24 Photos of a fastener. View in the direction of the rails (left) and in the 
direction of the sleeper (right). 

For c2 = 75 to 100 mm and d = 16 to 60 mm, the ultimate load Vu varies between 52 
and 104 kN which can be compared to the test results of 103-133 kN for the sleepers 
in classes 1 and 2 (green and yellow). 

When the failure mechanism is compared for the three classes, the red sleeper shows a 
completely different failure process than the green and yellow ones. The failure process 
for the red sleeper is calm and steady, i.e. the fastener was slowly pulled out with no 
large concrete parts falling off. On the other hand, the failure process for the yellow 
and green sleepers was explosive. The failure started with a crack growing from the 
fastener and down towards the base where it was divided into two horizontal cracks, 
one going towards the end and the other towards the mid section. When enough 
energy was built up large sections of the concrete fell off. 

c1 

c2 
c2 c1 = 320 

c2 = 75 to 100 

V [mm] 
c2

c1  

c2 

V 
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Possible failure mechanisms are illustrated in Figures 23-27.  
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Figure 25 Possible failure mechanism at shear test of fasteners. 

If a simplified stress distribution according to Figure 26 is assumed, where the tensile 
stress decreases linearly along the length, lb, an equilibrium equation around A:  
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Figure 26 Simplified stress distribution. The stress is distributed along the length 
lb. The lengths lb and e are measured on the tested sleepers. F=103.8 kN (sleeper 
no. 11). 

The obtained stresses σt, and τ are rather small. A more realistic assumption is that the 
tensile stress, σt, is in the beginning distributed only along the length lb/3, see Figure 
27. 
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Figure 27 Simplified stress distribution. The stress is distributed along the length 
lb/3. The lengths lb and e are measured on the tested sleepers. F=103.8 kN 
(sleeper no. 11). 
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The obtained stress σt = 4.45 MPa is higher than what can be expected from a sleeper 
concrete with fct about 4 MPa. Consequently a crack is likely to form and to propagate. 
The propagation of the crack may be studied if the softening properties of the concrete 
are taken into consideration, see Figure 28, see also Elfgren (1989, 1998), Ohlsson 
(1995) and Noghabai (1998). Assume as an example that the horizontal crack has 
propagated the length lb/3 and that the tensile stresses are distributed along the length 
2lb/3 according to Figure 28. If we further assume that the tensile strength along the 
distance lb/2 in Figure 28 is half the area of a triangle we get rather high tensile stresses. 
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Figure 28 Failure process if the softening properties of the concrete are taken into 
consideration. The stress is distributed along the length 2lb/3. The lengths lb and 
e are measured on the tested sleepers. Assuming also that the tensile strength 
along the distance lb/2 in the figure is half the area of a triangle. F=103.8 kN 
(sleeper no. 11). 

The tensile stresses obtained from the calculations in Figure 24 to 26 can be compared 
to the concrete strength that has been obtained in the tests of the material properties, 
see Table 2. Sleeper No. 11 had the tensile strength of 3.3 MPa, which is lower than 
the stresses for the cases in Figure 25 and 26. 

The calculations confirm to a certain part the observations made during the tests, i.e. 
when the horizontal crack is propagating towards the end of the sleeper and has 
reached a part of its full length, the failure process accelerates considerably. This leads 
to the conclusion that it would take an unreasonably high tensile strength to prevent 
the process. 

SUMMARY AND CONCLUSIONS 
The bending capacity of the midsection of the tested sleepers is enough to prevent 
failure with a safety factor of 1.75 against failure even for the sleepers in class 1 (red 
sleepers). 

The bending capacity of the rail section of the tested sleepers is on the other hand not 
high enough for the sleepers in class 1 (red sleepers). This is probably due to bad 
anchorage for the strands when the cracking is so severe.  

Small cracks, corresponding to class 2 (yellow sleepers), do not seem to influence the 
horizontal load carrying capacity of the tested fasteners significantly. It is first when the 
cracking is very severe (red sleepers, where both the longitudinal cracks and the vertical 
cracks appear) that the load carrying capacity is reduced so much that it is approaching 
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the level of the applied load. The vertical crack at the fastener and downwards probably 
comes from track forces, i.e. the presence of this crack depends on where it has been 
lying in the track (curves etc) where it has been exposed to high forces. 

It was also possible to see a variation of the load carrying capacity of the fastener for the 
yellow sleepers. But the results show that there is nothing to gain by dividing the 
yellow sleepers into groups since they manage approximately the same loads. 

The material properties of the concrete in the tested sleepers were high. The mean 
value for 16 compression tests was 100.7 MPa and the mean value for 13 tensile tests 
was 3.9 MPa.  

The sleepers produced with inferior methods are now inspected annually in order to 
see at what rate the cracking is progressing. 

The big question is now how fast a green or yellow sleeper turns into a red one, i.e. 
how fast is the formation of ettringite? Probably weather conditions have an important 
role. If a sleeper will be exposed to cyclic frost erosion the process ought to accelerate 
considerably. An indication of that the weather conditions may play an important role 
has been discovered on one sleeper. The midsection of this sleeper had been covered 
with equipment for the signalling system a so-called “Balis” and this part seemed to be 
in better conditions (no visible cracks) in comparison with the ends where the crack 
system had developed quite a bit. 

The next steps in the project will be to test the fatigue capacity of a yellow/red sleeper 
and to perform some more tests of the bending capacity in the midsection and rail 
section with yellow/red sleepers. It might also be tests where a rail is mounted on the 
sleeper and the load is applied on this instead of directly in the fastener and see if this 
changes the result. 
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Notation 
fcc  concrete compression strength 

fct  concrete tensile strength 

Fu  ultimate force at failure 

Mf, mid moment bearing capacity at the midsection of the sleeper including 1.75 safety 
factor against failure 
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Mf,rail moment bearing capacity at the rail section of the sleeper including 1.75 safety 
factor against failure 
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CONCRETE FATIGUE CAPACITY. A STUDY OF 
DEFORMATIONS AT TENSILE FORCES 
by Håkan Thun, Lennart Elfgren and Ulf Ohlsson 

ABSTRACT 
In this paper results and analyses are presented from uniaxial cyclic tensile fatigue tests. 
The tests can be considered as pilot tests. The results from the tests indicate that the 
strain criterion proposed by Balázs (1991) might also be applied to plain concrete 
exposed to cyclic tensile fatigue load. The tests have also given valuable information on 
how a test like this shall be performed (type of adhesive, the way the data are collected 
etc.). Further studies are needed. 

 

Keywords: concrete, fatigue, tensile strength, strain criterion, uniaxial tensile test. 

RESEARCH SIGNIFICANCE 
Since the concrete design codes of today are conservative concerning the concrete 
shear fatigue capacity, there is a need to develop new methods that describes the 
phenomenon in a more refined way. This may in turn lead to economic savings when 
existing structures are evaluated and approved for higher loads instead of being 
replaced. 

INTRODUCTION 
When a program was initiated to check the condition of railway concrete trough 
bridges in Sweden, one of the first actions was to recalculate the bridges with the 
present design code. The standard bridges have the form of a concrete trough that is 
filled with ballast and consists of a slab connected to and carried by two longitudinal 
beams. These old bridges were designed according to principles where the shear 
capacity of the concrete sometimes was somewhat overestimated and a critical point in 
the recalculations was the shear fatigue capacity of the slab and the connection between 
the slab and the longitudinal beams. Since the shear capacity is dependent on the tensile 
strength studies have been performed on specimens exposed to cyclic tensile load. 
These tests will hopefully lead to a refined fatigue model for the shear capacity. 
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FATIGUE OF CONCRETE 
A common way to consider fatigue load has up to now been to calculate the load effect 
of the fatigue load, as it were a static load and then manually calculate the stress levels 
for a number of critical sections. The actual stress levels will then be converted into 
service life for the actual section with the help of so called "Wöhler curves", Wöhler 
(1858-70). The problem is often to transfer the local fatigue strength to the fatigue 
strength of the whole structure. Another problem is that the criterion of fatigue 
strength is often connected to the ultimate limit state and with that total collapse. To 
be able to calculate the service life of concrete bridges, criteria for the serviceability 
limit state should be developed. 

Fatigue in concrete was observed rather late in comparison to the early studies of 
fatigue in iron and steel cables and railway carriage axles, Albert (1837) and Wöhler 
(1858-70). For concrete subjected to cyclic compression load several studies have been 
performed over the years. But regarding uniaxial tensile fatigue tests, the focus in this 
study, not so many studies have been performed. The most recent one that is similar to 
the present study seems to be the one performed by Plizzari et al. (2000). This study 
was focused on the effect that fiber reinforcement has on the low cyclic fatigue strength 
of concrete. When they performed the uniaxial tensile fatigue tests they began the 
cyclic loading when the load dropped to 95% of the peak load in the softening branch 
of the load-displacement curve. They also compared the material response obtained 
from uniaxial tensile tests with the structural behaviour obtained in notched beams. 

Fatigue capacity in concrete is normally described by so-called Wöhler curves. They 
are named after the German engineer A. Wöhler who conducted studies of the fatigue 
capacity of railway axles in the late nineteenth century. In Figure 1 results from fatigue 
tests are presented. The figure shows the number of load cycles for different amplitudes 
of stresses. The curve is also sometimes called an S-N-curve. If the number of load 
cycles at failure, N, is presented on a logarithmic axle the curve becomes linear. 

 

1 10 102 103 104 105 106 107

σfat

σB
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Time

 
Figure 1 Number of load cycles N for different amplitudes of stresses, σσσσA. σσσσB is 
the static failure load. σσσσfat is the fatigue limit, if the loading does not exceed this 
limit no fatigue failure occurs, Elfgren & Gylltoft (1997). 
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The fatigue tests in this paper can be compared to a deformation criterion proposed by 
Daerga & Pöntinen (1993) based on an idea of Balázs (1991). The model has 
successfully been used to describe bond failure between rebars and the concrete. The 
growth in deformation during a fatigue test can according to the model be divided into 
three phases, see Figure 2. In the beginning of the first phase the deformation rate is 
high but stagnates after a while. The second phase is characterised by a constant 
deformation rate. These two phases can be described as stable. During the third phase, 
the failure phase, the deformation rate increases rapidly leading to failure within a short 
time. 

The strain criterion for fatigue failure is that the strain at peak load during a static test 
corresponds to the strain at the changeover between phases two and three during a 
fatigue failure, see Figure 2. 
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Figure 2 Strain criterion for fatigue failure according to Balázs (1991). 

When ε(σu) has been reached only a limited number of cycles are needed until failure 
occurs. Since there is a difference between the number of cycles at failure and at 
initiation of phase three one can consider the criterion as safe, Balázs (1991).  

EXPERIMENTAL PROGRAM 

Test specimens and Used Concrete 
The tensile fatigue tests have been performed on two types of specimens with different 
shapes. One type was casted in a special steel mould equipped with a half-circle notch 
with the radius 15 mm. The other type of specimen was drilled out from a small 
concrete beam. It was later cut into a suitable length and a notch was milled. For 
dimensions see Figure 3 and Figure 4.  

One reason why two different types of specimens were tested was an uncertainty of 
crack initiation when it was subjected to the cyclic load. According to Noghabai (1998) 
the two types of notches behave differently to one another. When an uniaxial tensile 
test is performed a sharp notch results in that the crack follows the intended path (if the 
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notch is deep enough that is). When the half-circle-like notch is used the crack is free 
to choose its path and might detour from the intended crack zone. Another reason is 
that it takes less time to cast a beam and drill out cores compared to using the special 
steel mould.  
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Figure 3 Dimensions of the two different types of specimens used in the tensile 
fatigue test, Andersson (2000). 

 
Figure 4 Photo showing the two types of shapes that were used in the tensile 
fatigue tests, Andersson (2000). 

The concrete used in the tests was a normal strength concrete (NSC). The mixture that 
was used was a K45, which means that the compression strength should be 45 MPa 
tested on 150 mm cubes after 28 days (according to the Swedish Concrete Code, 
BBK94 (1994)). After casting the specimens were stored in water for twenty-eight 
days. Before they were tested they were stored in the laboratory at room temperature. 
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The concrete mixtures used for the test specimens (K45): 

 Series A Series B and S  
Cem I 42.5 BV/SR/LA : 450 kg/m3 : 450 kg/m3 
Fine aggregate 0-8 mm : 825.1 kg/m3 : 837.1 kg/m3 
Coarse aggregate 8-16 mm : 893.8 kg/m3 : 906.9 kg/m3 
Superplasticiser  
Plasticiser  
Water-to-cement ratio, vct : 0.40 : 0.38 

Slump: 90 mm (series A), 80 mm (series B), 75 mm (series S). 
Air content: 2.5 % (series A), 2.8 % (series B), 3.1 % (series C). 

Series S, consists of 12 specimens. Series A and Series B have been casted on two 
different occasions. Each time 16 specimens were casted. 

Uniaxial tensile tests 
In order to decide the maximum load capacity of the concrete (so that the load levels 
in the fatigue test could be set) a number of uniaxial tensile tests were performed.  

Today there is no international standard on how this test should be performed. The 
influence that the shape, the dimension etc. have on a uniaxial tensile test has been 
studied by several researchers, e.g. Noghabai (1998), Daerga (1992), Hordijk (1991) 
etc. 

If the uniaxial tensile test is performed under displacement control instead of load 
control it is also possible to obtain the tension-softening branch of the material. At 
LTU several researchers have performed the uniaxial tensile test using a so-called 
closed-loop sevo-hydraulic test machine, Noghabai (1998). This has led to a “standard“ 
within the division.  

Before the test every test specimen were grinded and cleaned with acetone before they 
were attached to the two steel plates with an adhesive. The adhesive that was used is a 
two-component adhesive manufactured by Hottinger Baldwin Messtechnik (HBM) 
called Schnellklebstoff X-60. The adhesive was first put on the lower steel plate (see 
Figure 5) under a small compressive load. When it has hardened the test specimen and 
the lower steel plate are mounted in the test machine. Then adhesive is put on the 
upper side of the test specimen. Finally a compressive load is put on for the hardening 
process. Dartec manufactures the servo-hydraulic test machine that is used. The 
measuring device for collecting all the data has been a Spider8, manufactured by HBM. 

A steel ring with holders for the COD-gauges were mounted on the specimen at each 
side of the notch with a distance of 45 mm in between. When the steel ring is in place 
a total of four Crack Opening Displacement gauges (COD-gauges) can be mounted 
with 90 degrees between each of them. The feed-back signal to the machine is the 
mean value of all four COD-gauges. Figure 5 shows a photo of the test set-up.  
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Figure 5 Test set-up uniaxial tensile test and fatigue tensile test. 

One peculiarity with the uniaxial tensile test is that you get a very large scatter of the 
test results. You might get a variation of as much as 10% on tests performed on 
concrete from the same batch, Hedlund (2000).  

Fatigue Tests 
All fatigue tests have been performed under load control with a sinusoidal load cycle. 
The lower load level (A) was held constant and the higher level (B) was varied. Since a 
fatigue test can last a very long time depending on what load levels that are used, the 
decision was made to increase the higher level if the strain still were small after 2000 
load cycles. During the stop when the level was adjusted the load was kept at a mean 
value of the two earlier load levels by the machine. The load frequency has during all 
tests been 2.004 Hz.  

In order to get a “soft” start of the test the load was increased with a rate of 0.5 kN/s 
until it reached a level that was higher than level A, see Figure 6. This was done in 
order to make sure that the machine did not break the test immediately. 
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Figure 6 Graph showing how the fatigue tests were started. In order to get a 
“soft” start of the test the load was increased with a rate of 0.5 kN/s until it 
reached a level that was higher than level A. 

The load levels that have been used in the beginning of the tests correspond to 90% 
(level B) and 60 % (level A) of the average peak load obtained from the uniaxial tensile 
tests.  

Later on in the tests of series A the following was used for level A: 60%, 48% and 79%. 
For level B the tests started at 90. If no failure occurred during 2000 load cycles the 
level was increased to 94%, 98%, 102% and 108%. 

For series B level A was set to 58% and 66%. Level B was set to 87%, 99%, 103% and 
106%. For series S two different levels were used for level A: 54% and 80%. For level B 
the following was used: 90, 94, 96, 99, 102, 104, 107, 109 and 112%. 

The two last tests that were made with a specimen from series A and S differ from the 
others:  The higher level B was kept at the same value instead of increasing it. The tests 
lasted for 9 respectively 5 days. As failure did not occur during this time for none of 
them, uniaxial tensile test were performed.  

The data from the COD-gauges have been sampled during the fatigue tests with a 
frequency of 50 Hz, which in some cases has led to very large data files. This has in 
turn led to some problems when the data were going to be evaluated since only few 
computer programs can handle these large amounts of data. In this study MATLAB™ 
(The MathWorks Inc.) has been used. 

RESULTS 

Uniaxial tensile tests 
In Table 1 a summary is presented of the results from the uniaxial tensile tests.  Note 
that for series S and specimen S3 the fracture occurred in the adhesive layer. The 
“mean value” is therefore only based on two values.  
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Table 1 A summary of all uniaxial tensile tests. Explanations: m = mean value, s 
= standard deviation and V= coefficient of variation. 

Series A Series B Series S

[kN] [MPa] [kN] [MPa] [kN] [MPa]
A1 28.23 4.44 B1 22.44 3.53 S1 18.67 3.71
A2 24.88 3.91 B2 27.8 4.37 S2 19.69 3.92
A3 23.31 3.66 B3 25.9 4.07 S3 17.11a) 3.40 a)

A4 25.58 4.02 B4 25.28 3.97 m= 3.82
m= 4.01 m= 3.99 s= 0.14
s= 0.32 s= 0.35 V= 0.04
V= 0.08 V= 0.09

a) Specimen failed in adhesive layer.

Max. tensile 
force/stress

Max. tensile 
force/stress

Max. tensile 
force/stress

 

In Figure 7 the results are presented from the tests in series A. The curves show the 
applied stress and the strain for the COD-gauge from each test that was exposed to 
the highest strain. 
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Figure 7 Results of the uniaxial tensile tests for series A. (a) Curves showing the 
strains of the COD-gauges that were exposed to the highest strain during each 
test. (b) The same curves as in (a) but with normalized stress in order to get a 
mean curve for the whole test series. The curve that has (+) is the mean curve 
used in Figure 11 and Figure 12.  

In Figure 8 the results are presented from the tests in series B. The curves show the 
stress and the strain for the COD-gauge from each test that was exposed to the highest 
strain.   
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Figure 8 Results of the uniaxial tensile tests for series B. (a) Curves showing the 
strains of the COD-gauges that were exposed to the highest strain during each 
test. (b) The same curves as in (a) but with normalized stress in order to get a 
mean curve for the whole test series. The curve that has (+) is the mean curve 
used in Figure 10.  

Fatigue test 
In Figure 9 to Figure 13 some typical results from the fatigue tests are presented. 

In Figure 9 the tensile stress versus the strain is displayed for specimen B9. The 
specimen failed after 350 load cycles. In Figure 9 the plotted curve is the COD-gauge 
that was exposed to the highest strain. 
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Figure 9 Curve showing the tensile strength versus the strain development fro 
specimen B9. The specimen failed after 350 load cycles. The two load levels 
corresponds to 94% respectively 64% of the average peak load for the uniaxial 
tensile tests for the series. 

In Figure 10 the total strain versus the number of load cycles is displayed for specimen 
B9. In the figure this curve is compared to the average normalized stress-strain curve 
for series B. 
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Figure 10 Result from the cyclic tensile fatigue test of specimen B9. The strain 
development for the COD-gauge that has been exposed to the highest strain is 
shown in (a). This curve is compared with the normalized average peak load 
obtained in the uniaxial tensile tests (b). 

In Figure 11 the total strain versus the number of load cycles is displayed for specimen 
A7. In the figure this curve is compared to the average normalized stress-strain curve 
for series A. 
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Figure 11 Result from the cyclic tensile fatigue test of specimen A7. The strain 
development for the COD-gauge that has been exposed to the highest strain is 
shown in (a). This curve is compared with the normalized average peak load 
obtained in the uniaxial tensile tests (b). 

In Figure 12 the total strain versus the number of load cycles is displayed for specimen 
A5. In the figure this curve is compared to the average normalized stress-strain curve 
for series A. 
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Figure 12 Result from the cyclic tensile fatigue test of specimen A5. The strain 
development for the COD-gauge that has been exposed to the highest strain is 
shown in (a). This curve is compared with the normalized average peak load 
obtained in the uniaxial tensile tests (b). 

In Figure 13 (a) the total strain versus the number of load cycles is displayed for 
specimen S2. The figure also shows the tensile strength versus the strain for the test (b). 
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Figure 13 Results from cyclic fatigue tests of specimen S2. (a) The strain 
development is displayed versus the number of load cycles. (b) Tensile strength 
displayed versus the total strain. For the test the upper load level B corresponds 
to 90, 94, 96, 99 and 102% of the average peak load obtained in the uniaxial 
tensile tests (note that the “average” peak load for series S is based only on two 
tests). 

DISCUSSION 
Strain Criterion 
The conformity between the maximum total strain obtained in the uniaxial tensile test 
and the total strain when phase 3 begin (according to Figure 2) is reasonably good for 
specimen B9 and A5, see Figure 10 and Figure 12.  However, for specimen A7 (Figure 
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11) the start of phase 3 takes place for a higher strain than the normalized stress-strain 
curve indicates (this is on the safe side). The variation depends most likely on that too 
few uniaxial tensile tests have been performed. If more uniaxial tensile tests are done a 
more exact average of the peak load will be obtained for the comparison. 

Fatigue tests 
An interesting observation from the tests in Figure 13 is that it is the initial and the final 
load level that seems to give the largest contributions to the total strain development. 
The load cycles in between give rise to only about 20% to the total strain. If this 
phenomenon is compared with the three phases described in Figure 2 it indicates that 
the increase of Smax, i.e. σmax / fct, (strength levels 3.33, 3.42 and 3.51 MPa) belongs to 
phase 2, the stable part of the fatigue process with a nearly constant strain rate. The 
reason for that so many levels have been needed in order to obtain a fatigue failure for 
this specimen is that the value of the average peak load for series S is not accurate. The 
other tests show almost the same behaviour as specimen S6. A thing that needs further 
studies is the influence the increase in load during a test has on the final result.  

For the two tests where no increase of Smax was performed the tests were terminated 
after 9 respectively 5 days. They had run for 1.37 and 0.85 million load cycles and had 
reached the total strain of 0.36‰ respectively 0.24‰. Uniaxial tensile tests were then 
performed on the two specimens and the residual strength was for specimen A9 4.45 
MPa but for specimen S7 the failure occurred near the adhesive. This leads to the fact 
that for specimen A9 the higher level Smax was approximately 81% of the average peak-
load and not about 86%. It was probably even lower than 81% if you assume that the 
1.37 million load cycles had led to a reduction of the original tensile strength. 

One of the most interesting parts of the fatigue curve in e.g. Figure 6 is the strain rate 
(equal to the angle of the slope) for phase 2 since it indicates how close you are to 
failure. A high strain rate (i.e. steep slope) means that not so many cycles are left until 
fatigue failure occurs and a low one (i.e. flat curve) that fatigue failure will not occur in 
a near future (at the same conditions). It is not easy to perform an analysis of the factors 
that influences the strain rate during phase 2 (i.e. the slope) from the results obtained in 
this study. This is due to the reason that there are too few tests with enough load cycles 
(i.e. before the failure) in order to make it possible to calculate the strain rate (C = 
dε/dN). A hypothesis would be that C is decreasing with decreasing Smax and increasing 
R-values (decreasing amplitudes). 

If the results in appendix A are studied for series B the result is somewhat different to 
what you might expect, see Figure 19 to Figure 22. Specimen B2 has a higher strain 
rate than the others in series B (together with specimen B9) even though Smin and Smax 
are somewhat lower compared to specimens B8-B10. Note also that for specimen B2 
the fatigue test only lasted for about 130 load cycles (specimen B9 for about 350 load 
cycles). The main reason to these ambiguous results is most likely the variation of the 
tensile strength for each series. For specimen B2 and B9 Smax was most likely very close 
to the maximum load, which was not the case for the others. This is confirmed in some 
sense of the result in Figure 22 in appendix A, where it can be seen that specimen B2 
and B9 obtained failure for a lower number of load cycles than the other two 
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specimens. For series A no indications have been obtained of factors influencing the 
strain rate. 

Another conclusion from Figure 15 to Figure 28 is that you need to vary the factors 
more. In these test Smin, Smax and R have almost been the same. 

The main reason why the increase of load Smin was performed during the test was to get 
a quick result (besides of simulating e.g. an increase in axle load for an existing railway 
bridge).  

General 
Since these tests are pilot tests there were a few things concerning the testing procedure 
that were uncertain before the tests: 

� Will the adhesive between the specimen and the steel plates manage repeated 
loading? 

� Will the COD-gauges show any signs of fatigue? 

� Will it be possible to collect data from tests that last a longer time, e.g. 5 days, 
with kept accuracy? 

For these questions, there were only positive answers. The adhesive between the steel 
plates and the specimen showed no signs of “fatigue failure” nor did the COD-gauges. 
In only one test, the uniaxial tensile test for specimen S3, the adhesive failed and this 
was due to human errors in the mixing procedure. Regarding the collection of the data 
there will be improvements made before the next series of tests. New equipment that 
has been bought will make it possible to handle the data from the more time 
consuming tests better. For the tests that lasted 5 and 9 days, the data files became so 
large that the database section of the measuring program failed.  

When the analysis of the data begun, it was easy to see at what gauges the failure was 
going to happen, so a better set-up of the measuring program during the tests will 
make it easier to see the development of the strain for the different COD-gauges. 

CONCLUSIONS 
These tests indicate that the strain criterion proposed by Balázs (1991) may also be 
applied to plain concrete exposed to cyclic tensile fatigue load. Though, further studies 
are needed. 

If these further studies also show that the criterion can be used as a safe indicator of a 
coming fatigue failure, it may lead to a proposal for how the fatigue capacity can be 
calculated for tensile fatigue load. A challenge is to find a way to use the results in 
design and assessment of reinforced structures.  
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NOTATION AND ABBREVIATIONS 
LVDT Linear Voltage Differential Transducers 

COD  Crack Opening Displacement 

Level A Lower limit of the load during the cyclic uniaxial fatigue test 

Level B Upper limit of the load during the cyclic uniaxial fatigue test 

m   mean value. Calculated as, 
n
f

m i∑=  

s   standard deviation. Calculated as,
( )

1

2

−
−

= ∑
n

mf
s i  

V   coefficient of variation. Calculated as, V=s/m. 

N   number of load cycles until failure 

Smin  normalized lower stress level, Smin = σmin / fct  

Smax  normalized higher stress level, Smax = σmax / fct 

R   normalized stress amplitude, R = σmin / σmax 

fct   average value of the peak load during the uniaxial tensile test for each series 

ε(σu)  strain at peak load during a static test, Balázs (1991) 

dε   increase in strain during phase 2 in Figure 2 

dN  number of load cycles during phase 2 in Figure 2 (see also Figure 14). 

Nf   number of load cycles during failure phase, i.e. phase 3. 

C   strain rate, C = dε / dN 

σmax  maximum value of level B during the cyclic test 

σmin  minimum value of level A during the cyclic test 

εmax  strain at the changeover from phase 2 to phase 3 in Figure 2 (inflection point) 



- 15 - 

REFERENCES 
Albert, W A J, (1837): Über Treibseile am Harz (Strands in the Hartz mountains). Archiv 

für Mineralogie, Geognosie, Bergbau und Huttenkunde, Vol 10, Berlin 1937, pp 215-
234. 

Andersson J. (2000). Utmattning av betong: en studie av deformationerna vid utmattande 
dragbelastning (Concrete fatigue: a study of deformation under tensile cyclic load). Master’s thesis 
2000:293, Division of Structural Engineering, Luleå University of Technology, Luleå 
1998. In Swedish. 

Balázs, G. L. (1991). Fatigue of bond. ACI Material Journal (Detroit), Vol 88, No 6, 
pp 620-629. 

Daerga P-A. (1992): Some experimental fracture mechanics studies in mode I of concrete and 
wood. Licentiate Thesis 1992:12L, 1ed April 1992, 2ed June 1992, 81 pp. 

Daerga, P-A. & Pöntinen, D. (1993): A fatigue failure criterion for concrete based on 
deformation. Nordic Concrete Research (Oslo), No 2/1993, pp 6-20. 

Elfgren L. and Gylltoft K. (1997). Fatigue of Concrete Structures (In Swedish). Revised 
version. Division of Structural Engineering, Luleå University of Technology, Report 
90:10, Luleå 1994, 50 pp. 

Groth P. (2000): Fibre Reinforced Concrete - Fracture Mechanics Methods Applied 
on Self-Compacting Concrete and Energetically Modified Binders. Doctoral Thesis 
2000:04, January 2000, 214 pp (ISSN 1402-1544). 

Hedlund H. (2000): Hardening concrete. Measurements and evaluation of non-
elastic deformation and associated restraint stresses. Doctoral Thesis 2000:25, December 
2000, 394 pp (ISSN 1402-1544, ISBN 91-89580-00-1). 

Hordijk D.A. (1991). Loacal Approch to fatigue  of concrete. Dissertation. Delft 
University of Technology, Delft, The Netherlands. 

Noghabai K. (1998): Effect of Tension Softening on the Performance of Concrete Structures. 
Experimental, Analytical and Computational Studies. Doctoral thesis 1998:21, Div of 
Structural Engineering, Luleå University of Technology, Luleå, Sweden, 1998, 147 pp. 

Plizzari G.A., Cangiano S. and Cere N. (2000). Postpeak behavior of Fibre-reinforced 
Concrete under Cyclic tensile Loads. ACI Material Journal (Detroit), Vol 97, No 2 march-
April. pp 182-192. 

Wöhler, A. (1858 -70): Tests to determine forces and deformations of railway carriage axles. 
(In German). Zeitschrift fur Bauwesen (Berlin), Vol 8, 1858, pp 641-652; Vol 10, 
1860, pp 583-616, Vol 13, 1863, pp 233-258; Vol 16, 1866, pp 67-84; Vol 20, 1870, 
pp 73-106. 

 



- 16 - 

APPENDIX A 
Evaluated data from the fatigue tests and used in Figure 15 to Figure 28 are presented 
in Table 2 and Table 3.  

Table 2 Results from cyclic tensile fatigue tests for series A. The specimens that 
are presented in the table are for the ones there a deflection rate has been 
possible to calculate in the failure phase. 

Specimen Part εεεεmax 

  

 dεεεε 

  

 dN 

  

 

σσσσmin 

 

σσσσmax 

 

fct C=δεδεδεδε/δδδδN Smin ==== 

  

 σσσσmin / fct 

utm_a4 3 5.42E-04 7.36E-05 1415 3.14 4.09 4.01 5.20E-08 0.783 
utm_a5 2 3.21E-04 4.28E-05 590 1.57 3.93 4.01 7.25E-08 0.392 
utm_a6 1 4.71E-04 5.30E-05 23 1.57 3.77 4.01 2.30E-08 0.392 
utm_a7 1 4.27E-04 8.31E-05 1029 1.57 3.77 4.01 8.08E-08 0.392 

 

Specimen Smax =σσσσmax / fct R = σσσσmin / σσσσmax Nf N 

utm_a4 1.020 0.77 330 5693
utm_a5 0.980 0.40 1193 3193
utm_a6 0.940 0.42 96 96 
utm_a7 0.940 0.42 1879 1879

 

Table 3 Results from cyclic tensile fatigue tests for series B. The specimens that 
are presented in the table are for the ones there a deflection rate has been 
possible to calculate in the failure phase. 

Specimen Part εεεεmax 

  

 dεεεε 

  

 dN 

  

 

σσσσmin 

 

σσσσmax 

 

fct C=dεεεε/dN Smin ==== 

  

 σσσσmin / fct 

utm_b2 1 2.36E-04 4.37E-05 36 2.33 3.49 3.99 1.21E-06 0.584 
utm_b8 2 3.23E-04 1.94E-05 700 2.63 3.93 3.99 2.77143E-08 0.659 
utm_b9 1 3.78E-04 1.46E-04 267 2.63 3.93 3.99 5.47566E-07 0.659 
utm_b10 2 4.58E-04 9.94E-05 1120 2.63 4.09 3.99 8.875E-08 0.659 

 

Specimen Smax = 

  

 σσσσmax / fct R = σσσσmin / σσσσmax Nf N 

utm_b2 0.875 0.67 131 131
utm_b8 0.985 0.67 1930 3930
utm_b9 0.985 0.67 357 357
utm_b10 1.025 0.64 1700 4200
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Figure 14 Explanation of notations in Table 2 and Table 3. 
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Figure 15 Strain rate C versus the normalized lower stress level Smin for series A. 
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Figure 16 Strain rate C versus the normalized higher stress level Smax for series A. 
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Figure 17 Strain rate C versus the normalized stress amplitude R for series A. 
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Figure 18 Strain rate C versus the number of load cycles during phase 2, dN, for 
series A. 
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Figure 19 Strain rate C versus the normalized lower stress level Smin for series B. 
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Figure 20 Strain rate C versus the normalized higher stress level Smax for series B. 
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Figure 21 Strain rate C versus the normalized stress amplitude R for series B. 

1 10 100 1000 10000
Number of load cycles during phase 2, dN

0.001

0.01

0.1

1

10

100

C
 =

 d
ε 

/ d
N

 [×
 
10

−6
]

utm_b2
utm_b8
utm_b9
utm_b10

 
Figure 22 Strain rate C versus the number of load cycles during phase 2, dN, for 
series B. 
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Figure 23 Normalized lower stress level Smin versus total number of load cycles N 
for series A. 
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Figure 24 Normalized higher stress level Smax versus total number of load cycles 
N for series A. 
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Figure 25 Normalized stress amplitude R versus total number of load cycles N 
for series A. 
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Test series B: 
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Figure 26 Normalized lower stress level Smin versus total number of load cycles N 
for series B. 

1 10 100 1000 10000
Total number of load cycles [N]

0

0.2

0.4

0.6

0.8

1

S m
ax

 =
 σ

m
ax

 / 
f ct utm_b2

utm_b8
utm_b9
utm_b10

 
Figure 27 Normalized higher stress level Smax versus total number of load cycles 
N for series B. 
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Figure 28 Normalized stress amplitude R versus total number of load cycles N 
for series B. 
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SHEAR FATIGUE CAPACITY – A COMPARISON 
BETWEEN THE SWEDISH CODE AND EUROCODE 
by Håkan Thun, Lennart Elfgren and Ulf Ohlsson 

Abstract 
In this paper a comparison is made between the Swedish Codes and Eurocode 
regarding fatigue load for concrete. The comparison is also presented in Thun et al. 
(2000). 
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1 Introduction 
The codes that have been used and are referred to in this paper: 

Swedish Codes: BBK94 (1995) and BV BRO94 (1996). 

EC2-1 (1991): Eurocode 2: Design of Concrete Structures, Part 1: General rules and 
rules for buildings.  

EC2-2 (1995): Eurocode 2: Design of Concrete Structures, Part 2: Concrete Bridges. 

EC2-draft (1999): First Draft of Eurocode2: ”Design of concrete structures – Part 1: 
General rules and rules for buildings” (December 1999), [CEN/TC 250/sc 2 N314]. 
prEN 1992-1:2001 (1st draft). 

Since a comparison of this kind is not “easy” due to the differences in strength classes, 
partial safety factors, load combinations etc., this comparison is made in such a way that 
the load calculation is made according the Swedish Codes. However, the strength 
classes are taken from the EC2-draft (1999). 

The bridge that has been used in this example is the Lautajokki Bridge (which was 
exposed to fatigue tests at LTU in 1996). The calculation is made on 1 m of the slab. 

The load case that has been used for the calculation is shown in Figure 1.1, Figure 1.2 
and Figure 1.3. 

~7501500~750 1700 1700
 

Figure 1.1 Load case with two bogies from two iron ore wagons, Nilsson 
et al. (1999). 
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Figure 1.2 Cross-section of the Lautajokki Bridge, Nilsson et al. (1999). 
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Figure 1.3 Reinforcement in the longitudinal direction in the slab in the 
Lautajokki Bridge. 

2 Loads  
Load history 

To give an idea of how many load cycles the bridge already had been subjected to 
during its service life, the following estimation has been made: 

Variable load: According to Banverket (Swedish National Rail Administration) this 
particular railway line between Boden-Gällivare has been subjected to the following 
traffic: 

Year Gross loads [Mtons] 

1968   11.39 
1969   13.24 
1970   14.508 
1971   13.214 
1972   12.647 
1973   14.486 
1974   19.225 
1975   15.947 
1976   13.379 

  Sum: 128.036 

This corresponds to 128.036 / 9 = 14.2 Mtons/year. About 81 % of this load is iron 
ore trains with the axle load 22.5 tons while the rest is trains with lower axle loads. 
With a load cycle of four axles (two axles on one wagon + two axles on the next 
wagon, see Figure 1.1) we will have: 

⋅ =
⋅

0.81 14.2
0.13

4 22.5
 M cycles/year with the axle load 22.5 tons. 

During the 21 years (1968-1988) the bridge was in traffic it has been exposed to 
approximately, 21 · 0.13 = 2.7 M cycles. 

Loads 

The loads are calculated according to the Swedish Codes. In the Swedish Code the 
self-weight of reinforced concrete is 24 kN/m3. 
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Dead Loads: 

Slab: 0.320 m á 24 kN/m2 = 7.68 kN/m2 

Ballast: 0.600 m á 20 kN/m2 = 12.00 kN/m2  

Traffic loads: 

If the load from one bogie pair is spread over 1.70 + (1.5 / 2 + 0.75) = 3.20 m (in the 
longitudinal direction of the bridge, see Figure 1.1), we will have: 

P = 22.5 tons 
⋅

⇒ = =
⋅

22 22.5
q 45.36  kN/m

3.20 3.10
 

P = 25 tons  
⋅

⇒ = =
⋅

22 25
q 50.40 kN/m

3.20 3.10
 

P = 30 tons  
⋅

⇒ = =
⋅

22 30
q 60.48 kN/m

3.20 3.10
 

Load combination 

Fatigue load according to Load Combination C in section 22:23 
“Bärighetsbestämmelser”, Banverket (1995) [Design handbook for Railway Bridges]:  

The partial factors, which must be used, are: 

 Dead loads = 1.0 (ψγ) 

 Ballast = 1.2 (ψγ) 

 Traffic load: For iron ore load, 1.2 (a dynamic factor) 

Summation of loads: 

Dead Loads 

Slab: 7.68 · 1.0 = 7.68 kN/m2 

Ballast: 12 · 1.2  = 14.40 kN/m2 

Total  = 22.08 kN/m2 

Traffic loads 

P = 22.5 tons ⇒ q = 45.36 · 1.2 = 54.43 kN/m2 

P = 25 tons  ⇒ q = 50.40 · 1.2 = 60.48 kN/m2 

P = 30 tons  ⇒ q = 60.48 · 1.2 = 72.58 kN/m2 

The critical section for the bridge, regarding the load q above, is the connection 
between the slab and the longitudinal beams. 

The traffic load, Vdim, on one half of the bridge, i.e. B / 2 = 3.1 / 2 = 1.55 m, results 
in: 
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P = 22.5 tons ⇒ Vdim = 54.43 · 1.55 = 83.36 kN/m 

P = 25 tons  ⇒ Vdim = 60.48 · 1.55 = 93.74 kN/m 

P = 30 tons  ⇒ Vdim = 72.58 · 1.55 = 112.5 kN/m 

To get the maximum shear load, V2, the dead load must be added (which is equal to 
the minimum shear load, V1): 

V1 = 22.08 · 1.55 = 34.22 kN/m 

P = 22.5 tons ⇒ V2 = V1 + Vdim = 83.36 + 34.22 = 117.6 kN/m 

P = 25 tons  ⇒ V2 = V 1 + Vdim = 93.74 + 34.22 = 128.0 kN/m 

P = 30 tons  ⇒ V2 = V1 + Vdim = 112.5 + 34.22 = 146.7 kN/m 

3 Codes for concrete fatigue 
Fatigue in concrete was observed rather late in comparison to the early studies of 
fatigue in iron and steel cables and railway carriage axles, Albert (1837) and Wöhler 
(1858-70).  

Concrete codes long treated fatigue of concrete in a simplified way. UIC 774-1 (1984), 
for example, states in chapter 8.1 that fatigue in compression is OK as long as the 
maximum stress is smaller than 0.5 fcc ≤ 18 MPa. For slabs without shear reinforcement 
no concern is required as long as the shear stresses comply with the common static 
rules. In section 6.4.2 the shear stress is given as τRd1 = τRdo (1 + 50 Asl/bwd)(1 + 
Mo/MSdu) with τRdo = 0.30 MPa for fck = 25 MPa and τRdo = 0.50 MPa for fck = 50 
MPa. 

The Swedish Code BBK 94 (1994) is based on a Wöhler curve proposed by Aas-
Jakobsen (1970), see Figure 3.1: 

c ,max c ,min
c ,max

c c ,max

1
S 1 1 log N

f C

σ σ
σ

 
= = − −  

 
 

which with R = S c,min / S c,max, can also be written as 

c ,max1 S
log N C

1 R

−
=

−
 

In the Eurocodes EC2-1 (1991), EC2-2 (1995) and EC2-draft (1999) the term 1-R in 
the denominator is increased to 1 R− . This gives somewhat smaller N-values for R 
> 0. A thing worth pointing out regarding today’s Eurocode and the new draft is that 
the fatigue expressions are almost the same. But if a closer comparison is made you can 
find some significant differences. In the newest draft of Eurocode, EC2-draft (1999), 
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the equations to calculate the design shear resistance and the design fatigue strength are 
changed. These changes give that the new draft is much more conservative than the 
EC2- 1 (1991)(see later sections). 

In the MC90 (1993), also presented in a Fib textbook (1999), a more refined method is 
proposed based on work by Stemland et al (1990) and others: 

( )
( )

( )

2
1 c ,min c ,min c ,min 1

2 1 1 1 c c ,min

2 c ,min
3 1 c c ,min

c

c c ,max c ,min

log N 12 16S 8S 1 S       for N 6

log N 0.2 log N log N 1        for N 6  and S 0.3 3S /8

log N 0.3 3S /8
log N     for N 6  and  S 0.3 3S /8

s

with   s S S

∆

∆
∆

∆

 = + + − ≤ 
 

= ⋅ − > ≥ −

⋅ −
= > < −

= −

 

The equations are illustrated in Figure 3.1 for the two cases R = S c,min/S c,max = 0 and 
= 0.5. 

Some observations can be made: 

- EC2 is the most conservative code (the new draft, EC2-draft (1999), is even more 
conservative). 

- Aas-Jacobsen (and the Swedish code) is somewhat less conservative for Sc,min > 0. 

- MC90 gives lower N-values for N < 6 and low Sc,min -values. But it gives higher 
N-values for N > 6 in comparison to EC2 and Aas-Jakobsen. 

- UIC gives always the same S c,max = 0.5. For R=0 and N < 6 this is conservative 
but for N > 6 it can be un-conservative. For higher R-values the change from 
conservative to un-conservative will take place for higher N-values, see Figure 
3.1. 

 

 

 

 

 

 

 

 

 

 



- 7 - 

            

1,0

0,5

5 6 10 15 20

UIC

MC 90

EC2, Aas-Jakobsen

 

 

            

1,0

0,5

5 6 10 15 20

UIC MC 90

EC2

Aas-Jakobsen

 

Figure 3.1 Comparison between concrete fatigue capacities for different 
codes. (The Swedish code BBK94 is based on the Wöhler curves proposed 
by Aas-Jacobsen). (a) R=Sc,min/Sc,max =0. (b) R=0.5. 

4 Fatigue capacity of concrete according to the Swedish 
Code BBK94 (1994,1996) 

4.1 Partial safety factors for strength 

Since fv – the formal shear strength - (τRd in E2-1 (1991)) is depending on fctd there is a 
need to establish the strength values for concrete according to BBK94. 

BBK94, section 2.3.1: 

k
d

m n

f
f

ηγ γ
=

⋅
 (a) 

σ
= =

= =

c ,min
c ,min

c

c ,min

c ,max

S 0
f

S
R 0

S

log N

σ
= c ,max

c ,max

c

S
f

c
S

0 time

c ,maxS

logN

= =c ,min

c ,max

S
R 0.5

S

c ,maxS

c
S

0 time

c ,maxS

= ⋅c ,min c ,maxS 0.5 S

a) 

b) 
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where ηγm is 1.5 for concrete (could be compared with γc in Eurocode) 
γn is depending on safety class (1, 2 or 3) defined with regard to the 

consequences of a failure: 1- low risk with regard to the safety of people, 
2 – Moderate risk, 3 – High risk. 

fk  is the characteristic value of the strength.  

Compression: This characteristic value is based on the 5%-fractile of the cylinder 
strength (cylinders:φ150 and height 300mm) and reduced to 85% to consider long-term 
effects. 

In our example the safety class defined with regard to the consequences of a failure 
with regard to the safety of people must be 3, i.e. high risk. 

Which gives: k
d

f
f

1.5 1.2
=

⋅
 

Since the strength classes in EC2-draft (1999) are used for the strength in this example 
the characteristic value, fk, for compression must be multiplied with the factor 0.85.  

Note: It is not possible to directly “translate” the Swedish strength classes into the 
strength classes used in EC2-draft (1999). The Swedish strength classes are based on the 
cube strength (but the characteristic values are based on the cylinder strength), for 
example: The Swedish strength class K40, corresponds to (the nearest one) strength 
class C30/37 in EC2-draft (1999). 

4.2 Shear force capacity for concrete, Vc 
According to BBK94, section 3.7.3.2: “Shear force capacity for concrete, Vc,” the shear 
force capacity is calculated in the following way: 

For a structure with constant section, which is not influenced by tension, the shear 
force capacity, Vc, can be defined as 

c w vV b d f= ⋅ ⋅  (3.7.3.2a) 

where bw is the smallest width of the beam width within the effective depth in the 
actual section  

d is the effective depth in the actual section 
fv is the formal shear strength, defined by equation 3.7.3.2b 

( )v ctdf 1 50 0.3 fξ ρ= + ⋅ ⋅ ⋅  (3.7.3.2b) 

where ξ = 1.4               for              d ≤ 0.2 m 
ξ = 1.6 – d         for 0.2 m < d ≤ 0.5 m 
ξ = 1.3 – 0.4      for 0.5 m < d ≤ 1.0 m 
ξ = 0.9              for 1.0m  < d 
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s0

w

A

b d
ρ =

⋅ , not higher than ρ=0.02 (reinforcement content) 

As0 is the smallest amount of reinforcement due to bending in the tension zone, in 
actual beam section, between the zero-point of the bending moment and its maximum 
point. As an alternative the amount of reinforcement that has a length of (d+lb) and that 
passes the actual section can be used. lb is the length that is required to anchor the 
design tension force. 

4.3 Shear force capacity for the Lautajokki Bridge 
From the example we will get the following input data: 

Width: bw = 1.0 m  

Effective depth: d = 0.295 m 

Factor, effective depth: ξ = 1.6 – d = 1.6 - 0.295 = 1.305 m 

Reinforcement content: s0A 201
0.0068

b d 100 295
ρ = = =

⋅ ⋅
 (φ16 s100) 

Formal shear strength: ( )v ctdf 1.305 1 50 0.0068 0.3 f= + ⋅ ⋅ ⋅   

The shear force capacity, Vc, for different strength classes can now be calculated and the 
result is displayed in Table 4.1. 

Table 4.1 The shear force capacity, Vc according to Swedish Code BBK94 
for different strength classes. 

 A) Strength Class 
 C30 C40 C50 C60 C80  

fck 30 40 50 60 80  
fctk:0.05 2.0 2.5 2.9 3.1 3.4  

Swedish Code BBK94       
fcd = fck· 0.85 / 1.5 / 1.2 = 14.17 18.89 23.61 28.33 37.78 MPa 

fctd = fctk;0.05 /1.5/1.2 = 1.11 1.39 1.61 1.72 1.89 MPa 

v

ctd

f 1.305(1 50 0.0068 )

                         0.3 f

= + ⋅

⋅ ⋅ =
 

0.58 
 

0.73 
 

0.85 
 

0.90 
 

0.99 
 

MPa 

c v
V 1.0 0.295 f= ⋅ ⋅ = 172.0 214.9 249.3 266.5 292.3 kN 

A) Strength classes according to EC2-draft (1999). 

Note: The calculation in this section is not made strictly according to the Swedish code 
BBK94, since the strength classes are taken from the Eurocode. As mentioned earlier in 
this chapter it is difficult to compare the codes since there are several factors that are 
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different besides the strength classes (e.g. load factors and curing conditions for the test 
specimens).  

In this chapter we have chosen to use the “real” loads that the Lautajokki Bridge has 
been and will be exposed to and the strength values from EC2-draft. To exemplify the 
complexity of the comparison the following factors can be taken in to account: 

Let Ccube refer to the last number in the strength class, e.g. C30/37 (fck/fck,cube) in EC2-
draft.  

BBK94:  

The expression to calculate the characteristic strength value: 
= ⋅ + ≈ ⋅ck cube cubef 0,7 C 0,5 0,7 C  (Table a in section 2.4.1 in BBK94). 

The design strength is determined with:  

ηγ γ
⋅= = ≈

⋅ ⋅
ck cube cube

cd
m n

f C 0.7 C
f

1.5 1.2 2.57
     (ηγm and γn see section 4.1, safety class 3 is used). 

EC2-draft: 

The characteristic value is determined with: ck cubef 0.8 C≈ ⋅  

The design strength is determined with fcd:  

γ
⋅= ⋅ = ⋅ ≈ck cube cube

cd
c

f 0.8 C C
f 0.85 0.85

1.5 2.21
  (0.85: long term effect. Expression 3.11 in 

EC2-draft). 

The load factors in EC2-draft are approximately 20% higher than in BBK94. This gives 
a design strength value of: 

≈ ≈
⋅

cube cube
cd

C C
f

2.21 1.2 2.65
 

On the other hand the strength classes in the Swedish code are based on tests with wet 
test specimens and in Eurocode on dry test specimens. This results in ca. 10% lower 
values in BBK94: 

cube cube
cd

C C
f

2.57 1.1 2.82
≈ ≈

⋅
 

So, if the strength classes in EC2-draft are used in a calculation with BBK94 the 
compressive design strength will be approximately 6% lower than with EC2-draft (the 
factor 2.65 compared to 2.82). 

4.4 Fatigue capacity of the Lautajokki Bridge 
The following method can be used to consider the decrease in strength due to fatigue 
load (section 2.4.3 in BBK94): 
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No risk of fatigue failure is assumed to occur, at n load cycles between the limits s1 and 
s2, if s1 and s2 is a point that is within the curves for actual n in the graph in Figure 
4.1. Between the curves linear interpolation is accepted for log n. For n £ 5◊102 it is 
assumed that fatigue has no influence on the strength. 

Example: In Figure 4.1 the critical number of load cycles where fatigue failure can be 
assumed is shown for one of the strength classes in, C40 at P=22.5 tons.  

Strength class C40, P=22.5 tons:  

στ

στ

= = =

= = =

1 1

c v cd

2 2

c v cd

V
0.16

V f f

V
0.55

V f f

⇒ n = >1000 kc 

1

0

ccf
2σ

ctf
2σ

1

ctf
1σ1 0

ccf
1σ 1

n≤5⋅102

n≥106

103

105

104

105

n≥106

103

104

n≤5⋅102

tension-tension

compression-compression

 
 

Figure 4.1 Graph for fatigue strength in concrete.  

The number of cycles without risk for any fatigue failure is shown in Table 4.2 for the 
chosen strength classes. 

1 1 0.16
σ

= =
c cd

V

V f

2 2 0.55
σ

= =
c cd

V

V f
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Table 4.2 Fatigue strength. Number of cycles without risk for any fatigue 
failure according to BBK94 at different strength classes. 

BBK94 (1994) A) Strength Class 
 C30 C40 C50 C60 C80 

V1/Vc 0.20 0.16 0.14 0.13 0.12 

V2/Vc for P=22.5 tons 0.68 0.55 0.47 0.44 0.40 
V2/Vc for P=25 tons 0.74 0.60 0.51 0.48 0.44 
V2/Vc for P=30 tons 0.85 0.68 0.59 0.55 0.50 

n [kc] for P=22.5 tons 900 1000 B) 1000 B) 1000 B) 1000 B) 
n [kc] for P=25 tons 100 1000 B) 1000 B) 1000 B) 1000 B) 
n [kc] for P=30 tons 2 800 1000 B) 1000 B) 1000 B) 

A) Strength classes according to EC2-draft (1999). 
B) The actual value is higher than 1000 kilocycles but the Swedish code does not give a more precise 
value. 

Table 4.2 shows that for strength class C30 the concrete only manages 900kc at P=22.5 
tons, 100kc at P=25 tons and 2kc at P=30 tons. 

The fatigue tested bridge has without any visible damage managed 6000kc at P=36 
tons.  

5 Fatigue capacity of concrete according to EC2-1 (1991) 
and EC2-2 (1995) 

5.1 The design value for the shear capacity 
The design value for the shear capacity, VRd1, according to EC2-1 (1991), section 
4.3.2.3: “Elements not requiring design shear reinforcement”: 

(1)  The design shear resistance, VRd1, is given by: 

( )Rd1 Rd 1 cp wV k 1.2 40 0.15 b dτ ρ σ = ⋅ + ⋅ + ⋅ ⋅   (4.18) 

where τRd = basic design shear strength = 
( )ctk0.05

c

0.25 f

γ
⋅

. γc should be taken as 

1.5.  
k = 1 for members where more than 50% of the bottom reinforcement is 

curtailed. 
Otherwise, 
k = 1.6-d < 1 (d in metres) 

ρ1 = sl

w

A
0.02

b d
≤

⋅
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Asl = the area of tension reinforcement extending not less than d+ lb,net 
beyond the section considered (see Figure 4.12 in EC2-1 (1991)). lb,net 
is defined in 5.2.2.3 and Figure 5.2 in EC2-1 (1991). 

bw = minimum width of the section over the effective depth. 
σcp = NSd/Ac 
NSd  = longitudinal force in section due to loading or prestressing (compression 

positive). 

5.2 Strength values at fatigue load, section 4.3.7.4 in EC2-2 (1995) 
Fatigue verification according to EC2-2 (1995), section 4.3.7.4: “Fatigue verification 
for concrete under compression, shear and punching shear”: 

(103) In members without shear reinforcement, adequate fatigue resistance of concrete under 
shear may be assumed if either Equation (4.189) or (4.190), illustrated graphically in Figure 
4.135 in EC2-2 (1995), is satisfied. Otherwise a more refined fatigue verification may be 
necessary (see Appendix 106 for railway bridges). 

for min max min

max Rd1 Rd1

0 : 0.5 0.45 0.9
τ τ τ
τ τ τ

≥ ≤ + ⋅ ≤  (4.189) 

for min max min

max Rd1 Rd1

0 : 0.5
τ τ τ
τ τ τ

< ≤ −  (4.190) 

where τmax is the maximum nominal shear stress under frequent combination of 
actions. 

τmin is the minimum nominal shear stress under frequent combination of actions 
at the section where τmax occurs. 

τRd1 design shear resistance according to equation (4.18) in EC2-1 (1991). 
From the example we will get the following input data: 

Width: bw = 1000 mm  

Effective depth: d = 295 mm 

Factor, effective depth: k =1.6 d 1.6 0.295 1.305− = − = m 

Reinforcement content: s0A 201 10
0.0068

b d 1000 295
ρ ⋅= = =

⋅ ⋅
 (φ16 s100)  ; ≤ 0.02 

Basic design shear strength: 

τRd = 
( ) ( )ctk0.05 ctk0.05

ctk0.05
c

0.25 f 0.25 f
0.16667 f

1.5γ
⋅ ⋅

= = ⋅ MPa 

The design shear resistance: ( )Rd1 Rd 1V k 1.2 40 1000 295τ ρ=  ⋅ + ⋅ � ⋅ � N 
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The shear force capacity, VRd1, for different strength classes can now be calculated and 
the result is displayed in Table 5.1. 

Table 5.1 The shear force capacity, VRd1, according to EC2-1 (1991) for 
different strength classes. 

 A) Strength Class 
 C30 C40 C50 C60 C80  

fck 30 40 50 60 80 MPa 
fctk;0.05 2.0 2.5 2.9 3.1 3.4 MPa 

EC2-1 (1991)       

; ..τ = ⋅ =Rd ctk 0 050 16667 f 0.33 0.42 0.48 0.52 0.57 MPa 

( )[ ]. . .τ= ⋅ ⋅ + ⋅

⋅ ⋅ =
Rd1 RdV 1 305 1 2 40 0 0068

                                         1000 295
 

189.0
 

236.2
 

274.0
 

292.9
 

321.2 
 

kN 
A) Strength classes according to EC2-draft (1999). 

The minimum nominal shear force under frequent combination of actions at the 
section where Vmax occurs, Vmin, is the same as V1 in section 2 (load on 1m of the slab): 

Vmin = V1 = 22.08 · 1.55 = 34.22 kN 

The maximum nominal shear force under frequent combination of actions, Vmax is the 
same as V2 in section 2 (load on 1m of the slab): 

P = 22.5 tons ⇒ Vmax = V2 = 117.6 kN 

P = 25 tons  ⇒ Vmax = V2 = 128.0 kN 

P = 30 tons  ⇒ Vmax = V2 = 146.7 kN 

The result of the equation (4.189) is displayed in Table 5.2 for the chosen strength 
classes:  

min max min

max Rd1 Rd1

V V V
0 : 0.5 0.45

V V V
≥ ≤ + ⋅   

Example: Strength class C40 at P = 22.5 tons 

( )117.6 34.22
0.5 0.45 0.489 0.565  OK !    ; 0,9

236.2 236.2
≤ + ⋅ ⇒ ≤ ⇒ <   

Table 5.2 shows that for almost all strength classes the concrete fulfils the condition. 
For the other strength classes a fatigue verification must be made. 
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Table 5.2 Fatigue strength. Fatigue verification according to section 
4.3.7.4: “ Fatigue verification for concrete under compression, shear and 
punching shear ” in EC2-2 (1995). 

EC2-1 (1991) / 
EC2-2 (1995) 

A) Strength Class 

Load C30 C40 C50 C60 C80 

P=22.5 tons 
0.622 ≥ 0.581 

⇒ NOT OK 

0.498 ≤ 0.565

⇒ OK 

0.429 ≤ 0.556 

⇒ OK 

0.402 ≤ 0.553 

⇒ OK 

0.366 ≤ 0.548 

⇒ OK 

P=25 tons 
0.677 ≥ 0.581 

⇒ NOT OK 

0.542 ≤ 0.565

⇒ OK 

0.467 ≤ 0.556 

⇒ OK 

0.437 ≤ 0.553 

⇒ OK 

0.398 ≤ 0.548 

⇒ OK 

P=30 tons 
0.776 ≥ 0.581 

⇒ NOT OK 

0.621 ≥ 0.565

⇒ NOT OK

0.535 ≤ 0.556 

⇒ OK 

0.501 ≤ 0.553 

⇒ OK 

0.457 ≤ 0.548 

⇒ OK 

A) Strength classes according to EC2-draft (1999). 

5.3 Strength values at fatigue load, Appendix 106: Damage equivalent 
stresses for fatigue verification in EC2-2 (1995) 

In EC2-2 (1995), Appendix 106: “Damage equivalent stresses for fatigue verification”, 
the following is stated: 

(101) For concrete subjected to compression adequate fatigue resistance may be assumed if the 
following expression is satisfied: 

cd,max,equ

e qu

1 S
14 6

1 R

−
⋅ ≥

−
 (A106.11) 

where cd,min,equ
e qu

cd ,max,equ

S
R

S
=  

cd equ
cd equ

cd fat

S
f

σ
= ,min,

,min.
,

 

cd ,max,equ
cd ,max.equ

cd , fat

S
f

σ
=  

where fcd,fat    = [Assume:] fcd/γc,fat 
σcd,max,equ upper stresses of the damage equivalent stress range with a number of 

cycles N=106 
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σcd,min,equ lower stresses of the damage equivalent stress range with a number of 
cycles N=106 

If this method is applied also for tension you will get the following: 

Table 5.1, C30 at P = 22.5 tons ⇒ fck = 30 MPa 

fctk;0.05 = 2.0 MPa 

Partial safety factor for concrete for fatigue verification: γc,fat = 1.5 (table 4.115 in EC2-
2 (1995). 

Basic design shear strength (fatigue): ctk;0.05
Rd fat

c , fat

0.25 f 0.25 2.0
0.3333

1.5
τ

γ−

⋅ ⋅= = = MPa 

The fatigue design shear resistance:  

( )Rd1 fatV 0 3333 1 305 1 2 40 0 0068 1000 295 188 9− =  ⋅ ⋅ + ⋅ � ⋅ = �. . . . . kN 

NOTE: The values for the fatigue design shear resistance will be the same as in the 
“normal” case, i.e. VRd1-fat = VRd1. 

If the following is stated: 

cd,min,equ min
cd,min.equ

cd, fat Rd1 fat

V 34.22
S 0.181

f V 188.9

σ

−

= = = =  (6.45) 

cd,max,equ max
cd,max.equ

cd, fat Rd1 fat

V 117.6
S 0.623

f V 188.9

σ

−

= = = =  (6.46) 

= = =cd ,min.equ
e qu

cd,max.equ

S 0.181
R 0.291

S 0.623
 (6.44) 

Finally: 

1 0.623
14 6.26 6

1 0.291

−⋅ = ≥
−

⇒ OK! (6.43) 

The value 6.26 corresponds to ~ 1.9 M cycles. 

The number of cycles without risk for any fatigue failure is shown in Table 5.3 for the 
chosen strength classes. 
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Table 5.3 Number of cycles to failure for the Lautajokki Bridge according 
to EC2-1 (1991)/EC2-2 (1995) at different axle loads and strength classes.  

EC2-1 (1991) / EC2-2 
(1995) 

A) Strength Class 

 C30 C40 C50 C60 C80 
[log n], P=22.5 tons 6.28 8.35 9.49 9.95 10.54 
 [log n], P=25 tons 5.28 7.49 8.72 9.21 9.84 
 [log n], P=30 tons 3.58 6.06 7.43 7.98 8.69 

n [kc], P=22.5 tons 1901 223161 3093111 8928719 34659493 
n [kc], P=25 tons 189 31093 519034 1614926 6899980 
n [kc], P=30 tons 3.8 1144 26799 95588 486398 

A) Strength classes according to EC2-draft (1999). 

6 Fatigue capacity of concrete according to EC2-draft 
(1999) 

6.1 The design value for the shear capacity 
The design value for the shear capacity, VRd,ct, according to EC2-draft (1999), section 
6.2.3: “Members not requiring design shear reinforcement”: 

(1) The design value for the shear capacity, VRd,ct, follows from: 

( )1/3

Rd,ct 1 ck cd wV 0.12 k 100 f 0.15 b dρ σ = ⋅ ⋅ ⋅ − ⋅ ⋅
 

 (6.3) 

where fck  in MPa 

k =
200

1 2.0
d

+ ≤ with d in [mm] 

ρ1 = sl

w

A
0.02

b d
≤

⋅
 

Asl Cross-sectional area of the tensile reinforcement, which continues at least 
over an additional distance d beyond the section considered and is there 
effectively anchored (figure 6.2 in EC2-draft (1999) 

bw smallest width of the cross-section in the tensile area 
σcd  =Ne/Ac in MPa 
NE  axial force in the cross-section due to loading or prestressing (NE<0 for 

compression) 
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6.2 Strength values at fatigue load, section 6.8.6: Simplified verification 
In this calculation the simplified verification is used, according to EC2-draft (1999), 
section 6.8.6: “Simplified verification”: 

(6)  In members without shear reinforcement, a fatigue verification for concrete under shear 
need not be performed if the following conditions are met: 

for min max min

max Rd1 Rd1

V V V
0 : 0.5 0.45

V V V
≥ ≤ + ⋅  for 

2
ck

2
ck

0.9     f 50 N/mm

0.8     f 55 N/mm

≤ ≤

≤ ≥
 (6.49) 

where Vmax maximum nominal shear force under frequent combination of actions 
Vmin minimum nominal shear force under frequent combination of actions at 

the section where Vmax occurs 
VRd1 design shear resistance according to section 6.2 in prEN 1992-1:2001 

(1st draft) 
From the example we will get the following input data: 

Width: bw = 1000 mm  

Effective depth: d = 295 mm 

Factor, effective depth: k=
200

1 1.823 2.0
295

+ = ≤  

Reinforcement content: slA 201 10
0.0068

b d 1000 295
ρ ⋅= = =

⋅ ⋅
 (φ16 s100)  ; ≤ 0.02 

The shear capacity: ( )1/3

Rd,ct ckV 0.12 1.823 100 0.0068 f 1000 295 = ⋅ ⋅ ⋅ ⋅ ⋅ ⋅
 

N 

The shear force capacity, VRd,ct (= VRd1), for different strength classes can now be 
calculated and the result is displayed in Table 6.1. 

Table 6.1 The shear force capacity, VRd,ct according to EC2-draft (1999) 
for different strength classes. 

EC2-draft (1999) A) Strength Class 
 C30 C40 C50 C60 C80  

fck 30 40 50 60 80 MPa 
B) fcd = fck / 1.5 = 20 26.7 33.3 40.0 53.3 MPa 

( ) /

,
. . .= ⋅ ⋅ ⋅ ⋅

⋅ ⋅

  

=

1 3

Rd ct ck
V 0 12 1 823 100 0 0068 f

1000 295                                       
 

176.5
 

194.2
 

209.2
 

222.4
 

244.7 
 

kN 
A) Strength classes according to EC2-draft (1999). 
B) fcd according to equation 3.11; γc=1.5 (concrete). 

The minimum nominal shear force under frequent combination of actions at the 
section where Vmax occurs, Vmin, is the same as V1 in section 2 (load on 1m of the slab): 
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Vmin = V1 = 22.08 · 1.55 = 34.22 kN 

The maximum nominal shear force under frequent combination of actions, Vmax is the 
same as V2 in section 2 (load on 1m of the slab): 

P = 22.5 tons ⇒ Vmax = V2 = 117.6 kN 

P = 25 tons  ⇒ Vmax = V2 = 128.0 kN 

P = 30 tons  ⇒ Vmax = V2 = 146.7 kN 

The result of the equation (6.49) is displayed in Table 6.2 for the chosen strength 
classes:  

min max min

max Rd1 Rd1

V V V
0 : 0.5 0.45

V V V
≥ ≤ + ⋅   

Example: Strength class C40 at P = 22.5 tons: 

( )117.6 34.22
0.5 0.45 0.605 0.579 NOT OK !    ; 0,9

194.2 194.2
≤ + ⋅ ⇒ ≥ ⇒ <   

Table 6.2 shows that for almost all strength classes the concrete does not fulfil the 
condition. For these fatigue verification must be made. 

Table 6.2 Fatigue strength. Fatigue verification according to section 6.8.6: 
“Simplified verification” in EC2-draft (1999). 

EC2-draft 
(1999) 

A) Strength Class 

 C30 C40 C50 C60 C80 

P=22.5 tons 
0.666 ≥ 0.587 

⇒ NOT OK 

0.605 ≥ 0.579 

⇒ NOT OK 

0.562 ≤ 0.574 

⇒ OK 

0.529 ≤ 0.569 

⇒ OK 

0.481 ≤ 0.563 

⇒ OK 

P=25 tons 
0.725 ≥ 0.587 

⇒ NOT OK 

0.659 ≥ 0.579 

⇒ NOT OK 

0.612 ≥ 0.574 

⇒ NOT OK 

0.576 ≥ 0.569 

⇒ NOT OK 

0.523 ≤ 0.563 

⇒ OK 

P=30 tons 
0.831 ≥ 0.587 

⇒ NOT OK 

0.755 ≥ 0.579 

⇒ NOT OK 

0.701 ≥ 0.574 

⇒ NOT OK 

0.660 ≥ 0.569 

⇒ NOT OK 

0.599 ≥ 0.563 

⇒ NOT OK 

A) Strength classes according to EC2-draft (1999). 
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6.3 Strength values at fatigue load, section 6.8.5: Verification using 
damage equivalent stress 

In EC2-draft (1999), section 6.8.5: “Verification using damage equivalent stress”, the 
following is stated:  

(1)Instead of an explicit verification of the operational strength according to 6.8.4 the fatigue 
verification of standard cases with known loads (railway and road bridges) may also be 
performed as follows: 

by damage equivalent stress ranges for steel according to (2) 

damage equivalent compression stresses for concrete according to (3) 

(3) A satisfying fatigue resistance may be assumed for concrete under compression, if the 
following condition is fulfilled: 

cd,max.equ

e qu

1 S
14 6

1 R

−
⋅ ≥

−
 (6.43) 

where cd,min.equ
e qu

cd,max.equ

S
R

S
=  (6.44) 

cd,min,equ
cd,min.equ

cd, fat

S
f

σ
=  (6.45) 

cd,max,equ
cd,max.equ

cd, fat

S
f

σ
=  (6.46) 

where fcd,fat   is the design fatigue strength of concrete according to expression (6.48) 
σcd,max,equ upper stress of the ultimate amplitude for N=106 cycles 
σcd,min,equ lower stress of the ultimate amplitude for N=106 cycles 

Expression (6.48): 

ck
cd , fat cc 0 cd

f
f 0.85 ( t ) f 1

250
β  = ⋅ ⋅ − 

 
 (6.48) 

where βcc coefficient for concrete strength at first load application, 
1

0

t
0.2 1 28

t
cc 0( t ) 10β

 
− ⋅  

 =  

t1 reference time; t1=1 day 

t0 time of first loading of concrete (in days) 
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If this method is applied also for tension you will get the following: 

Table 6.1, C30 at P = 22.5 tons ⇒ fck = 30 MPa, fcd = 20 MPa 

Expression (6.48) gives: ck
cd , fat cc 0 cd

f
f 0.85 ( t ) f 1

250
β  = ⋅ ⋅ − 

 
 

Assume: t0 = 40 days ⇒
1

0

t 1
0.2 1 28 0.2 1 28

t 40
cc 0( t ) 10 10 1.078β

   
− ⋅ − ⋅      

   = = =  

(if t0 is assumed to 150 days ⇒ βcc(t0) = 1.299 ⇒ VRd,ct-fat = 174.6 kN, which is 6% 
higher than VRd,ct-fat for 40 days in the example below) 

ck
cd , fat cc 0 cd

f 30
f 0.85 ( t ) f 1 0.85 1.078 20 1 16.13   MPa

250 250
β    = ⋅ ⋅ − = ⋅ ⋅ − =  

  
 

To be able to use the design value for the shear capacity, VRd,ct, (according to section 
6.2.3 in EC2-draft (1999): Members not requiring design shear reinforcement), the 
design value must be made to a characteristic value, fck,fat according to: 

ck, fat cd , fat cf f 16.13 1.5 24.19    MPaγ= ⋅ = ⋅ =  

The design fatigue value for the shear capacity, VRd,ct-fat: 

( )1/3

Rd,ct fat ck, fatV 0.12 1.823 100 0.0068 f 1000 295−
 = ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ =  

( )1/3
0.12 1.823 100 0.0068 24.13 1000 295 164.3  kN = ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ =
 

 

If the following is stated: 

cd ,min,equ min
cd,min.equ

cd, fat Rd1,ct fat

V 34.22
S 0.2085

f V 164.1

σ

−

= = = =  (6.45) 

cd,max,equ max
cd,max.equ

cd, fat Rd1,ct fat

V 117.6
S 0.7166

f V 164.1

σ

−

= = = =  (6.46) 

= = =cd ,min.equ
e qu

cd,max.equ

S 0.2085
R 0.2910

S 0.7166
 (6.44) 

Finally: 
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1 0.7166
14 4.71 6

1 0.2910

−⋅ = <
−

 ⇒The value 4.71 corresponds to ~52 kilo cycles. 

The fatigue shear force capacity, VRd,ct (= VRd1), for different strength classes can now 
be calculated and the result is displayed in Table 6.1. 

Table 6.3 The fatigue shear force capacity, VRd,ct-fat, according to EC2-
draft (1999) for different strength classes. 

EC2-draft (1999) A) Strength Class 
 C30 C40 C50 C60 C80  

fck = 30 40 50 60 80 MPa 
fcd = 20 26.7 33.3 40.0 53.3 MPa 

fcd,fat = 16.1 20.5 24.4 27.9 33.2 MPa 
fck,fat = 24.19 30.79 36.66 41.79 49.85 MPa 

([
)

,

/

,

. . .
−

= ⋅ ⋅

⋅ ⋅

⋅ ⋅

⋅ 


=
Rd ct fat

1 3

ck fat

V 0 12 1 823

1000 295

100 0 0068

                    f

 
 

164.3

 
 

178.0

 
 

188.7

 
 

197.1

 
 

209.0 

 
 

kN 
A) Strength classes according to EC2-draft (1999). 

The number of cycles, n, without risk for any fatigue failure is shown in Table 6.4 for 
the chosen strength classes. 

Table 6.4 Number of cycles, n, to failure for the Lautajokki-bridge 
according to EC2-draft (1999) at different axle loads and strength classes.  

EC2-draft (1999) A) Strength Class 
 C30 C40 C50 C60 C80 

[log n], P=22.5 tons 4.72 5.64 6.26 6.71 7.27 
[log n], P=25 tons 3.61 4.60 5.26 5.73 6.34 
[log n], P=30 tons 1.71 2.81 3.56 4.09 4.77 

n [kc], P=22.5 tons 53 440 1834 5086 18751 
n [kc], P=25 tons 4 39 182 542 2193 
n [kc], P=30 tons 0.05 0.65 3.6 12 59 

A) Strength classes according to EC2-draft (1999). 

7 Discussion 
In Table 7.1 you can see a summary of the number of load cycles the Lautajokki 
Bridge could manage with the compared codes. In the table the more refined methods 
from the different codes are compared (see sections 4.3, 5.3 and 6.3). 

If we compare the results in Table 7.1 we can see that there are differences. The 
calculation with EC2-2 (1995) gives the least conservative values. The Swedish code is 
slightly more conservative than the EC2-2, but they are still fairly similar. The new 
version of Eurocode, EC2-draft (1999), is by far the most conservative one.  
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For example: for the strength class C30 at P = 30 tons the Swedish Code gives that the 
bridge should manage 2000 cycles before failure, the EC2-draft (1999) gives 50 cycles 
and the EC2-2 (1995) gives 3800 load cycles. We then have in mind that the bridge 
managed 6M cycles without failure (full-scale test performed at LTU, 1996), which 
points out that none of the three compared codes is especially accurate. 

Table 7.1 Number of load cycles (n in million load cycles) for the 
Lautajokki bridge. Comparison between EC2-1 (1991)/EC2-2 (1995), 
BBK94 (1994) and EC2-draft (1999) at different strength classes. 

A) Strength Class Code Number of load cycles, n 
[M cycles] 

  22.5 tons 25 tons 30 tons 

 Swedish 0.90 0.10 0.002 

C30 EC2 1.9 0.19 0.0038 

 Draft 0.053 0.004 0.00005 

 Swedish >1 >1 0.8 

C40 EC2 223 31 1.1 

 Draft 0.44 0.039 0.0007 

 Swedish >1 >1 >1 

C50 EC2 3093 519 26.8 

 Draft 1.8 0.18 0.0036 

 Swedish >1 >1 >1 

C60 EC2 8929 1615 95.6 

 Draft 5.1 0.5 0.012 

 Swedish >1 >1 >1 

C80 EC2 34659 6900 486 

 Draft 18.8 0.06 0.06 
A) Strength classes according to EC2-draft (1999). 

What are the differences between the three codes? Some of them are: 

� The expression to calculate the shear force capacity, see Table 7.2. 

� The expression to calculate the design fatigue strength. 

� The Swedish Code gives an approximate value of the number of cycles before 
failure (the value is taken from a graph). 

The reason why EC2-draft (1999) is much more conservative than the EC2-2 
(1995)/EC2-1 (1991) depends on how the shear strength is calculated, see Table 7.2. 
The new equation in EC2-draft (1999) to calculate the design value for the shear 
strength gives a lower value compared to the EC2-1 (1991).  
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The “new” equation for the design shear strength in EC2-draft (1999) is taken from 
MC 90 (1993), section 6.4.2.3: “Shear in cracked zones without shear reinforcement”. 
It has the following formula: 

( )1/3

Rd1 ck redV 0.12 100 f b dξ ρ= ⋅ ⋅ ⋅ ⋅ ⋅ ⋅  where ξ = k (Eq. 6.4-8 in MC 90 (1993)) 

The reason for this change is that there has been some uncertainty when it comes to 
high strength ordinary concrete and to be on the safe side a reduction of the design 
shear strength has been made. 

This reduction has led to, for example, that the difference in fatigue shear strength is as 
much as 35% for C80 (VRd1-fat and VRd,ct-fat.). 

Table 7.2 Design value for the shear strength according to EC2-1 (1991) 
and EC2-draft (1999). 

  A) Strength Class  
  C30 C40 C50 C60 C80  

EC2-1 (1991) / EC2-2 
(1995) 

VRd1 = 189.0 236.2 274.0 292.9 321.2 kN 

 VRd1-fat = 189.0 236.2 274.0 292.9 321.2 kN 
EC2-draft (1999) VRd.ct = 176.5 194.2 209.2 222.4 244.7 kN 

 VRd,ct-fat = 164.3 178.0 188.7 197.1 209.0 kN 
A) Strength classes according to EC2-draft (1999). 

An interesting thing is that the trend seems to go in a more conservative direction 
when it comes to concrete fatigue. Thus, the newest Code is the most conservative 
one! 

More work is needed in this area and it might be an idea to keep the “old” equation 
(the one in the EC2-1 (1991)) to calculate the design shear strength when the fatigue 
capacity is studied. 

Regarding the difficulties with a comparison of this kind (i.e. different strength classes, 
load factors etc. between the codes) – see the note at the end of section 4.3. 

The studied codes generally give too conservative values, especially for high strength 
concrete. Further work is needed in this area, especially regarding the shear force 
capacity. 
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Appendix A. Concrete Codes 
Excerpt from: 

- EC2-draft (1999) 

- EC2-1 (1991) and EC2-2 (1995) 

- MC90 (1990) 
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Excerpt from EC2-draft (1999) 

First Draft of Eurocode2: ”Design of concrete structures – 
Part 1: General rules and rules for buildings” (December 
1999), [CEN/TC 250/sc 2 N314]. prEN 1992-1:2001 (1st 
draft). 

Chapters/sections: 

- 3.1 Concrete (materials), Table 3.1: Stress and 
deformation characteristics for normal concrete. Page 33. 

- 6.2 Shear, sections 6.2.1 – 6.2.3. Pages 93-96. 

- 6.8 Fatigue, sections 6.8.1 – 6.8.6. Pages 121-126 
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Excerpt from EC2-1 (1991) and EC2-2 (1995) 

EC2-1 (1991): Eurocode 2: Design of Concrete Structures, 
Part 1: General rules and rules for buildings.  

EC2-2 (1995): Eurocode 2: Design of Concrete Structures, 
Part 2: Concrete Bridges. 

 

Chapters/sections: 

- 4.3.2 : Shear, sections 4.3.2.0 – 4.3.2.4. Pages 118-123. 
[EC2-1 (1991)]. 

- 4.3.7 : Verification of Fatigue, sections 4.3.7.1 – 4.3.7.4. 
Pages 18-21. [EC2-2 (1995)]. 

- A106.3.2: Concrete subjected to compression. Page 44. 
[EC2-2 (1995)]. 
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Excerpt from MC90 (1990) 

CEB-FIP Model Code 1990. Design Code, Comité Euro-
International du Béton and Féderation International de la 
Precontrainte, Thomas Telford, London 1993, 437 pp (ISBN 
0 7277 1696 4). 

Chapters/sections: 

6.4.2.3: Shear in cracked zones without shear reinforcement. 
Pages 177 and 178. 
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