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Abstract 
There are a great number of old structures around the world, some of 
which were designed for completely different purposes than in their 
current application. Swedish railway bridges were for example only 
designed for maximum axle loads of 200 kN in the beginning of the 20th 
century, while the highest axle loads of today are twice as high. The 
traffic intensities have also increased dramatically and the velocities are 
now higher than ever before. Reinforced concrete trough bridges were 
typically designed and built in the mid-20th century and it is still one of 
the most frequent railway bridge types in Sweden. The trough bridges 
were normally designed for traffic loads which were smaller than the loads 
today and in order to maintain an old structure as the loads increases, 
structural upgrading of the load bearing capacity might be necessary. 
Upgrading the load carrying capacity can be performed in two ways, 
namely administrative upgrading or strengthening. Administrative 
upgrading refers to refined design calculations, using real material data, 
geometry and loads, which provides a higher capacity than the original 
design and the bridge can thereby be upgrading with minor physical 
impact. Upgrading by strengthening on the other hand, refers to, often, 
larger physical alteration of the structure in order to enhance the original 
load carrying capacity. 

Upgrading methods for increased flexural resistance of concrete trough 
bridges has been developed and tested previously, but strengthening 
methods for increased shear resistance in the bridge deck are still absent. 
The objective of this thesis is therefore to find an existing- or develop a 
new strengthening method which can be applied in order to enhance the 
shear resistance of concrete trough bridge decks. The difficulties 
associated to strengthening of existing railway bridges include traffic 
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during the strengthening work and concrete surfaces concealed by the 
ballast. 

The State-of-the-Art indicated that none of the existing strengthening 
techniques were sufficient for this application and internal unbonded 
post-tensioning in the transverse direction was nominated as the most 
promising method. The research was thereafter focused on testing the 
possibilities and strengthening effects of post-tensioning. Two laboratory 
investigations were performed during the research project and the method 
was finally tested in a field test on a 50 years old trough bridge in 
Haparanda, Sweden.  

The strengthening procedure of internal unbonded post-tensioning 
consists of four consecutive steps: 

1. Transverse drilling of the horizontal holes through the bottom slab. 

2. Installation of the prestressing system. 

3. Post-tensioning of the system. 

4. Sealing of the prestressing system. 

The laboratory and field tests were successful and the results proved that 
the internal steel reinforcement within the concrete was compressed 
when the trough bridge was post-tensioned. Due to the compression, a 
higher load could be carried by the bridge deck before the tensile 
reinforcement yields and the bridge fails. In other words, the flexural 
capacity of the bridge deck was increased. The field test actually showed 
that eight steel bars, post-tensioned with 430 kN per bar on the 
Haparanda Bridge, completely counteracted the tensile stresses caused by 
a train with 215 kN axle loads. The effect on the shear resistance was 
however not as easy to measure, but the laboratory test recorded a 
significant strain reduction in the tensile reinforcement which was bent up 
at the transition zone between the bridge deck and the main girders. The 
reduced strain might be interpreted as lower shear stresses and post-
tensioning can thereby be considered to have a positive effect on the 
shear resistance of the bridge deck. Shear design according to the protocol 
of Eurocode 2 or BBK was however found to be restrictive in predicting 
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the post-tensionings effect on the shear capacity and further research is 
proposed in chapter 8. 

Key words: Concrete, Bridges, Upgrading, Strengthening, Shear, Field 
testing, Post-tensioning, Prestressing  
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Sammanfattning 
Det finns ett stort antal gamla konstruktioner runtom i världen och många 
byggdes för helt andra användningsområden än vad de numera används 
till. Som ett exempel kan nämnas att svenska järnvägsbroar i början av 
1900-talet byggdes för att klara av att bära axellaster på maximalt 200 kN, 
medan några av våra nybyggda broar är konstruerade för dubbelt så stora 
axellaster. Även traffikmängden har mångdubblats och tåghastigheterna är 
nu högre än någonsin. Trågbroar i armerad betong är en typisk bro som 
byggdes i Sverige framförallt på 50-talet och den är fortfarande en av de 
vanligaste brotyperna i Sverige. Trågbroarna konstruerades normalt för att 
bära lägre laster än vad vi har idag och för att kunna ha kvar dessa broar 
när lasterna ökar kan det krävas någon form av uppgradering av 
bärförmågan. Det finns två sätt att förbättra bärförmågan på en gammal 
bro, nämligen administrativ uppgradering eller förstärkning. Administrativ 
uppgradering innebär att nya förbättrade beräkningsmetoder används 
tillsammans med verkliga materialhållfastheter, geometrier och laster för 
att mer noggrant räkna ut brons bärförmåga. Normalt visar det sig att 
bärförmågan är högre än vad de ursprungliga beräkningarna antydde. På så 
vis höjs kapaciteten med minimal fysisk åverkan på bron. Uppgradering 
genom förstärkning innebär däremot att konstruktionens bärförmåga höjs 
genom att förändra bron ur ett rent fysiskt perspektiv. 

Metoder för att öka böjkapaciteten på trågbroar i betong har utvecklats 
och testats tidigare, men förstärkningsmetoder för att höja 
tvärkraftskapaciteten saknas däremot fortfarande. Målet för denna 
avhandling ligger därför i att utveckla en förstärkningsmetod som kan 
användas för att förbättra tvärkraftskapaciteten för bottenplattan på 
trågbroar i betong. Det finns dock några svårigheter sammankopplade 
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med förstärkning av befintliga järnvägsbroar, t.ex. tågtraffik under 
förstärkningsförfarandet och att viktiga betongytor är skyddade av ballast. 

Inga befintliga förstärkningsmetoder bedömdes däremot som lämpliga för 
det avsedda användningsområdet vid ”State-of-the-Art’’ studien. Invändig 
efterspänning av broplattan i tvärledd bedömdes som den bäst lämpade 
förstärkningsmetoden och efterföljande forskning fokuserades på att reda 
ut möjligheter för och förstärkningseffekter av efterspänning. Två olika 
laboratorieförsök genomfördes under forskningsprojektet och 
förstärkningsmetoden testades slutligen vid ett fältförsök på en 50 år 
gammal järnvägsbro i Haparanda.  

Själva tillvägagångssättet för förstärkningsmetoden består av fyra viktiga 
och sammanhängande arbetssteg: 

1. Borrning av horisontella hål tvärs igenom trågbrons bottenplatta. 

2. Installation av själva försstärkningssystemet. 

3. Efterspänning av förstärkningssystemet. 

4. Förslutning av förstärkningssystemet. 

Både laboratorie och fältförsöken blev lyckade och resultaten visade att 
stålarmeringen inuti betongen trycktes ihop när trågbron efterspänndes. 
Tack vare denna kompression så kan broplattan bära högre laster innan 
dragarmeringen börjar flyta och bron slutligen går sönder. Med andra ord 
så höjdes brons böjkapacitet. Fältförsöket visade att de åtta spännstagen, 
efterspännda med 430 kN per stag, helt och hållet motverkade 
dragarmeringens påkänningar av ett tåg med axellasten 215 kN. 
Förstärkningsmetodens effekt på tvärkraftskapaciteten är däremot inte lika 
lätt att påvisa men laboratorieförsöken visade att töjningen reducerades 
betydligt i den uppbockade dragarmeringen, i zonen där plattan fäster i 
huvudbalkarna. De lägre töjningsnivåerna kan tolkas som lägre 
skjuvpåkänningar och efterspänningen kan därmed ha en positiv effekt på 
broplattans tvärkraftskapacitet. Laboratorieförsöken visade däremot att 
både Eurokod 2 och BBK är restriktiva när det gäller att uppskatta 
efterspänningens effekt på tvärkraftskapaciteten. En ny förstärkningsmetod 
för trågbroar i betong har därmed föreslagits i och med denna avhandling, 
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men en del frågetecken kvarstår och i kapitel 8 ges därför förslag på 
fortsatta forskningsområden. 

Nyckelord: Betong, Broar, Uppgradering, Förstärkning, Tvärkraft, 
Fältförsök, Efterspänning, Förspänning  
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Notations and symbols 
Roman letters 

 Area m2 

 Surface area of anchor plate m2 

 Area of concrete cross section m2 

 Area of prestressing bars or tendons m2 

 Area of compressive reinforcement m2 

 Area of compressive reinforcement m2 

 Area of tensile reinforcement which extends  
beyond the section considered 

m2 

 Cross sectional area of the shear reinforcement m2 

 
Smallest width of the cross section in the tesile region 
[mm] 

m 

 
Factor decided in the national annex, recommended value 
is however:    m 

 Coach length m 

 Distance to tensile reinforcement m 
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 Boggie axle spacing  m 

 Distance to compressive reinforcement m 

 Modulus of elasticity/Young’s modulus Pa 

 Excentricity m 

 Modulus of elasticity of concrete Pa 

 Modulus of elasticity of steel Pa 

 Resultant action in concrete N 

 Concrete compressive strength  Pa 

 Design value of the concrete compressive strength  Pa 

 Concrete characteristic compressive strength Pa 

 Concrete tensile strength Pa 

 Concrete characteristic tensile strength Pa 

 Effective prestress Pa 

 Ultimate strength of tendon Pa 

 Resultant action in tensile reinforcement N 

 Resultant action in compressive reinforcement N 

 Yield strength of steel  Pa 

 Tensile strength of prestressing bar  Pa 

 Splitting strength of concrete  Pa 

 Design yield strength of the shear reinforcement  Pa 

 Dead load N 

 height  m 

 Second moment of area m4 
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 Size factor, calculated as:   ,    with d 

in mm 
- 

 
Factor given in the national annex, recommended value is 
0.15 - 

 Span length/Length of specimen m 

 Upper bound transmission length of the prestressing 
element   m 

 
Distance of section considered from the starting point of 
transmission length    m 

 Moment  Nm 

 Theoretical point load required to reach the flexural 
capacity of a cross section  N 

 Moment caused by excentric post-tensioning  Nm 

 Moment caused by loads, except post-tensioning  Nm 

 Axial force due to post-tensioning  N 

 Number of intermediate coaches - 

 Axial force due to loading or prestressing  N 

 Load resistance of prestressing bar N 

 Point load N 

 Maximum point load N 

 Radius m 

 First moment of area, above and about the centroid axis      m3 

 Spacing between stirrups, see Fig 4.5 m 

 Shear force N 
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Minimum shear resistance of the concrete (with the 
prestress excluded):    

N 

 Shear resistance of a concrete member without shear 
reinforcement  N 

 Minimum shear resistance of a concrete member N 

 Section modulus m3 

 
General distance/Distance to neutral axis of cross section 
considered      m 

 

Inner lever arm for a member with constant depth, 
corresponding to the bending moment in the element 
under consideration, see Fig 4.5. In the shear analysis of 
reinforced concrete without axial forces, the approximate 
value may normally be used, i.e:    

m 
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Greek letters 

 
Angle between shear reinforcement and the beam axis 
perpendicular to the shear force, see Fig 4.5/Factor for 
traffic loads 

° 

 
Coefficient taking account of the state of the stress in the 
compression chord ° 

 
Factor depending on type prestressing:  
for pretensioned tendons and  for other types 
of prestressing 

° 

 Dispersion angle for compressive actions in concrete ° 

 Deflection m 

 Strain  μm/m 

 Strain in concrete μm/m 

 Ultimete strain in concrete μm/m 

 Strain caused by post-tensioning μm/m 

 Strain in tensile reinforcement μm/m 

 Strain in compressive reinforcement  μm/m 

 
Angle between the concrete compression strut and the 
beam axis perpendicular to the shear force, see Fig. 4.5 ° 

 Curvature  m-1 

 Global curvature  m-1 

 Local curvature m-1 

 Strength reduction factor for concrete cracked in shear - 

 Factor to account for size effects - 

 Reinforcement ratio:    - 



 

xvi 

 Stress  Pa 

 Standard deviation - 

 Stress in concrete Pa 

 Compressive stress in concrete Pa 

 Tensile stress in concrete Pa 

 Stress in the lower part of concrete cross section Pa 

 Stress in prestressing bars:   Pa 

 Stress in concrete due to loading, prestressing not included Pa 

 Stress in concrete due to excentric prestressing Pa 

 Stress in the upper part of concrete cross section Pa 

 Diameter m 
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Abbrevations 

B1 Unstrengthened test specimen for laboratory testing 

B2 Strengthened test specimen for laboratory testing 

BBK Bestämmelser för Betongkonstruktioner, Swedish design regulation 
for concrete structures 

BKR Boverkets Bygg och Konstruktionsregler, Swedish design guideline 
for structures in general 

BV Banverket, Former Swedish railway administration (today called 
trafikverket) 

COD Crack Opening Displacement transformer 

Dy Dynamic test, Train is moving at a constant speed during the field 
test 

EC Eurocode 

EC2 Eurocode 2, European design guideline for concrete structures 

CFRP Carbon Fibre Reinforced Polymers 

FE Finite Element 

FRP Fibre Reinforced Polymers 

HSLM High Speed Load Model 

LM Load Model 

LVDT Linear Variable Differential Transducer 

NSM Near Surface Mounted (Reinforcement) 

PE Polyethylene 

RC Reinforced Concrete 
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SB 
Sustainable Bridges – European FP 6 Integrated project 
“Sustainable Bridges”, Assessment for Future Traffic Demands 
and Longer Lives, <http://www.sustainablebridges.net> 

SHM Structural Health Monitoring 

SG Strain Gauge 

SL Safety Limit 

SLS Service Limit State 

St Statical test, Train is standing still during the field test 

ULS Ultimate Limit State 
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1. Introduction 
1.1. Background 

The stock of old bridges around the world is currently at a high level and 
the transportation system is constantly evolving, increasing the stress on 
these old structures. Bell (2004) investigated the age distribution of 
European railway bridges in 2004 and found out that about 200,000 out 
of 300,000 bridges are over 50 years old. During the last half century, the 
need for transportation has increased dramatically and a functioning 
infrastructure is essential for the society. Trains, trucks, airplanes, ships, 
etc. are moving faster and carrying higher loads, and this development is 
steadily progressing. Unfortunately, carrying higher loads than originally 
designed for is not the only problem for these old structures, deterioration 
keeps violating the performance level while the performance 
requirements continues to increase. Structural performance is in this thesis 
defined in terms of load resistance, and the performance level requires to 
always being higher than a defined safety level. The safety level is a 
minimum level of performance and if the actual performance descends the 
safety level e.g. in terms of load resistance, the structure is no longer 
suited for normal use, see e.g. Fig. 3.1. 

During the service life a bridge might require maintenance, repair or even 
upgrading to accomodate the requirements. Maintenance is performed in 
order to maintain the original performance level, repair aims at restoring 
the original performance level, and upgrading is an action to increase the 
prevailing performance level (Hejll 2007). Strengthening is defined as the 
act of increasing the strength of something, i.e. repair and upgrading can 
both be obtained by strengthening. 
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The majority of the existing railway lines in Sweden are designed for 
maximum axel loads of 225 or 250 kN and new lines are designed for 330 
or 400 kN (Trafikverket 2011). During the 1950’s a large number of 
concrete trough bridges were constructed along the railway lines in 
Sweden. These bridges were designed to carry trains with axel loads of 
250 kN and in order to make them compatible with the new heavier 
trains, strengthening is required to upgrade the original load carrying 
capacity. 

In order to upgrade a concrete bridge, the design calculations are 
currently following the protocol of Eurocode 2, but other design 
procedures are also available. Design calculations, (WSP 2008), have 
revealed the shear capacity in the transverse direction of trough bridge 
decks as a problem area, i.e. the capacity is insufficient for higher axel 
loads than 250 kN.  

1.2. Objective  

The objective of this thesis is to develop a method for shear strengthening 
of concrete trough bridge decks. Important features of the method should 
be minimal impact on the bridge traffic during strengthening, a fast 
execution and being cost efficient. 

1.3. Research questions 

1. How can the original load carrying capacity of concrete trough 
bridges be increased? 

2. Which strengthening methods can be applied for shear 
strengthening of concrete trough bridge decks in the transition zone 
between the slab and the main girders? 

3. How does the chosen strengthening method affect the traffic on the 
bridge during strengthening? 

4. Are contemporary design guidelines accurate in predicting the 
strengthening effects of the chosen method on trough bridge decks? 
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1.4. Scientific approach 

The research presented in this thesis is the result of a traditional sequence 
of steps for scientific studies. First a literature survey was conducted, 
giving the state-of-the-art, and highlighting areas of knowledge. Different 
strengthening methods were studied and a case study regarding flexural 
strengthening was presented at a conference (Paper II). After this first 
overview, a direction was chosen and the research questions were 
formulated. 

A strengthening method, i.e. unbonded post-tensioning, was found to be 
the most promising upgrading method for concrete trough bridges and 
thereby it was chosen as the subject for research. The method was 
investigated more closely in two laboratory tests and finally a concrete 
trough bridge was strengthened in a field test. The research project can 
thereby be divided into four consecutive phases: 

1. A literature study in form of “State-of-the-Art” 

2. Theoretical studies 

3. Laboratory testing 

4. Field testing 

The first laboratory test was to examine if prestressing bars made out of 
carbon fibre reinforced polymers, CFRP, could be applied for unbonded 
post-tensioning (Paper I). Due to long-term anchorage uncertainties and 
higher handling requirements concerning prestressed CFRP bars, steel 
became the material choice for the strengthening application. 

The second laboratory test consisted of a pilot study where the viability 
and effects of unbonded post-tensioning were investigated (Paper III). 
Finally, a 50 year old concrete trough bridge was strengthened by 
applying unbonded post-tensioning and the strengthening effects were 
thoroughly examined (Paper IV). 
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1.5. Limitations 

The first limitation for the research was to focus only on the 
strengthening of concrete bridges. Concrete bridges can obviously fail in 
many different aspects; flexure, shear, fatigue, etc., but the main focus was 
the shear capacity in ultimate limite state and more specific the shear 
capacity in the transition zone between the beam and the slab for trough 
bridges. The reason for studying this type of bridge is due to their high 
frequency in the Swedish railway infrastructure. There are several 
methods for calculating the shear capacity of concrete structures and the 
differences between the different shear design approaches have been 
studied rather extensively in the past. Another limitation for this research 
project is therefore to only consider one shear design approach, namely 
the one given in the European design guideline Eurocode 2. The design 
is only considering the Ultimate Limit State, and long term effects are not 
included within the scope of this research. 

1.6. Structure of the thesis 

The thesis is divided into two main parts. Part I consists of an extended 
summary which spans from an introduction of this specific subject to final 
conclusions and recommendations for further research. The chapters of 
part I are briefly described below.  
 

 

 

  

Chapter 1 - 
Introduction 

A brief introducion concerning the 
subject is given. The objectives, research 
questions and limitations are presented 
along with a description of the comp-
osition of the thesis. 

Chapter 2 – 
Railway bridges 

Appearance of and traffic loads on railway 
bridges during the last century is discuss-
ed. Special focus is directed on concrete 
bridges. 
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Chapter 3 - 
Strengthening    

of bridges 

Strengthening techniques and solutions 
are described. The chapter also includes 
sections regarding assessment of existing 
structures, structural health monitoring 
and resons for strengthening. 

Chapter 4 – 
Design and 
application 

Design procedures for unbonded 
post-tensioning in accordance to 
prevailing Eurocode 2 protocol are 
described. A method for determ-
ination of lateral distance between 
prestressing bars is suggested and 
practical application is proposed. 

Chapter 5 – 
Laboratory tests 

Before applying unbonded internal 
post-tensioning on an existing bridge, 
the method was tested in the labora-
tory on specimens in a 1/3 scale. Test 
results are presented along with a 
method description. 

Chapter 6 –    
Field test 

A field test was performed during the 
summer of 2012 and the method of 
unbonded post-tensioning was tested 
on an existing railway concrete trough 
bridge in Haparanda, Sweden. 
Strengthening methods and effects are 
described in chapter 6. 

Results of the previously presented research 
are discussed, conclusions are drawn and 
the research questions are discussed. 

Chapter 7 – 
Discussion and 

conclusions 

Chapter 8 – 
Future research Topics for further research are suggested. 
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Part II consists of the four appended papers, briefly described in section 
1.7, below. 

1.7. Summary of appended papers 

1.7.1. Paper I  
“RC T-beams externally prestressed with Unbonded CFRP tendons” by Anders 
Bennitz, Jacob W. Schmidt, Jonny Nilimaa, Björn Täljsten, Per 
Goltermann and Dorthe Lund Ravn was published in ACI Structural 
Journal, Vol. 109, No. 4, July-August 2012, pp. 521 – 530. 

Paper I presents the results from laboratory tests of reinforced concrete 
beams, strengthened by externally prestressed and unbonded CFRP 
tendons. Jonny Nilimaas contribution to the paper was execution of the 
test and evaluation of the results, as well as writing parts of the paper. 

1.7.2. Paper II  
“Flexural-shear failure of a full scale tested RC bridge strengthened with NSM 
CFRP” by Björn Täljsten, Jonny Nilimaa, Thomas Blanksvärd and 
Gabriel Sas was published in Proceedings of the 5th International Conference on 
Structural Health Monitoring of Intelligent Infrastructure: SHMII-5, Cancún, 
Mexico, December 11 – 15, 2011, 10p. 

Paper II presents a full scale test of a 50 year old concrete trough bridge, 
strengthened in flexure. The bridge was condemned due to a new railway 
line and the test consisted of two tests in the service limit state and a final 
test in ultimate limit state, which proceeded until structural failure. Final 
failure mode was a combination in flexure and shear. The tests were 
performed in 2006 and Jonny Nilimaas contribution to the paper included 
writing the paper and presenting the findings at the conference. 

1.7.3. Paper III  
“Transversal Post Tensioning of RC Trough Bridges – Laboratory Tests” by 
Jonny Nilimaa, Thomas Blanksvärd, Björn Täljsten and Lennart Elfgren 
was published in Nordic Concrete Research, Vol. 46, No. 2, December 
2012, pp. 57 – 74.  
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Paper III presents the results from laboratory tests of trough bridges. The 
specimens consisted of reinforced concrete trough bridge specimen in a 
scale of 1/3 compared to existing bridges. The applicability of internal 
unbonded transversal post-tensioning was tested and strengthening effects 
were examined. Jonny Nilimaas contribution to the paper was planning, 
performing and evaluating the tests, as well as writing the paper. 

1.7.4. Paper IV  
“Unbonded Transverse Post-Tensioning of a Railway Bridge in Haparanda, 
Sweden” by Jonny Nilimaa, Thomas Blanksvärd, Björn Täljsten and 
Lennart Elfgren was submitted to Journal of Bridge Engineering in December 
2012. 

Paper IV presents a case study where a 53 year old railway bridge was 
studied. The bridge slab was strengthened in the transverse direction with 
eight unbonded post-tensioned steel bars and the strengthening effects 
were examined. Influence on railway traffic was also analyzed. Jonny 
Nilimaas contribution to the paper was planning and evaluating the tests, 
as well as managing and performing the strengthening work. 
Furthermore, the paper was written by Jonny Nilimaa. 

1.8. Additional publications 

Four additional publications have been produced by the author, related to 
the scope of the thesis but not included. 

1.8.1. Conference papers 
“Post-tensioning of reinforced concrete trough bridge decks” by Jonny Nilimaa, 
Thomas Blanksvärd and Björn Täljsten was published in Proceedings of the 
International FIB symposium 2012, Stockholm, Sweden, June 11 – 14, 
2012. 

“Strengthening of concrete structures with carbon fibre reinforced polymers (CFRP): 
case studies” by Gabriel Sas, Thomas Blanksvärd, Jonny Nilimaa, Björn 
Täljsten, Lennart Elfgren and Anders Carolin was published in Proceedings 
of the International FIB symposium 2012, Stockholm, Sweden, June 11 – 
14, 2012. 
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1.8.2. Technical reports 
“Post-tensioning of reinforced concrete trough bridge decks – Laboratory tests” by 
Jonny Nilimaa, Thomas Blanksvärd and Björn Täljsten, Luleå University 
of Technology, 2012. 

“Upgrading of the Haparanda bridge – A case study” by Jonny Nilimaa, 
Thomas Blanksvärd and Björn Täljsten, Luleå University of Technology, 
2012. 
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2. Railway bridges  
2.1. General 

There are approximately 300,000 railway bridges in Europe and about 
one third of them are over 100 years old, (Olofsson et al. 2008).  The 
number of railway bridges in Sweden is about 4,000 and the average age 
is also lower, with only three percent over 100 years. One important 
thing to notice is that even though the superstructure might be relatively 
young, the substructure might still be quite old. The degree of utilization 
is often relatively higher on superstructures than substructures, and 
superstructures are also easier to replace. Due to these circumstances, a 
number of superstructures have been replaced with new ones while the 
substructure is still the original. 

Bridges are often divided into different groups depending on different 
building material, structural design, easthetics, etc. A rough partition gives 
four bridge types; Concrete bridges, Metallic bridges, Arch bridges and 
Composite bridges, made of steel and concrete. The most common 
bridge type in Europe is the arch bridge, (Bell 2004), while concrete 
bridges are in vast majority in Sweden. Frequencies for the four bridge 
types, in Europe and Sweden, are presented in Table 2.1 
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Table 2.1 – Frequencies [%] for different railway bridge types in 
Europe and Sweden. 

Region   Concrete Metallic Arch Composite 

Europe 23 21 41 15 

Sweden 80 15 4 1 

 

Complete age profiles for the different railway bridge types in Europe and 
Sweden are presented in Fig. 2.1 and 2.2, respectively. 

 

Figure 2.1 – Age profile for European railway bridges. 

Most of the railway bridges in Europe as well as in Sweden are short, 
spanning less than 10 m and only 5 % are spanning more than 40 m, (Bell 
2004). Table 2.2 presents the frequencies of different span lengthss for 
railway bridges in Europe and Sweden. Observe that a span length in 
Table 2.2 specifies the size of individual spans in multi span bridges, rather 
than the full length of such bridges. 
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Figure 2.2 – Age profile for Swedish railway bridges. 

Table 2.2 – Frequencies [%] for different span lengths. 

 Europe  Sweden 

Span [m] <10 10-40 >40  <10 10-40 >40 

Concrete 63 33 4  67 32 0 

Metallic 45 44 11  35 10 2 

Arch 75 24 1  87 1 0 

Composite 47 48 5  0 1 0 

Overall  62 34 5  62 36 2 
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2.2. Bridge types 

The focus of this chapter is on Swedish railway bridges and brief 
descriptions of the most common bridge types are given in the following 
sections. The different bridge types presented in chapter 2.2 are divided 
into subgroups depending on their main structural material and span 
lengths. 

2.2.1. Concrete bridges 
Concrete bridges are the most common bridges in Sweden. The reasons 
why concrete bridges are so popular are according to Carolin (1999) 
relatively low investment costs, good durability and only small needs for 
maintenance. The disadvantage, or problem, is that a long structural 
lifetime implies that the traffic situation will change over the lifetime and 
the bridge requires carrying higher loads than it was originally designed 
for. Studies have shown that many concrete structures actually have a 
capacity reserve in compression and the amount of existing steel 
reinforcement limits the load carrying capacity, (SB-STR 2007).  

Bridge spans up to 10 m 

Shorter concrete bridges, with spans up to 10 m, are usually non-
prestressed and simply supported beam- or slab bridges. Frame bridges 
also occur frequently. The most common cross sections are troughs and 
girder slabs, see Fig. 2.3.  

a) b)

 
Figure 2.3 – Typical cross section for a) trough bridges and b) girder 
slab bridges. 
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There are approximately 1,000 trough bridges in Sweden, (Thun 2006) 
and they were typically built between 1950 and 1980. The trough bridge 
in Fig. 2.3a can be altered depending on various design situations. Typical 
appearance is however two main girders with exterior top flanges, 
connected to a bottom slab and forming a trough, hence the name; 
trough bridge. The trough is normally filled with ballast with one or two 
railway tracks at the same level as the upper parts of the girders. Trough 
bridges are often skewed and the internal transversal reinforcement is 
designed to be aligned with the substructure, while the longitudinal 
reinforcement is aligned with the girders. 

Fig. 2.3b illustrates a concrete girder slab bridge with edge girders to keep 
the ballast on the bridge. The cross section is predominantly massive and 
simply supported girder slab bridges can either be prestressed or non-
prestressed bridges.  

Bridge spans 10 – 40 m 

Continuous girder bridges are the most common for medium span 
bridges, (SB-LRA 2006). The girders are the main carrying structural 
elements in a girder bridge and are carrying the traffic loads and the 
weight of the bridge deck as well as its own weight. Horizontal as well as 
vertical forces are both transferred down to the substructure by the 
girders.  

The medium span concrete girders normally consist of I-girders, Fig 2.4a, 
and the bridges can be either prestressed, post tensioned or cast in place. 
Longer spans often include Box girders, Fig 2.4b, or T-girders Fig 2.4c 
and trough cross sections are also common for the medium span bridges, 
as well as slab and slab-like cross sections. 

Box girder bridges are named after their appearance, since the girder is 
shaped as a box. The bridge deck forms the top flange of the box, while 
the side walls form the web of the beam and the bottom plate is the lower 
flange. In T-girders, the bridge slab forms the upper flanges of the T-
beam. Box girder bridges are typically used for large span bridges.  
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a) b)

c)

 

Figure 2.4 – Cross section for a) I-girder bridges, b) T-girder bridges 
and c) Box girder bridges. 

Bridge spans over 40 m 

Only 2 percent of all railway bridges in Sweden qualify as large span 
bridges, span lengths over 40 m, and only a fraction of these are concrete 
bridges. Large span bridges are usually prestressed box or T-girders, see 
Fig. 2.4, but arch bridges can also be found, (SB-LRA 2006).  

Concrete arch bridges include both open and closed spandrel arch bridges 
as well as earth filled arch bridges. The bridge deck can be located 
underneath, between or above the arches, see Fig. 2.5. Most arches are 
designed to carry only compressive forces. However the arches often 
contain steel reinforcement and due to the desired loads of today, bending 
and tensile strains may be introduced in the arch. Arches, once designed 
primarily for compressive forces, may therefore have sufficient shear and 
flexural capacity, (SB-STR 2007). 
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Figure 2.5 – Concrete arch bridge at Långforsen, Sweden, with deck 
located above the arch. 

2.2.2. Metallic bridges 
Metallic bridges appears as number two in the list of common railway 
bridges in Sweden, but is however by far outnumbered by the concrete 
bridges. Metallic bridges can be made out of cast iron, wrought iron, 
steel, stainless steel or aluminum. Several different designs occur such as 
girder bridges, box girder bridges and truss bridges. Additionally, metallic 
bridges can be found in different material qualities for different structural 
members within the same structure, (SB-STR 2007). 

Bridge spans under 10 m 

According to SB-LRA (2007), the European railway network has two 
main types of short span bridges; half trough bridges and plate girder 
bridges. The half trough bridge, see Fig. 2.6, is built up by main plate 
girders on each side of the trough bottom and cross girders are located 
between the rails and track bearers under each rail. Bridges with multiple 
tracks has additional girders between the tracks. Plate girders differ from 
half trough bridges in the sense that the main girders are located under the 
bottom slab. The rail can either be in direct contact with the bridge, or 
rest on a bed of ballast. In older metal bridges, the sleepers are usually 
connected directly to the bridge structure, but some bridges are ballasted. 
Younger short span bridges often consist of corrugated steel pipes.  
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Figure 2.6 – Cross section of a continuous half trough plate girder 
bridge with directly connected sleepers. 

Bridge spans 10 – 40 m 

Half trough bridges and plate girder bridges are the most common 
metallic bridges also for medium spans, but as the span lengths increase, 
the frequency of truss bridges also increase, (SB-LRA 2007). 

The superstructure of a truss bridge is normally built up by two vertical 
trusses, one on each side of the track, with top and bottom elements, as 
well as diagonal, vertical and end struts. Horizontal stability is given by a 
horizontal truss at the top or bottom section of the bridge and the track 
can either be located on the bottom section or the top section. Truss 
bridges were according to SB-STR (2007) typically designed and built 
before the 1950s. A typical multispan truss bridge is shown in Fig. 2.7. 

Bridge spans over 40 m 

The truss bridges are undoubtedly the most common metallic long span 
bridges. Typical cross sections include trough truss bridges, half trough 
truss bridges and deck truss bridges with the railway track on top of the 
truss. There are also some arch bridges, constructed as steel box arches 
and truss arches. Steel girders and truss members in younger bridges are 
normally welded together, but until the 1950s riveting was the prevailing 
method to connect the parts, (SB-LRA 2007). 
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Figure 2.7 – Multispan truss bridge over Tengeliöjoki, Finland. 

2.2.3. Masonry Arch Bridges 
Masonry arch bridges are according to Bell (2004) the predominating 
bridge type in Europe and as an overall every second bridge is of this 
type. In Sweden, masonry arch bridges are however significantly less 
common and there are only about 150 railway bridges of this type in the 
country. The bridges are typically old, with approximately 98 percent 
over 50 years, as seen in Fig. 2.1, and the vast majority has short spans. 
Masonry arch bridges are usually defined by its construction material, arch 
shape, number of spans and orientation; e.g. a stone, segmental, 3-span, 
skewed masonry arch bridge. Fig. 2.8 gives an example of an old single 
span, stone, masonry arch road bridge. 
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Masonry arch bridges can be single or multi-span and they can be square, 
skew or curved in plan, (SB-LRA 2007). In the case of multi-span 
bridges, the individual spans might differ considerably, as can the height 
and proportion of the piers. The type of construction material can vary 
from random rubble to concrete. Bricks are the most common material 
for the arches, while stone arches are found at the second place. There are 
also plain concrete arches, but they are less frequent.  

 

Figure 2.8 – Single span, stone, masonry arch road bridge in 
Karesuando, Sweden. 
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2.2.4. Composite Bridges 
Composite bridges are in this case bridges made from two, or more, 
materials with different physical properties. A reinforced concrete bridge 
is not considered as a composite bridge even though it is composed of 
concrete material and steel reinforcement, while e.g. a concrete bridge 
with steel beams falls under the definition of a composite bridge.  

Filler beam bridges are a common old type of composite bridge, found in 
some European countries. In a filler beam bridge, steel profiles are partly 
or completely cast inside the concrete deck, as seen in Fig. 2.9a. 

Composite bridges are common for younger bridges with medium or 
long spans. A main load carrying steel structure is normally connected to a 
concrete deck or trough section, see e.g. Fig. 2.9b. Studs are welded to 
the steel structure to provide a composite action between steel and 
concrete parts of the cross-section, (Hällmark 2012). 

a)

b)

 

Figure 2.9 – Cross section for a) Filler bridges and b) composite 
bridges with concrete deck supported on steel beams. 

2.3. Traffic loads on railway bridges 

All structures are exposed to some kind of actions. These actions can, 
according to CEN (2003), be defined as a set of loads applied to the 
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structure, alternatively a set of imposed deformations or accelerations 
caused e.g. by temperature changes, moisture variation, uneven settlement 
or earthquakes. 

The actions on railway bridges are often divided into two main types; 
permanent actions and variable actions. Accidental actions and seismic 
actions are however two other types of actions that needs to be 
considered.  

A permanent action is an action that is likely to act throughout a given 
reference period and for which the variation in magnitude with time is 
negligible, or for which the variation is always in the same direction 
(monotonic) until the action attains a certain limit value. Variable actions 
are actions for which the variation in magnitude with time is neither 
negligible nor monotonic, (CEN 2003). 

A summary of the traffic load models during the last century is given in 
Table 2.3 and the loads are further discussed in the following sections. 

2.3.1. Prevailing traffic load models 
Rail traffic actions are defined by means of traffic load models (LM) and 
since February 1, 2012, the LMs for design of new railway bridges in 
Sweden coincide with the LMs in Eurocode (Trafikverket 2011). Five 
models for railway loading are defined in Eurocode 1, part 2 (CEN 2003): 

1. LM 71 – normal rail traffic on mainline railways, 

2. LM SW/0 – continuous bridges, 

3. LM SW/2 – heavy loads, 

4. LM Unloaded Train – unloaded trains, 

5. LM HSLM – Passenger trains at speeds exceeding 200 km/h. 

General rules for the calculation of the associated dynamic effects, 
centrifugal forces, nosing force, traction and braking forces and 
aerodynamic actions due to passing rail traffic and other load types are 
given in Trafikverket (2011). 
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Table 2.3 – Summary of railway traffic loads during the last century 
in Sweden. 

Load model Axel load       
[kN] 

Line load 
[kN/m] 

Axel spacing 
[m] 

71 187 – 400 
(depending on α) 

60 – 128  1.6 

SW/0 - 133 - 

SW/2 - 133 - 

Unloaded train - 10 - 

HSLM 170 – 210  - 2 – 6  

A (1900) 150, 180 & 200 85 1.4 & 1.7 

B (1900) 130, 160 & 180 43 1.4 & 1.6 

C (1900) 70, 120 & 140 43 1.4 & 1.6 

D (1919) 50 23 1.6 

A (1931) 150, 180 & 200 85 or 10 1.5 & 1.6 

B (1931) 135, 162 & 180 50 or 10 1.5 & 1.6 

F46 (1950) 250 85 or 15 1.6 

E46 (1950) 250 68 or 15 1.6 

D46 (1950) 200 51 or 15 1.6 

0.85F (1955) 250 72 or 15 1.6 

UIC 71 (1989) 250 80 1.6 

Malm & Trans (1989)       300 120 1.6 

BV 2000 (1999) 330 110 1.6 

Malm 2000 (1999) 350 120 1.6 

Malm 2010 (2009) 400 140 1.6 
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LM 71 

LM 71, Fig. 2.10a, represents the static effect of vertical loading due to 
normal rail traffic. It was first introduced in Banverket (1989) and has 
been valid since then. The characteristic load values given in Fig. 2.10 
shall be multiplied by a factor α, on lines with heavier or lighter traffic 
than for the normal case. When multiplied by the factor α, the loads are 
called "classified vertical loads". This factor α shall be one of the 
following: 0.75; 0.83; 0.91; 1.00; 1.10; 1.21; 1.33 or 1.46, (CEN 2003). 
The Swedish recommendations for α are; 1.6 for lines with heavy goods 
traffic and 1.33 for remaining lines, (Trafikverket 2011). 

LM SW/0 

LM SW/0, Fig. 2.10b, represents the static effect of vertical loading due 
to normal rail traffic on continuous beams. The characteristic values shall 
be multiplied by the factor α, see comments in LM71 above, on lines 
with heavier or lighter rail traffic, (CEN, 2003). 

LM SW/2 

LM SW/2, see Figure 2.10c, represents the static effect of vertical loading 
due to heavy rail traffic, (CEN 2003). 

LM “Unloaded train” 
For some specific verification CEN (2003) defines a particular LM, called 
“Unloaded train”, which consists of a vertical uniformly distributed load 
with a characteristic value of 10 kN/m, see Fig. 2.10d. 
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Figure 2.10 – Characteristic values for vertical loads for a) LM 71,    
b) LM SW/0, c) LM SW/2 and d) LM Unloaded train.  

  

1.6 m 0.8 

250 kN 

80 kN/m 80 kN/m 

1.6 m 1.6 m 10.8 

N 250 kN N 250 kN N 250 kN a) LM 71 

15 m 5.3 m 15 m

133 kN/m133 kN/m

b) LM SW/0 

25 m 7.0 m 25 m

133 kN/m133 kN/m
c) LM SW/2 

10 kN/m 
d) LM Unloaded train 



Upgrading Concrete Bridges 

24 

Load Model HSLM 

The trains in Load Model HSLM represent high speed passenger trains at 
speeds exceeding 200 km/h. Load Model HSLM comprises two separate 
Universal Trains with variable coach lengths; HSLM-A and HSLM-B. 
HSLM-A and HSLM-B together represent the dynamic load effects of 
articulated, conventional and regular high speed passenger trains, (CEN 
2003). HSLM-A is defined in Fig. 2.11 and Table 2.4. 

 
Figure 2.11 – Principal loading for LM HSLM-A (CEN 2003). 
Notations: (1) Power car (leading and trailing power cars identical), 
(2) End coach (leading and trailing end coaches identical),              
(3) Intermediate coach. 

Table 2.4 – Parameters for LM HSLM-A. 

Universal 
Train 

Number of 
intermediate 
coaches N 

Coach 
length D 

[m] 

Boggie axel 
spacing    
d [m] 

Point 
force P 
[kN] 

A1 18 18 2,0 170 

A2 17 19 3,5 200 

A3 16 20 2,0 180 

A4 15 21 3,0 190 

A5 14 22 2,0 170 

A6 13 23 2,0 180 

A7 13 24 2,0 190 

A8 12 25 2,5 190 

A9 11 26 2,0 210 

A10 11 27 2,0 210 
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Load model HSLM-B is applied for complex structures with significant 
floor vibrations and simply supported railway bridges with span lengths 
shorter than 7 meters, (CEN 2003). HSLM-B comprises of N point forces 
of 170 kN at uniform spacing d [m] where N and d are defined in Fig. 
2.12 and 2.13. 

 
Figure 2.12 – Principal loading for LM HSLM-B.  

 
Figure 2.13 – Parameters for LM HSLM-B (CEN 2003). 

  

d d d d d d d d d d d d d d d d 

N x 170kN 

d d 
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2.3.2. Railway traffic loads during the last century 
Fig. 2.1 illustrates how more than two out of three railway bridges in 
Europe are over 50 years old. These old bridges were built according to 
different design criteria than more recent bridges and have experienced 
wearing environmental and mechanical forces for at least half a century. 
In order to upgrade or strengthen old bridges, it is of uttermost 
importance to know how they were built and what kind of traffic loads 
governed the design and construction. 

1900 

The load models from 1900 were given in Kungliga järnvägsstyrelsen 
(1900) and restipulated in Kungliga väg- och vattenbyggnadsstyrelsen 
(1901). Three load models were defined as LM A, LM B and LM C, 
(Janssen 2005).  

Fig. 2.14 is a redrawn and simplified model from Paulsson et al. (1998), 
which illustrates the LMs and characteristic values for vertical loads. Total 
masses for the locomotives are 950 kN, 850 kN and 630 kN for load 
model A, B and C, respectively. Original loads were measured in tons but 
are transformed into kN, with the transformation rates 1 ton = 10 kN.  

1919 

The load models from 1900 were revised in Kungliga järnvägsstyrelsen 
(1919). The revised load models can also be found in Simonsson et al. 
(1929). LM A, B and C are quite similar to the load models from 1900, 
with exception for minor alternations in the axel spacing and the dynamic 
coefficient, (James, 2003). But the biggest change was the introduction of 
a fourth load model, LM D, (Janssen 2005). LM D is illustrated in Fig. 
2.14d.   
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Figure 2.14 – Characteristic values for vertical loads [kN] for a) LM A 
(1900), b) LM B (1900), c) LM C (1900) and d) LM D (1919). 

 

  

150 4x200 150 4x200 153x180 3x180 
Locomotive Locomotive LoTender Tender 

Wagons 85 kN/m 

a) LM A 

130 4x1800 130 4x180 133x160 3x160 
Locomotive Locomotive LoTender Tender 

b) LM B 

70 4x140 70 4x140 703x120 3x120 
Locomotive Locomotive LoTender Tender 

c) LM C 

 4 x 50 kN 

23 kN/m 23 kN/m 

d) LM D 

Wagons 43 kN/m 

Wagons 43 kN/m 

11.6 m 6.6 m 11.6 m 6.6 m 

11.3 m 6.4 m 11.3 m 6.4 m 

10.6 m 6.3 m 10.6 m 6.3 m 
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1931 

In 1931 the amount of load models were reduced to two, LM A and B. 
The resemblances between the load models given in Kungliga 
järnvägsstyrelsen (1931) and to the load models from 1900 are still very 
obvious. The load models from 1931 were reestablished in Kungliga 
järnvägsstyrelsen (1938). Fig. 2.15 is a modified redraw from 
Kommunikationsdepartementet (1948). 

 

Figure 2.15 – LM A and B (1931) with defined characteristic values 
for vertical loads [kN]. 

1950 

In 1950, three provisional load models appeared in Kungliga 
järnvägsstyrelsen (1950): LM F/F46, LM E46 & Load Group 4x25 and 
LM D46 & Load Group 4x20. In LM F/F46 the axel loads were 
increased to 250 kN, which was intended for the heavy haul lines of the 
time, (James 2003). The load models from 1950 are all illustrated in Fig. 
2.16. 

LM B 

150 4x200 150 4x200 153x180 3x180 Unloaded wagons 10 kN/m 
Locomotive Locomotive LoTender Tender Loaded wagons 85 kN/m 

LM A 

4x200 150 4x200 153x180 3x180 
Locomotive Locomotive LoTender Tender 

4150 Unloaded wagons 10 kN/m 

Loaded wagons 85 kN/m 
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Figure 2.16 – LM F/F46, E46 and D46 (1950) with defined 
characteristic values for vertical loads [kN]. 

1955 

The provisional LM F/F46 from 1950 was made permanent in Kungliga 
järnvägsstyrelsen (1955). LM E46 & Load Group 4x25 was slightly 
modified, the loaded wagon loads increased from 68 kN/m to 72 kN/m, 
and the model was renamed as LM 0,85F & Load Group 1. LM D46 & 
Load Group 4x20 remained the same, except for the name which was 
changed to LM 0,60F & Load Group 2. The three load models were 
reestablished in Kungliga järnvägsstyrelsen (1960). 

 

  

LM F/F46 

LM E46 & Load Group 4x25 

LM D46 & Load Group 4x20 

Unloaded 15 kN/m 6 x 250 
Locomotive Loaded 85 kN/m 

6 x 250 

7 x 1.6m 

Locomotive 

Unloaded wagons 15  
Loaded wagons 85 

7 x 1.6m 

4 x 250 
UL = 15 kN/m 
L = 68 kN/m 

5 x 1.6m 

L = 68 kN/m 
UL = 15 kN/m 

4 x 200 
UL = 15 kN/m UL = 15 kN/m 
L = 51 kN/m L = 51 kN/m 

5 x 1.6m 
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1989  

LM UIC 71, introduced in Banverket (1989), is similar to the prevailing 
LM 71, see Fig. 2.10a, and was originally developed by the International 
Union of Railways in the early 1970’s. LM Malm & Trans, Fig. 2.17, 
with 30 ton axel loads, was also introduced for the ore transportation lines 
in the northern parts of Sweden, (Janssen 2005).  

 
Figure 2.17 – LM Malm & Trans (1989) with defined characteristic 
values for vertical loads. 

1999 

In 1999 LM BV 2000 and Malm 2000 were introduced due to the 
increasing traffic demands, see Fig. 2.18, and the axel loads now exceeded 
30 ton for the first time, (Banverket 1999). 

 
Figure 2.18 – LM BV 2000 and Malm 2000 (1999) with defined 
characteristic values for vertical loads. 

3 x 1.6m 0.8m 0.8m

4 x 300 kN 

120 kN/m 120 kN/m

3 x 1.6m 0.8m 0.8m

4 x 330 kN 110 kN/m 110 kN/m 

3 x 1.6m 0.8m 0.8m

4 x 350 kN 120 kN/m 120 kN/m 

LM Malm 2000 

LM BV 2000 
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2009 

As the first new load model of the 21st century was introduced in 
Trafikverket (2009), the axel loads reached 400 kN for the first time. LM 
Malm 2010, Fig. 2.19, was specially intended for designing new bridges 
that were customized for the increasing traffic loads on the Iron ore line. 
The two load models from 1999 were still valid and the majority of new 
bridges were designed with loads according LM BV 2000. 

 
Figure 2.19 – LM BV 2000 and Malm 2000 (1999) with defined 
characteristic values for vertical loads. 

2.4. Concrete design during the last century 

This thesis is focusing on strengthening of existing concrete bridges and in 
order to strengthen an old structure it is of uttermost importance to know 
how it was designed and what norms and standards were applied. Design 
and construction of concrete structures has been regulated by 
governmental standards since 1926 and the design codes have shifted 
several times. The design of concrete structures can be divided into four 
eras, according to the regulating documentation, modified theory from 
Fagerlund (2010); 

� 1926 – 1994: Strictly governmental documents and design codes 

� 1994 – 2004: Governmental design codes + Design handbooks 

� 2004 – 2011: European design codes + Swedish supplements 

� 2011 – : European design codes 

3 x 1.6m 0.8m 0.8m 

4 x 400 kN 

140 kN/m 140 kN/m 
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The main documents for design of concrete structures are summarized in 
Table 2.5. 

Table 2.5 – Governing documents for design of concrete structures 
since 1926. 

Time period Governing documents 

1926 – 1930  
Normalbestämmelser för leverans och provning av cement 
(cementbestämmelser) samt för byggnadsverk av betong 
och armerad betong (betongbestämmelser), SOU 1926:13 

1930 – 1932  
Normalbestämmelser för leverans och provning av cement 
(cementbestämmelser) samt för byggnadsverk av betong 
och armerad betong (betongbestämmelser), SOU 1930:30 

1932 – 1934  
Normalbestämmelser för leverans och provning av cement 
(cementbestämmelser) samt för byggnadsverk av betong 
och armerad betong (betongbestämmelser), SOU 1932:24 

1934 – 1950  Statliga cement- och betongbestämmelser, SOU 1934:17  

1950 – 1957  Statliga betongbestämmelser, SOU 1949:64 

1957 – 1965  Statliga betongbestämmelser, SOU 1957:25 

1965 – 1974  Bestämmelser för betongkonstruktioner: material och 
utförande, B5 

1974 – 1979  Bestämmelser för betongkonstruktioner: material och 
utförande, ISBN 91-7332-003-X 

1979 – 1994  Bestämmelser för betongkonstruktioner: BBK 79, ISBN 
91-7332-046-3 

1994 – 2004  Bestämmelser för betongkonstruktioner: BBK 94, ISBN 
91-7332-686-0 

2004 – 2011  Bestämmelser för betongkonstruktioner: BBK 04, ISBN 
91-7147-816-7 

2005 –  
Eurocode 2: Design of concrete structures. Part 1-1, 
General rules and rules for buildings, SS-EN 1992-1-
1:2005 
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2.4.1. 2011 -  
The constitution of BFS 2011:10 EKS 8 (2011) stipulates that from May 
2, 2011, all new load carrying structures in Sweden shall be designed 
according to the standards of Eurocode 2. The national standard contains 
variations from the European version due to different conditions 
regarding geography, climate, social aspects and level of safety, but the 
main content is unchanged.  Prevailing norms and standards are given in 
Table 2.6.  

Table 2.6 – Prevailing norms since 2011.  

Area Document 

Design  
Boverkets föreskrifter och allmänna råd om tillämpning av 
europeiska konstruktionsstandarder (eurokoder) EKS 8, 
BFS 2011:10 

Concrete  Concrete - Part 1: Specification performance, production 
and conformity, SS-EN 206-1/A2:2005 

Cement 
Cement - Part 1: Composition, specifications and 
conformity criteria for common cements, SS-EN 197-
1:2011 

Cover  Concrete structures - Concrete cover, SS 137010 

Ballast Aggregates for concrete, SS-EN 12620 

Design Eurocode 2: Design of concrete structures. Part 1, SS-EN 
1992-1:2005 

2.4.2. 2004 – 2011 
Since 2004, all regulating norms and standards are based entirely on 
European standards instead of national, which earlier defined rules for the 
composition of concrete. In some applications, the European standards 
allow material and methods unsuited for the Swedish climate and national 
adaption documents complement e.g. requirements for concrete cover. 
The norms and standards are given in Table 2.7. 
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Table 2.7 – Norms for 2004 – 2011. 

Area Document 

Design  Boverkets konstruktionsregler, BKR 03 

Concrete  Concrete - Part 1: Specification performance, production 
and conformity, SS-EN 206-1 

Cement Cement - Part 1: Composition, specifications and 
conformity criteria for common cements, SS-EN 197-1 

Cover  Concrete structures - Concrete cover, SS 137010 

Ballast Aggregates for concrete, SS-EN 12620 

Design Boverkets handbok om betongkonstruktioner, BBK 04 

2.4.3. 1994 – 2004 
While the main documents until 1994 contained conclusive rules, the 
new BBK 94 only functioned as a handbook. But due to a great extent of 
references in the constitution of BKR 94, BBK 94 was practicly used as a 
standard. Among the main changes from previous standards European 
norms for cement were now adapted, expanding the cement options. The 
number of environmental classes was increased and the regulations for the 
water cement ratio in aggressive environments became stricter. Expected 
life before reinforcement corrosion initiates were defined in two new 
classes; L1 and L2 for 50 and 100 years, respectively, and the design of 
concrete cover was based on this classification. Norms and standards for 
1994 – 2011 are given in Table 2.8. 

Table 2.8 – Norms for 1994 – 2004.  

Area Document 

Design  Boverkets konstruktionsregler, BKR 94 

Cement Cement - Composition, Specifications And Conformity 
Criteria - Common Cements, ENV 197-1 

Design Boverkets handbok om betongkonstruktioner, BBK 94 
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2.4.4. 1926 – 1994 
During the period from 1926 – 1994, governing norms for design and 
construction of concrete structures were divided into two parts: 1) 
Cement and 2) Concrete. In 1965 a third category was introduced: 3) 
Reinforcement. The norms are summarized in Table 2.9 and their 
respective time periods for validity are given. 

Table 2.9 – Norms for 1994 – 2004.  

Area Time Document 

Concrete 

1926 – 1934  

Normalbestämmelser för leverans och 
provning av cement (cementbestämmelser) 
samt för byggnadsverk av betong och 
armerad betong (betongbestämmelser); 
SOU 1926:13, 1930:30 and 1932:24 

1934 – 1950  Statliga cement- och betongbestämmelser, 
SOU 1934:17 

1950 – 1965  Statliga betongbestämmelser; SOU 
1949:64 and SOU 1957:25 

1965 – 1979  Bestämmelser för betongkonstruktioner: 
material och utförande, B5 (1965 & 1974) 

1979 – 1994  Bestämmelser för betongkonstruktioner; BBK 
79  

Cement 

1926 – 1934  Normalbestämmelser för leverans och 
provning av cement 

1934 – 1960  Statliga cementbestämmelser 

1960 – 1980  Statliga cementbestämmelser, B1 (1960 & 
1982) 

Reinforcement 1965 - 1979 Bestämmelser för betongkonstruktioner: 
material och utförande – armering, B6 
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3. Strengthening of bridges 
3.1. Introduction 

Maintenance, repair and upgrading are different approaches to ensure a 
high level of structural performance. Structural performance is defined in 
terms of e.g. aesthetics, durability, function or load resistance, and the 
performance level requires to always being higher than the safety level, 
see Fig 3.1. The safety level is a minimum level of performance and if the 
actual performance descends the safety level e.g. in terms of load 
resistance, the structure is no longer suited for normal use. Precautions, 
i.e. maintenance, repair or upgrading, can however be implemented in 
order to decrease the deterioration rate or increase the performance. 

Maintenance is, according to Yang et al. (2006), a strategy to reduce the 
rate of degradation and refers to different methods performed to retain the 
structural performance. When the performance has deteriorated down to 
a critical level and maintenance can no longer provide sufficient safety, 
structures might require repair. Repair aims at restoring the original 
performance and if a higher performance is required, upgrading might be 
the solution. Strengthening is thereby a tool for both repair and upgrading 
and the choice of strengthening method depends on e.g. material, 
function, time perspective and reason for strengthening. 

In cases when strengthening is needed there is of uttermost important to 
determine; a) The current condition of the structure, b) Fundamental 
reasons, requirements and objectives for the strengthening, and c) Method 
for strengthening. 

The current condition of a structure is determined through a condition 
assessment (section 3.2), often assisted by structural health monitoring 
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(section 3.3), and the reasons, requirements and aims for strengthening is 
the outcome of the assessment (section 3.4). Several methods for 
strengthening are available and it is important to investigate which 
method is most appropriate to meet the requirements and aims (section 
3.5). All strengthening methods are however not applicable for every 
strengthening situation and a concept of case-specific possibilities and 
obstacles is obtained by the assessment. Chapter 3 is concluded with 
section 3.6, where the different strengthening methods are ranked 
regarding to their possibility to strengthen a concrete trough bridge deck 
in shear. 

3.2. Assessment of existing structures 

The first step towards strengthening is assessing the safety and condition of 
the actual bridge. According to Bién et al. (2007), there are two types of 
assessment procedures for existing bridges: condition assessments and 
safety assessments. Condition assessment is defined as a process for 
evaluation of the global state of bridge conservation, expressed in the 
form of condition rating, either quantitative (scale: 0-5, 1-10, 1-100, etc.) 
or qualitative (good, poor, acceptable, etc.). A safety assessment is a 
process of evaluating the remaining bridge safety, and is measured in 
terms of partial safety index, reliability index or probability of failure. 

The outcome from a condition assessment is data regarding extent and 
intensity of observed defects on the structure. Data about possible causes 
for defects and deterioration are also determined, as well as their impact 
on the safety and remaining service life of the structure. All collected data 
serves as a basis for choosing intervention methods and for rough cost 
estimations for curative work. The condition assessment can also serve as 
a relevant source of information regarding the assessment of remaining 
structural capacity. Four main objectives for condition assessment of 
bridges can be determined:  

a) Detect possible deterioration processes, b) Give a condition status of 
the bridge and its elements, c) Rank urgent repair and maintenance 
strategies, and d) Optimize and allocate the budget for maintenance and 
repair. 
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The strategy for condition assessment of structures can be divided into 
two phases:  

1. Collection of data   

2. Evaluation of data 

3.2.1. Collection of data   
The collection of data and information is relevant for all further structural 
analysis and the first step normally includes in-situ inspections of the 
bridge. All historic documentation is also of interest and if the collection 
of data is not properly performed and reported, the quality of the 
condition assessment might be negatively affected. The collection of data 
can be divided into two strategies based on the inspection technique 
applied: standard assessment and advanced assessment.  

Standard assessment techniques are widely available and are generally 
applied as periodic inspections at specified inspection intervals. One of the 
main disadvantages of the standard inspection is that a deterioration 
process can initiate just after an inspection has been performed. This 
disadvantage can however be eliminated by continuous inspections or 
long-term health monitoring. Three approaches for standard assessments 
were distinguished in the European founded research project, Sustainable 
Bridges (www.sustainablebridges.net), namely: Superficial inspection, 
general inspection and major inspection (Casas 2007). Superficial 
inspections are carried out by skilled maintenance personnel but generally 
without special knowledge of bridge pathology. Major anomalies are 
often detected during the regular maintenance surveys and the interval 
between the superficial inspections in generally one year. General 
inspections include visual examination of all parts accessible without using 
special access equipment. All visually detected defects which are recorded 
and the condition of the structures are evaluated in an appropriate 
manner. The time between two general inspections is typically between 2 
and 3 years. Major inspections are formed by visual examination of bridge 
elements. It is carried out by specialist engineers with expert knowledge 
on bridge pathology. All bridge elements are visually checked at the major 
inspection and the frequency should be 5 – 10 years or less, depending on 
the structural condition. Some specific and characteristic elements and 
materials are selected for laboratory testing. 
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Advanced assessment strategies are based on the use of more sophisticated 
techniques and testing methods besides the visual inspection and the 
simple tests, used at major inspections. Experimental techniques based on 
Structural health monitoring (SHM) methodology will permit a 
continuous inspection in time of bridges. This methodology is further 
discussed in section 3.3. 

3.2.2. Evaluation of data   
The evaluation often results in a structural condition index and the 
grading is typically: good condition, fair condition, poor condition, etc. 
Combined with each condition rating, a general description on the 
condition of the actual structure is given together with suggestions for 
urgent actions.  

3.3. Structural Health Monitoring 

Testing and inspection of the structural performance of structures such as 
bridges, dams, etc. have been conducted ever since mankind started 
building larger constructions. SHM originates from the airplane and space 
industry, (Farrar & Worden 2007), and the basic idea is to continuously 
monitor the behavior of critical structural parts. Early warning signals can 
thereby be obtained and the problems can either be amended 
immediately, or at a regular maintenance occasion, depending on the 
severity of the problem (Hejll 2007). 

Farrar and Worden (2007) defines structural health monitoring, SHM, as 
a process of damage identification, which can provide information about 
the current condition of a civil infrastructure. SHM is often used as a base 
for structural assessment, as well as for predictions about the structural 
performance (Kim & Frangopol 2008). The objectives of SHM generally 
include: a) assessment of the current structural performance in order to 
prevent structural failure; b) prediction of the remaining service life and; 
c) provide a decision tool for optimum maintenance and strengthening 
planning (Frangopol et al. 2008). SHM, combined with maintenance 
management, is thereby an important tool to preserve a high level of 
structural performance, but it can also monitor the performance and 
detect strengthening requirements.  
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3.3.1. Strategies for SHM 
Health monitoring is normally used to control the existing state of a 
structure, i.e. to assure structural stability or functions in a service state, 
and monitoring is often restricted to visual inspections at regular intervals. 
The strategy for SHM varies for different situations and depends on e.g. 
loading situation, structural phenomena, time perspective and evaluation 
method. 

The loading situation is an important parameter for most SHM strategies. 
Static loading might require one type of long-time monitoring system, 
while dynamic loading might require another type of dynamic 
monitoring. Sampling rate is strongly depending on the loading situation 
and dynamic loading often requires higher sampling frequencies than 
static loading (Quaegebeur et al. 2010).  

Different structural phenomena might need different strategies for health 
monitoring, i.e. monitoring of concrete cracking requires one strategy, 
while vibration monitoring requires another strategy. The probable cause 
for the structural phenomena needs to be identified in order to determine 
parameters for monitoring. Examples of parameters are forces, stresses, 
displacements, rotations, vibrations, and strains. Environmental parameters 
might also have influence on the phenomena such as temperature, 
humidity, wind, traffic, etc. (Atkan et al. 2003). 

The time dependent strategies are described by the duration and 
frequency of the measurements, and are characterized as short-term, long-
term, periodic or continuous monitoring. Short-term monitoring is 
applied for structures examined at a specific point in time and is generally 
initiated if a deficiency or damage has been detected during a visual 
inspection. Continuous monitoring is, according to Mufti et al. (2003), 
considered to be “long term” when the monitoring is carried out over a 
period of years-to-decades. Long-term monitoring often refers to the 
service life of the structure. Data collection at certain intervals is defined 
as periodic monitoring and can be either regular, conducted at specific 
intervals, or triggered, i.e. initiated by a specific event, e.g. when a 
measured parameter exceeds a threshold (Hejll 2007). 
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3.3.2. SHM of Bridges 
Mufti (2002) defines the objective of SHM as: accurate and efficient 
monitoring of in-situ behavior of structures, performance assessment 
under various service loads, deterioration- and damage detection, and 
determination of the structures health or condition. The SHM system 
should be able to provide reliable information concerning the safety and 
integrity of a structure, and the information should then be incorporated 
into bridge maintenance and management strategies. Design guidelines 
can also gain benefit from the collected information, by becoming more 
accurate. The sensitivity of SHM can allow for short-term verification of 
innovative designs, early detection of problems, avoidance of failures, 
effective allocation of resources, and reduced maintenance costs. 

SHM systems for bridge monitoring are, according to Ko & Ni (2005), 
generally considered to:  

� Validate design assumptions and parameters with the potential 
benefit of improving design specifications and guidelines for future 
similar structures.  

� Detect anomalies in loading and response, and possible 
damage/deterioration at an early stage to ensure structural and 
operational safety. 

� Provide real-time information for safety assessment immediately 
after disasters and extreme events. 

� Provide evidence and instruction for planning and prioritizing 
bridge inspection, maintenance and repair. 

� Monitor repairs and reconstruction with the view of evaluating the 
effectiveness of maintenance, retrofit and repair works. 

� Obtain massive amounts of in situ data for leading-edge research in 
bridge engineering, such as wind- and earthquake resistant designs, 
new structural types and smart material applications. 

Structural health monitoring technology for surveillance, evaluation and 
assessment of existing or newly built bridges has been developed and 
monitoring systems are implemented on bridges in Sweden, (see e.g. 
Leander & Karoumi 2012, Peeters et al. 2009, Karoumi et al. 2009, 
Karoumi & Andersson 2007 and Täljsten et al. 2007) Europe (see e.g. 
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Oth & Picozzi 2012, Hoult et al. 2010 and Magalhães et al. 2008) and the 
rest of the world (see e.g. Fujino & Siringoringo 2011, Farhey 2005, Sun 
et al. 2009 and Moyo & Tait 2010) 

3.4. Reasons for strengthening 

A structure is always expected to have a certain level of structural 
performance, which is expressed by aesthetics, durability, function or load 
resistance (Hejll, 2007). The focus of this thesis is on the load resistance. 
The resistance of a structure must at all time exceed the load acting on it. 
Most structures are initially designed to carry a certain level of loads, the 
design loads, which are based on e.g. the traffic loads at the time of 
design. During the service life, the structure is exposed to different kinds 
of destructive forces, degrading the performance until the load resistance 
finally descends the loads acting on the structure and it cannot provide a 
satisfying level of safety for the users. The destructive forces can for 
example be expressed as chemical, biological or physical deterioration, as 
well as accidental actions and they are governed by e.g. traffic intensities 
and quality of workmanship (Kim & Frangopol 2008).  

Fig. 3.1 illustrates the level of performance for a structure, e.g. a bridge, 
over its service life. The level of performance is defined as the difference 
between the loads and the load resistance and if the resistance descends 
the loads, improvement measures are required for further use of the 
structure. The structural load resistance is represented by the solid line, 
while the loads are represented by the dashed line. Different scenarios 
might occur during the service life and different structures are affected 
differently, i.e. there are no standard curves to apply. The service life of 
the bridge in Fig 3.1 includes a number of specified incidents: 

0) The bridge is constructed and initially there is a margin between the 
loads and the load resistance. The bridge is exposed to degradation, 
reducing the level of performance. 

1) The performance has reached a critical level due to deterioration 
and the bridge must be repaired in order to regain the maintain the 
function. 
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2) Due to higher traffic loads, the load resistance is increased, and the 
bridge is upgraded in order to obtain a higher load carrying capacity 
than the original level. 

3) An accident causes a sudden drop of the load resistance and the 
bridge needs to be closed during the repair due to the insufficient 
capacity, i.e. the resistance is lower than the loads.  

4) The performance has reached a critical level and the bridge owner 
decides not to rehabilitate, but to introduce load restrictions for the 
bridge. Thereby the traffic loads are decreased and the bridge is only 
open for light traffic during the remaining service life. 

5) The performance is once again on a critical level and the cost of 
repairing the bridge exceeds the cost for building a new one, and 
bridge is finally replaced with a new one. 

As seen in Fig. 3.1, there are several reasons for strengthening of 
bridges. Severe deterioration might have led to a lack of performance 
and a need for repair, the loading situation might have changed from 
the original state causing upgrading needs, and accidents or vandalism 
might have affected the performance, etc. 

 

Fig 3.1 – Performance and load resistance during the service life of a 
bridge.  



3. Strengthening of bridges 

45 

The objective of strengthening is always to enhance the structural 
performance, but there are different performance aspects to consider, e.g. 
flexural capacity, shear capacity, torsion, etc. and the direction of required 
strengthening might differ from case to case. 

3.5. Strengthening methods 

There are several methods and techniques for improving the load carrying 
capacity of existing structures and this section only consider strengthening 
of concrete bridges. Strengthening can be performed as repair and 
upgrading, but the main objective is always to increase the current 
performance. Five strengthening approaches for existing structures are 
discussed in the following sub-sections; changing the structural system, 
increasing the cross section, adding steel components, adding composite 
components and post-tensioning. 

3.5.1. Changing the structural system 
Some structures can be modified to carry higher loads by changing the 
load paths within the structure. Fig. 3.2 illustrates an example where the 
structural system is changed due to an extra support in the midspan. By 
this modification, the maximum moment is reduced by 75% and the 
maximum shear is reduced by 37.5%, as seen in the equations in Fig. 3.2. 
The modifications can include new supports, columns, beams, etc. but 
due to changed load paths, extra strengthening might be required in 
connection to these modified parts. 

3.5.2. Increasing the cross section 
Concrete structures can, in some cases, be strengthened by increasing the 
cross section of the structural elements and a variety of material can be 
used for this strengthening approach. By increasing the concrete area, the 
structural resistance will also be increased and a higher capacity can 
therefore be obtained. Enlarged cross sections are, however, not always a 
feasible solution due to restricted space for the traffic on or around the 
bridge. Larger cross sections might also result in higher permanent loads 
and if one structural element is strengthened, another might suffer from 
the increased dead-loads. Adding plain concrete to a cross section is a 
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suitable method for cases where the compressive strength is insufficient, 
but the bond between old and new material is crucial for the 
strengthening effect and should be treated with caution. By incorporating 
material with superior material properties, compared to concrete, the 
strengthening effects can be significantly increased, and this is especially 
important for tensile strengthening.  

 
Figure 3.2 – Maximum moments and shear forces are reduced by 
introducing an extra support in the midspan. 

Jacketing is a common technique for strengthening of existing concrete 
columns (Vandoros & Dritsos 2008) and the jackets might consist of plain 
concrete, reinforced concrete, fibre reinforced concrete, steel, FRP, etc. 
(see e.g. Pessiki et al. 2001, Priestly et al. 1994 and Martinola et al. 2010).  
The use of a reinforced concrete jacket requires layers of concrete with a 
minimum thickness of 60–70 mm due to the presence of rebars that 
require a minimum concrete cover (Fib 2003). 

Shotcrete or sprayed concrete has a similar approach as jacketing and is 
used to strengthen various structures, e.g. tunnels, walls and columns (see 
e.g. Zhao et al. 2011, Warner 1995, Kahn 1984 and Morgan et al. 2006). 
The surface of the existing structure is sprayed with concrete or fiber 
reinforced concrete and additional reinforcement might be incorporated 
in the new concrete layer. 

1. Original layout 

L L/2 L/2 

2. Modified layout 
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3.5.3. Adding steel components 
Strengthening of existing concrete structures by adding various steel 
components have been reported since the mid-20th century. Additional 
steel components are often incorporated when cross sections are enlarged 
by shotcrete or jackets and the strengthening effects are thereby enhanced. 
Asplund (1949) increased the capacity of concrete slabs by grouting 
additional reinforcement in mechanically produced grooves and the 
capacity was comparable to slabs where the additional reinforcement was 
introduced already at casting. The method has later on been referred to as 
near surface mounted (NSM) reinforcement and extensive research has 
been performed regarding the strengthening technique. Research has 
however found the use of fibre reinforced polymer to be better suited for 
many applications due to favorable material properties, e.g. low density 
and non-corrosive. 

Surface bonding of steel components has also been applied as a 
strengthening method for concrete structures since the mid-1970s. 
L’Hermite & Bresson (1967) performed some early tests on concrete 
strengthened for flexure and Breson (1971) was one of the pioneers for 
shear strengthening with steel plates. The method has also been applied in 
Sweden, see e.g. (Täljsten 1994). Steel plates are bonded to the concrete 
surface by e.g. epoxy resins or steel bolts, and the structural stiffness is 
thereby increased. Due to the relatively higher material stiffness and 
strength, compared to concrete, strengthening components require 
relatively small additional material. Horizontal lining of steel components 
has high influence on the flexural capacity and the shear capacity is mostly 
affected by transversal lining of additional components. Swamy et al. 
(1999) showed that with properly designed, externally bonded plates in 
the form of end anchorages, U-shaped strips/stirrups, and confinement 
plates for the compression zone, it is possible to transform the brittle shear 
failure of a beam without any shear reinforcement into a ductile flexural 
failure. The bond between concrete and steel parts is crucial for the 
strengthened structure and debonding is an important failure mode (Smith 
& Teng 2001). 
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3.5.4. Adding composite components 
Composite materials can be defined as materials composed of two, or 
several, materials with different physical and/or chemical properties. Fibre 
reinforced polymers (FRP) are common for structural strengthening 
applications and are consisting of fibres and a matrix. The matrix for 
construction applications normally consists of thermosetting resins, e.g. 
vinyl esters, epoxy or polyester, typical material properties are summarized 
in Table 3.1 (Täljsten et al. 2011). Epoxy is however most commonly 
used (Sas 2011) and the main function of the matrix is to protect the 
fibres from external environmental stresses and transfer forces between the 
independent fibres, as well as stabilizing the fibre positions. 

The mechanical performance of the composites is highly dependent on 
the fibre properties and the fibre volume. Normal fibre amounts for FRP 
is in the range of 35-70%, depending on the choice of material and 
production process of the composite (Blanksvärd 2009). Normal fibre 
materials are carbon, glass and aramid, and typical material properties are 
given in Table 3.1. 

Table 3.1 – Material properties for FRP constituents (Täljsten et al. 
2011). 

 Material Density      
.          

[kg/m3] 

Tensile 
strength 
[MPa] 

Modulus of 
elasticity 
[GPa] 

Maximum 
strain     
[%] 

Matrix 

Polyester 1200 – 1400  34.5 – 104  2.1 – 3.5  1.0 – 6.5  

Epoxy 1200 – 1400  55 – 130  2.7 – 4.1  1.5 – 9.0 

Vinylester 1150 – 1350  73 – 81  3.0 – 3.5 4.0 – 5.0 

Fibres 

Glass 2200 – 2500  1800 – 4580  70 – 86 2.0 – 3.3 

Carbon 1750 – 1950  2500 – 4000  240 – 650 0.5 – 1.1 

Aramid 1440 3620 62 – 175  1.4 
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Strengthening components made of composites can be generally be used 
for the same applications as steel components, i.e. confinement or 
jacketing of concrete beams and columns (Rousakis et al. 2008, Teng et 
al. 2007 and Mirmiran & Shahawy 1997), surface bonding (Chen & Teng 
2001 and Lu et al. 2005) and NSM reinforcement (De Lorenzis & Teng 
2007). Installation of NSM reinforcement in existing structures include 
cutting grooves in the concrete surface, inserting composite rods in the 
grooves and filling the grooves with a resin to obtain bonding to the 
concrete and protection for the fibres. Composites can be applied as 
prestressed or non-prestressed reinforcement. Prestressed composite bars, 
strips or plates are typically pre-tensioned before they are bonded to the 
concrete and additional structural resistance is thereby provided. The 
prestressed composite actively counteracts the structural stresses caused by 
external loads. Prestressed composites, however, generally require 
additional end anchorage to avoid premature debonding. 

Research is also investigating the possibility to apply mineral-based 
composites (MBC) instead of traditional epoxy bonded solutions. MBC 
are defined as high strength and low density fibre material, bonded to a 
concrete surface by a fine grade mineral-based binder. The properties of 
MBC are highly dependent on the interaction between the cementitious 
binder and the fibre composite. The use of MBC is described in Täljsten 
& Blanksvärd (2007) and Blanksvärd et al. (2009), and similar systems 
have been developed by e.g. Tarantfillou & Papanicolau (2006) who 
investigated the use of textile reinforced mortars, while Wu & Teng 
(2002) recommended fibre reinforced composites. 

3.5.5. Post-tensioning 
Post-tensioning of existing structures is a strengthening method where the 
aim is to apply a load, which will counteract the internal stresses caused 
by the normal actions, i.e. traffic loads, etc. Post-tensioning components 
can be prestressed and bonded to the concrete surface (see e.g. Al-Emrani 
& Kliger 2006), or unbonded and anchored at the ends. (see e.g. Bennitz 
et al. 2012a). The strengthening systems can also be installed internally, 
within the structure, or externally. All post-tensioning systems require 
some kind of prestressing bars, typically made of steel or composite 
material, and the main function for these bars are to introduce prestressing 
forces in the concrete structure. Prestressing steel normally consists of 
single wires or strands with several wires, but plain and threaded bars are 
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also applied for post-tensioning purposes. Prestressing composites for 
surface bonding typically consist of square shapes, such as plates or square 
rods, while composites for other prestressing solutions typically are round 
in their shape. Post-tensioning systems also require an anchoring solution. 
While bonded systems have their anchoring in their bond, i.e. epoxy, 
concrete or bolts, unbonded solutions are bound to have an end anchor. 
Threaded prestressing bars made of steel can be anchored by anchor nuts, 
which are screwed onto the prestressing bar. Prestressing bars with 
smooth surfaces, on the other hand, require some kind of wedge anchor. 
The wedge anchors consist of an external sleeve and an internal wedge 
and as the prestressing bars are stressed, the wedge slides into the sleeve, 
providing mechanical anchoring.  

The design of anchoring devices for composite bars are is extremely 
important, due to the fibres relatively low strength in the fibres 
perpendicular direction. A new kind of end anchor for structures 
externally post-tensioned with bars made of FRP was recently developed 
at Luleå University of Technology in collaboration with the Technical 
University of Denmark, see Schmidt et al. (2010). The main focus has 
been on avoiding high stresses in the perpendicular direction of the fibre 
(Schmidt et al. 2011) and the wedges have longitudinal slits and slits to 
provide effective anchoring. Tests were performed on reinforced concrete 
T-beams externally prestressed with FRP bars and the results 
corresponded to earlier tests on beams strengthened with prestressed steel 
bars (Bennitz et al. 2012a). 

Prestressing bars are typically aligned in the horizontal direction for 
flexural strengthening applications and vertical alignment has the highest 
impact on the shear capacity. The vertical location of horizontal 
prestressing bars, affects the flexural strengthening effect, and a low 
placement generally result in higher positive effect on the flexural 
capacity. A high vertical position of horizontal prestressing bars can 
however have negative effect on the flexural capacity if the prestressing 
force is applied above the neutral layer due to higher strains in the tensile 
reinforcement. Horizontal prestressing does not only affect the flexural 
capacity of a strengthened concrete structure, the shear capacity might 
also gain benefits from the initial compression of the cross section.  
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External post-tensioning is not a feasible solution for all existing concrete 
structures due to e.g. lack of anchoring surfaces and lack of space. For 
internal post-tensioning systems, the prestressing bars are penetrating the 
inside of the strengthened element and thus require holes through the 
existing structure. Typically, existing concrete structures are not prepared 
with holes for post-tensioning, and these holes need to be produced in-
situ. Internal prestressing is therefore a quite rare strengthening technique 
for existing reinforced concrete structures due to the risk of spoiling 
existing reinforcement during production of internal holes.  

One way of producing holes in a concrete structure is core drilling, which 
was successfully tested for strengthening of a concrete bridge deck in 
Sweden. Holes were drilled transversally through the bridge deck and an 
unstressed composite tube was bonded to the inside of the hole with the 
main function of increasing the flexural capacity in the transversal 
direction of the deck (Bennitz et al. 2012b). The vertical mid-section of 
the deck was chosen for the holes in order to reduce the high risk of 
spoiling existing steel reinforcement within the bridge deck during 
drilling.   

3.6. Shear strengthening of concrete bridge decks 

The strengthening techniques discussed in section 3.5 are summarized in 
Table 3.2 and their adequacy for shear strengthening of existing 
reinforced concrete bridge decks is discussed.  

 
Table 3.2 – Shear strengthening of reinforced concrete bridge decks, 
possibilities and obstacles for different strengthening methods. 

Strengthening 
method Comment 

Changing 
structural system 

The structural system can be modified for some structures 
by e.g. introducing new supports, beams, columns, etc. This 
is however not an applicable method to increase the shear 
capacity on concrete bridge decks. 
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Increasing cross 
sections 

Cross sections can be enlarged by adding extra material and 
the new material doesn’t necessarily have to be concrete. 
Steel and composite material can be wrapped around the 
existing structure to provide a higher capacity. The only free 
surface area of typical railway bridge decks is the bottom 
side (top is covered by ballast and sides are covered by 
beams) and adding material on this surface will decrease the 
free space under the bridge. If e.g. a road is running under 
the bridge, the height might not be possible to alter due to 
high trucks. Adding extra material under the bridge deck 
might have high influence on the flexural capacity, but the 
shear capacity will not be affected to the same extent. 

Additional steel 
or composite 
components 

As mentioned previously, the only free surface of a railway 
bridge deck is the bottom side and additional components, 
bonded to the concrete surface will have the highest impact 
on the flexural capacity. Applying NSM reinforcement will 
not affect the free height under the bridge, but the 
contribution is however quite small.  

Extra internal components have the possibility to increase 
the shear capacity, especially if they are aligned vertically. 
One problem related to extra internal reinforcement 
components in existing bridge decks is the installation 
process. Drilling of holes in existing reinforced bridge decks 
requires delicate precision and if existing reinforcement is 
harmed, the capacity might actually decrease. Two of the 
main problems related to extra internal vertical components 
are: 1) Due to the large bottom area of bridge decks, a 
relatively high number of additional components might be 
required and the risk of harming existing reinforcement is 
therefore increased. 2) Due to relatively small thicknesses of 
concrete bridge decks, sufficient anchoring for the new 
components might be difficult to provide.  

Extra internal horizontal components are principally 
bounded to the vertical mid-section of the slab, due to 
existing reinforcement. Unstressed extra components located 
near the neutral layer does, however not have a high effect 
on neither the flexural capacity, nor the shear capacity. 
Internal horizontal components can however be post-
tensioned and therby increase the capacity in flexure, as well 
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as in shear.   

Post-tensioning 

External post-tensioning cannot be executed in order to 
increase the shear capacity of an existing railway concrete 
bridge deck. Internal post-tensioning however might be a 
feasible solution for shear strengthening as well as for 
flexural strengthening. Vertical alignment would 
theoretically have the highest positive impact on the shear 
capacity, but due to the problems discussed in the 
“additional steel or composite components” section, 
horizontal alignment is preferred for the post-tensioning 
components.  

Steel or composite bars can apply for post-tensioning. Since 
steel is a corrosive material, non-corrosive composite 
materials would theoretically be a more sustainable solution. 
There are however still some uncertainties regarding long 
term end-anchoring of post-tensioned composite bars and 
corrosion protected steel bars are therefore preferred.  
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4. Design and application 
In chapter 3, unbonded internal post-tensioning was found to be the most 
suited strengthening method for upgrading of the transverse shear capacity 
of concrete trough bridge slabs due to increased traffic loads, discussed in 
chapter 2. This chapter will establish design procedures for unbonded 
post-tensioning in accordance to prevailing Eurocode 2 protocol (CEN 
2004). Equations for the strengthening contribution to the shear capacity, 
as well as for the flexural effects are given in section 4.2. A method for 
determination of lateral distance between prestressing bars is suggested in 
section 4.2.3 and the chapter is concluded with propositions for practical 
application.   

4.1. Introduction 

Due to the previous findings, see chapter 3, the main focus of this chapter 
is upgrading of RC trough bridge decks by unbonded transverse post-
tensioning of the slab. Post-tensioning will introduce a compression 
within the slab and thus reduce the tensile strains within the cross section. 
As the tensile strains are reduced, the load resistance of the bridge will 
increase and the railway line can thereby be utilized by heavier traffic.  

Heavier traffic is desirable for the industry as well as for the environment 
since heavier trains can transport more goods and thereby enhance the 
transportation efficiency and also reduce the transportation costs. The 
environmental effects of increasing the railways share of land 
transportation is significantly reduced traffic emissions, compared to 
traditional road transportation. Upgrading of existing bridges is usually the 
best economical solution for a bridge owner who wants to increase the 
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traffic loads on a railway line. Actually there are only two possible 
solutions, upgrading of the existing bridge or replace it with a new, 
stronger one. The first step in the upgrading consist of refined design 
calculations and the load bearing capacity of some bridges can be 
enhanced only by performing these administrative measures. Bridges that 
cannot be upgraded by refined calculations, however, require some kind 
of strengthening application. 

Figure 4.1 illustrates a RC trough bridge, post-tensioned by three internal 
prestressing bars. The first step towards upgrading the transverse load 
resistance of the bridge deck is introducing a hole through the slab for the 
prestressing bars or strands. End anchoring is applied for unbonded post-
tensioning and the anchoring system typically consists of two anchoring 
plates and two anchoring nuts or wedge-anchors, one on each side. 
Anchoring nuts are used for threaded prestressing bars, while wedge-
anchors are used for plain bars and prestressing strands. The function of 
the anchoring plate is typically to: a) transfer the prestressing force from 
the bar to the concrete structure, b) obtain a perpendicular and smooth 
surface for the anchoring device, and c) distribute the prestressing force 
onto a larger surface area in order to avoid local concrete crushing behind 
the anchor.  

 

Figure 4.1 – Typical appearance of a post-tensioned trough 
bridge. 
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One of the anchors is chosen as the active side, while the other side is the 
passive side. The passive anchor is locked into position prior to stressing, 
while the active anchor is the one that is stressed. The stressing is typically 
performed by some sort of hydraulic jack and after reaching the desired 
level of prestressing force, the active anchor is locked into position. One 
of the key properties for the longevity of a post-tensioning system is the 
corrosion protection. The post-tensioning procedure is further explained 
in section 4.3. 

4.2. Design of post-tensioning 

Post-tensioning introduces a horizontal prestressing force, N, in the cross-
section and the prestressing bar is also subjected to tensile strains caused by 
loads applied after strengthening, e.g. traffic loads. If the prestressing is 
applied close to the neutral layer of the cross section, the additional tensile 
strains in the prestressing bar due to traffic loads are however quite small. 
Figure 4.2 illustrates the strain distribution in a rectangular concrete cross 
section with compressive and tensile reinforcement, post-tensioned at the 
vertical mid-section. 

 

Figure 4.2 – Strains in a post-tensioned cross section with the post-
tensioning applied in the vertical mid-section. 
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The rectangular cross section in Fig. 4.2a represents an existing structure 
with some permanent loads, e.g. dead load and ballast. These permanent 
loads are causing a certain level of initial strains in the unstrengthened 
cross section, see Fig 4.2b. Unbonded post-tensioning in the vertical 
central layer of the cross section will cause an theoretically evenly 
distributed compressive strain, , see Fig 4.2c, and the tensile strains in 
the strengthened cross section are thereby reduced by , see Fig. 4.2d. 

A design aspect specifically related to post-tensioning is the choise of 
lateral distance between prestressing bars. The design approach in this 
thesis is that concrete slabs should obtain full compressive action within 
the entire slab, but the method could be further developed by taking into 
account the load paths within a concrete slab. This design procedure is 
however described in section 4.2.3. 

4.2.1. Flexural design 
Post-tensioning can be used to enhance the flexural resistance of concrete 
structures. The basic idea is to reduce the tensile strains in the cross 
section and by altering the vertical position of the horizontal prestressing 
bars the strain distribution and thereby the flexural capacity will be 
affected, assuming the cross section doesn’t fail in compression. A low 
vertical position would theoretically have the highest positive effect on 
the flexural capacity. If another vertical position than the neutral layer is 
chosen for the post-tensioning, the excentri prestressing force, N, can be 
divided into a centrical compressive force and a moment. Fig. 4.3 
illustrates the stress distribution in a post-tensioned concrete cross section, 
without external loads.  

The stress level in the top- and bottom levels of the cross section can then 
be determined by Naviers equation. 
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Figure 4.3 – In order to determine the stress distribution in the cross 
section, the excentric post-tensioning force, N, is divided into a 
centric compressive force, N, and a moment, MN. 

An external load, in form of a positive moment, My, is added to the cross 
section of Fig 4.3. The new load reduces the compressive stress in the 
lower part of the cross section and for a certain external moment, the 
stress in the level of the post-tensioning will become zero, as seen in Fig 
4.4. 

As the load is increased further, the strain in the prestressing bar also 
increases, and eventually the concrete in the tensile zone will start 
cracking. At the ultimate limit state, the strain in the ultimate has 
increased to  and the failure mode depends on whether 
the reinforcement strain yields or if the compressive strains in the 
concrete have reached its critical level. The critical level for compressive 
strains is typically defined as  . 
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Figure 4.4 – In order to determine the stress distribution in the cross 
section, the excentric post-tensioning force, N, is divided into a 
centric compressive force, N, and a moment, MN. 

The reasoning above can be summarized by following the load-
deformation curve in 9 subsequent steps as seen in Table 4.1. Figure 4.5 
illustrates the curve and cross sectional stress distributions are shown for 
each step. 

Table 4.1 – 9 steps in the load-deformation curve for a prestressed 
concrete cross section. 

Step Event 

1 Theoretical point where no external loads are active, except 
for the prestress. 

2 The cross section is loaded by post-tensioning and dead loads.  

3 At a certain level of external load, the curvature becomes 
zero and the strain is constant in the cross section. 

4 The strain in the bottom side eventually equals zero. 

5 The strain in the level of the prestressing bars becomes zero. 

6 The tensile capacity is reached at the concrete bottom fibres, 
the cross section has now reached stadium II. 

7 – 8 The concrete cracks and the concrete curve changes from 
linear to bilinear.  

9 The cross section reaches its load carrying capacity. 
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Figure 4.5 – Relations between loads from post-tensioning, N, 
external loads, P, concrete stress and deformation for a prestressed 
concrete beam. Stress distribution at different levels of loading are 
given below the load-deformation curve. 
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The flexural design for post-tensioned concrete structures depends on the 
failure mode. The modes of failure can be determined by calculations, 
with respect to the stress levels in the cross section, see Fig. 4.5. A 
simplified approach points out six possible failure modes, namely: 

1. Compressive failure behind the anchor plates, caused by 
exceeding the ultimate compressive strain of the concrete. 

2. Compressive failure in the compressive zone, represented by x in 
Fig 4.3. 

3. Yielding in the compressive reinforcement. 

4. Anchorage failure. 

5. Failure of the prestressing bar (yielding in steel members or 
rupture in composite members). 

6. Yielding in the tensile reinforcement. 

As seen in load step 8 and 9 in Fig 4.5, the tensile resistance of concrete is 
neglected for design in stadium III, i.e. when tensile cracks are present. 
The reason for neglecting the concrete tensile resistance is based on the 
fact that once there is a crack in concrete, there is no residual tensile 
strength left in the material and once a crack has formed, the concrete 
cross section can not return to its original uncracked state. The basic 
design principle is that the resistance of the cross section in Fig. 4.5 should 
be greater than, or equal to, the design value for the applied loads. 
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The flexural resistance of a reinforced concrete cross section can be 
determined by following the general calculation steps in equation 4.3 – 
4.6.  

 

The expression of equation 4.3 can be developed into the expression 
given in equation 4.4 and the distance to the cross sections neutral layer, 
x, can be determined as in equation 4.5. 

   

 

The flexural resistance can finally be determined by formulating moment 
equilibrium for the cross section. Equation 4.6 defines moment 
equilibrium around the concretes resultant force, FC. 

 

 

The six failure modes are described below. 
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1. Compressive failure behind the anchor plates 

The horizontal force, N, caused by the post-tensioning is distributed to 
the concrete member over a certain surface area, which basically is equal 
to the area of the anchor plate, AA. The area of the anchor plate requires 
being large enough to prevent high compressive stresses and concrete 
crushing behind the plate. The compressive strain is determined by the 
expression of equation 4.7. 

 

The concrete compressive stress should however, according to Eurocode 
2, section 5.10.2.2, be limited to . 

2. Compressive failure in the compressive zone 

If the maximum compressive strain in the cross section exceeds the 
ultimate compressive strain of concrete, the concrete will crack. The cross 
section should thereby be designed to always have the concrete 
compressive stress lower than the ultimate compressive stress level, , as 
seen in equation 4.8.  

 

3. Failure in the compressive reinforcement 

A failure in the compressive reinforcement typically follows after a 
compressive failure of the concrete. The failure criteria is however 
compressive steel stresses exceeding the compressive capacity of the 
reinforcement, . Equation 4.9 should therefore always be valid for the cross 
section. 
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4. Anchorage failure 

The ultimate load capacities for different end anchors are typically 
provided by the supplier and are not within the scope of this thesis. The 
design criterion is however given in equation 4.10. 

 

5. Failure of the prestressing bar 

The ultimate capacity of the prestressing bar depends on its geometry and 
material properties. As stated previously, typical prestressing bars are made 
of steel or composite material, but the design criterion is however not 
dependent on the material. The stress in the bar, , should be kept 
lower than the stress resistance (yield stress for steel bars), , as seen in 
equation 4.11. 

 

6. Yielding in the tensile reinforcement 

Tensile strains in the cross section are reduced by the introduction of a 
horizontal force, as is the case for post-tensioning. Yielding in the tensile 
reinforcement is however still one of the most common failure modes and 
the design criteria is that the tensile stress in the reinforcement, , should 
be lower than the yield strain, . 
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4.2.2. Shear design 
One of the limitations of this thesis is to only consider shear design 
according to Eurocode 2. The general procedure for shear design of 
concrete structures is described in chapter 6.2 of Eurocode 2. Two design 
cases are differentiated depending on the presence of shear reinforcement: 
1) members without shear reinforcement and 2) members with shear 
reinforcement. The two design cases are separated by different 
computational routines for the shear resistance. 

Members without shear reinforcement 

The shear resistance for concrete structures without shear reinforcement is 
given by equation 4.13, with a limit for the minimum resistance given in 
equation 4.14.  

 

 

As seen in equation 4.13, the shear resistance contribution from the 
prestressing is included in the shear resistance of the concrete. The 
contribution from the prestressing can be separated from the expression in 
equation 4.13, as seen in equation 4.15. 

 

The expressions of equation 4.13 – 4.15 can be used for determining the 
shear resistance of regions cracked in bending, but for uncracked regions 
(where the flexural tensile stress is smaller than ) the shear 
resistance should be limited by the tensile strength of the concrete. The 
shear resistance for these regions is determined by equation 4.16. 

 

The different terms and parameters in the shear resistance equations are 
found in the notations section. 
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Members with shear reinforcement 

In concrete members with inclined, see Fig. 4.6, or vertical shear 

reinforcement, the concrete contribution is neglected and the resistance is 

only defined by the steel contribution,      . The smaller value of 

equation 4.17 and 4.18 should be chosen as the shear resistance. 

      
   
 
        (         )                            (    ) 

                        
(         )

       
               (    ) 

Concrete bridge decks do, however, typically not contain any shear 

reinforcement.In equation 4.18,     is a coefficient taking into account 

of the state of stress in the compression chord, i.e. it depends on the 
prestressing.  

One problem for trough bridges is the transition zone between the slab 

and the main girders. Some of the flexural tensile reinforcement is 
typically bent up at this zone and can thereby be considered as shear 

reinforcement and thereby, equation 4.17 and 4.18 should be applied. 
However, since only some of the flexural reinforcement is bent up, and 

the shear resistance of the remaining horizontal reinforcement and the 

concrete is ignored, the calculated capacity of these zones might be very 
low.  
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Figure 4.6 – Shear reinforced concrete member. 

4.2.3. Lateral spacing between prestressing bars 
A perpendicular contact between the prestressing system and the concrete 
trough bridge was required to ensure effective stress transfer from the 
prestressing bars to the bridge. Concrete trough bridges are often skewed, 
with the transverse reinforcement aligned in the same angle as the 
supports, see Fig 4.7.  

 

Figure 4.7 – Plan view of a skewed trough bridge. Main 
reinforcement in the slab is illustrated by thick lines. 
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Post-tensioning bars are preferably aligned in the same direction as the 
main transverse reinforcement, mainly to reduce the risk of harming rebar 
while drilling the holes. Some kind of wedge formed spacer is thereby 
required to obtain perpendicularity between the end-anchoring device 
and the concrete surface. The wedge can also function as a load 
distributor, spreading the prestressing force over a larger concrete area and 
preventing local concrete crushing or splitting behind the post-tensioning 
anchors. 

Eurocode 2, section 8.10.3(5), states that a prestressing force may be 
assumed to disperse at an angle of , starting at the end of the anchoring 
device, see Fig 4.8. The magnitude of  is assumed to be;  

 

 

Figure 4.8 – Force dispersion according to Eurocode 2. 

The prestressing force in a post-tensioned trough bridge is transferred 
from the bar, through the anchor plate (and eventual distribution 
wedges), onto the concrete structure, see Fig 4.8. The main girders of 
trough bridges are assumed to function as load distributors for the 
horizontal force. As the bars are tensioned, the stress is dispersed over a 
greater area as it passes through the girders. Fig 4.9 illustrates the stress 
dispersion through the main girder of a concrete trough bridge according 
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to Eurocode 2 protocol. Size of, and lateral spacing between, individual 
plates is governed by the width of the main girders. The design approach 
is based on achieving full compressive action in the entire slab, i.e. the 
compressive zones from individual prestressing bars should merge at the 
junction between the girder and the slab, as seen in Fig 4.9. 

 
Figure 4.9 – Force dispersion in the main girder of a concrete trough 
bridge. Full compressive action in the slab is the main objective for 
the design. 

4.3. Implementation of unbonded post-tensioning in 
existing structures 

The strengthening procedure for internal transverse unbonded post-
tensioning of concrete bridge decks can be divided into four strategic 
working steps: 

1. Transverse drilling of the horizontal holes through the bottom slab. 

2. Installation of the prestressing system. 

3. Post-tensioning of the system. 

4. Sealing of the prestressing system. 
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The advantage of having an unbonded strengthening solution is that 
individual bars can be replaced easily if they are accidentally damaged or 
corroded, and the level of prestressing can be adjusted at a later time, as 
required. 

4.3.1. Drilling of holes 
Core drilling is a method which can be used to produce the horizontal 
holes through the deck of concrete bridges. The holes should preferably 
be drilled in the same direction as the transverse reinforcement in order to 
prohibit unwanted cutting of the reinforcement while drilling. Concrete 
trough bridges are often skewed, with the transverse reinforcement 
skewed in the same angle as the sub structure, as seen in Fig. 4.6. The 
level of the holes should be as low as possible in order to give the highest 
flexural strengthening effects (the vertical level does not affect the shear 
strength in the Eurocode 2 approach), but the vertical mid-section might 
be the best solution due to the internal reinforcement.  

The lateral center-to-center distance between the holes is mainly 
governed by the geometry of the anchor plates and the main girders, and 
the design can be performed as described in section 4.2.3.  

4.3.2. Installation of the prestressing system 
The installation of the prestressing system can be divided into four 
consecutive steps following the drilling: 1) Installation of ducts. 2) 
Installation of prestressing bars. 3) Installation of eventual wedges for 
skewed bridges. 4) Installation of the anchoring system. 

Corrosion and water protection are important aspects of the installation 
procedure, and the longevity is strongly dependent on the latter. 

Installation of ducts 

The first step in the installation of the prestressing system is to insert ducts 
into the drilled holes. The ducts can be made of either steel or 
Polyethylene (PE). The function of the duct is to provide mechanical 
protection for the prestressing bar, which can be coated by eventual 
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corrosion preventing coats. A heat-shrinking sleeve can provide 
permanent corrosion protection for prestressing bars made of steel. 

Installation of prestressing bars 

After installation of the ducts into the transverse holes, the prestressing 
bars should be ready to penetrate the ducts. The prestressing bars needs to 
be slightly longer than the drilled holes, to enable anchoring and 
prestressing. The excess length is dictated by the prestressing equipment 
and the anchoring design. The prestressing bars should be installed in the 
center of the ducts and left unbonded. 

Installation of load distributing wedges 

A perpendicular contact between the prestressing system and the concrete 
structure is required. This will ensure an effective stress transfer between 
the prestressing bars and the concrete structure and for skewed bridges the 
perpendicularity can be obtained by introducing a wedge shaped spacer 
between the concrete and the anchor. The wedges will also distribute the 
prestressing force over a larger concrete area, and thus function as load 
distributors. Local crushing or splitting of the concrete behind the post-
tensioning anchors might occur if the stress is transferred onto a small 
concrete area, as discussed in section 4.2.1. The wedges, or the anchor 
plates if they are in direct contact with the concrete, should be bonded to 
the concrete surface. The bond will keep the prestressing system stable 
during installation and prevent water leakage into the holes. 

Installation of the anchoring system 

The anchoring system consists of anchor plates and end-anchors (anchor 
nuts or wedge anchors). The anchor will support the prestressing bar at a 
certain stress level and transfer the prestressing force from the bar to the 
structure. Anchor plates are usually in direct contact with the concrete 
structure, serving to distribute the prestressing force from the anchor 
directly onto the concrete structure. However, the bearing surface of the 
anchor plate must be perpendicular to the prestressing bar. This is partly 
the reason why load-distributing wedges are employed as a compensating 
layer between the anchor plates and the concrete structure. The anchor 
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plates should be bonded to the concrete surface, or to eventual load 
distributing wedges, in order to prevent water leakage into the holes.  

4.3.3. Post-tensioning 
Once the prestressing system is installed, the post-tensioning procedure 
can begin. As the prestressing bars are post-tensioned, the compressive 
normal force increases and the bars are stressed up to the required normal 
force, obtained by the design calculations. Hydraulic jacks are typically 
used for the stressing and the hydraulic pressure corresponding to a certain 
prestressing force can be calibrated by a load cell.  

There are hydraulic jacks specially developed for prestressing purposes, 
but a traditional single acting center-hole jack can be applied. If a center-
hole jack is used, an extra anchor is required for the actual stressing. The 
prestressing bar is stressed from one side of the structure, the active side, 
while the other anchor on the passive side is restrained. As the hydraulic 
pressure from the jack increase the stress level in the bar, some elongation 
of the bar is expected. The anchor should be tightened as much as 
possible when the desired stress level is obtained and finally, the hydraulic 
pressure can be reduced. An instant stress relaxation is expected once the 
stress is transferred from the jack onto the anchoring system, due to e.g. 
sliding of a wedge anchor into an anchor cylinder. The initial stress level 
should therefore be adjusted to account for initial and long term stress 
relaxation.   

4.3.4. Sealing 
Typical strengthening system contains mainly steel parts such as anchor 
plates, anchors and steel bars. Thus, if left untreated, the strengthening 
effect may be attacked by e.g. corrosion, reducing the strengthening effect 
over time. To ensure the longevity of a post-tensioning system, adequate 
corrosion protection is therefore required. One possible solution is sealing 
of the strengthening system in order to prevent water from penetrating 
the system.  

Permanent corrosion protection in the form of heat-shrinking sleeves has 
the potential to protect the prestressing bars from coming into direct 
contact with water. Steel, or PE ducts can be applied for mechanical 
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protection of the bars and the sleeves. All contact surfaces between 
individual anchoring parts, as well as between the anchor plates and the 
concrete structure, should be sealed by a permanent water resistant 
compound (e.g. epoxy adhesives). Finally, the anchors and bar ends could 
be sealed by welding a retention cap onto the anchor plate. By these 
measures, the prestressing bars are protected from direct contact with 
water and corrosion will not take place to easily. As a further corrosion 
protecting measure, all steel parts should be stainless or galvanized. 
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5. Laboratory tests 
Before applying unbonded internal post-tensioning system on an existing 
bridge, the method was tested in a laboratory environment on specimens 
in a 1/3 scale. The laboratory pilot-study included failure loading of two 
reinforced concrete trough bridges, one unstrengthened and one post-
tensioned. The main objective for the laboratory test was to investigate a) 
if post-tensioning can be applied to increase the ultimate load carrying 
capacity of trough bridges, b) the type of failure and c) the strengthening 
effects. A special focus was directed at the bridge deck and its shear 
strength in the transverse direction, due to previously identified lack of 
capacity and strengthening methods for shear problems. Both specimens 
were produced in the same concrete factory and the internal steel 
reinforcement was equipped with strain gauges before concrete casting. 
The method for the laboratory test is described in section 5.1 and the 
results are presented in section 5.2. Analysis and discussion of the results 
are presented in chapter 7 and 8, respectively. 

The specimens were designed to reproduce existing railway concrete 
trough bridges, but in a smaller scale. The capacity calculations of the 
laboratory specimens were performed according to the design protocol of 
Eurocode 2 (CEN 2004) and ‘’BBK’’ (Boverket 2004), where the latter is 
the former Swedish concrete design guideline. While calculations 
according to the ‘‘EC2’’ protocol indicated that the unstrengthened 
bridge would fail in shear, calculations according to BBK indicated it 
would fail in flexure, see Table 5.2.  
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5.1. Method 

5.1.1. Test setup 
Two concrete specimens were tested in order to investigate how 
transverse post-tensioning with internal unbonded steel tendons affects the 
bridges behavior during loading, type of failure and the strengthening 
effects. The specimens were designed in resemblance to the design 
drawings of existing railway trough bridges from the 1950’s, but reduced 
to a scale of approximately 1/3. The first specimen, B1, was 
unstrengthened and used as a reference, while the other specimen, B2, 
was strengthened. Three steel tendons, denoted  in Figure 5.1, were 
used for the strengthening procedure. All steel tendons were aligned in 
the transverse direction of the bridge deck. In order to apply transverse 
internal post-tensioning on concrete bridges, holes are required through 
the bridge deck. Existing bridges are normally not prepared with holes for 
future strengthening possibilities, but core drilling has previously been 
tested in-situ on a 50 year old trough bridge (Bennitz et al. 2012) and the 
test was successful. The main problem with introducing new holes 
through an existing concrete structure is the risk of harming internal steel 
reinforcement during drilling. Bridge decks are typically designed to 
reinforcement layers in the tensile zone, as well as in the compressive 
zone, thus preventing low and high alignment of the post-tensioning. 
One zone in the vertical midsection is however usually free from 
reinforcement and the holes are preferably located in this zone. 

In this laboratory test, the specimens were prepared with plastic ducts, 
preinstalled in the vertical midsection before casting at the concrete 
factory. At the laboratory site, the steel tendons were centered inside the 
plastic ducts and restrained with an anchor at one side while the opposite 
side was stressed in order to obtain the desired post-tensioning before 
anchoring. A hydraulic jack was devoted for the stressing and the 
hydraulic pressure, corresponding to certain force levels, was calibrated by 
load cells. 

Four semi-spherical steel segments supported the concrete bridge as the 
loading was conducted. Traditionally concrete bridges are supported 
along two opposite sides, but due to the scope of the problem 
investigated, i.e. transverse strengthening, the described test setup was 
chosen. It is however not possible to completely recreate the boundary 
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conditions which are present in an actual bridge. The test setup is 
illustrated in Fig. 5.1. 

 

Figure 5.1 – Cross section and test setup for the laboratory tests. A-A) 
Transverse section. B-B) Longitudinal section. One of the two 
bridges was strengthened by transverse post-tensioning along the 
dotted line above. Three tendons were stressed and the resulting 
horizontal force was 3N.  

5.1.2. Geometry and material properties 
The thickness of the bridge deck was 110 mm and all geometrical data for 
the two test specimens are shown in Fig. 5.1. The internal reinforcement, 
shown in Fig. 5.2, consisted of deformed steel bars with diameters of 6, 8 
and 10 mm. Fig. 5.2 gives an exploded view for the transverse 
reinforcement. The bridge does not contain any stirrups, which is a 
typical kind of shear reinforcement in concrete beams, but some 
deformed reinforcement bars are bent up at the junction between the slab 
and the girders (marked by 8 s250 in Fig. 5.7). These bars actually 
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function as a kind of shear reinforcement, enhancing the shear resistance 
in the section.  

The strengthening consisted of transverse post-tensioning by three 
unbonded steel tendons, penetrating through the inside of the bridge 
deck. Each tendon was composed by seven coherent strands. The post-
tensioning was applied at the mid height of the bridge deck, i.e. centre at 
55 mm from the bottom, and one tendon was located at the longitudinal 
mid-section, while the remaining two were located at 375 mm on each 
side of the centre.  

 

Figure 5.2 – Exploded view for transverse reinforcement. Diameters 
of 6, 8 and 10 mm were used in the test specimen. 
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5.1.3. Material properties  
The targeted concrete class was C30/37, but tested concrete compressive 
strengths were 39 MPa and 43 MPa for the unstrengthened and 
strengthened specimen, respectively. Corresponding concrete tensile 
strengths for the unstrengthened and strengthened specimen were 2.7 
MPa and 3.1 MPa, respectively. Concrete strength was tested on 
altogether six standard sized test cubes per specimen, i.e. all sides of the 
cubes were 150 mm. 

Empirical relations between the concrete compressive strength, , and 
measured cube strength, , were applied for the derivation of . The 
corresponding relation to the splitting strength, , rendered to the 
derivation of the concrete tensile strength, . The concrete strengths are 
however summarized in Table 5.1. 

Table 1 – Concrete quality based on measured cube- and splitting 
strength. 

  

[MPa] 

σ 

[MPa] 

 

[MPa] 

σ 

 [MPa] 

B1 39 0.46 2.7 0.13 

B2 43 0.52 3.1 0.22 

5.1.4. Post tensioning 
One of the specimens was post-tensioned in order to increase the load 
bearing capacity. Three straight seven wire prestressing strands were used 
for the strengthening application, one located at the longitudinal mid-
section of the bridge deck and the remaining two at a distance of 375 mm 
on each side of the mid-section. The post-tensioning was applied at the 
vertical central line of the bridge deck, i.e. 55 mm from the bottom. The 
diameter of the prestressing strands was 9.6 mm and the average tensile 
strength, , was 1860 MPa.  
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Rectangular steel plates (110 x 120 x 15 mm) were used as anchor plates, 
transferring the stress from the tendons, through the wedge anchors and 
onto the concrete structure, see Fig. 5.3. The actual end anchor was a 
cylinder-wedge anchor, restraining the tendon as the wedge slides into 
the conical cylinder. 

The stressing was operated from one side of the bridge, the active side, 
while the anchor on the opposite, passive side, was restrained before the 
post-tensioning started. Hydraulic centre-hole jacks were used for the 
post-tensioning and the effective prestress, , was 744 MPa or 
approximately . The prestressing force was monitored by load cells 
at each tendon and the post tensioning procedure was a stepwise 
prestressing of one tendon at the time, starting with the central tendon 
and followed by the outer tendons. 

 

Figure 5.3 – 1) End of the steel tendon, 2) End anchor for steel 
tendons, consisting of an outer cylinder and a inner wedge, 3) Load 
cell intended for monitoring of horizontal forces, caused by post-
tensioning, 4) Quadratic anchor plate, and 5) Concrete specimen. 
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5.1.5. Loading and monitoring 

Loading 

Both specimens were subjected to two monotonic, deformation 
controlled line loads. The line loads were composed by two steel profiles, 
as shown in Figure 5.1, and each steel beam was separated from the 
concrete surface by a 4 mm thick fibre board. The main reason for 
establishing a contact medium, i.e. the fibre board, between the steel and 
the concrete was to increase the equability of the load distribution and 
thereby prevents local stress concentrations during loading. Another steel 
profile was placed transversally over the midspan and a hydraulic jack 
delivered the load on the midpoint of the transverse steel profile,  in Fig 
5.1. The two longitudinal steel profiles obtained equal loading  at 
their midspan and the load on the concrete deck was assumed to be 
evenly distributed with a magnitude of , as illustrated in Fig 5.4.  

Even though longitudinal steel profiles with similar stiffness as the 
concrete deck was chosen, the curvature in the steel beam and the 
concrete deck might differ slightly as the structure is loaded and the load 
might therefore not be completely evenly distributed.  Loading was 
conducted by a deformation controlled hydraulic jack until failure at a 
constant deformation rate of 0.01 mm/s.  

Deformations 

Vertical displacements were monitored by five linear variable differential 
transducers (LVDTs) located underneath the bridge, whereof three under 
the deck and two under the girders, see Fig 5.5. Another five LVDTs, 
lined up at the longitudinal midspan of the bridge deck monitored the 
transverse global curvature, see Fig. 5.6. Two additional LVDTs were 
devoted for continuous monitoring of the inwards rotation of the main 
trough girders, see Fig. 5.7. The inwards rotation of the girders is a direct 
result from the loading and the post-tensioning was assumed to increase 
the bending stiffness of the cross section and thereby decrease the 
rotation, hence the monitoring.  
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Figure 5.4 – Plane view for the actual test setup. A transverse steel 
profile passed on the load, from a hydraulic jack, to two longitudinal 
steel beams. The steel beams were assumed to transfer two evenly 
distributed line loads, with magnitudes of P/2L onto the concrete 
structure. 
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Figure 5.5 – Set up for LVDTs located underneath the bridge 
specimen. SGs denoted A & B are located under the main girders, 
while SGs 1 – 3 are located under the transverse midsection of the 
deck. 
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Load cells, see Fig. 5.3, monitored the increasing horizontal load, acting 
on the concrete structure, as the steel tendons were stressed. As a direct 
result of the horizontal load, the internal steel reinforcement was 
compressed and thereby a higher load on the bridge deck was assumed to 
be required for yielding of the reinforcement. 

 

 

Figure 5.6 – Curvature rig, consisting of five LVDTs, lined up at the 
longitudinal midsection. The transverse global curvature was 
calculated from the mutual differences in displacement. 

 

 

Figure 5.7 – Rotation, , and deflection, δ, caused by the loads. 
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Curvature development is governed by cracking at discrete locations. 
Before cracks have formed in a concrete beam with constant moment, it 
will have a constant curvature along its length (elastic deformations). 
When cracks have started to form, the local curvatures will vary along the 
length, with the largest curvatures where cracks are forming. This is due 
to high tensile stress in the crack zones, where tensile stresses in the 
concrete are non-existing. Figure 5.8 illustrates the relation between 
cracks and curvature in a concrete beam subjected to a constant moment. 
The local curvature has the largest value at the location of a crack, A, and 
the smallest value occurs at a location between two cracks, B. If strain 
gauges are located in the cross sections A and B, these would give 
curvatures for cracked and un-cracked conditions, respectively, and the 
global curvature would give the average curvature of the beam. Hence, 
the relation between local and global curvature depends on the location 
of the local curvature sensors. 

 

AL,�  

BL,�  
G�  

Cracks 

M M 

A B 

 

Figure 5.8 – Relation between cracks and curvature for a reinforced 
concrete beam subjected to a bending moment, M.  
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The global curvature was calculated from a set of LVDTs, lined up on a 
straight line as shown in Fig. 5.6. The main principles for the calculations 
are illustrated in Fig. 5.9. 

 

Figure 5.9 – Basic parameters for the calculation of global curvature 
(Bergström 2009). 

Equations for global curvature are represented by equation (5.1) – (5.3). 
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Strains 

Electrical resistance strain gauges (SGs) measured the strain levels in the 
internal steel reinforcement and a local curvature could afterwards be 
calculated from mutual differences in strain between two corresponding 
reinforcement levels. Fig 5.10 illustrates the locations for the 10 SGs 
which monitored the strain in the tensile reinforcement (4), compressive 
reinforcement (4) and the bent-up tensile reinforcement in the girders (2).  

57.5 260 260

55
55

3 421

7

6

Strain gauge

 

Figure 5.10 – Layout for SGs, bonded to the internal reinforcement 
the bridge deck. 

The local curvature of a beam exposed to a bending moment can be 
derived from Figure 5.11. Finding the local curvature requires two strain 
gauges at different heights of the cross section. The relation between 
moment, curvature, radius of curvature, modulus of elasticity and 
moment of inertia can be described by equation (5.4) – (5.6). 
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Figure 5.11 – Cross section subjected to a bending moment, 
including main parameters for the local curvature.  

5.2. Results 

The failure load, , was 344 kN and 380 kN for the unstrengthened 
and strengthened specimen, respectively. The maximum load, , that 
corresponds to the shear capacity calculated according to Eurocode 2 and 
BBK are given in Table 5.2, the calculations are given in Nilimaa et al. 
(2012).  is the maximum load, , corresponding to the flexural 
capacity. 

Table 5.2 – Load, P, required to reach calculated shear capacity 
(according to EC2 and BBK), flexural capacity, Mcap, and tested 
failure loads, Pmax. All capacities are calculated for the entire cross 
section. 

 Eurocode BBK Mcap Pmax 

B1 258 308 294 344 

B2 286 322 356 380 
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The results from the laboratory tests and the comparisons between test 
specimens in unstrengthened and strengthened states are illustrated in Fig.   
5.12 – 5.19. The line B1 represents the unstrengthened reference 
specimen, while B2 is the strengthened specimen.  

5.2.1. Deformations 
The deflection at midspan (represented by point 2 in Fig 5.5) up to 
cracking follows the same pattern for both specimens as seen in Fig. 5.12, 
while after cracking; the unstrengthened specimen exhibits more 
deformations than the strengthened one. When the test specimens were 
subjected to loading, the main beams rotated inwards against the trough, 
as illustrated in Fig. 5.7. The measured inwards rotations of the main 
girders at mid span, i.e. point A & B in Fig. 5.5, are presented in Fig. 
5.13.  

 

Figure 5.12 – Deflection at midspan, i.e. point 2 in Fig. 5.5. B1) 
Unstrengthened specimen. B2) Strengthened specimen. 
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Figure 5.13 – Rotation of the main girders. B1) Unstrengthened 
specimen. B2) Strengthened specimen. 

A curvature rig was used to monitor the global curvature and the 
outcome is presented in Fig. 5.14. Local curvature, Fig. 5.15, was 
calculated from the strains in the internal reinforcement, see equation 5.4 
– 5.6. The main difference between global and local curvature is the 
section considered. While the global curvature is the average curvature 
for the structure, the local curvature presents the curvature in one vertical 
section of the structure and requires two strain gauges in the vertical line. 
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Figure 5.14 – Global curvature, obtained by LVDT monitoring. B1) 
Unstrengthened specimen. B2) Strengthened specimen. 
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Figure 5.15 – Local curvature, obtained by SG monitoring. B1) 
Unstrengthened specimen. B2) Strengthened specimen. 
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5.2.2. Strains 
Figure 5.16 represents the strain curves for transverse tensile 
reinforcement at the center point of the test specimen (point 4 in Fig. 
5.10) and the corresponding strain curves for compressive reinforcement 
is presented in Fig. 5.17. The tensile- and compressive reinforcement had 
diameters of 8 and 6 mm, respectively, with a strain at yielding of 
approximatel 2500 μm/m. Since the prestressing force caused 
compression of the tensile reinforcement in the strengthened specimen, 
the initial strains of B2 in Fig. 5.16 and 5.17 are negative.  

 

Figure 5.16 – Strain in tensile reinforcement at point 4 of Fig. 5.10. 
B1) Unstrengthened specimen. B2) Strengthened specimen. 
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Figure 5.17 – Strain in compressive reinforcement at point 4 of Fig. 
5.10. B1) Unstrengthened specimen. B2) Strengthened specimen. 
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Strains were measured in the bent up reinforcement bars at the junction 
of the bridge deck and the main girders. Figure 5.18 presents the strain 
readings from the bent up reinforcement at mid height of the bridge 
deck, see point 6 in Fig. 5.10. 

 

 

Figure 5.18 – Strain in bent up reinforcement at point 6 of Fig. 5.10. 
B1) Unstrengthened specimen. B2) Strengthened specimen. 
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The tendon forces in specimen B2 were measured by load cells and the 
calculated stresses are presented in Fig. 5.19. T2 represents the central 
tendon, while T1 and T3 are the tendons located at a horizontal distance 
of 375 mm on each side of T2.  

 

Figure 5.19 – Tendon stresses calculated from the horizontal load, 
monitored by the load cells, during vertical loading. T1) Tendon 
located at a horizontal distance of 375 mm from the horizontal 
centroid. T2) Tendon located at the horizontal centroid. T3) Tendon 
located at a horizontal distance of 375 mm from the horizontal 
centroid, on the opposite side of T1. 
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5.3. Analysis 

Transverse post-tensioning had a clear positive effect on the behavior of 
down-scaled concrete trough bridge specimens as seen in the laboratory 
test results presented in Table 5.2 and Fig 5.12 – 5.19. The deformations 
were clearly reduced in terms of decreased vertical displacements of the 
slabs (Fig 5.12) and less rotation of the main girders (Fig 5.13). In an in-
situ situation, when the trough is filled with ballast, loading will force the 
concrete girders to rotate inwards, but the rotation will be counteracted 
by the ballast, located inside the trough. Instead of rotating the girders, 
the loading will create torsion at the junction of the slab and the main 
girders. The effect of prestressing was a lower degree of rotation of the 
main girders 

Figure 5.16 showed that the strain levels in the tensile reinforcement were 
also significantly decreased after prestressing, which indicate that higher 
loads are required before yielding and therefore also a higher flexural 
capacity. The reinforcement in the strengthened test specimen was 
compressed by the horizontal actions, due to post-tensioning, and this 
compression had to be counteracted before any tension could be detected. 
The calculations performed according to chapter 4 also indicated an 
increased flexural capacity, see Table 5.2. 

The main objective for the laboratory test was to investigate how post-
tensioning affects the transverse shear behaviour, and if the shear capacity 
of the bridge deck could be increased by applying this type of 
strengthening method. The largest theoretical shear stresses in the current 
test setup would theoretically appear on the exterior side of the line loads, 
i.e. between the line load (longitudinal steel profile) and the girder, see 
Fig. 5.4. Since there was no shear reinforcement in the slab, the shear 
stresses were best represented by the strain levels in the bent up 
reinforcement in the transition zone between the bridge deck and the 
main girders, as seen in Fig. 5.10. The strains in the bent up bars were 
dramatically affected by post-tensioning, i.e. the strain was significantly 
smaller in the strengthened specimen than in the unstrengthened one. As 
for the tensile reinforcement, the bent up bars were also compressed by 
the post-tensioning and the vertical loads had to increase before these bars 
exhibited tensile strains. The reduced strains in the bent up bars, for the 
strengthened specimen, indicate a relief in shear stress and thus an increase 
in the shear capacity. 
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The tendons were prestressed up to an effective prestress of about 40% of 
the tendon capacity, generating a total prestressing force of 124 kN for 
the three tendons. It would therefore be possible to increase the 
prestressing force, which could result in an even larger capacity increase. 
One should however bear in mind that local concrete crushing might 
appear behind the anchor plates if the prestress is high, and the horizontal 
force can therefore not be increased endlessly. Figure 5.20 illustrates how 
the shear capacity, calculated according to the European design protocol 
EC2 and the former Swedish design protocol BBK, are affected by 
increasing the level of prestress. 

 
Figure 5.20 – Effect of increasing the prestress. 

EC2 and BBK starts with load capacities of 258 and 308 kN, respectively 
for an unstrengthened specimen. For a prestress of 124 kN (dashed 
horizontal line in Figure 16), the load capacities has increased up to 286 
and 322 kN for EC2 and BBK, respectively. As seen in Fig. 5.20, the 
prestress impact on shear capacity is higher for EC2, i.e. the slope of the 
solid line is steeper. When the total prestress approaches 500 kN, the 
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shear capacity according to BBK and EC2 coincides at approximately 375 
kN. The three tendons however only have capacities to be prestressed up 
to approximately 310 kN, altogether. The test setup and capacity of the 
tendons in this laboratory test, will however not allow such a high level of 
prestressing. 

Both specimens failed in flexure, in contrast to what was indicated by the 
design calculations, see Table 5.2. According to EC2, both specimens 
should have failed in shear and calculations according to the Swedish 
concrete design guideline, BBK, the unstrengthened specimen would fail 
in flexure and the strengthened one would fail in shear. The reason for 
the difference between the predicted and obtained failure modes might be 
e.g. erroneous assumptions regarding the statical system. The two design 
codes, however, underestimated the shear capacity, and the significant 
decrease of strains in the bent up reinforcement for B2, as seen in Fig. 
5.18, indicates an underestimation of the strengthening effect as well.  

The actual test setup, with a trough bridge located on top of four point 
supports, loaded with two line loads, was obtained by having two steel 
beams on top of the concrete slab. Different stiffness’s of the steel beams 
and the concrete slab would theoretically result in different flexural 
behavior and 4 mm wooden fibre plates were therefore introduced as an 
intermediate layer. The desired function of the intermediate layer was to 
obtain uniform loading along the entire line loads, and the spherical 
supports also had similar function. Although no space could be detected 
between the steel beams and the concrete slab during loading, a fully 
uniform line load cannot be guaranteed.  

The laboratory test was performed as a pilot study for the method of 
transverse unbonded post-tensioning, but due to the reduced size of the 
test specimen, size effects are introduced. The size effect in bending and 
shear can be analyzed with e.g. fracture mechanics, see e.g. Gustafsson & 
Hillerborg (1988), Elfgren (1989) and Bazant & Planas (1998).  According 
to the Swedish code BBK, the size effect in shear is taken into account 
through a factor . It is defined to be = 1.4 m when the depth is d ≤ 
0.2 m and then decreases with increasing depths. For a typical trough 
bridge deck, with d = 0.4 m, we obtain 

g
= 1.6 – 0.4 = 1.2 m which 

gives a reduction with (1.4 – 1-2)/1.4 = 14% in comparison to a slab with 
half the thickness. According to the analysis of Gustafsson (1985) and 
Gustafsson & Hillerborg (1985), the concrete shear strength is reduced by 
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approximately 30% when the beam depth increases from 0.1 m to 0.4 m. 
The size effect equations above are based on empirical tests on concrete 
beams without any prestress. The prestress might however affect the size 
effects to a certain extent and this could be investigated in further 
research. 
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6. Field test 
A field test was performed during the thesis work and the method of 
unbonded post-tensioning was tested on an existing railway concrete 
trough bridge in Haparanda, Sweden. The concrete trough bridge is a 
standard bridge type that was built in Sweden during the 1950s, with 
maximum axle loads of 250 kN (Royal Railway Board 1950). As a step 
towards increased railway transportation in the northern regions of 
Sweden, the Haparanda railway line was upgraded for higher traffic 
intensities and the maximum allowed axle load was increased from 250 to 
300 kN. The capacity calculations for the upgrading project followed the 
Eurocode 2 protocol (CEN 2004) and the corresponding bridge capacity 
calculations (WSP 2008) revealed that the transverse shear capacity of 
concrete trough bridge decks was insufficient for 300 kN axle loads.  

Laboratory tests (paper 2) had indicated that post-tensioning is an 
appropriate method for increasing the transverse shear and flexural 
capacities of a concrete slab, but both Eurocode (CEN 2004) and the 
Swedish design code (Boverket 2004) can only roughly estimate the 
actual strengthening effects. The prestressing force on the Haparanda 
Bridge was introduced by implementing an internal unbonded post-
tensioning solution, consisting of prestressing bars transversely inserted 
through the slab. By choosing a low, vertical placement of the prestressing 
bar, the flexural capacity could have been further increased, but existing 
reinforcement layers in the slab was found to prevent this option. 

One advantage of the post-tensioning method is the minimal disturbance 
to existing traffic on the railway line during the strengthening process. All 
strengthening work is performed below the top-most level of the bridge, 
which is ideal for safety reasons, and traffic may continue using the bridge 
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during the reinforcement process. The primary advantage of choosing an 
unbonded strengthening solution is that the level of prestressing can be 
easily adjusted and single strands can be exchanged if necessary. The risks 
of this strengthening method include accidental cutting of the internal 
reinforcement during drilling. Previously, a small number of trough 
bridges have been strengthened by Luleå University of Technology 
(Carolin & Täljsten 1999, Bennitz et al. 2012, Bergström et al. 2009). 
However, the primary focus in these studies has been to increase the 
longitudinal or horizontal flexural capacity of the slab. 

The purpose of this case study was to investigate whether the method of 
unbonded internal post-tensioning could be utilized in upgrading trough 
bridges from a maximum allowed axle load of 250 kN, to 300 kN. The 
Haparanda Bridge was chosen for the case study due to its lacking 
resistance for axle loads of 300 kN. The Haparanda Bridge is a concrete 
double trough bridge, located in Haparanda, northern Sweden, close to 
the Finnish border (Fig. 6.1). The bridge, built in 1959 (Royal Railway 
Board 1958), crosses a two-lane main road at an angle of 73°.  
Strengthening effects in terms of steel strains and structural deformations 
were investigated and the bridge was therefore tested before and after 
strengthening. Prestressing not only increases the shear capacity of the 
slab, but also enhances the flexural capacity and the design calculations 
resulted in increased shear and flexural capacities by 25% and 13%, 
respectively.  

 
Figure 6.1 - Location of the Haparanda Bridge. 
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6.1. Method 

The Haparanda double trough bridge was strengthened, by installing an 
unbonded prestressing system in the structure. The prestressing system 
introduced a transverse force that compressed the bottom slab and 
increased the load carrying capacity of the bridge by decreasing the tensile 
stresses in the structure. 

6.1.1. Test setup  
The bridge is a reinforced concrete trough bridge with two separate 
troughs, one for each railway track. A main road runs underneath the 
bridge, where the superstructure has an angle of 73° to the supporting 
substructure, as shown in Fig. 6.2. Internal transverse reinforcement in the 
superstructure was cast in the same direction as the substructure, at an 
angle of 73° to the longitudinal line. 

 

Figure 6.2 - Plan of the bridge in Haparanda. Note: Measurements 
are given in mm. 
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6.1.2. Test program and loading 
The test program for the Haparanda Bridge consisted of two sets of eight 
tests (two static tests, and six dynamic with known velocities): one before 
and one after the strengthening process. The protocol for the complete 
test program for the Haparanda Bridge is given in Table 6.1. Due to the 
presence of a nearby railway depot the speed limit over the bridge is 20 
km/h, which was thus the maximum test velocity. 

The test load consisted of two coupled diesel (GC Td44) locomotives, 
pictured in Fig. 6.3, with an axle load of 215 kN. The axle separation on 
the locomotives was sufficiently large that during testing a maximum of 
two axles were located on top of the bridge slab at any time. For the static 
tests, the locomotives were placed such that the two axles were 
equidistant about the midspan point of the bridge. 

Table 6.1 – Test program for the Haparanda Bridge 

Test program for unstrengthened 
bridge 

Test program for strengthened 
bridge 

Test Track Dir. 

Speed 

[km/h] Test Track Dir. 

Speed 

[km/h] 

St1:1 Main North 0 St1:2 Main North 0 

St2:1 Secondary North 0 St2:2 Secondary North 0 

Dy1:1 Main North 5 Dy1:2 Main North 5 

Dy2:1 Main South 5 Dy2:2 Main South 5 

Dy3:1 Main North 10 Dy3:2 Main North 10 

Dy4:1 Main South 10 Dy4:2 Main South 10 

Dy5:1 Main North 20 Dy5:2 Main North 20 

Dy6:1 Main South 20 Dy6:2 Main South 20 
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Figure 6.3 - The two locomotives used as loads on the Haparanda Bridge. 
The left of the image is the northerly direction. 

6.1.3. Geometry  
The Haparanda double-trough bridge had a free span of roughly 12.5 m 
and the total width of both troughs was about 10.5 m, including the top 
flanges. The height of the main girders was 1200 mm and 1300 mm for 
external and internal girders, respectively, and the bridge deck had a 
thickness of 400 mm. A side view of the Haparanda Bridge is shown in 
Fig. 6.4 and a cross-section in Fig. 6.5. 

6.1.4. Material properties 
Both the top and bottom transverse reinforcements in the bridge deck had 
diameters of 19 mm. The main girders also included reinforcement with 
diameters of 12 mm and 25 mm. The original steel quality was denoted 
ks40, with characteristic yield strength of 410 MPa and Young’s modulus 
of 200 GPa. However, no tests were performed on the steel 
reinforcement from the actual structure. The concrete quality was tested  
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Figure 6.4 – Side view of the Haparanda Bridge. Measurements are 
given in mm. 

 
Figure 6.5 – Cross section of the Haparanda Bridge. Measurements 
are given in mm. 



6. Field tests 

107 

on four concrete cylinder cores and reported in WSP (2008). 
Characteristic values for the concrete compressive and tensile strengths 
were 23.2 and 1.5 MPa, with standard variations of 6.06 and 0.47 MPa, 
respectively. 

6.1.5. Material properties 
Both the top and bottom transverse reinforcements in the bridge deck had 
diameters of 19 mm. The main girders also included reinforcement with 
diameters of 12 mm and 25 mm. The original steel quality was denoted 
ks40, with characteristic yield strength of 410 MPa and Young’s modulus 
of 200 GPa. However, no tests were performed on the steel 
reinforcement from the actual structure. The concrete quality was tested 
on four concrete cylinder cores and reported in WSP (2008). 
Characteristic values for the concrete compressive and tensile strengths 
were 23.2 and 1.5 MPa, with standard variations of 6.06 and 0.47 MPa, 
respectively.  

Eight prestressing threadbars, denoted Dywidag 26WR, with nominal 
diameters of 26.5 mm were used to post-tension the trough bridge in the 
transverse direction. The prestressing bars were first hot-rolled, tempered 
from the rolling heat, then stretched and annealed, with a circular cross 
section. The bars were composed of prestressing steel Y1050H according 
to prEN 10138-4:2000 (CEN 2000) and their characteristic tensile 
strength and Young’s modulus values, provided by the manufacturer, 
were 1050 MPa and 205 GPa, respectively. 

6.1.6. Strengthening procedure 
The concrete double trough bridge was strengthened with an unbonded 
post-tensioning system and the strengthening procedure was divided into 
four strategic working steps: 

1. Transverse drilling of the horizontal holes through the bottom slab. 

2. Installation of the prestressing system. 

3. Post-tensioning of the system. 

4. Sealing of the prestressing system. 
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The advantage of having an unbonded strengthening solution is that 
individual bars can be replaced easily if they are accidentally damaged, 
corroded or no longer needed, and the level of prestressing can be 
adjusted at a later time, as required. 

Drilling of holes 

Core drilling was the method applied to produce eight horizontal holes 
(57 mm diameter) through the bottom slab of each of the two troughs. 
The holes were drilled in the same direction as the transverse 
reinforcement, at an angle of 73° to the concrete surface. The reason for 
having transverse reinforcement in this direction is to align it with the 
substructure. The reason for drilling the holes in the same direction as the 
substructure is to prohibit unwanted cutting of the reinforcement while 
drilling.  

The slab was 400 mm thick, and the holes were located in the vertical 
mid-section (i.e. 200 mm from the bottom surface of the slab). The main 
reason for positioning the holes in the mid-section, rather than a lower 
position which would give higher flexural capacity, was to prevent 
cutting of the existing internal reinforcement. 

A total number of eight holes with a lateral center-to-center separation of 
1500 mm were drilled through the structure. According to the design 
directions in Eurocode 2, section 8.10.3(5), this choice ensures full 
compressive action, across the entire length of the slab (see Fig. 12). The 
geometry described above, including the placement of the prestressing 
bars, is shown in Fig. 6.6. 
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Figure 6.6 – Placement of prestressing bars, represented by thick 
lines, and strain gauges. S1 – S4 denote strain gauges attached to the 
reinforcement, while S5 – S8 denote strain gauges attached to the 
prestressing bars. Measurements are given in mm 

Installation of the prestressing system 

The installation of the prestressing system can be divided into four 
consecutive steps following the drilling:  

1. Installation of PE ducts.  

2. Installation of prestressing bars. 

3. Installation of load distributing wedges, see Fig 6.7. 

4. Installation of the anchoring system. 

Corrosion and water protection are important aspects of the installation 
procedure, the longevity being strongly dependent on the latter. 
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Installation of PE ducts: The first step in the installation of the prestressing 
system was to insert ducts into the drilled holes. The ducts can be made of 
either steel or Polyethylene (PE), the latter being chosen for this project. 
The function of the duct is to provide mechanical protection for the heat-
shrinking sleeve, which surrounds the prestressing bar. The heat-shrinking 
sleeve provides permanent corrosion protection for the prestressing steel. 

Installation of prestressing bars: After installation of the ducts into the 
transverse holes, the prestressing bars were placed into the ducts. The 
prestressing bars needed to be longer than the drilled holes, to enable 
anchoring and prestressing. The excess length was dictated by the 
prestressing equipment and the anchoring design. The prestressing bars 
were installed in the center of the ducts and left unbonded. 

Installation of load distributing wedges: A perpendicular contact between 
the prestressing system and the concrete structure was required. This 
ensured effective stress transfer between the prestressing bars and the 
concrete structure. Since the holes were drilled at an angle of 73°, and not 
90°, a galvanized steel wedge that ensured the required perpendicular 
stress distribution was custom designed. The wedges also distributed the 
prestressing force over a larger concrete area, and thus functioned as load 
distributors. This prevented local crushing or splitting of the concrete 
behind the post-tensioning anchors. All steel wedges were bonded to the 
concrete surface, thus keeping them stable during installation and 
preventing water leakage into the holes. 

Installation of the anchoring system: The anchoring system consisted of 
square galvanized steel anchor plates, with dimensions of 140 mm x 165 
mm x 35 mm, and anchor nuts with a length of 90 mm. These nuts 
anchor the prestressing bars at a certain stress level and transfer the 
prestressing force from the bar to the structure. Anchor plates are usually 
in direct contact with the concrete structure, serving to distribute the 
prestressing force from the anchor nuts directly onto the concrete 
structure. However, the bearing surface of the anchor plate must be 
perpendicular to the prestressing bar. This was, in part, the reason why 
load-distributing wedges were employed as a compensating layer between 
the anchor plates and the concrete structure. The anchor plates were all 
bonded to the load distributing wedges in order to prevent water leakage 
into the holes. The load distributing wedge and the anchoring system are 
shown in Fig. 6.7. 
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Figure 6.7 – One of anchoring systems including: 1) an anchoring 
nut, 2) an anchoring plate and 3) a load-distributing wedge. 

Post-tensioning 

Once the prestressing system had been installed, the post-tensioning 
procedure began. The eight prestressing bars were post-tensioned with a 
force of 430 kN per bar, resulting in a total force of 3.44 MN acting on 
the concrete slab. A hydraulic jack was used to provide the required stress. 
The hydraulic pressure corresponding to a prestressing force of 430 kN 
was first calibrated against a load cell.  

A steel frame was designed to ensure the stressing of the bars. The steel 
frame had openings on both the bottom and top sides, and one of the side 
walls had an opening that provided access to the anchor nut. The bottom 
side of the steel frame rested on the anchor plate, with the prestressing bar 
running through the bottom and top openings. The anchor nut was 
inside the frame.  

The hydraulic jack was positioned on the prestressing bar, resting on the 
top side of the steel frame. An extra nut was screwed onto the end of the 
prestressing bar, which protruded from the jack. With the extra nut in 
place, acting as resistance at the stressing side of the slab, and the anchor 
nut in place, acting as resistance on the other side, the bridge could finally 
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be post-tensioned. During the stressing process, the anchor nut on the 
stressing side of the slab was continuously tightened. 

After reaching the desired prestressing force and tightening the anchor nut 
as much as possible, the pressure in the hydraulic jack was released and 
the prestressing force was transferred from the prestressing bar to the 
concrete structure. An instantaneous strain relaxation of approximately 6% 
occurred as the hydraulic stress was released. Therefore, all bars were 
overstressed, in order to obtain a final prestressing force of 430 kN. 
Finally, the extra nut, hydraulic jack and steel frame were removed. The 
prestressing setup is illustrated in Fig. 6.8.  

 

Figure 7 – Prestressing setup including: 1) the steel frame, 2) the hydraulic 
jack and 3) the extra prestressing nut. 
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Sealing 

The strengthening system contains mainly steel parts. Thus, if left 
untreated, the strengthening effect may be reduced over time by 
corrosion. To ensure the longevity of the strengthening system, an 
adequate corrosion protection solution was required. The solution 
adopted for this system was sealing the strengthening system following 
post-tensioning. 

Firstly, permanent corrosion protection in the form of heat-shrinking 
sleeves covered the prestressing bars. Secondly, each sleeve was protected 
against mechanical impacts by the PE duct. The connection between the 
steel wedge and the concrete structure, as well as that between the steel 
wedge and the anchor plate was, sealed by a permanent water resistant 
compound (epoxy adhesive). 

Finally, the anchor nuts and bar ends were sealed by welding a retention 
cap onto the anchor plate. As a further corrosion protecting measure, all 
steel wedges, anchor plates and retention caps were galvanized. The 
retention cap is shown in Fig. 6.9. 

 

Figure 6.9 – A complete post-tensioning system sealed with a 
retention cap. 
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6.1.7. Monitoring 
Structural movements were monitored by linear variable differential 
transformers (LVDTs) and crack opening displacement transformers 
(CODs). Steel strains were monitored by strain gauges (SGs), which were 
welded to the reinforcement and prestressing bars. 

Strains 

Four SGs were welded onto the internal, transverse, bottom 
reinforcement of the slabs (S1-S4) and four additional SGs were welded 
onto the prestressing bars P1 – P4 (S5-S8). The locations of all eight SGs 
are shown in Fig. 6.6. S1 and S2 coincide with the longitudinal location 
of the prestressing bar P1, while S3 and S4 coincide with the longitudinal 
location of the prestressing bar P4. 

Deflections 

A total of 16 LVDTs (L1-L16) monitored the vertical displacements of 
the structure: six along a transverse line beneath prestressing rod P4, as 
seen in Fig. 6.10; and the remaining 10 in two longitudinal lines along 
the mid-section of the two bridge slabs, as seen in Fig 6.11. 

 
Figure 6.10 - LVDTs along the transverse direction. Measurements 
are given in mm. 
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Joint opening 

The Haparanda Bridge consisted of two concrete troughs, which were 
most likely cast on two separate occasions. The distance between the 
troughs at the connection joint was monitored by three CODs (C1-C3). 
The CODs measured the differential transverse movement of the two 
troughs at the joint, as shown in Fig. 6.11. 

 
Figure 6.11 - LVDTs in the longitudinal direction denoted L7 – L16, 
and CODs denoted C1 – C3. 

6.2. Results 

This section contains selected results from the field test. The full test 
results are found in Appendix A – C. 

6.2.1. Strains 
The strain levels were calibrated prior to the testing of the unstrengthened 
bridge. This means that the strains caused by, e.g. dead-loads, are not 
included in the strain results. Fig. 6.12 – 6.15 shows the strain curves for 
the two static tests, and Fig. 6.16 – 6.19 shows the strains at S3 and S4 
(see Fig 6.6) during the dynamic tests. The train loads are the only sources 
of strain measured in the tests prior to strengthening. During post-
tensioning, the prestressing compressed the reinforcement. This resulted 
in negative strain readings after strengthening. Since the reinforcement 
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compression varied over the four measuring locations, the strain curves 
corresponding to different gauges have differing initial strain levels. 

The strains in prestressing bar P1 – P4, during static loading of the main 
trough, are presented in Fig. 6.20 and the strain in prestressing bar P4, 
during dynamic loading, is presented in Fig. 6.21. The remaining results 
are found in Appendix A. 

6.2.2. Deflections 
The deflections were monitored along three separate lines as seen in Figs. 
6.10 and 6.11. All LVDTs were calibrated prior to testing of the 
unstrengthened bridge and the results from the static loading of the main 
trough are presented in Figs. 6.22 – 6.27. Neither the prestressing bars 
that were placed close to the neutral layer of the slab, nor the post-
tensioning process had any influence on the deflections of the unloaded 
bridge. Therefore both the pre- and post-strengthening deflection curves 
start at zero. The deflection curves for dynamic loading, not presented in 
this paper, showed similar behavior to those for static loading, the 
magnitudes in the former being slightly lower. The deflection curves can 
be found in Appendix B. 

6.2.1. Joint opening 
Movements in the joint between the two troughs were monitored by 
Crack Opening Displacement transformers (CODs) and the results are 
presented in Fig. 6.28 – 6.29.  In order to present only the movements, 
regardless of the size of the initial opening, the COD results were 
manually adjusted after testing. However, it should be mentioned that the 
impact of prestressing on the joint opening was about 10 times larger than 
that of the static load. Negative values indicate a reduced opening size, 
and hence in the distance between the two troughs, due to loading. The 
joint opening curves are found in Appendix C. 
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Figure 6.12 – Strains for the static loading of the main track before 
strengthening. 

 
Figure 6.13 – Strains for the static loading of the main track after 
strengthening. 
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Figure 6.14 – Strains for the static loading of the secondary track 
before strengthening. 

 
Figure 6.15 – Strains for the static loading of the secondary track after 
strengthening. 
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Figure 6.16 – Strain in S3 for the dynamic loading of the main track 
with a constant train speed of 20 km/h in southerly direction before 
strengthening. 

 
Figure 6.17 – Strain in S3 for the dynamic loading of the main track 
with a constant train speed of 20 km/h in southerly direction after 
strengthening. 
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Figure 6.18 – Strain in S4 for the dynamic loading of the main track 
with a constant train speed of 20 km/h in southerly direction before 
strengthening. 

 
Figure 6.19 – Strain in S4 for the dynamic loading of the main track 
with a constant train speed of 20 km/h in southerly direction after 
strengthening. 
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Figure 6.20 – Strain in prestressing bar P4 during dynamic loading. 

 
Figure 6.21 – Strain in prestressing bars P1 – P4 during static loading 
of the main trough. 
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Figure 6.22 – Deflections along the transverse line for static loading 
of the main track before strengthening. 

 
Figure 6.23 – Deflections along the transverse line for static loading 
of the main track after strengthening. 

-0.1

0

0.1

0.2

0.3

0.4

0.5

0.6

0 60 120 180 240 300 360 420 480

D
ef

le
ct

io
n 

[m
m

] 

Time [s] 

Deflections (St1:1) 

L1 L2 L3
L4 L5 L6

-0.1

0

0.1

0.2

0.3

0.4

0.5

0.6

0 60 120 180 240

D
ef

le
ct

io
n 

[m
m

] 

Time [s] 

Deflections (St1:2) 

L1 L2 L3
L4 L5 L6



6. Field tests 

123 

 
Figure 6.24 – Deflections along the longitudinal line under the main 
track for static loading of the main track before strengthening. 

 

Figure 6.25 – Deflections along the longitudinal line under the main 
track for static loading of the main track after strengthening. 
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Figure 6.26 – Deflections along the longitudinal line under the 
secondary track for static loading of the main track before 
strengthening. 

 

Figure 6.27 – Deflections along the longitudinal line under the 
secondary track for static loading of the main track after 
strengthening. 
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Figure 6.28 – Joint displacements for the static loading of the main 
track before strengthening. 

 
Figure 6.29 – Joint displacements for the static loading of the main 
track after strengthening. 
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6.3. Analysis 

6.3.1. Strains 
The strains in the main reinforcement of the concrete slab were clearly 
affected by the post-tensioning. At the onset of testing, all strains were 
calibrated to zero. After testing the unstrengthened bridge, the strains 
returned to their original level. The strain levels in the four strain gauges 
decreased as expected during prestressing, as this compresses the concrete 
slab and therefore the internal reinforcement. However, the amount of 
compression of the four reinforcement bars varied greatly. Possible reasons 
for this are discussed in chapter 7. 

The strains caused by the trains had maximum magnitudes of 
approximately 20 and 32 μm/m for the static and dynamic tests 
respectively, as shown in Figs. 6.12 and 6.16. Of the SGs, S3 was affected 
most greatly upon loading of the main track, while S4 was affected most 
greatly upon loading of the secondary track. Fig. 6.16 and 6.17 present 
the strain in S3 on dynamic loading before and after strengthening, 
respectively. A clear reduction in the oscillation amplitude was observed 
after strengthening. 

The static loads did not affect the prestressing bars, such that the strain 
levels remained constant throughout the loading process, as seen in Fig. 
6.20. This is due to the fact that the prestressing bars were located close to 
the neutral layer of the slab and thus the bars were not subjected to any 
external load stresses during static loading. Dynamic loads, however, did 
affect the prestressing bars, with the strain oscillating about its original 
level, as can be seen in Fig. 6.21.  

Although the prestressing reduced the reinforcement strains on the bridge, 
the total strain magnitudes due to the loads remained constant, whether 
the bridge was strengthened or not. The static tests led to maximum strain 
magnitudes of approximately 20 μm/m for the unstrengthened bridge, 
while for the strengthened bridge the maximum was less than zero. This 
demonstrates that the reinforcement strains caused by the train were 
completely counteracted by the prestressing.  
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6.3.2. Deflections 
The strengthening had no measurable effect on the deflection of the 
concrete slab, because the prestressing was implemented close to the 
neutral layer. The deflection curves in all directions showed similar 
magnitudes before and after strengthening, as shown in Figs. 6.22 – 6.27. 
However, the deflection curves post-strengthening are straighter, perhaps 
because of the reduction in vibrations due to prestressing. By compressing 
the troughs and increasing the interaction between the two bridges, the 
vibrations decreased significantly. With respect to the expected life span 
of the bridge, this decrease reduces fatigue, and is therefore of utmost 
importance. 

The deflections along the transverse line show that even before 
strengthening there was a good interaction between the troughs, with a 
maximum deflection of approximately 0.5 mm at the midpoint of the 
loaded trough.  

6.3.3. Joint opening 
The CODs monitored the opening of the connection joint between the 
two troughs. No significant difference was observed in the static tests. In 
the dynamic tests however, a slightly smaller spreading of the curves for 
the strengthened bridge was observed. The prestressing resulted in a 
tightening of the joint, but the reduction of the opening was not constant 
along the joint. C1 showed the largest compression, the results are found 
in Appendix C, of approximately 0.028 mm while C2 and C3 were 
compressed by 0.011 and 0.007 mm, respectively, these results are found 
in Appendix C. 

6.4. Conclusions 

The conclusions that can be drawn from this case study are as follows. 

The load carrying capacity of a trough bridge can be increased by 
unbonded post-tensioning along the transverse direction of the bottom 
slab, and the positive effect is apparently greater than that predicted in the 
design calculations. The initial degree of inter-trough interaction in the 
Haparanda Bridge was high and the two troughs behaved as a single unit. 
Smoother deflection curves indicated decreased vibrations in the 
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strengthened bridge, but this assumption requires further research. Less 
spreading of the COD results for the dynamic tests of the strengthened 
bridge also indicated decreased vibrations in the strengthened bridge. The 
strengthening method was quick and had no impact on the railway traffic, 
and the railway traffic could be maintained during the entire 
strengthening procedure. 
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7. Discussion and Conclusions 
7.1. Discussion 

The contents of this thesis show that the load bearing capacity of existing 
concrete trough bridges can be upgraded by establishing an unbonded 
post-tensioning system in the structure. The laboratory tests, as well as the 
field investigation confirm the positive strengthening effects and the shear 
strength enhancement in the post-tensioned laboratory specimen was 
probably higher than the Eurocode 2 and BBK predictions. Monitoring 
how post-tensioning affects the flexural capacity of concrete trough 
bridges is rather straightforward by measuring the strain in the tensile 
reinforcement, but the shear capacity is however not as easy to predict. 
The tensile reinforcement in a trough bridge is bent up at the transition 
zone between the slab and the main girder. By measuring the strain in the 
bent up reinforcement, an overview of the shear actions during loading 
could be determined and the vast stress relieving in the strengthened 
laboratory specimen indicate a large enhancement of the shear capacity. 
The strain in the bent up reinforcement in the field test could however 
not be monitored due to inaccessibility. Nevertheless, the tensile 
reinforcement was monitored and the compression due to post-tensioning 
was in the estimated range. It is probable that the bent up reinforcement 
in the field test was relieved in the same manners as in the laboratory tests 
and that the strengthening design, following the Eurocode 2 protocol, 
therefore provides a large safety margin. It is important to know that the 
effect of the strengthening on the shear capacity cannot be directly 
deduced from the strain level in the horizontal main reinforcement. 
However, it is assumed that there is a direct relationship between lower 
horizontal reinforcement strains and higher shear capacity. This 
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assumption is due to a higher degree of aggregate interlock and increased 
resistance for flexural shear cracks in a prestressed structure.  

The field test also indicated a high interaction between the two troughs in 
full scale and a lower degree of vibration in the post-tensioned state. The 
structural vibrations were however relatively small and could therefore 
have been caused by external disturbing factors during the data collection 
and further investigations are needed to determine eventual vibrations. 
Lower reinforcement strains, combined with less structural vibration is 
advantagous for the load carrying capacity, and the structural life might 
also be improved due to reduced structural and material fatigue. The 
stabilizing effect of transverse post-tensioning can be seen in the smoother 
post-strengthening deflection curves and decreased oscillation amplitudes 
in the reinforcement bars during dynamic loading. However, pre- and 
post-strengthening vibration monitoring should be performed in order to 
further investigate and validate this assertion. The maximumum train 
speed on the bridge was restricted to 20 km/h during the field test, and 
by studying higher velocities, the dynamic effects will probably increase. 

The strain gauges S1 and S3, in the field test, were both located in the 
same trough under the main track, while S2 and S4 were located in the 
other trough under the secondary track. Therefore, there were two strain 
gauges in each transverse line: S1 and S2 were situated in one transverse 
line, while S3 and S4 were situated in another transverse line, as shown in 
Fig. 6.4. It was expected that the post-tensioning would have a roughly 
equal effect on the strain recorded by the two strain gauges along the 
same transversal line, since they were both affected by the same 
prestressing. However, the four reinforcement bars did not compress 
equally. In fact, no correlation could be inferred, not even along the 
transverse lines. A small deviation could be explained by the fact that four 
different reinforcement bars were monitored by the strain gauges, and 
small deviations in the bar directions may have occurred during the 
reinforcement work and casting in 1959. Deviations in the drilled 
prestressing bar holes and local cracks near the strain gauges may also have 
contributed to the observed discrepancies. Nevertheless, the compression 
differences between S1 and S2, or S3 and S4, should have been relatively 
small but were actually 14 and 8 μm/m, respectively. The maximum 
compression was 29 μm/m and thereby a difference of 14 μm/m might 
seem relatively high, but one has to keep in mind that the reinforcement 
yields at approximately 2500 μm/m. The reason for the relatively large 
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difference between the compression of S1 and S2 might depend on e.g. 
local concrete cracking close to some strain gauges or slightly rotated 
strain gauges, but can at this moment not be fully determined and requires 
further investigation. 

7.2. Conclusions 

Some of the key aspects for the research presented in this thesis were 
formulated in the research questions in chapter 1. Traffic loads, as well as 
the traffic intensities have continuously increased over the last century and 
are today higher than ever before. The highest allowed axel load in 1900 
was only 200 kN, while the highest axel loads today are twice as high, i.e. 
400 kN. It is however not only the traffic loads that have increased, the 
number of train passages over railway bridges are today higher and the 
velocities of modern trains are also much higher. As a result of the higher 
traffic intensities, the structures are more stressed and the service life for a 
bridge today might be shorter than it was e.g. 50 years ago due to the 
relatively higher number of load cycles over a certain time interval. 
Upgrading the load carrying capacity might be one way to maintain some 
of the old concrete structures when the loads increase and the capacity 
becomes insufficient. The research questions from chapter 1 are answeded 
below. 

 RQ1: How can the original load carrying capacity of concrete 
trough bridges be increased? 

Some of the old concrete bridges which serves on the existing railway net 
can be upgraded in order to allow higher axle loads than they were 
originally designed for, e.g. by refined design calculations or strengthening 
applications. All bridges can however not be upgraded and replacement 
might be required for these obsolescent structures. Strengthening is often 
more attractive from an economical perspective compared to replacement 
of bridges and is therefore often the most appealing choice for the bridge 
owner. This research question is addressed in chapter 3, 4, 5 and 6, as 
well as in all appended papers. 
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RQ2: Which strengthening methods can be applied for shear 
strengthening of concrete trough bridge decks in the transition 
zone between the slab and the main girders? 

A number of various strengthening methods have previously addressed 
flexural capacity upgrading of trough bridges, but shear strengthening of 
the bridge deck has not been investigated. The available strengthening 
methods are discussed in detail in chapter 3, but a new method is 
proposed for shear strengthening purposes, namely unbonded post-
tensioning of the bridge deck. The method includes horizontal core 
drilling through the bridge deck, installation of prestressing bars inside the 
holes and post-tensioning of the structure. One important aspect of the 
method is the layout for existing reinforcement within the structure and 
the location for the prestressing bars should be chosen carefully to avoid 
accidental cutting of reinforcement. Unbonded post-tensioning was 
chosen for further research and the strengthening procedure and effects 
were examined through a laboratory investigation and a field test on an 
existing bridge and the results showed that the strengthening enhanced 
the load carrying capacity. 

RQ3: How does the chosen strengthening method affect the 
traffic on the bridge during strengthening? 

The chosen strengthening method was unbonded post-tensioning and 
research question 4 was investigated during the field test. The bridge 
addressed in chapter 6 and paper IV was open for railway traffic during 
the entire strengthening procedure and the traffic was not at all affected 
by the strengthening work.  

RQ4: Are contemporary design guidelines accurate in predicting 
the strengthening effects of the chosen method on trough bridge 
decks? 

Unbonded post-tensioning enhances the shear capacity, as well as the 
flexural capacity of existing bridges. The bridge deck is compressed as the 
prestressing bars are stressed and the compression can easily be calculated 
by means of translating the post-tensioning into an external load. The 
effect on the flexural capacity is thereby relatively easy to predict and the 
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calculations are rather precise. As a trough bridge deck is post-tensioned 
the shear capacity is also affected, but predicting the shear strengthening 
effect is not as straightforward as predicting the flexural effect. Severeal 
different design procedures are available for calculating the capacity 
contribution of post-tensioning and most of them are based on semi-
empirical beam theory. The laboratory test, described in chapter 5, 
indicated that both Eurocode 2 and BBK are restrictive in predicting the 
post-tensioning effects on the shear capacity. 
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8. Future research 
This licentiate thesis has in general terms described the need for increased 
loads on our railway lines. A novel method to increase the shear capacity 
of concrete trough bridges in the transition zone between the slab and 
main girders by external post-tensioning is also proposed. However, the 
study has been limited to existing guidelines (Eurocode 2 and BBK), a 
small number of laboratory tests and one field test. Nevertheless, the study 
showed a clear tendency that transverse post-tensioning is a valuable 
method to increase the load carrying capacity of trough bridges. 
However, there is still extensive research to be carried out to understand 
the complete effect of post-tensioning in the transition zone between the 
slab and main girders. For example, the case study showed that the strain 
levels in the internal horizontal reinforcement decreased significantly by 
post-tensioning the slab in the transverse direction and the laboratory tests 
showed similar results. The relation between the horizontal strain and 
shear capacity will however require further research, preferably in the 
form of laboratory tests combined with a detailed FE-analysis. The effect 
of specimen size, material and prestressing force must be clarified. In 
addition, existing codes does not accurately describe the contribution to 
the shear force and a more accurate analytical/numerical study is needed. 

Further ambiguities include determination of the maximum load bearing 
capacity for a strengthened bridge and what is the limiting factor, e.g. 
fatigue, boundary conditions, foundation, time and environmental 
dependent factors, etc. 

The strengthening for the field study was designed under the assumption 
that the concrete slab requires full compressive action in the entire slab in 
order to provide the calculated capacity enhancement. Another 
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assumption was that the post-tensioning force disperses with an angle of 
33.7° in the concrete, as prescribed in Eurocode 2. Further research is 
required to investigate wether these assumptions are valid. 

One final suggestion for future research regards size effects. Most 
equations for handling size effects are based on empirical tests on beams 
without prestressing. The size effects might however br influenced by the 
presence- and the level of prestress. 
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Appendix A  
Appendix A contains strain curves from the field test. 
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Appendix B  
Appendix B contains deflection curves from the field test. 
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 Appendix C  
Appendix B contains COD curves from the field test. 



182 

 



183 

  

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

-0,004

0

0,004

0 60 120 180 240 300 360 420 480

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (St1:1) 

C1 C2 C3

-0,004

0

0,004

0 60 120 180 240

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (St1:2) 

C1 C2 C3

-0,004

0

0,004

0 60 120 180 240 300

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (St2:1) 

C1 C2 C3

-0,004

0

0,004

0 60 120 180 240 300

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (St2:2) 

C1 C2 C3



184 

  

  

  

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy1:2) 

C3



185 

  

  

  

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25 30 35 40 45

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy2:2) 

C3



186 

  

  

  

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy3:2) 

C3



187 

  

  

  

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25 30 35

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy4:2) 

C3



188 

  

  

  

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy5:2) 

C3



189 

  

  

  
 

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:1) 

C1

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:2) 

C1

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:1) 

C2

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:2) 

C2

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:1) 

C3

-0,004

0

0,004

0 5 10 15 20 25

M
ov

em
en

t [
m

m
] 

Time [s] 

COD (Dy6:2) 

C3



190 

 



 

 

 

Part II 

Appended papers 
  



 



 

 

 

Paper I 

RC T-beams externally prestressed with 

Unbonded CFRP tendons 

Anders Bennitz, Jacob W. Schmidt, Jonny Nilimaa, Björn Täljsten, Per 

Goltermann and Dorthe Lund Ravn 

Published in:  

ACI Structural Journal,  

Vol. 109, No. 4, July-August 2012, 
pp. 521-530. 

  



 
 

 

 



ACI Structural Journal/July-August 2012 521

Title no. 109-S45

ACI STRUCTURAL JOURNAL TECHNICAL PAPER

ACI Structural Journal, V. 109, No. 4, July-August 2012.
MS No. S-2010-287 received September 21, 2010, and reviewed under Institute 

publication policies. Copyright © 2012, American Concrete Institute. All rights 
reserved, including the making of copies unless permission is obtained from the 
copyright proprietors. Pertinent discussion including author’s closure, if any, will be 
published in the May-June 2013 ACI Structural Journal if the discussion is received 
by January 1, 2013.

Reinforced Concrete T-Beams Externally Prestressed with 
Unbonded Carbon Fiber-Reinforced Polymer Tendons
by Anders Bennitz, Jacob W. Schmidt, Jonny Nilimaa, Björn Täljsten, Per Goltermann, and 
Dorthe Lund Ravn

This study describes a series of experiments examining the behavior 
of seven beams prestressed with unbonded external carbon fiber-
reinforced polymer (CFRP) tendons anchored using a newly devel-
oped anchorage and post-tensioning system. The effects of varying 
the initial tendon depth, prestressing force, and the presence of a 
deviator were investigated. The results were compared to those 
observed with analogous beams prestressed with steel tendons, 
common beam theory, and predictions made using an analytical 
model adapted from the literature. It was found that steel and 
CFRP tendons had very similar effects on the structural behavior of 
the strengthened beams; the minor differences that were observed 
are attributed to the difference between the modulus of elasticity of 
the CFRP and the steel used in the tests. The models predicted the 
beams’ load-bearing behavior accurately but were less effective at 
predicting the stress experienced by the tendons.

Keywords: analytical model; beams; carbon fiber-reinforced polymer; 
prestress; tendons.

INTRODUCTION
The behavior of beams prestressed with external unbonded 

tendons differs from that of beams with bonded tendons 
and therefore cannot be reliably predicted using unmodi-
fied traditional analytical beam models. These differences 
are largely due to the lack of strain compatibility in the 
calculated cross sections and the presence of second-order 
effects originating from the ability of the tendon depth dps to 
change during loading. Consequently, although the tendon 
stress is an essential part of the equilibrium of forces within 
a beam, it is difficult to identify a good way of calculating 
it for external unbonded tendons. Different solutions to 
this problem have been proposed and discussed. One of 
the most common approaches involves the strain compat-
ibility factor F introduced by Baker (1949). The variable F is 
defined as the ratio of the fractional increase in the strain of 
the unbonded tendon to the fractional increase in the strain 
of the concrete in the failing section at the tendon depth; it 
takes values greater than zero and less than or equal to 1. 
If the strain compatibility factor is zero, the tendon experi-
ences no increase in stress beyond the initial prestress. If it 
is equal to 1, the tendon behaves as though it were bonded 
to the concrete. Much of the debate concerning the modeling 
of unbonded tendons has centered on how one can go about 
calculating this factor and which variables should be consid-
ered when doing so. In addition, most models that are used to 
predict the behavior of unbonded tendons are not capable of 
accounting for potential changes in the depth of the tendon 
at the critical section.

Various methods for addressing the first of these issues 
have been proposed, most of which fall into one of three 
different classes. Methods of the first class are based on the 
use of regression analysis to identify correlations between 

experimental observations and potentially relevant vari-
ables. Methods of the second and third classes involve 
attempting to derive an analytical solution to the problem, 
either by calculating the beam’s plastic hinge length or by 
integrating the strains experienced along the tendon length. 
Methods based on integrating strains along the tendon length 
can be used to model the behavior of a beam, provided that 
the behavior of the concrete and any complementary nonpre-
stressed reinforcement present remains elastic (Naaman 
1990), although it is necessary to incorporate empirical 
factors to calculate the beam’s ultimate capacity (Naaman 
and Alkhairi 1991b). Contrarily, the plastic hinge approach 
introduced by Tam and Pannell (1976) and the majority of 
the entirely empirical methods are only capable of calcu-
lating beams’ ultimate capacities. While a beam’s ultimate 
capacity is perhaps its most important property, at least for 
design purposes, it should be emphasized that prestressing is 
often used to restrict and control deflection and cracking in 
the serviceability limit state, as well as to increase the beam’s 
capacity. The literature in this area has been reviewed by 
various authors, including Mattock et al. (1971), Naaman 
and Alkhairi (1991a), Harajli (2006), Manisekar and Senthil 
(2006), and Dall’Asta et al. (2007). Many of these reviews 
have focused on specific aspects of the field, such as the 
modeling of external or multi-span tendons, partially or fully 
prestressed beams, and the identification of variables that can 
be used to reliably estimate the strain compatibility factor.

Common for the presented models and design equations 
are the calibration and comparison to test results including 
steel tendons. There are comparatively little data available 
regarding beams prestressed with unbonded carbon fiber-
reinforced polymer (CFRP), although this material is, in 
many respects, ideal for use in prestressing applications 
because of its high resistance to degradation, low weight, and 
minimal creep and relaxation. It is likely that the apparent 
neglect of this material is due to the difficulties encountered 
when trying to anchor CFRP tendons; despite considerable 
effort, there was, until recently, a dearth of simple, small, 
and reliable anchorages suitable for use with CFRP. Other 
possible reasons include the relatively high cost of CFRP 
and its creep-rupture behavior, which means that its high 
theoretical ultimate capacity cannot be fully exploited. To 
the best of the authors’ knowledge, the only authors to have 
conducted such studies using CFRP tendons are Grace and 
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Abdel-Sayed (1998), Grace et al. (2006), Tan and Tjandra 
(2007), and Ng and Soudki (2010), the latter of whom 
examined their shear behavior. In addition, for example, 
Al-Mayah et al. (2006) report data from important studies 
on the complex force-transferring mechanisms that operate 
in wedge anchorages for CFRP tendons.

In the work described in this paper, the anchorage 
developed by Schmidt et al. (2010) was used to externally 
prestress a series of seven single-span beams with unbonded 
CFRP tendons. The behavior of these prestressed beams 
was modeled using a previously established method and 
compared to that of analogous beams prestressed with steel 
tendons. The analytical model used in this work is based on 
the strain reduction coefficient Ω, which is closely related to 
the strain compatibility factor introduced by Baker (1949). 
This model has been developed over a period of two decades 
and has been implemented by several research groups; it has 
been described more extensively in the literature than have 
most alternative methods. The strain reduction coefficient 
was introduced by Naaman (1987), who later provided a 
more rigorous foundation for the concept (Naaman 1990) 
and proposed a model based on its use (Naaman and Alkhairi 
1991b); this model was subsequently recommended for code 
implementation (Naaman 1992, 1995; Naaman et al. 2002). 
Traditional compatibility analyses typically ignore second-
order effects. This problem was addressed by Alkhairi and 

Naaman (1993) and Tan and Ng (1997); the latter makes 
use of Naaman’s strain reduction coefficient. Strain reduction 
coefficients for uncracked and cracked beams exhibiting 
linear behavior are derived using analytical expressions, 
whereas the coefficient in the ultimate limit state was calcu-
lated on the basis of the results of 143 beam tests reported in 
the literature. Second-order effects are treated solely in the 
calculation of deflections and then with an iterative process 
in which the effective lever arm of the tendon is adjusted 
at each load increment. Tan et al. (2001) and Ng (2003) 
describe a revised strain reduction coefficient in the ultimate 
limit state. Previous methods based their estimations of the 
coefficient on the span-to-tendon depth ratio; in contrast, 
Ng and Tan (2006) based their coefficient on the height-to-
tendon depth ratio, the loading conditions, and a parameter 
included to account for secondary effects. At the outset of 
the research described in this paper, it was anticipated that 
this systematically improved model, which describes the 
beam’s behavior from its initial uncracked state all the way 
to its collapse, would be able to reliably model and predict 
the behavior of beams prestressed with CFRP tendons, as 
well as that of the steel-strengthened systems for which it 
was designed.

RESEARCH SIGNIFICANCE
The experiments and results described in this paper high-

light the potential of CFRP rods in external and unbonded 
prestressing applications. The performance of concrete 
beams strengthened with external CFRP tendons was evalu-
ated and compared to that of analogous beams strengthened 
with steel tendons and with predictions made using estab-
lished analytical models; there is a significant lack of such 
data in the current literature. The results obtained provide 
a more detailed understanding of the structural behavior of 
reinforced concrete (RC) beams post-tensioned with external 
unbonded CFRP tendons throughout the load scheme. In 
addition, a new prestressing system developed for use with 
unbonded CFRP tendons was evaluated.

TEST SETUP
Seven concrete beams were tested to investigate the 

behavior of single-span, simply supported, RC T-beams 
prestressed with external unbonded CFRP tendons. One 
beam was unstrengthened and used as a reference; the other 
six were strengthened in different ways to facilitate: 1) an 
evaluation of the geometrical parameters affecting strength 
and ductility; 2) a comparison of the performance of CFRP-
strengthened beams with those prestressed with steel 
tendons; and 3) a comparison between experiments and a 
promising theoretical model adapted from the literature. The 
test setup is shown in Fig. 1.

Fig. 1—Test setup. (Note: Measurements in mm; 1 mm = 0.0394 in.)
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All beams were subjected to monotonic deformation-
controlled four-point loading at the third points, as shown in 
Fig. 1. The load was applied using a 160 kg (352.7 lb) steel 
beam to ensure an even distribution. Loading was conducted 
until failure at a deformation rate of 0.02 mm/s (0.0008 in./s).

The beam’s deflection at the midspan and its supports, 
its curvature between the load points, end rotation, and 
the movement of the tendons within the anchorage were 
measured using linear variable differential transducers 
(LVDTs). Electrical resistance strain gauges were fixed on 
the internal steel reinforcement and external CFRP tendons 
(Fig. 1). A load cell was applied to the system during preset-
ting of the wedges.

Beam parameters
Three parameters were varied within the test program—

namely, the presence or absence of a deviator, the initial 
depth of the external tendons dps0, and the designed initial 
prestressing level Fps,design. Variations between Beams B2 to 
B7 are shown in Table 1. Beams B3, B4, and B7 were designed 
to be identical to Beams T-1, T-1a, and T-0 in the study 
described by Tan and Ng (1997), albeit with CFRP rather 
than steel tendons. The remaining four beams had identical 
cross sections to these three to facilitate comparisons within 
the test series.

Beam geometry
The cross-sectional dimensions of the seven T-beams and 

the details of their reinforcement are shown in Fig. 2 and 
Table 2. The beams’ internal longitudinal reinforcement 
consisted of two deformed steel bars at the bottom, each 

with a diameter of 16 mm (0.63 in.), and four deformed steel 
bars, each with a diameter of 8 mm (0.31 in.), at the top. The 
total area of the bottom reinforcement was thus 402 mm2 

(0.63 in.2); that of the top reinforcement was 201 mm2 
(0.31 in.2) Shear reinforcement consisting of deformed steel 
stirrups with a diameter of 6 mm (0.24 in.) and a spacing 
of 100 mm (3.94 in.) was provided throughout the length 
of the beams. One 8 mm (0.31 in.) CFRP tendon was posi-
tioned on either side of the web at a distance dps0 from the 
top concrete fiber, giving a total tendon area of 100.5 mm2 
(0.156 in.2).

Material properties
The targeted cylindrical compressive strength of the 

concrete was 30 MPa (4.35 ksi) at 28 days. The water-
cement ratio (w/c) was 0.53 and the maximum aggregate size 
was 16 mm (0.63 in.). The quality of the concrete was tested 
using 150 mm (5.91 in.) cubes; the concrete’s compres-
sive strength fc and tensile strength ft were calculated using 
empirical relationships between these quantities and the 
cubes’ measured cube strength fcu and splitting strength ft,sp. 
The equations used when performing these calculations and 
the calculated concrete strengths for the seven beams are 
shown in Table 2.

The CFRP tendons had an average tensile strength 
of 2790 MPa (405 ksi) and a Young’s modulus of 158 GPa 
(22,900 ksi). They were pultruded with an epoxy matrix and 
had a smooth surface. The average yield strength, ultimate 

Table 1—Tendon configuration and designed 
effective prestressing force expressed as 
percentage of tendon’s ultimate capacity

Beam Deviator dps0, mm Fps,design, kN Tan and Ng (1997)

Reference — — — —

B2 Yes 200 90 (32%) —

B3 Yes 200 140 (50%) T-1

B4 Yes 250 40 (14%) T-1A

B5 Yes 250 90 (32%) —

B6 No 200 90 (32%) —

B7 No 200 140 (50%) T-0

Notes: 1 mm = 0.0394 in.; 1 kN = 0.2248 kips.

Table 2—Measured geometrical and material parameters for individual beams

Beam h, mm hf, mm bw, mm b, mm ds, mm ds′, mm fc
*, MPa ft

†, MPa fps, MPa

Reference 304.5 54 103.5 300 262.5 30 31.4 2.49 —

B2 302.5 53 104.5 301 264.5 30 35.2 2.59 895

B3 304.5 53.5 102.5 300.5 265.5 31 33.4 3.12 1382

B4 306 54 102 305 268 32 35.9 2.53 396

B5 307 55 101 296 263.5 32 28.4 2.28 889

B6 304.5 55.5 107.5 309 269.5 36 40.6 3.78 917

B7 307.5 54.5 104 300.5 268 29.5 35.9 2.89 1407
*Calculated from measured cube strength fcu using fc = 0.8fcu.
†Calculated from measured split strength ft,sp using ft = 0.9ft,sp.
Notes: 1 mm = 0.0394 in.; 1 MPa = 0.1450 ksi.

Fig. 2—Targeted cross section and reinforcement details of 
test beams.
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strength, and modulus of elasticity of the top reinforcement 
were 510, 600, and 187,000 MPa (72.5, 87, and 27,100 ksi), 
respectively. The corresponding material values for the 
bottom reinforcement were 560, 645, and 172,000 MPa 
(81.9, 93.5, and 24,900 ksi). The properties of the tendons 
and the reinforcement were determined by means of tensile 
tests conducted in the laboratory. One of the variables in 
the equation used to calculate the modulus of elasticity is 
the diameter of the deformed steel bars; in this study, it was 
assumed that the bars always retained the diameters speci-
fied by their manufacturers. This assumption may account 
for the relatively low values.

Anchorage
The newly developed, integrated sleeve-wedge anchorage 

system developed by Schmidt et al. (2010) and used to 
anchor the prestressed CFRP tendons in this study is shown 

in Fig. 3. The system consists of two parts: a barrel and a 
one-piece wedge. Notably, the slope of the inner surface of 
the barrel is shallower than that of the outer surface of the 
wedge. The one-piece wedge takes the form of a hollow, 
truncated cone with an axial duct running along its length 
to accommodate the rod and three approximately equally 
spaced grooves cut into its surface, also running along its 
length. One of these grooves is deep and reaches all the way 
into the duct that houses the rod; the other two are compara-
tively shallow and do not. Overall, the one-piece wedge 
resembles three equally spaced separate wedges connected 
by two shallow walls. The installation of the anchorage 
involves a two-stage procedure, the details of which also 
explain the rationale behind the design of the anchorage. 
In the first stage, the one-piece wedge is mounted onto the 
CFRP rod. Then, in the presetting stage, the sleeved rod is 
driven into the barrel, causing the deep groove to shrink and 
the two shallow grooves to open up, resulting in the exertion 
of radial force on the CFRP rod.

Deviator
Beams B2 to B5 were equipped with a deviator at the 

midspan to keep the tendons at a constant depth dps0 during 
loading (Fig. 4). The deviator was 300 mm (11.8 in.) in length 
and had a circular contact surface with a radius of 1100 mm 
(43.3 in.). It was attached to the beam with straps and had 
a hollow bottom to facilitate measurement of the midspan 
deflection. Fifty mm (1.97 in.) hollow steel profiles were 
used to alter the tendon depth from 200 to 250 mm (7.87 to 
9.84 in.).

Installation of external CFRP tendons
Figure 5 shows the components used in the presetting and 

prestressing procedures and the setup used during prestressing. 
Prestressing was accomplished by the action of hand-oper-
ated hydraulic pumps (F) on the bolt anchorage (G) and the 
plate (E). The plate was connected to the anchorage plate (C) 
by means of threaded M20 bars. The tendon strain was moni-
tored during prestressing using strain gauges attached to both 
tendons. Once the desired strain was  achieved, a counter-
acting threaded cylinder (B) was screwed into the anchorage 
plate (C) to support the wedge anchorage (D), which moved 
during the prestressing of the CFRP tendon. The supporting 

Fig. 3—Integrated sleeve-wedge anchorage used in this 
study. (Note: Measurements in mm; 1 mm = 0.0394 in.)

Fig. 4—Deviator. (Note: 1 mm = 0.0394 in.)
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cylinder made it possible to maintain the desired prestress 
after the release of the hydraulic pressure.

A slightly different setup was used for the presetting of the 
CFRP that preceded the prestressing. In this case, the plate 
(E) was attached to the free ends of the threaded M20 bars, 
the other ends of which were connected to the anchorage 
plate (C). The hydraulic pump (F) was placed between the 
moved plate (E) and the integrated sleeve wedge in the 
wedge anchorage (D). A small load cell was also incorpo-
rated into the system to measure the presetting force. A force 
of 100 kN (22.5 kips) was used when presetting the inte-
grated sleeve wedge.

By using a high presetting force and applying the prestress 
directly to the beam, short-term losses were minimized and 
force was efficiently transferred from the hydraulic pump to 
the wedge anchorages. The effective prestress at load initia-
tion, fps, for each beam is shown in Table 2.

MODEL IMPLEMENTATION
The model proposed by Tan and Ng (1997) and Ng (2003) 

was adopted, following the steps given in Ng and Tan 
(2006). The steps, assumptions made, and equations that are 
used are further described in the Appendix.*

After implementation of the model, its predictions were 
verified against predictions made in Tan and Ng (1997). 
Insofar as possible, the input parameters for this quality 
check were the same as those used by Tan and Ng (1997). 
The resemblance concerning predicted deflection, tendon 
stress, and reinforcement stress for the different beam setups 
was satisfactory.

RESULTS AND DISCUSSION
In all tests, the ultimate failure mode involved crushing 

of the concrete. Failure occurred after the yielding of the 
lower steel reinforcement and extensive deformation of the 
beam. The governing parameters in the tests of Beams B2 to 
B7 and the reference beam are therefore the beam’s resis-
tance, defined as the concrete’s ultimate compressive strain; 
and the load, defined as the strain in the beam’s uppermost 
fiber at a critical section located between the applied loads.

Effect of strengthening
Figure 6 shows a plot of the deflections of the prestressed 

Beams B2 to B7 against the applied load and compares them 

*The Appendix is available at www.concrete.org in PDF format as an addendum to 
the published paper. It is also available in hard copy from ACI headquarters for a fee 
equal to the cost of reproduction plus handling at the time of the request.

to the deflection of the unstrengthened reference beam. The 
strengthened and prestressed beams have higher failure 
loads and are stiffer and less ductile than the reference beam. 
A significant variation in the performance of the different 
strengthened beams is also apparent; they differ in terms 
of their initial camber, crack and yield loads, stiffness after 
cracking, post-yielding behavior, and ultimate capacity. The 
numerical data used when constructing the plot in Fig. 6 are 
shown in Table 3, including the deflections δ and corre-
sponding loads P for the unloaded beams, as well as for the 
beams at the point of cracking, at the point of yielding of 
the lower steel reinforcement, at ultimate capacity, and at 
failure. These transition points are highlighted in Fig. A1 in 
the Appendix.

Effect of adding deviator at midspan
Beams B2 and B6 are identical, except that the former 

incorporates a deviator; the same is true of Beams B3 and 
B7. In both cases, the initial tendon depth dps0 is 200 mm 
(7.87 in.). The effect of adding a deviator at midspan can 
be seen in Fig. 7. Beams B2 and B6 had initial prestresses 
of 32% and 33%, respectively, whereas Beams B3 and 
B7 had an initial prestress of 50%. Whereas Beams B2 and 
B6 exhibit similar behavior until they start to yield, there 
is a more pronounced difference between B3 and B7, both 
of which were prestressed at 50%. This difference between 
the beam fit with a deviator and its counterpart without a 
deviator becomes even more pronounced after yielding in 
the highly prestressed pair. The pronounced midspan deflec-
tion observed in this stage highlights the utility of deviators: 
the beams without them are less able to carry high loads after 
yielding, as their tendons’ lever arm length decreases more 
rapidly in the post-yielding stage. As can be seen in Fig. 8(a), 

Fig. 5—Setup for post-tensioning of CFRP tendons.

Fig. 6—Load-deflection behavior of tested beams. (Note: 1 mm = 0.0394 in.)
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although the resisting tendon force Ftend remains as high as 
(or even higher than) the tendon force in the beams with a 
deviator, the decreased lever arm renders the beam without a 
deviator incapable of supporting loads in excess of the yield 
load. On the other hand, the lack of a deviator and the shorter 
lever arm creates less compressive stress in the top concrete 
and thus results in more ductile post-yielding behavior.

By plotting the tendon force against the midspan deflection 
(Fig. 8(b)), it can be seen that the removal of the deviator has 
only a minor effect on the tendon force. A small deviation 
from linearity is observed in the graphs for Beams B6 and 
B7, but the major contributor to the stress increase seems to 
be the elongations of the tendons due to the rotation of the 
beam’s ends.

Fig. 7—Effect of deviator on beam’s load-deflection 
behavior. (Note: 1 kN = 0.2248 kips; 1 mm = 0.0394 in.)

Table 3—Measured deflections with corresponding loads at transition points: unloaded, cracking, 
yielding, ultimate, and failure

Beam δ0, mm Pcr, kN δcr, mm Py, kN δy, mm Pu, kN δu, mm Pfail, kN δfail, mm

B1 –0.0 5.5 0.9 107.0 20.3 117.0 112.4 116.2 116.9

B2 –0.8 31.3 1.1 139.1 19.7 146.7 38.1 144.5 45.5

B3 –1.2 49.3 1.6 160.0 19.2 171.1 35.9 167.8 39.6

B4 –0.4 23.1 0.8 134.2 18.4 177.4 70.8 175.6 72.8

B5 –1.2 43.3 1.4 155.0 19.3 180.0 55.9 178.3 57.7

B6 –0.7 34.8 1.2 135.3 17.1 143.1 39.8 133.0 63.6

B7 –1.2 47.4 1.5 148.0 18.4 153.4 30.0 146.1 42.6

Notes: 1 mm = 0.0394 in.; 1 kN = 0.2248 kips.

Fig. 8—(a) Load-tendon force; and (b) tendon force-deflection curves for 
tested beams. (Note: 1 kN = 0.2248 kips; 1 mm = 0.0394 in.)



ACI Structural Journal/July-August 2012 527

Effect of increasing initial tendon depth
Increasing the initial tendon depth dps0 means increasing 

the lever arms of the external tendons. Figure 9 shows how 
this affects the beams’ flexural behavior. Beams B2 to B5 all 
have a deviator at midspan; Beams B2 and B3 have a tendon 
depth of 200 mm (7.87 in.) and Beams B4 and B5 have a 
tendon depth of 250 mm (9.84 in.). Comparing Beams B2 and 
B5, which have identical prestressing levels, it can be seen 
that the larger lever arm increases the failure load. This effect 
is apparent along the entire load-deflection curve. Cracking 
and yielding of the beam occurs at higher loads and the beam 
also displays greater ductility as the tendon depth increases. 
Furthermore, despite having a prestress of only 14% (that 
is, less than half that of B2 or B5, which were prestressed 
at 32%), the yield load of B4 was very similar to that of B2, 
whereas its ultimate capacity was close to that of B5. The 
ultimate capacity of B5 was in turn 8.9 kN (2.0 kips) greater 
than that of B3 (50% prestress). Interestingly, while the 
beams with larger lever arms are better able to handle larger 
forces, they are also more ductile; this increased ductility 
cannot be matched by B2 and B3.

Effect of changing initial prestressing force
One of the major advantages of prestressing is that higher 

cracking and yielding loads can be reached with a given 
quantity of reinforcing material, such as steel or CFRP. It 
is also expected that these loads can be further increased by 
increasing the amount of prestressing applied. At any given 
deflection, these expected increases are readily apparent on 
comparing the results of Beam B2 with B3 and Beam B4 with 
B5 in Fig. 9 and Beam B6 with B7 in Fig. 7.

Comparisons between CFRP and steel tendons
Three of the tested beams were designed to mimic the 

steel-strengthened beams tested by Tan and Ng (1997). 
These beams were B3 (which is comparable to T-1), B4 
(which should be compared to T-1A), and B7 (which is 
analogous to T-0). Whereas the beams prestressed with 
steel had tendons with a nominal cross-sectional area 
of 110 mm2 (0.171 in.2) (Ng 2003) and a modulus of elas-
ticity of 193 GPa (27,992 ksi), the CFRP tendons had a total 
cross-sectional area of 100 mm2 (0.155 in.2) and a modulus 
of elasticity of 158 GPa (22,916 ksi). Additionally, in the test 
series presented in this paper, straight T-beams were cast and 
subsequently fitted with anchorage plates at the ends and a 
deviator at midspan, all made of steel. By contrast, the beams 
used by Tan and Ng (1997) were cast with a rectangular 
cross section at these positions, with holes to accommodate 
the tendons and their anchorages. Moreover, the upper and 
lower steel reinforcement have different yield strengths. For 
the upper reinforcement, this should be of minor importance 
because the concrete would probably be crushed before the 
reinforcement yielded. However, the small difference of 
5% (30 MPa [4.35 ksi]) in yield strength between the steels 
used for the lower longitudinal reinforcement may have a 
more pronounced impact. It was not possible to compare the 
moduli of elasticity for the internal reinforcement because 
the paper describing the 1997 tests did not include the rele-
vant data. The beams used in the two test series appear to 
have had similar concrete capacities, with the exception of 
Beams B4 and T-1A, which had compressive strengths of 
35.9 and 30.4 MPa (5.21 and 4.41 ksi), respectively.

Figure 10(a) shows the load-deflection curves of the three 
pairs of beams. In all comparable cases, the cracking load is 

higher for the beams prestressed with steel tendons, which 
have a 20% higher modulus of elasticity and a 10% larger 
cross-sectional area of the tendons compared to their CFRP 
counterparts. Although the cracking load is higher with steel 

Fig. 9—Effect of varying initial tendon depth on beams’ 
load-deflection behavior. (Note: 1 kN = 0.2248 kips; 1 mm 
= 0.0394 in.)

Fig. 10—Comparison of: (a) load-deflection; (b) load-
reinforcement stress; and (c) load-tendon force curves for 
beams prestressed with steel and CFRP tendons. Curves 
for Beams T-0, T-1, and T-1A after Tan and Ng (1997). 
(Note: 1 kN = 0.2248 kips; 1 mm = 0.0394 in.; 1 MPa = 
0.1450 ksi.)
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tendons, the deflection at which cracking occurs is similar 
in both cases. After cracking, the difference in the load 
required to produce a given deflection increases linearly with 
the increased deflection for the three pairs up to the point 
of yielding. For the beams prestressed with steel tendons, 
this occurs at a deflection of 15 mm (0.59 in.), whereas the 
beams prestressed with CFRP tendons yield at a deflection 
of 20 mm (0.79 in.).

The difference in deflection at yielding may be due to the 
difference in the yield strength of the lower steel reinforce-
ment. It is not necessarily reasonable, however, to assume 
that the 5% difference in this strength between the two sets 
of beams is sufficient to explain the entirety of the disparity 
by itself. Some uncertainty is also related to the mechan-
ical data of this lower reinforcement used in the Tan and 
Ng (1997) beam tests. Figure 10(b) shows the stress in the 
lower steel reinforcement fs based on strain measurements 
for both test series. One would expect that the yielding point 
of the steel observed in these plots would be the same as that 
observed in the plots shown in Fig. 10(a). This is not the case 
for the T-series, and due to a lack of further data, the rela-
tively large disparity in deflection at yielding in Fig. 10(a) 
might be explained by a larger difference in yield strength 
of the steel reinforcement than 5%. Due to the uncertainties 
regarding the mechanical properties, further comparisons 
from the curves in Fig. 10(b) would be speculative. Looking 
at the post-yielding sections of the load-deflection curves 
in Fig. 10(a), however, it is apparent that the differences 
between the two series disappear and that the curves for the 
matched pairs of beams are very similar to each other. The 
greatest difference is observed between the pair of beams 
without midspan deviators—T-0 and B7. Beam B7 exhibits 
a slightly decreased load-carrying capacity as the deflec-
tion increases, whereas that of Beam T-0 increases. The 
post-yielding behaviors of the beams with initial tendon 
depths of 250 mm (9.84 in.)—that is, Beams B4 and T-1A—
were almost identical with the exception of their ductility. 
Beam B4 failed at a deflection of 74 mm (2.92 in.), whereas 
Beam T-1A failed at 49 mm (1.93 in.); this may be due in 
part to their different concrete strengths.

Figure 10(c) shows that the development of the force 
within the tendons, Ftend, proceeds similarly in the two series 
of beams. Differences in initial load aside, the force within 
the tendons increased most rapidly in the beams prestressed 
with steel tendons. This was probably due to their higher 
stiffness and larger cross-sectional area. Overall, the beams 
prestressed with CFRP behaved very similarly to those 
prestressed with steel. The differences observed within pairs 
of analogous beams can be explained by the differences in 
the material properties of the tendons and the lower steel 
reinforcement used in the two tests.

Comparisons of experimental and predicted results
The theoretical model developed by Ng and Tan (2006) 

was used to predict the behavior of the seven beams 
subjected to experimental testing. The accuracy of the 
model’s predictions were compared to the experimental 
results to evaluate its reliability and applicability to CFRP 
tendons. For comparative purposes, the seven beams were 
divided into three groups: beams without a deviator (reference 
beam, B6, and B7); beams with a deviator and an initial 
tendon depth of 200 mm (7.87 in.) (B2 and B3); and beams 
with a deviator and an initial tendon depth of 250 mm 
(9.84 in.) (B4 and B5). Figure 11 compares the predicted 
load-deflection curves for all seven beams generated by the 
theoretical model to the measured experimental values. In 
all cases, the model overestimates the cracking load. This 
difference is most significant for the reference beam, whose 
measured cracking load was close to zero. The smallest 
difference was observed for the beams with an initial tendon 
depth of 250 mm (9.84 in.)—that is, Beams B4 and B5. All 
seven beams also show a softer behavior up until cracking 
occurs compared to the prediction—that is, the slope of the 
curve for the uncracked stage is steeper for the modeled 
curves. This dissimilarity disappears after cracking, and 
the predicted behavior agrees well with that observed up 
until the yielding point. Interestingly, the reference beam 
is an exception in this case; throughout the linear phase, its 
predicted deflection is smaller than that observed.

The model generally overestimated the beams’ capacities 
and predicted higher yield loads than were measured for 

Fig. 11—Comparison of predicted and measured load-deflection behaviors. (Note: 1 kN = 
0.2248 kips; 1 mm = 0.0394 in.)
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most beams, with the exception of Beams B3 and B5. The 
beams’ ultimate capacities and ductility were also greatly 
overestimated by the model in most cases. The exceptions 
in this instance were the beams with an initial tendon depth 
of 250 mm (9.84 in.) (B4 and B5); the predicted curves for 
these beams match the experimental curves well up until 
the point of failure. All of the features of the post-yielding 
curves are, however, predicted by the model. Beams B6 and 
B7, without the deviator, are predicted to carry less load with 
a larger deflection. The reference beam is predicted to have a 
constant load-carrying capacity until failure. Beams B2 and 
B3, as predicted, experience a slight increase in their capacity. 
Common for these beams is that the features occur at a 
smaller deflection than expected and that the ductility is not 
as large as predicted. As mentioned previously, the model 
is based on an ideal case in which the beam’s curvature is 
evenly distributed along the section with a constant moment; 
the differences between this ideal case and the actual distri-
bution of curvature are likely to be responsible for the incon-
sistencies between the predicted and observed post-yielding 
behaviors. In beams where a relatively small number of 
flexural cracks are dominant, the beam will exhibit localized 
peaks in its curvature centered on the cracks’ positions. This 
in turn gives rise to stress concentrations in the top concrete 
fiber at the cracks’ longitudinal positions, resulting in the 
premature failure of the beam. This hypothesis is supported 
by the data on the number of flexural cracks reaching from 
the bottom of the beams to the bottom of the flanges at 
failure, where the number of cracks corresponding to beams 
(reference beam, B2, B3, B4, B5, B6, and B7) are 13, 4, 4, 
9, 9, 7, and 5, respectively. It is apparent that the four beams 
with the greatest ductility (reference beam, B4, B5, and B6) 
have the largest number of cracks—that is, the overall curva-
ture of these beams is created by a higher number of bends 
with a smaller magnitude compared to the other beams. This 
is particularly true for the reference beam and Beams B4 and 
B5, which have considerably greater ratios of measured ulti-
mate deflection δmeas to predicted ultimate deflection δpred.. 
The ratios were 0.75, 0.99, and 1.09 for the reference beam, 
Beam B4, and Beam B5, respectively, compared to 0.63, 
0.67, 0.68, and 0.59 for Beams B2, B3, B6, and B7, respec-
tively. At the same time, they also have an average crack 
distance of 1000/(9 + 1) = 100 mm (3.94 in.) or less.

As the load-deflection curve depends on the development 
of forces and lever arms within the model, it is logical to 
investigate how these modeled parameters correspond to the 
measured development. One of the most influential param-
eters is the force within the external tendons. The curves in 
Fig. 12 show how the modeled force in the tendons, Ftend, 
varies with increasing load and deflection for three of the 
beams. These beams were chosen because they are similar to 
the beams modeled by Tan and Ng (1997). In the uncracked 
stage, the modeled curves are in good agreement with the 
experimental curves. After cracking, however, the model 
predicts a lower force in the tendons than is measured, and 
the difference increases up until yielding. Tan and Ng (1997) 
reported similar observations, noting that the tendon forces 
predicted by the model were consistently and distinctly 
lower than the measured values. In Fig. 12(b), the tendon 
force is plotted against the midspan deflection. Interestingly, 
it is apparent that while the experimental data show these 
two variables to be directly proportional to each other, this 
linearity is less distinct in the predicted curves. This diver-
gence between the modeled and measured tendon force 

was unexpected because the modeled deflections shown in 
Fig. 11 are in good agreement with the experimental data up 
until the yielding point. This inconsistency may indicate that 
the model’s ability to accurately predict the beams’ deflec-
tion may be due to a fortuitous cancellation of errors and 
that it may overestimate the load resistance of certain other 
components of the beam, such as the internal reinforcement 
or the concrete.

Performance of prestressing system
Successful prestressing can only be accomplished with 

a reliable installation procedure and an anchorage system 
that can handle the high tendon force that must be sustained 
throughout the structure’s life. The number of such systems 
for CFRP tendons is, however, limited. The secondary aim 
of this test series was therefore to evaluate the functionality 
of the anchorage system used and thereby facilitate future 
tests and reliable test conditions.

One major concern has been the inevitable occurrence of 
bends in the CFRP tendon. These may originate from the 
deviator, in which case they form at the midspan with the 
same curvature as the deviator pad. Alternatively, if a devi-
ator is not used, they may occur where the tendon exits from 
the anchorage. In the former case, when the tendons with-
hold a straight profile between the anchorage points during 
the loading procedure, the final end rotation of the beam 
will generate sharp bends in the tendons. One such bend 
is depicted in Fig. 13, which shows one of the anchorage 
points of Beam B7 at its maximum midspan deflection, close 
to the load at which concrete crushing occurred. The load 
in each tendon at this point was 85 kN (19.1 kips) (refer 
to Fig. 8(a)). Although all six prestressed beams exhibited 
bending of their tendons under loaded conditions, no signs 
of failure were observed.

Fig. 12—Comparison of measured and predicted: (a) load-
tendon force; and (b) tendon force-deflection behaviors for 
Beams B3, B4, and B7. (Note: 1 kN = 0.2248 kips; 1 mm = 
0.0394 in.)



530 ACI Structural Journal/July-August 2012

The movement of the tendons “into” the anchorage rela-
tive to the anchorage plate was monitored. Over the entire 
series of experiments, the movement never exceeded 
0.3 mm (0.012 in.). In all cases, this slippage was found to 
be linearly dependent on the force within the tendon. It can 
be assumed that this small movement is due to the move-
ment of the wedges “into” the barrel and the longitudinal 
compression of the anchorage.

CONCLUSIONS
The results of this experimental study of the behavior 

of RC beams prestressed with external unbonded CFRP 
tendons indicate that:

1. RC beams prestressed with external unbonded CFRP 
tendons exhibit the expected increases in strength, stiffness, 
and failure load, as well as decreased ductility relative to 
unstrengthened beams.

2. No significant difference in the behavior between beams 
prestressed with steel or CFRP tendons can be found, except 
for the differences explained by the difference in the two 
tendon materials’ moduli of elasticity.

3. The Tan and Ng (1997) model is functional but needs 
to be refined. Each load-resisting force and corresponding 
lever arm within the model should be calibrated separately 
to allow for the modeling of a wider range of beam designs.

4. The bending of CFRP tendons due to beam deflection 
does not significantly affect the tendons’ performance under 
the loads examined.
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Fig. 13—Bending of CFRP tendon at anchorage point at 
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APPENDIX 

This appendix presents the most important assumptions and equations featured in the analytical model used to 

predict the beams’ behaviour. For a more thorough description, the interested reader is directed to the work of Ng 

and Tan (2006). 

 

The four distinct behavior regimes of the beam were modeled separately. These four regimes are: i) uncracked, ii) 

linear elastic cracked, iii) non-linear cracked, and iv) ultimate limit; they are illustrated in Fig. A1 below. 

 

 

Fig. 1A – Modeling stages and defined transition points on a typical load-deflection curve 

 

In the first three stages iterations are performed at adequate intervals with delimitations at; the calculated crack load, 

the point at which the concrete compressive stress reaches 40% of the concrete’s cylinder strength, and the point at 

which the lower steel reinforcement yields. In the ultimate limit stage (stage four), rather than iterating with fine 

granularity, calculations are simply performed at concrete compressive strains of 0.002 and 0.003 m/m; it is assumed 

that the beam will exhibit linear behavior between these two values. This is the stage at which the concrete reaches 

its maximum stress and fails in compression. With the use of four point bending the model assumes that any position 

between the loading points experience the same curvature; thus neglecting eventual peaks and dips in compressive 

strain caused by tensile cracks in the beam’s lower surface. 
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Individually measured geometries, material properties and prestresses were used as inputs in the models for each 

beam; these input values can be seen in Table 2. Geometries were measured across the longitudinal section between 

the load points, subject to a constant moment, by cutting the beam at an unharmed position as close to the midspan 

as possible. Certain important properties of the concrete are calculated using the following empirical equations taken 

from Eurocode, CEN (2004). These equations are based on measured compressive cube and splitting strengths from 

150 mm (5.91 in.) cube tests: 
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The tendon stresses used in the strain compatibility calculations for the four different modelling stages defined in 

Fig. A1 are calculated using the following expressions: 
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With straight tendons, loading in the third points and one or zero deviators applied the strain reduction coefficients 

for the four different stages defined in Fig. A1 are calculated as: 
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Linear elastic and Non-linear cracked: 
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The following equations are used to model second order effects and to calculate the deflection. Again, it is assumed 

that the tendons are straight, that the beam is loaded at the third points, and that one or zero deviators are applied. 

The original equations are used in the uncracked stage; equations with minor modifications are used in the later 

stages: 
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A = Transformed cross sectional area [m2] [in2] 

Aps = Tendon area [m2] [in2] 

b = Beam width [m] [in]

bw = Web width [m] [in]

c = Depth of neutral axis [m] [in] 

dps = Depth of tendons [m] [in] 

dps0 = Initial tendon depth [m] [in] 

ds = Depth of lower reinforcement [m] [in]

d's = Depth of upper reinforcement [m] [in]
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E = Beam’s modulus of elasticity [N/m2] [lbf/in2] 

e = Eccentricity of the tendon [m] [in] 

e0 = Initial tendon eccentricity [m] [in] 

Ec = Concrete’s modulus of elasticity [N/m2] [lbf/in2] 

Eps = Modulus of elasticity of the tendon [N/m2] [lbf/in2] 

fc = Mean compressive concrete strength [N/m2] [lbf/in2] 

f'c = Stress in the top fibre of the concrete [N/m2] [lbf/in2] 

fcu = Mean compressive concrete cube strength [N/m2] [lbf/in2] 

fps = Effective tendon stress [N/m2] [lbf/in2] 

Fps,design = Designed initial prestressing force [N] [lbf] 

fps0 = Initial tendon stress [N/m2] [lbf/in2] 

fs = Stress in lower steel reinforcement [N/m2] [lbf/in2] 

ft = Mean tensile concrete strength [N/m2] [lbf/in2] 

ft,sp = Mean concrete split strength [N/m2] [lbf/in2] 

Ftend = Force in prestressing tendons [N] [lbf] 

h = Beam height [m] [in] 

h = Beam height [m] [in]

hf = Flange height [m] [in] 

I = Transformed moment of inertia [m4] [in4] 

Icr = Cracked moment of inertia [m4] [in4] 

Ie = Effective moment of inertia [m4] [in4] 

L = Free span length [m] [in] 

M = Bending moment applied to a defined cross section [Nm] [lbf·in] 

Mcr = Beam’s calculated cracking moment [Nm] [lbf·in] 

n = Number of deviators (0 or 1) [-] 

P = Applied load [N] [lbf] 

x = Distance along the beam calculated from support [m] [in] 

ps,bonded = Additional tendon strain in a bonded tendon [-] 
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ps,unbonded = Additional tendon strain in an unbonded tendon [-] 

'c = Strain in concrete’s top fibre [-] 

c0 = Initial concrete strain at the tendons depth [-] 

c0.4 = Estimate of strain when the concrete cease to behave linearly [-] 

cm = Mean concrete strain at maximum load [-] 

cu = Mean ultimate concrete strain [-] 

= Factor for effective height of the compression zone [-] 

= Strain reduction coefficient in stage 1 [-] 

cr = Strain reduction coefficient in stages 2 and 3 [-] 

u = Strain reduction coefficient in stage 4 [-] 

 = Midspan deflection [m] [in] 

Ø = Diameter [m] [in] 
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FLEXURAL-SHEAR FAILURE OF A FULL 
SCALE TESTED RC BRIDGE 

STRENGTHENED WITH NSM CFRP 

Professor Björn Täljsten
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Scandinavia AB, Sweden

Mr Jonny Nilimaa
Luleå University of Technology, Sweden

Dr. Thomas Blanksvärd
Luleå University of Technology and Sto 

Scandinavia AB, Sweden

Dr. Gabriel Sas, Norut AS, Norway 

This paper present a full-scale test on a strengthen 50 year old railway concrete trough 
bridge. A unique opportunity came up. The existing railway line was going to be 
replaced with a new one and the bridge became obsolete. The purpose of the project was 
o investigate the shear capacity of the bridge. To avoid an uninteresting bending failure, 
the bottom beams were strengthened with Near Surface Mounted Reinforcement 
(NSMR) consisting of Carbon Fibre Reinforced Polymers (CFRP). The project was a 
part of the European funded research project Sustainable Bridges 
(www.sustainblebridges.net). The bridge was extensive monitored with both traditional 
monitoring systems and with more advanced systems such as fibre optics and 
photographic monitoring tools. In order to investigate the shear-bending interaction and 
to avoid a pure bending failure, the bridge was strengthened with rectangular bars of 
near surface mounted (NSM) Carbon Fibre Reinforced Polymers (CFRP). The 
longitudinal load carrying capacity was increased with 28 %.  The maximum vertical 
load the bridge could carry was 11,7 MN and bond failure of the CFRP bars initiated 
rupture of the stirrups and failure of the bridge. The capacity was assessed with codes 
from the United States (ACI), from Canada (CSA), and Europe (EC2). The European 
truss model with a variable compressive strut angle gave the most conservative result, 
the Canadian  simplified compression field theory a somewhat less conservative result, 
and the American addition theory gave the most realistic result. The very conservative 
results are partly due to the fact that the bridge had a comparably low shear 
reinforcement percentage of 2%. The conclusions are that (1) NSM CFRP worked 
excellently and increased the flexural and shear capacity considerably, (2) the present 
codes are quite conservative, and (3) more accurate models are necessary to accurately 
assess the capacity of existing bridges. 

Corresponding author’s email: bjorn.taljsten@ltu.se
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FLEXURAL-SHEAR FAILURE OF A FULL 
SCALE TESTED RC BRIDGE 

STRENGTHENED WITH NSM CFRP 

Professor Björn Täljsten1, Mr. Jonny Nilimaa, Dr. Thomas Blanksvärd3 and Dr. Gabriel 
Sas4

1 Luleå University of Technology and Sto Scandinavia AB, Luleå, Sweden 
2 Luleå University of Technology, Luleå, Sweden 
3 Luleå University of Technology and Sto Scandinavia AB, Luleå, Sweden 
4 Norut AS, and Luleå University of Technology, Narvik, Norway 

ABSTRACT: A test to failure has been carried out on a 50-year-old RC railway trough 
bridge. In order to investigate the shear-bending interaction and to avoid a pure bending 
failure, the bridge was strengthened with rectangular near-surface mounted (NSM) 
Carbon Fibre Reinforced Polymers (CFRP) bars. The longitudinal reinforcement 
capacity was hence increased by about 30 %. The bridge was heavily monitored al the 
way up to failue. The failure occurred at 11.7 MN load, by a flexural shear failure 
mechanism. At failure intermediate crack (IC) debonding of the CFRP bars was noticed, 
and at the same moment the major shear crack opened. The capacity of the bridge was 
assessed using codes from the United States (ACI), Canada (CSA) and Europe 
(Eurocode). The European standard with variable angle truss theory (VAT) gave the 
most conservative results, while the Canadian simplified modified compression field 
theory (MCFT) and the US fixed truss model (45° TM) gave less conservative 
estimates. The conclusions are that NSM CFRP worked excellently and increased both 
the flexural and shear capacity of the bridge. Additionally the present codes provided 
conservative estimates of shear force capacity, and more accurate models are required 
for detailed capacity assessments of existing concrete through bridges. 

1 INTRODUCTION 

State evaluation in existing structures is normally done by visual inspection, however 
they provide rather uncertain and limited information and even though more 
sophisticated, Structural Health Monitoring (SHM) methods are available this term is 
still a relatively unfamiliar for civil engineering applications. Monitoring is the act of 
acquiring, processing and communicating information about a structure over a period of 
time with a high level of automation. 
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Structural health monitoring may also be a very interesting tool to investigate the real 
behaviour of a structure, its design and its ultimate load carrying capacity. In addition, if 
the existing design codes and guidelines should be improved or if a structures real 
behaviour and performance should be understood field tests in the ultimate limit state is 
necessary. 

European railway bridges are older than 50 years (Bell (2004), hence most of these 
bridges require specific monitoring, strength assessment and structural rehabilitation or 
strengthening as a result of increases in traffic loads, frequencies and speeds. Some of 
the aspects have been addressed, to varying degrees, in recent updates of three of the 
major design codes: ACI (ACI-318, 2008), Eurocode (CEN, 2005a) and CSA (CSA-
A23.3, 2009). However, validating the models applied in the codes has been difficult 
since few results of full-scale failure load tests have been published (Scordelis et al., 
1977; Scordelis et al., 1979; Plos, 1990; Täljsten, 1994; Plos, 1995), possibly because of 
time, legal and cost constraints. Such data are extremely valuable for elucidating the 
complex structural behaviour of bridges and their components. Clearly, there is a need 
for refining current design methods, and/or developing new techniques, for monitoring 
and assessing bridges in service, and for testing possible solutions for repairing and 
strengthening them. These were major aims of the Integrated Research Project 
‘‘Sustainable Bridges’’, part of the European Framework Program 6, which 
incorporated field tests of existing bridges. This paper describes results of the tests on 
one of the selected bridges; the two-span, concrete railway trough bridge located in 
Örnsköldsvik, Sweden, see Figure 1. It was considered to be more scientifically 
challenging to investigate the shear failure mechanism rather than the flexural failure. 
Hence, this bridge was strengthened in flexure with NSM CFRP bars in order to ensure 
a shear failure following loading in the test. The NSM reinforcement strengthening 
increased the flexural capacity of the bridge, thus resulting in the desired shear failure. 
However, the complexity of the failure mechanism also increased; the shear failure 
occurred simultaneously with flexural failure, and intermediary crack (IC) debonding of 
the NSM reinforcement from the concrete surface was noticed. 

2 BACKGROUND 

2.1 The Bridge 

The bridge is a reinforced concrete railway trough bridge with two spans 12+12 m, see 
Figure 2, where the plan of the bridge is shown. The bridge was built in 1955 and has 
now been taken out of service due to the building of a new high-speed railway, the 
Botnia Line. The bridge was planned to be demolished in 2006 and the idea was to load 
it to failure before that in order to test its remaining ultimate load carrying capacity after 
a service period of 50 years 
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Figure 1 The railway bridge in Örnsköldsvik before testing, (Photo L. Elfgren). 

Figure 2 The evaluation of the bridge 

2.2 Material properties 

The bridge was designed using a K 400 (40 MPa) concrete class and Ks 40 (400 MPa) 
quality steel reinforcement. According to the current European Standard Eurocode 
(CEN, 2005a), the concrete had an equivalent strength class of C28/35. The steel 
reinforcement consisted of hot rolled steel bars with diameters (Ø) of 10, 16 and 25 mm. 
Prior to the test concrete cylinder core samples were collected and tested. The mean 
value of the concrete cylinder compressive strength was determined to be 68.5 MPa, 
with a standard deviation of 8 MPa. According to the Eurocode (CEN, 2006) standard 
this value corresponded to a characteristic compressive strength of 57 MPa. The steel 
reinforcement properties were tested according to (CEN, 2005b) after the bridge has 
been demolished. Tests of the steel reinforcement properties according to (CEN, 
2005b), after the bridge has been demolished, indicated that the Ø 16 and 25 mm bars 
had tensile strengths of 441 and 411 MPa at yielding. No Ø 10 mm bars were tested. 
The rectangular 10 x 10 mm CFRP bars had a modulus and strain at failure 
corresponding to 250 GPa and 0.8 % respectively. The adhesive used for bonding was a 
cold cured two component epoxy adhesive with a modulus of 6.5 GPa and a bond 
strength of approximately 22 MPa. 

2.3 Test setup 

The bridge was tested with a vertical point load in the northern mid span, see Figure 3. 
In total three tests were carried out. In the first test, the through slab was loaded through 
the ballast, to check the distribution of loads and the cracking load of the slab. In the 
second test, the two main beams were tested before strengthening up to the cracking 
load and in final test the two main beams were tested after strengthening up to failure. 
The two first tests were carried out in the service limit state (SLS) and the last test in the 
ultimate limit state (ULS). The load was statically applied by pulling the bridge down 
with large hydraulic jacks mounted on stay cables anchoraged 9 meters into the bedrock 
beneath the bridge. Before testing a thorough investigation was undertaken. 

Cross Beam where the load is 
applied
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Figure 3 Test site and test set up 

3 CAPACITY ASSESSMENT 

Calculating the shear capacity of the bridge was not straightforward. At the time of the 
test two standards were used for this purpose; the Swedish national standard (BBK04, 
2007) and the draft version of the European standard (CEN, 2005a). The shear capacity 
provisions in these two standards are different; while the Swedish standard (BBK04, 
2007) applies a fixed truss model, the European norm uses the variable angle truss 
model. Given awareness of their conservative nature, to obtain a realistic assessment the 
shear force capacity was determined using a combination of these two methods. The 
concrete’s contribution was calculated using the Swedish code and the stirrups’ 
contribution using the European standard, considering a crack inclination angle of 
30°.The shear force and bending capacity of the bridge before strengthening were 
determined to be 4.92 MN and 10 MNm, respectively. The load P required for shear 
failure was estimated to be 8.29 MN and the load required for bending failure 5.76 MN. 
Since a shear failure was desired the bending capacity needed to be increased, to ca. 
14.4 MNm, to accommodate a minimum concentrated load of about 8.3 MN. Thus a 
bending capacity deficit of ca. 4.4 MNm needed to be carried by the FRP strengthening. 
Therefore, the bridge was strengthened before the final failure test with 18 (nine per 
beam) 10 m long NSM CFRP bars. 

Figure 4 Making of grooves in the beams  Figure 5 Placement of the rods in the 
grooves. 

After applying the adhesive in the grooves, see Figure 4, the rods were mounted in the 
soffit of the bridge beams with a centric distance of 100 mm between the rods. The 
adhesive was let harden three days at 20 °C (average) before testing. In figure 5 it is 
demonstrated how one of the rods is mounted. In Table 1 a comparison of code 
calculations versus the load at failure are made. It can here be noticed that calculated 
capacities are not very close to the test result. 

Table 1 The capacities and the failure loads predicted by the compared standards for the 
strengthened bridge 

 EC2 CSA ACI Test 

θ  21°8’ 45° 33°8’ 37°9’ 45° ≈ 32° 
Vs (MN) 2.54 1.06 1.52 1.31 1.06 - 
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Vc (MN) - - - 0.97 1.24 - 

VRd (MN) 2.54 1.02 1.52 2.28 2.29 - 

M (MNm) 6.12 6.12 6.12 6.12 6.12 - 

PV (MN) 9.12 3.64 5.44 7.67 7.74 11.7 

PM (MN) 6.64 6.64 6.64 6.64 6.64 11.7 

Where θ is the crack angle inclination, Vs the shear force carried by the stirrups, Vc, the 
shear force carried by the concrete. VRd is the shear force resistance, M the maximum 
bending moment, PV the applied force that produces shear failure and PM the applied 
force that produces bending failure. 

4 MONITORING 

In this particular project the bridge was heavily monitored with many different types of 
sensors, for example; electrical strain sensors on concrete, steel and CFRP rods, LVDT 
(Linear Variable Displacement Transformers) for measuring the displacements at 
various locations and curvature, laser deflection meters for measuring the mid-
displacement, accelerometers, fibre optic crack sensors and fibre optic strain (Bragg) 
sensors. The sensor placement and a description of the sensors related to CFRP 
strengthening are presented in figure 6. 

Sensor Denotatio
n 

Description 

1 CoT4E Strain on concrete, mid section, east-beam 
2 StB4E Strain on steel reinforcement, mid section, 

east beam 
3 CaB4E Strain on NSMR rod, mid-section, east 

beam 
4 DlB4E Deflection, longitudinal curvature, east 

beam 
5 CoT4W Strain on concrete, mid-section, west 

beam 
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6 StB4W Strain on steel reinforcement, mid-section, 
west beam 

7 CaB4W Strain on NSMR rod, mid-section, west 
beam 

8 DlB4W Deflection, longitudinal curvature, east 
beam 

9 CaB7E1 Strain on NSMR rod at the cur off end 
10 CaB7E2 Strain on NSMR rod at the cur off end 
11 CaB7E3 Strain on NSMR  rod at the cur off end 

Figure 6 Placement and type of sensors – not all results from the sensors are reported 

The compatibility in the strengthened cross section could thereby be viewed upon as 
well as the individual strain in each material. This setup makes it also possible to 
compare the steel strain at a particular load level before and after strengthening. Further, 
the curvature is calculated from the distribution and it could be compared to the 
curvature measured with the external curvature measurement from the deflection 
monitoring.  

5 FIELD TESTING AND TEST RESULTS 

The test carried out cannot directly be translated into train load. However, it is still 
interesting to make a rough comparison with the design axel load and the loading of the 
slab before strengthening since this loading is closes to a real train load on the bridge. 
The loading carried out on the slab can consider being in the service limit state. Here the 
bridge was loaded up to 1.7 MN, see Figure 7. At this level the crack widths was 
measured to approximately 0.2 – 0.4 mm and the stress in the steel was measured to 
approximately 80 MPa.  Consequently the service performance was considerably higher 
than the design load. The failure was an expected shear failure, shown in figure 8 – the 
failure arose almost simultaneously in both beams at a load of 11.7 MN. 
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Figure 7 Load time curves from all three tests  Figure 8 Shear failure in the 
east beam 

At this level the tensile steel was yielding in the beams and considerably strain (stress) 
was taken up in the CFRP rods, see figure 9. The strain in the CFRP corresponds 
approximately to a stress of 1950 MPa. Furthermore it was shown, see figure 10, that 
we had a slip in the rod at load levels near failure. This can also be seen in figure 11 
where a typical fish bone pattern had developed close to the rods. 
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Figure 9 Strain in carbon fibre east beam
  

Figure 10 Strain readings in mid section 

A calculation of the shear stress from the measured strain at the end of the rod shows 
that it was possible to transfer as high shear stresses as 10 MPa into the concrete from 
the CFRP rods.  

Figure 11 Fish bone pattern in concrete
  

6 DISCUSSION AND CONCLUSIONS 

In the current paper a full scale test up to shear failure of a concrete trough bridge is 
presented. It was of primary interest to investigate the shear capacity of the bridge 
beams. However, for all reasonable placement of the load a bending failure would 
occur. To avoid this, the bridge beams was strengthened for flexure with NSMR CFRP 
rectangular rods. Extensive monitoring was carried out, both before and after 
strengthening. For the Örnsköldsviks bridge the analytical design model, the Swedish 
concrete code, underestimate the shear capacity of the bridge beams with approximately 
100 %. The strengthening of the bridge was very successful and a stress of 
approximately 1950 MPa was calculated from strain readings in the CFRP rods.  

Furthermore, very high shear stresses, approximately 10 MPa were transferred from the 
CFRP rods to the concrete in the bonded slots. At failure a very distinct fish bone 
pattern had developed in the concrete and the end location of the rods. It was found 
from the test that it is very difficult to predict the ultimate behaviour of the bridge even 
though it was mapped in detail before the monitoring and testing was carried out. The 
study stresses the importance of using SHM for evaluation of existing design models 
and the behaviour of real structures. 
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The three codes used to predict the shear force capacity of the bridge after the 
strengthening capture this interaction differently, but all predict the shear force capacity 
in a conservative manner. One advantage of using Eurocode is that the VAT model 
predicts the crack inclination angle quite accurately, but it gives the most conservative 
estimates of the shear capacity because it does not consider the concrete contribution to 
the total shear capacity (which can lead to unexpected failure modes). 

The ACI model is a fixed model that does not consider the flexural shear interaction. 
The advantages of using this model for such assessment is that it is simple, direct and 
provides the most realistic estimates. The CSA model captures the flexural shear 
interaction in a conservative manner compared to Eurocode. The shear crack angle 
predicted by this standard and used in the estimation of the shear force capacity leads to 
more conservative results for the stirrups’ contribution than Eurocode, but higher 
estimates than the ACI model. The authors believe that this is connected to the fact that 
the longitudinal strain at the middle of the cross-section has been calibrated with test 
results obtained from steel reinforced concrete beams rather than FRP strengthened 
beams. 
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ABSTRACT 
 
The Swedish Transport Administration (Trafikverket) is the owner 
of a large number of railway concrete trough bridges, which were 
designed according to Swedish design codes in the 1950’s. The 
traffic loads are today higher than the design loads and the 
horizontal level of ballast is also much higher today, which implies 
that the contribution from the ballast to the deadload is 
considerable. The degree of utilization of the bottom slab is very 
high, which can be confirmed by calculations and visual 
inspections (flexural cracks are visible). This paper presents the 
results from a laboratory test on scaled down trough bridge 
specimens strengthened by transversal post-tensioning of the slab. 
 
Calculations according to two design codes where the horizontal 
prestressing force is considered, gives a theoretical increase of the 
shear capacity with 5 – 11%, and the test indicated an even larger
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increase of shear capacity. The main objective for the 
strengthening was to increase the shear capacity. In addition, 
adding a prestressing force also increased the theoretical flexural 
capacity, in this case with 21%. 

 
Key Words: Strengthening, Post-Tensioning, Prestress, Retrofit, 
Trough bridge, Concrete, Upgrade 

 
 
1. INTRODUCTION 
 
There are approximately 300,000 railway bridges in Europe and about two thirds of them are 
more than 50 years old [1]. In general, as a bridge grow older, deterioration will affect the 
performance level, and this often occurs in combination with changes in structural requirements 
and demands. The society is constantly evolving, forcing the infrastructure to manage all kinds 
of changes. The railway system is also striving to increase traffic intensities, -loads, and -
velocities, while design criteria and design codes are changing along with new research findings. 
Eventually, all bridges will reach a point when they can no longer provide a required safety 
margin for the users, i.e. it is no longer safe to use the bridge in the present state. 
 

 
Figure 1 – Age profile for European railway bridges. 
 
When such a situation occurs, the bridge owner will need to make a difficult decision about how 
to handle the structure. The first step is always to do an assessment of the existing structure. 
Sometimes it might be possible to upgrade the performance level only by executing new 
calculations according to the present standards, e.g. administrative upgrading. In this paper the 
following definitions are used; maintenance is defined as an action to keep the present 
performance level (lower than the original level), repair brings up the level of performance to its 
original state and upgrading increases the performance above its original state. Performance is 
often referred to increased load carrying capacity, but could also concern deterioration, function 
or aesthetic appearance. In this paper upgrading refer to increased load carrying capacity, but in 
cases when a bridge cannot be upgraded without any physical measures, there are three possible 
alternatives for the bridge owner; 
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1)  Keep using the existing structure, but with reduced capacity and if necessary 
monitor. 

2)  Strengthening of the existing structure, to increase the load carrying capacity. 

3)  Replacing of the existing structure with a new one that fulfils the demands. 
 
In some cases it might be possible to continue using the old structure with a reduction in the 
capacity. But if the objective is to e.g. increase the performance, this might not be a satisfying 
alternative. There are many ways to strengthen a bridge and current research is constantly 
developing new methods, e.g. [2], [3], but it is not always economically or physically viable to 
strengthen all old structures, some of them require to be replaced. 
 
The Swedish Transport Administration (Trafikverket) is the owner of a large number of railway 
concrete trough bridges, which were designed according to standard codes in the 1950’s. The 
traffic loads are today higher than the original design loads and the level of ballast is also much 
higher today. The degree of utilization of the bottom slab is very high, which can be confirmed 
by calculations and visual inspections (flexural cracks are in many objects visible). Several 
methods for flexural strengthening of trough bridges have been tested and are well documented, 
e.g. [4], [5], but there is a lack of strengthening methods, applicable for shear strengthening of 
bridges in-situ. The objective of this paper is to investigate the possibility to strengthen trough 
bridges by transversal post-tensioning and the strengthening effects on the shear capacity.  
 
 
2. METHOD 
 
2.1  Experimental program 
 
Two specimens (B1 & B2) were tested in order to investigate the possibility to strengthen RC 
trough bridges by transversal post-tensioning with internal unbonded steel tendons and the 
effects on the structural behavior of such a strengthening system. The specimens were designed 
in resemblance to the design drawings of existing railway trough bridges from the 1950’s, but 
reduced to a scale of 1/3. B1 was unstrengthened and used as a reference specimen, while B2 
was strengthened by three transversal post-tensioned unbonded internal steel tendons, denoted N 
in Figure 2. 
 
Geometry 
The length of the specimen was 1700 mm, the width was 1500 mm (including main girders), the 
thickness of the slab was 110 mm and the height of the girders was 220 mm. Geometrical data 
for the test specimen are illustrated in Figures 2 and 3. The internal reinforcement consisted of 
deformed steel bars with diameters of 6, 8 and 10 mm. Compressive and tensile reinforcement 
were located at 23 and 86 mm, with internal spacing of 150 and 120 mm, respectively.  The 
strengthening system included three steel tendons, located at mid height of the bottom slab, as 
shown in Figure 2.  
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Figure 2 – Test setup, cross sectional view, in [mm]. 
 
 
2.2   Test setup 
 
Supports 
The specimens were arranged on top of four semi spherical steel supports, one in each corner, as 
illustrated in Figure 2. Normally a trough bridge would be supported along two opposite sides, 
but since the aim was to investigate the transversal behavior, the present approach was chosen. 
 
Material properties 
The targeted concrete quality was C30/37, and tested average concrete compressive strengths 
were 39 MPa and 43 MPa for the unstrengthened and strengthened specimen, respectively. 
Corresponding average concrete tensile strengths for the unstrengthened and strengthened 
specimen were 2.7 MPa and 3.1 MPa, respectively. Concrete strength was tested using six 150 
mm cubes, and concrete compressive-, fc, and tensile strength, ft, were calculated using 
empirical relationships between these quantities and the cubes’ measured cube-, fcu, and splitting 
strengths, ft,sp. The concrete strengths are summarized in Table 1. 
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Figure 3 – Test setup, top view, in [mm]. 
 
 
Table 1. Concrete quality based on measured cube- and splitting strength. 
 Compressive strength 

fc [MPa] 

Standard deviation 

[MPa] 

Tensile strength 

ft [MPa] 

Standard deviation 

[MPa] 

B1 39 0.46 2.7 0.13 

B2 43 0.52 3.1 0.22 

 
Post tensioning 
One specimen was strengthened with three straight seven wire prestressing strands, located at 
the longitudinal mid-section of the slab and at a distance of 375 mm on each side of the mid-
section. The vertical locations of the tendons were at the center of the slab height, 55 mm from 
the bottom.  
 
The diameter of the prestressing strands was 9.6 mm and the average tensile strength, fpu, was 
1860 MPa. Prestressing was conducted by hydraulic jacks and the effective prestress, fpe, was 
744 MPa or approximately 0.4fpu. The prestressing force was monitored by load cells at each 
tendon and the post tensioning procedure was a stepwise prestressing of one tendon at the time, 
starting with the central tendon and followed by the outer tendons. 
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Rectangular steel plates (110 x 120 x 15 mm) were used as anchor plates, transferring the 
stresses from the tendons, through the wedge anchors to the concrete structure, see Figure 4. 
 

 
Figure 4 – Wedge anchor, load cell and anchor plate.  
 
Loading and monitoring 
Both specimens were subjected to two monotonic, deformation controlled line loads, as shown 
in Figure 2. Loading was conducted by a deformation controlled hydraulic jack until failure at a 
constant deformation rate of 0.01 mm/s, and the load was distributed by one transverse steel 
beam on top of two longitudinal steel beams as seen in Figure 2. The reason for choosing two 
line loads instead of a uniform load, which is the actual case caused by the ballast, was to obtain 
a zone with constant shear force between the load and the main beam. 
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Figure 5 – Strain gauges on internal reinforcement, in [mm]. 
 
Displacements, rotation and global curvature were monitored by linear variable differential 
transducers (LVDTs), see Figure 3. Electrical resistance strain gauges measured the strains in 
the internal steel reinforcement, see Figure 5, and the load in the prestressing system was 
monitored by load cells, see Figure 4. 
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2.3   Shear design  
 
The shear capacity was calculated according to beam theory in two design codes;  
 
• The European design code EC2, [6]  
• The Swedish design code BBK 04, [7] 
 
BBK is based on the addition principle, where the total shear resistance, VR, is calculated as the 
sum of the shear strengths of concrete, VC, the shear reinforcement, VS, and the prestressing VP. 
 

PSCR VVVV ���                    (1) 
 
In order to provide a safe structure, the total shear resistance, VR, must be greater than the shear 
forces, VE, resulting from all loads acting on the structure as shown in equation (1). 
 

ER VV �                      (2) 
 
EC2 has a slightly different approach. If the specimen contains shear reinforcement, the 
resistance of the concrete is neglected and the shear capacity is given as the resistance of the 
stirrups. In the case of no shear reinforcement, the shear resistance is given as the resistance of 
concrete where potential prestressing is included.  
 
The test specimens in this report had no shear reinforcement, meaning that the shear strength 
was governed by the shear capacity of concrete and the contribution from prestressing. The 
design calculations are shortly described in the following sections and for detailed calculations 
the reader is referred to [8]. 
 
EC2 
The general procedure for shear design of concrete structures is presented in chapter 6.2 of EC2. 
The design value for the shear resistance is given by equation (3).  
 

dbσk)fρ(kCV wcpcklRd,cRd,c ����
�

	

� ������� 1

3
1

100                               (3) 

 
with a minimum of: 
 

�  dbσkvV wcpRd,c ����� 1min                                   (4) 
 

As seen in equation (3), the shear capacity contribution, provided by the prestress is included in 
the shear capacity of the concrete. But the prestress can easily be separated into equation (5). 
 

�  dbσkV wcpprestressRd,c ����� 1                                   (5) 
 
The values for k , 1k , Rd,cC  and minV  can be found in the National Annex for each country, but 
the recommended values are 
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0.22001 ���
d

k                                    (6) 

15.01 �k                                      (7) 

c
Rd,cC

�
18.0

�                                     (8) 

2
12

3

min 035.0 ckfkv ���                                         
(9) 

 
Where 
 

c�  is the partial factor, which can be chosen as 1.2 or 1.5, depending on the design situation. 

ckf   is the characteristic compressive cylinder strength of concrete at 28 days. 

wb  is the smallest width of the cross-section in the tensile area. 
d  is the effective depth of a cross-section. 
 

020.
db

A
ρ

w

sl
l �

�
�                                  (10) 

 
slA   is the area of the tensile reinforcement, which extends � dlbd ��  beyond the section considered. 

 
The stress, caused by prestressing is 
 

cd
c

Ed
cp f

A
Nσ 2.0��  [MPa]                                (11) 

 
where 
 

EdN   is the axial force in the cross section due to loading or prestressing. 

cA   is the area of the concrete cross section. 
 
BBK 
The general procedure for shear design of concrete structures is presented in chapter 3.7 of BBK 
04. The design value for the shear resistance is given by the following equation. 
 

PSCR VVVV ���                                  (12) 
 
The shear resistance of the concrete is calculated as 
 

vwC fdbV ���                                           (13) 
 
where 
 

wb  is the smallest web width in the region of the effective height of a cross section. 
d  is the effective height of a cross section. 
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vf  is the formal shear strength of concrete. 
 
The formal shear strength of concrete is calculated as 
 

�  ctv ff ������ �� 50130.0                                 (14) 
 
where 
 

�
�
�

�
�
�

�

�
���
���

�

�

 d1.0m                 for                      9.0
1.0md0.5m          for               4.03.1
0.5md0.2m          for                     6.1

0.2md                 for                      4.1

d
d

�                      (15) 

 

02.00 �
�

�
db

A

w

s�                                  (16) 

 
ctf  is the design value for the tensile strength of concrete. 

0sA  is the smallest area of the flexural tensile reinforcement in the zone between for maximum 
moment and zero moment. 

 
The shear resistance of the prestressing can be calculated as 
 

min

0

2.1 ��
�

�
��
�

�
�

�
�

dn

d
P M

MV
V

�
                                       (17) 

 
where 
 

dM  is the flexural moment caused by external loads. 

0M  is the moment which combined with the tensile force, causes zero strains. 

n�  is a safety factor. 
 
The shear resistance of the concrete and the prestressing is limited to 
 

� cmctwPC fdbVV �3.0�����                                (18) 
 
where 
 

cm�  is the average compressive stress in the uncracked cross-section, caused by effective 
tensile force or normal force, divided by An ���2.1 . 

 
 
2.4   Flexural capacity  
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The flexural capacity of the cross-section shown in Figure 6 below is determined by defining the 
equilibrium equation (19). 
 

 
Figure 6 -  Forces acting on a prestressed cross section. 
 
By incorporating Hooke’s law and assuming yielding in the tensile reinforcement at ULS, the 
horizontal equilibrium equation in the ultimate limit state will be 
 

0''8.0 �������� SstSSScc AfNAEbxf                       (19) 
 
where 
 

ccf   is the compressive stress of concrete. 
b  is the width of the cross section.  

S'   is the strain in the compressive reinforcement. 

SE   is the elastic modulus for steel. 

SA'   is the area of the compressive steel. 
N   is the prestress. 

stf  is the yield strength of the tensile reinforcement. 

SA  is the area of the tensile reinforcement. 
 
The distance to the neutral layer, x, can be solved with the following equation 
 

1

2

C
Cx �

�                                            (20) 

 
where 
 

!
"
#

�����
���

SstSSS

cc

AfNAEC
bfC
''

                     8.0

2

1

 
                               (21) 
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Through moment equilibrium around the concrete resultant force, FC, which is assumed to be 
located at a distance of x4.0 from the concretes top fiber at ultimate limit state, the flexural 
capacity can be expressed as 
 

�  � xdAExhNxdAfM SSSSSst 4.0'''4.0
2

4.0 ����
�
�

�
�
� �����                    (22) 

 
For a cross section without prestress, the flexural capacity is determined by setting the 
prestressing force, N, to zero in Equation (19) – (22).  
 
 
3. RESULTS 
 
The failure load, Pmax, was 344 kN and 380 kN for the unstrengthened and strengthened 
specimen, respectively, and both specimen failed in flexure. The maximum load, P, that 
corresponds to the shear capacity calculated according to EC2 and BBK are given in Table 2. 
Mcap is the maximum load, P, corresponding to the flexural capacity. 
 

Table 2 – Load, P, required to reach calculated shear capacity (according to EC2 and BBK), 
flexural capacity, Mcap, and tested failure loads, Pmax. All capacities are calculated for the entire 

cross section. 
 EC2 

[kN] 

BBK 

[kN] 

Mcap 

[kN] 

Pmax 

[kN] 

B1 258 308 294 344 

B2 286 322 356 380 

 
 
3.1  Deformation 
 
When the specimens were subjected to loading, the main beams rotated inwards against the 
trough and the slab deflected, as illustrated in Figure 7. The measured inwards rotations of the 
main beams and deflection at mid span are presented in Figure 8 and 9, respectively. 
 

$

 

P/2 P/2 

δ  
Figure 7 – Rotation and deflection of specimen. 
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Figure 8 - Rotation of main beams.   Figure 9 - Deflection at midspan. 
 

A curvature rig was used to monitor the global curvature and the outcome is presented in Figure 
10. Local curvature, Figure 11, is calculated from the strains in the internal reinforcement, 
equations are described in [9]. The main difference between global and local curvature is the 
section considered. While the global curvature is the average curvature for the structure, the 
local curvature presents the curvature in one vertical section of the structure and requires two 
strain gauges in the vertical line. 

 
Figure 10 - Global curvature.    Figure 11 - Local curvature. 
 
 
3.2  Strains 
 
Figure 12 presents the strain curves for transversal tensile reinforcement at the center point of 
the test specimen, according to Figure 5, and the corresponding strain curves for compressive 
reinforcement is presented in Figure 13. The tensile- and compressive reinforcement had 
diameters of 8 and 6 mm, respectively. Reinforcement grade was B500B, with a strain at 
yielding of approximately 2500 %m/m. Since the prestressing force is causing compression of 
the tensile reinforcement before loading starts, B2 initially has a small negative value.  
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Figure 12 - Strain in tensile reinforcement. Figure 13 - Strain in compressive reinforcement. 
 
Strains were measured in bent up reinforcement bars, with a diameter of 8 mm, at the junction of 
the slab and the main girders, see strain gauge nr. 6 in Figure 5. Figure 14 presents the strain 
readings from the bent up reinforcement at mid height of the slab. 
 

 
Figure 14 - Strain in bent up reinforcement. Figure 15 – Tendon stresses. 
 
The tendon forces in specimen B2 were measured by load cells and the calculated stresses are 
presented in Figure 15, where T2 represents the central tendon. The tensile strength of the 
tendons was 1860 MPa. 
 
 
4. ANALYSIS AND DISCUSSION 
 
Transversal post tensioning has a positive effect on the behavior of concrete trough bridges as 
seen in the laboratory test results presented in Figure 8 – 15. The deformations are clearly 
reduced in terms of decreased vertical displacements of the slabs and less rotation of the main 
girders. In an in-situ situation, when the trough is filled with ballast, loading will force the main 
beams to rotate inwards, but the rotation will be prohibited by the ballast inside of the trough. 
Instead of rotating the beams, the loading will create torsion at the junction of the slab and the 
main girders. The effect of prestressing is decreased rotation of the main girders, as seen in 
Figure 8. 
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Figure 12 shows that the strain levels in the tensile reinforcement are also significantly 
decreased after prestressing, which should render in an increased flexural capacity. The 
calculations given in section 2.3 also indicated an increased flexural capacity, see Table 2. 
 
The main objective of the laboratory tests was to investigate how the prestressing affected the 
transversal shear behaviour and if the capacity of the slab could be increased. The largest shear 
forces, in the current test setup, appeared in the exterior side of the line loads, i.e. between line 
load and beam, see Figure 2. Since there was no shear reinforcement in the slab, the shear 
stresses were best represented by the strain levels in the bent up reinforcement at the junction of 
the slab and the main girders as seen in Figure 5. The strains in the bent up bars were 
dramatically affected by post-tensioning, i.e. the strain was significantly smaller in the 
strengthened specimen. The post tensioned specimen also exhibited compression before any 
tension could be detected in the bent up bars. The reduced strains in the bent up bars, for the 
strengthened specimen, indicate a relief in shear stress and thus an increase in the shear capacity. 
 
The tendons were prestressed up to an effective prestress of about 40% of the tendon capacity, 
generating a total prestressing force of 124 kN for the three tendons. It would therefore be 
possible to increase the prestressing force, which could result in an even larger capacity 
increase. Figure 16 illustrates how the load capacities, calculated from the shear capacities 
according to EC2 and BBK, are affected by increasing the prestress. 
 

 
Figure 16 – Effect of increasing the prestress. 
 
EC2 and BBK starts with load capacities of 258 and 308 kN, respectively for an unstrengthened 
specimen. For a prestress of 124 kN (dashed horizontal line in Figure 16), the load capacities 
has increased up to 286 and 322 kN for EC2 and BBK, respectively. As seen in Figure 16, the 
prestress impact on shear capacity is higher for EC2, i.e. the slope of the solid line is steeper. 
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When the total prestress approaches 500 kN, the shear capacity according to BBK and EC2 
coincides at approximately 375 kN. 
 
Both specimens failed in flexure, in contrast to the design calculations summarized in Table 2. 
According to EC2, the specimen would have failed in shear and calculations according to the 
Swedish concrete design code, BBK, indicated that the unstrengthened specimen would fail in 
flexure and the strengthened one would fail in shear. The two design codes, however, 
underestimates the shear capacity and the significant decrease of strains in the bent up 
reinforcement for B2, as seen in Figure 14, indicates an underestimation of the strengthening 
effect as well.  
 
The actual test setup with a trough bridge located on top of four point supports, loaded with two 
line loads, was obtained by having two steel beams on top of the concrete slab. Different 
stiffness’s of the steel beams and the concrete slab would theoretically result in different flexural 
behavior and masonite strips and plaster were therefore introduced as an intermediate layer. The 
desired function of the intermediate layer was to obtain uniform loading along the entire line 
loads, and the spherical supports also had similar function. Although no space could be detected 
between the steel beams and the concrete slab during loading, a fully uniform line load cannot 
be guaranteed.  
 
By using scaled down specimens, size effects are affecting the correspondence of the test results 
to real size trough bridges, see e.g. [10]. Aggregate size and interlocking, as well as 
reinforcement design and dimensions are affecting the shear capacity, but size effects are not 
analyzed in this paper.  
 
 
5. CONCLUSION 
 
The laboratory tests indicate that post-tensioning is a method which should be possible to be 
used for strengthening of concrete trough bridges in shear (and flexure). For the strengthening 
part, there are hydraulic jacks designed for prestressing of steel strands and bars. This procedure 
does not require any electricity or heavy machinery, just a hydraulic jack and a pump, which 
means this can be performed at most remote locations. One part of the strengthening procedure 
though, which was not included in this laboratory investigation, is the drilling of holes through 
the structure in which the prestressing cables or bars are inserted. This has however been 
performed earlier in [11].  
 
Transversal post-tensioning increases both the shear capacity and the flexural capacity, which is 
confirmed in design calculations as well as laboratory tests. The laboratory tests, however, 
indicate that both EC2 and BBK are restrictive in estimating the strengthening effects of post-
tensioning.  
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6. FUTURE RESEARCH 
 
Transversal post-tensioning is an appropriate method for increasing the shear capacity of 
reinforced concrete trough bridges. The method will be tested on a real trough bridge in the 
summer of 2012. 
 
Further laboratory tests are also required to confirm the results from this report and for 
investigating the effect of changing the distance between tendons and changing the prestress.  
 
The technique for drilling holes through the bottom slab needs to be investigated further, in 
order to develop an effective procedure with high precision. 
 
A rail transportation project called MAINLINE, [12], recently started in Europe, with the aim to 
develop new renewal interventions and maintenance strategies. Another aim is to develop tools 
to inform decision makers about the economic and environmental consequences of different 
maintenance and renewal intervention options being considered. MAINLINE proposes that 
these new methods will render in annual savings of at least 300 M€ across Europe with a 
reduced environmental footprint in terms of embodied carbon and other environmental benefits. 
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Abstract: The majority of railway lines in Sweden are designed to support axle loads of 

up to 25 tons. Due to increased transport needs on some lines, an axle load limit of at 

least 30 tons would be beneficial. In order to upgrade the Haparanda line in northern 

Sweden to 30 tons, the concrete slabs in existing trough bridges on this line require a 

greater transverse shear capacity. Methods that strengthen bridge slabs in this way have 

not yet been developed. In this paper, the possibility of increasing the load capacity by 

horizontal prestressing is presented. Internal, unbonded, post-tensioning was performed 

on one bridge on the Haparanda line and the strengthening effects were investigated. The 

strengthening was designed according to the European ‘Eurocode’ design regulations and 

testing was conducted before and after the implementation. Strains in the main transverse 

reinforcement, produced by a train with an axle load of 21.5 tons, were completely 

counteracted by eight prestressing bars, stressed with 430 kN/bar. The results indicate 

that the actual strengthening effect obtained is larger than that predicted by the 

calculations. The strengthening method can be implemented quite quickly, and has no 

impact on railway traffic, thus presenting no disturbance to bridge traffic. 

 

CE Database Subject Headings: Bridges, Concrete, Full-scale tests, Post tensioning, 

Railroad bridges, Rehabilitation, Shear 



 

Introduction 
There are more than 300,000 railway bridges in Europe, about two thirds of which are 
over 50 years old (Bell 2004) and their demands have undoubtedly changed from the 
originally. The concrete trough bridge is a standard bridge type that was built in Sweden 
during the 1950s, with maximum axle loads of 250 kN (Royal Railway Board 1950). 
Today, most existing railway lines in Sweden are still only allowing maximum axle loads 
of 225 or 250 kN, but new lines are designed for 330 to 400 kN. The design calculations 
for a concrete bridge upgrade currently follow the Eurocode 2 protocol (CEN 2008). 
Previous calculations (WSP 2008) have revealed that the transverse shear capacity of 
trough slabs is insufficient for 300 kN axle loads. 

There is however a lack of methods for shear strengthening of railway concrete bridge 
slabs. The main problem is inaccessibility: the top is covered with ballast, two of the 
edges face the supports and main girders protect the two remaining edges. Precision 
drilling of long holes through a concrete or rock structure may be used to introduce extra 
reinforcement to otherwise inaccessible areas. This technology has been tested previously 
(see for example Bennitz et al. 2012), but the method can be further developed by using 
post-tensioning, which is a classic way of preventing further cracking in concrete or 
metallic structures. 

Laboratory tests (Nilimaa et al. 2012) have indicated that post-tensioning is an 
appropriate method for increasing the transverse shear and flexural capacities of a 
concrete slab, but both Eurocode (CEN 2008) and the Swedish design code (Boverket 
2004) can only roughly estimate the actual strengthening effects. 

The prestressing force can be introduced by implementing an internal bonded or 
unbonded post-tensioning solution, consisting of prestressing bars or tendons transversely 
inserted through the slab. By choosing a low, vertical placement of the prestressing bar, 
the flexural capacity can be increased. However, existing reinforcement layers in the slab 
may complicate or prevent this option. One advantage of the post-tensioning method is 
the minimal disturbance to existing traffic on the railway line during the strengthening 
process. All strengthening work is performed below the top-most level of the bridge, 
which is ideal for safety reasons, and traffic may continue using the bridge during the 
reinforcement process. The primary advantage of choosing an unbonded strengthening 
solution is that the level of prestressing can be easily adjusted and single strands can be 
exchanged if necessary. The risks of this strengthening method include accidental cutting 
of the internal reinforcement during drilling. Previously, a small number of trough 
bridges have been strengthened by Luleå University of Technology (Carolin & Täljsten 
1999, Bennitz et al. 2012, Bergström et al. 2009). However, the primary focus in these 
studies has been to increase the longitudinal or horizontal flexural capacity of the slab. 



 

The Haparanda Bridge is a concrete double trough bridge, located in Haparanda, northern 
Sweden, close to the Finnish border (Fig. 1). The bridge, built in 1959 (Royal Railway 
Board 1958), crosses a two-lane main road at an angle of 73°.  

The purpose of this case study is to investigate whether the method of unbonded internal 
post-tensioning can be utilized in upgrading trough bridges from a maximum allowed 
axle load of 250 kN, to 300 kN. Strengthening effects in terms of steel strains and 
structural deformations are also investigated. 

 

Figure 1 - Location of the Haparanda Bridge. 

The strengthening method employed is transverse post-tensioning of the slab. 
Prestressing not only increases the shear capacity of the slab, but also enhances the 
flexural capacity in the horizontal direction. According to the design calculations, the 
shear and flexural capacities are increased by 25% and 13%, respectively.  

The bridge was tested before and after strengthening, and the results indicate that the 
additional steel strains caused by a train with axle loads of 215 kN are completely 
counteracted by the prestressing.  However, the maximum steel strains caused by the train 
were small, with magnitudes of approximately 20 µm/m. 

  



 

Method 
The Haparanda double trough bridge was strengthened, by installing an unbonded 
prestressing system in the structure. The prestressing system introduced a transverse force 
that compressed the bottom slab and increased the load carrying capacity of the bridge by 
decreasing the tensile stresses in the structure. 

Bridge geometry and materials 

The bridge is a reinforced concrete trough bridge with two separate troughs, one for each 
railway track. A main road runs underneath the bridge, where the superstructure has an 
angle of 73° to the supporting substructure, as shown in Fig. 2. Internal transverse 
reinforcement in the superstructure was cast in the same direction as the substructure, at 
an angle of 73° to the longitudinal line. 

The free span of the bridge is roughly 12.5 m and the total width of both troughs is about 
10.5 m, including the top flanges. The height is 1200 mm and 1300 mm for external and 
internal girders, respectively, and slab thickness is 400 mm. A side view of the bridge is 
shown in Fig. 3 and a cross-section in Fig. 4. 

 

Figure 2 - Plan of the bridge in Haparanda. Note: Measurements are given in mm. 



 

 

Figure 3 – Side view of the Haparanda Bridge. Measurements are given in mm. 

 

Figure 4 – Cross section of the Haparanda Bridge. Measurements are given in mm. 



 

Both the top and bottom transverse reinforcements in the slabs have diameters of 19 mm. 
The main girders also include reinforcement with diameters of 12 mm and 25 mm. The 
steel quality was denoted ks40, with characteristic yield strength of 410 MPa and 
Young’s modulus of 200 GPa. However, no tests were performed on the steel 
reinforcement from the actual structure. The concrete quality was tested on four concrete 
cylinder cores and reported in WSP (2008). Characteristic values for the concrete 
compressive and tensile strengths were 23.2 and 1.5 MPa, with standard variations of 
6.06 and 0.47 MPa, respectively.  

Eight prestressing threadbars, denoted Dywidag 26WR, with nominal diameters of 26.5 
mm were used to post-tension the trough bridge in the transverse direction. The 
prestressing bars are hot-rolled, tempered from the rolling heat, then stretched and 
annealed, with a circular cross section. The bars are composed of prestressing steel 
Y1050H according to prEN 10138-4:2000 (CEN 2000) and their characteristic tensile 
strength and Young’s modulus values, provided by the manufacturer, are 1050 MPa and 
205 GPa, respectively. 

Strengthening procedure 

The concrete double trough bridge was strengthened with an unbonded post-tensioning 
system and the strengthening procedure was divided into four strategic working steps: 

1. Transverse drilling of the horizontal holes through the bottom slab. 

2. Installation of the prestressing system. 

3. Post-tensioning of the system. 

4. Sealing of the prestressing system. 

The advantage of having an unbonded strengthening solution is that individual bars can 
be replaced easily if they are accidentally damaged, corroded or no longer needed, and 
the level of prestressing can be adjusted at a later time, as required. 

Drilling of holes 

The core drilling method was used to produce eight horizontal holes (57 mm diameter) 
through the bottom slab of each of the two troughs. The holes were drilled in the same 
direction as the transverse reinforcement, at an angle of 73° to the concrete surface. The 
reason for having transverse reinforcement in this direction is to align it with the 
substructure. The reason for drilling the holes in the same direction as the substructure is 
to prohibit unwanted cutting of the reinforcement while drilling.  



 

The slab is 400 mm thick, and the holes were located in the vertical mid-section (i.e. 200 
mm from the bottom surface of the slab). The main reason for positioning the holes in the 
mid-section, rather than a lower position which would give higher flexural capacity, was 
to prevent cutting of the existing internal reinforcement. 

A total number of eight holes with a lateral center-to-center separation of 1500 mm were 
drilled through the structure. According to the design directions in Eurocode 2, section 
8.10.3(5), this choice ensures full compressive action, across the entire length of the slab 
(see Fig. 12). The geometry described above, including the placement of the prestressing 
bars, is shown in Fig. 5. 

 

Figure 5 – Placement of prestressing bars, represented by thick lines, and strain 
gauges. S1 – S4 denote strain gauges attached to the reinforcement, while S5 – S8 
denote strain gauges attached to the prestressing bars. Measurements are given in mm 

Installation of the prestressing system 

The installation of the prestressing system can be divided into four consecutive steps 
following the drilling:  

1. Installation of PE ducts.  

2. Installation of prestressing bars. 

3. Installation of load distributing wedges, see Fig 6. 



 

4. Installation of the anchoring system. 

Corrosion and water protection are important aspects of the installation procedure, the 
longevity being strongly dependent on the latter. 

Installation of PE ducts: The first step in the installation of the prestressing system was to 
insert ducts into the drilled holes. The ducts can be made of either steel or Polyethylene 
(PE), the latter being chosen for this project. The function of the duct is to provide 
mechanical protection for the heat-shrinking sleeve, which surrounds the prestressing bar. 
The heat-shrinking sleeve provides permanent corrosion protection for the prestressing 
steel. 

Installation of prestressing bars: After installation of the ducts into the transverse holes, 
the prestressing bars penetrated the ducts. The prestressing bars needed to be longer than 
the drilled holes, to enable anchoring and prestressing. The excess length was dictated by 
the prestressing equipment and the anchoring design. The prestressing bars were installed 
in the center of the ducts and left unbonded. 

Installation of load distributing wedges: A perpendicular contact between the prestressing 
system and the concrete structure was required. This ensured effective stress transfer 
between the prestressing bars and the concrete structure. Since the holes were drilled at 
an angle of 73°, and not 90°, a galvanized steel wedge that ensured the required 
perpendicular stress distribution was custom designed. The wedges also distributed the 
prestressing force over a larger concrete area, and thus functioned as load distributors. 
This prevented local crushing or splitting of the concrete behind the post-tensioning 
anchors. All steel wedges were bonded to the concrete surface, thus keeping them stable 
during installation and preventing water leakage into the holes. 

Installation of the anchoring system: The anchoring system consisted of square 
galvanized steel anchor plates, with dimensions of 140 mm x 165 mm x 35 mm, and 
anchor nuts with a length of 90 mm. These nuts anchor the prestressing bars at a certain 
stress level and transfer the prestressing force from the bar to the structure. Anchor plates 
are usually in direct contact with the concrete structure, serving to distribute the 
prestressing force from the anchor nuts directly onto the concrete structure. However, the 
bearing surface of the anchor plate must be perpendicular to the prestressing bar. This 
was, in part, the reason why load-distributing wedges were employed as a compensating 
layer between the anchor plates and the concrete structure. The anchor plates were all 
bonded to the load distributing wedges in order to prevent water leakage into the holes. 
The load distributing wedge and the anchoring system are shown in Fig. 6. 

 



 

 

Figure 6 – One of anchoring systems including: 1) an anchoring nut, 2) an anchoring 
plate and 3) a load-distributing wedge. 

Post-tensioning 

Once the prestressing system had been installed, the post-tensioning procedure began. 
The eight prestressing bars were post-tensioned with a force of 430 kN per bar, resulting 
in a total force of 3.44 MN acting on the concrete slab. A hydraulic jack was used to 
provide the required stress. The hydraulic pressure corresponding to a prestressing force 
of 430 kN was first calibrated against a load cell.  

A steel frame was designed to ensure the stressing of the bars. The steel frame had 
openings on both the bottom and top sides, and one of the side walls had an opening that 
provided access to the anchor nut. The bottom side of the steel frame rested on the anchor 
plate, with the prestressing bar running through the bottom and top openings. The anchor 
nut was inside the frame.  

The hydraulic jack was positioned on the prestressing bar, resting on the top side of the 
steel frame. An extra nut was screwed onto the end of the prestressing bar, which 
protruded from the jack. With the extra nut in place, acting as resistance at the stressing 
side of the slab, and the anchor nut in place, acting as resistance on the other side, the 
bridge could finally be post-tensioned. During the stressing process, the anchor nut on the 
stressing side of the slab was continuously tightened. 

After reaching the desired prestressing force and tightening the anchor nut as much as 
possible, the pressure in the hydraulic jack was released and the prestressing force was 
transferred from the prestressing bar to the concrete structure. An instantaneous strain 
relaxation of approximately 6% occurred as the hydraulic stress was released. Therefore, 



 

all bars were overstressed, in order to obtain a final prestressing force of 430 kN. Finally, 
the extra nut, hydraulic jack and steel frame were removed. The prestressing setup is 
illustrated in Fig. 7.  

 

Figure 7 – Prestressing setup including: 1) the steel frame, 2) the hydraulic jack and 3) 
the extra prestressing nut. 

Sealing 

The strengthening system contains mainly steel parts. Thus, if left untreated, the 
strengthening effect may be reduced over time by corrosion. To ensure the longevity of 
the strengthening system, an adequate corrosion protection solution was required. The 
solution adopted for this system was sealing the strengthening system following post-
tensioning. 

Firstly, permanent corrosion protection in the form of heat-shrinking sleeves covered the 
prestressing bars. Secondly, each sleeve was protected against mechanical impacts by the 
PE duct. The connection between the steel wedge and the concrete structure, as well as 
that between the steel wedge and the anchor plate was, sealed by a permanent water 
resistant compound (epoxy adhesive). 

Finally, the anchor nuts and bar ends were sealed by welding a retention cap onto the 
anchor plate. As a further corrosion protecting measure, all steel wedges, anchor plates 
and retention caps were galvanized. The retention cap is shown in Fig. 8. 



 

 

Figure 8 – A complete post-tensioning system sealed with a retention cap. 

Monitoring 

Structural movements were monitored by linear variable differential transformers 
(LVDTs) and crack opening displacement transformers (CODs). Steel strains were 
monitored by strain gauges (SGs), which were welded to the reinforcement and 
prestressing bars. 

Strains 

Four SGs were welded onto the internal, transverse, bottom reinforcement of the slabs 
(S1-S4) and four additional SGs were welded onto the prestressing bars P1 – P4 (S5-S8). 
The locations of all eight SGs are shown in Fig. 5. S1 and S2 coincide with the 
longitudinal location of the prestressing bar P1, while S3 and S4 coincide with the 
longitudinal location of the prestressing bar P4. 

Deflections 

A total of 16 LVDTs (L1-L16) monitored the vertical displacements of the structure: six 
along a transverse line beneath prestressing rod P4, as seen in Fig. 9; and the remaining 
10 in two longitudinal lines along the mid-section of the two bridge slabs, as seen in Fig 
10. 



 

 

Figure 9 - LVDTs along the transverse direction. Measurements are given in mm. 

Joint opening  

The Haparanda Bridge consists of two concrete troughs, which were most likely cast on 
two separate occasions. The distance between the troughs at the connection joint was 
monitored by three CODs (C1-C3). The CODs measured the differential transverse 
movement of the two troughs at the joint, as shown in Fig. 10. 

 

Figure 10 - LVDTs in the longitudinal direction denoted L7 – L16, and CODs denoted 
C1 – C3. 



 

Test program 
The test program for the Haparanda Bridge consisted of two sets of eight tests (two static 
tests, and six dynamic with known velocities): one before and one after the strengthening 
process. The protocol for the complete test program for the Haparanda Bridge is given in 
Table 1. Due to the presence of a nearby railway depot the speed limit over the bridge is 
20 km/h, which was thus the maximum test velocity. 

The test load consisted of two coupled diesel (GC Td44) locomotives, pictured in Fig. 11, 
with an axle load of 215 kN. The axle separation on the locomotives was sufficiently 
large that during testing a maximum of two axles were located on top of the bridge slab at 
any time. For the static tests, the locomotives were placed such that the two axles were 
equidistant about the midspan point of the bridge. 

Table 1 – Test program for the Haparanda Bridge 

Test program for unstrengthened bridge Test program for strengthened bridge 

Test Track Direction Velocity [km/h] Test Track Direction Velocity [km/h] 

St1:1 Main North 0 St1:2 Main North 0 

St2:1 Secondary North 0 St2:2 Secondary North 0 

Dy1:1 Main North 5 Dy1:2 Main North 5 

Dy2:1 Main South 5 Dy2:2 Main South 5 

Dy3:1 Main North 10 Dy3:2 Main North 10 

Dy4:1 Main South 10 Dy4:2 Main South 10 

Dy5:1 Main North 20 Dy5:2 Main North 20 

Dy6:1 Main South 20 Dy6:2 Main South 20 

 



 

 

Figure 11 - The two locomotives used as loads on the Haparanda Bridge. The left of 
the image is the northerly direction. 

Strengthening Design 
Design calculations indicated a 24% deficit in the shear capacity of the slab in the 
transverse direction (WSP 2008). The shear capacity at the critical section is 150 kN/m, 
while the shear force is 186 kN/m. Thus a minimum shear capacity strengthening of 36 
kN/m was required. The strengthening method used to increase the capacity was internal 
post-tensioning.  

The general procedure for shear design of concrete structures is described in chapter 6, 
section 2 of Eurocode 2. The design value for the shear resistance is given by the 
following equation; 

,    (1) 

with a minimum given by 

.      (2) 
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As seen in Eq. (1), the shear capacity of the prestressing is included in the shear 
resistance of the concrete. The contribution from the prestressing can be separated from 
the equation and expressed as 

.      (3) 

The values for , ,  and  can be found in the National Annex for each country 
(SIS 2005). 

In order to increase the shear capacity of the Haparanda Bridge by 36 kN, a prestressing 
force of at least 260 kN/m was required. The post-tension introduced 286 kN/m, thus 
increasing the shear capacity of the bridge by almost 40 kN. 

By introducing a prestressing force of 286 kN/m, the shear and flexural capacities of the 
Haparanda Bridge were increased by 27% and 15%, respectively. For further detailed 
design calculations, the reader is referred to Nilimaa (2012). 

Design of the distribution wedges 

A perpendicular contact between the prestressing system and the concrete trough bridge 
was required to ensure effective stress transfer from the prestressing bars to the bridge. 
Since the holes were drilled at an angle of 73°, rather than 90°, a galvanized steel wedge 
was custom designed in order to obtain the required contact angle. The wedges also 
distributed the prestressing force over a larger concrete area, and thus functioned as load 
distributors, thus preventing local crushing or splitting of the concrete behind the post-
tensioning anchors.  

As a simplification, Eurocode section 8.10.3(5) states that the prestressing force may be 
assumed to disperse at an angle of , starting at the end of the anchoring device. The 
value of  is assumed to be , as indicated in Fig. 12. 

The prestressing force is transferred from the bar, through the anchor plate and the 
distribution wedge and onto the concrete structure. The external main girder of the trough 
bridge, which is assumed to act as a load distribution device for the concrete slab, has a 
width of 857 mm. The force is dispersed over a distance of 571 mm by passing through 
the girder. With a prestressing bar separation of 1500 mm, the required width of the 
distribution wedge is given by . Ultimately, a slightly larger width of 
382 mm was chosen for the distribution wedges, as indicated in Fig. 12. 
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Figure 12 - Load distribution through the main girders with a width of 857 mm. All 
measurements are given in mm. 

Results 

Strains 

The strain levels were calibrated prior to the testing of the unstrengthened bridge. This 
means that the strains caused by, for example dead-loads, or ballast, are not included in 
the strain results. Figs. 13 and 14 show the strain curves for the two static tests, and Figs. 
15 and 16 show the strains at S3 and S4 during the dynamic tests. The train loads are the 
only sources of strain measured in the tests prior to strengthening. During post-
tensioning, the prestressing compressed the reinforcement. This resulted in negative strain 
readings after strengthening. Since the reinforcement compression varied over the four 
measuring locations, the strain curves corresponding to different gauges have differing 
initial strain levels. 

The strains in the prestressing bars during static loading of the main trough are presented 
in Fig. 17a and the strain in prestressing bar P4 during dynamic loading is presented in 
Fig. 17b. 



 

 

Figure 13 – Strains for the static loading of the main track, a) before strengthening 
and b) after strengthening. 

 

 

 

 

Figure 14 – Strains for the static loading of the secondary track, a) before 
strengthening and b) after strengthening. 

  



 

 

Figure 15 – Strain in S3 (the most strongly affected SG in the loaded trough) for the 
dynamic loading of the main track with a constant train speed of 20 km/h in southerly 
direction, a) before strengthening and b) after strengthening. 

 

 

 

 

Figure 16 – Strain in S4 (the most strongly affected SG in the unloaded trough) for the 
dynamic loading of the main track with a constant train speed of 20 km/h in southerly 
direction, a) before strengthening and b) after strengthening. 

  



 

 

Figure 17 – a) Strain in prestressing bars P1 – P4 during static loading and b) strain in 
prestressing bar P4 during dynamic loading. 

Deflections 

The deflections were monitored along three separate lines as seen in Figs. 9 and 10. All 
LVDTs were calibrated prior to testing of the unstrengthened bridge and the results from 
the static loading of the main trough are presented in Figs. 18 – 20. Neither the 
prestressing bars that were placed close to the neutral layer of the slab, nor the post-
tensioning process had any influence on the deflections of the unloaded bridge. Therefore 
both the pre- and post-strengthening deflection curves start at zero. The deflection curves 
for dynamic loading, not presented in this paper, showed similar behavior to those for 
static loading, the magnitudes in the former being slightly lower. 

 

Figure 18 – Deflections along the transverse line for static loading of the main track, 
a) before strengthening and b) after strengthening. 



 

 

Figure 19 – Deflections along the longitudinal line under the main track for static 
loading of the main track, a) before strengthening and b) after strengthening. 

 

 

 

 

Figure 20 – Deflections along the longitudinal line under the secondary track for static 
loading of the main track, a) before strengthening and b) after strengthening. 

 

  



 

Joint opening 

Movements in the joint between the two troughs were monitored by Crack Opening 
Displacement transformers (CODs) and the results are presented in Fig. 21.  In order to 
present only the movements, regardless of the size of the initial opening, the COD results 
were manually adjusted after testing. However, it should be mentioned that the impact of 
prestressing on the joint opening was about 10 times larger than that of the static load. 
Negative values in Fig. 21 indicate reductions in the size of the opening, and hence in the 
distance between the two troughs, due to loading. 

 

Figure 21 – Joint displacements for the static loading of the main track, a) before 
strengthening and b) after strengthening. 

Analysis 

Strains 

The strains in the main reinforcement of the concrete slab were clearly affected by the 
post-tensioning. At the onset of testing, all strains were calibrated to zero. After testing 
the unstrengthened bridge, the strains returned to their original level. The strain levels in 
the four strain gauges decreased as expected during prestressing, as this compresses the 
concrete slab and therefore the internal reinforcement. However, the amount of 
compression of the four reinforcement bars varied greatly. Possible reasons for this are 
considered in the Discussion. 

The strains caused by the trains had maximum magnitudes of approximately 20 and 32 
µm/m for the static and dynamic tests respectively, as shown in Figs. 13a and 15a. Of the 
SGs, S3 was affected most greatly upon loading of the main track, while S4 was affected 
most greatly upon loading of the secondary track. Fig. 15a and 15b present the strain in 



 

S3 on dynamic loading before and after strengthening, respectively. A clear reduction in 
the oscillation amplitude was observed after strengthening. 

The static loads did not affect the prestressing bars, such that the strain levels remained 
constant throughout the loading process, as seen in Fig. 17a. This is due to the fact that 
the prestressing bars were located close to the neutral layer of the slab and thus the bars 
were not subjected to any external load stresses during static loading. Dynamic loads, 
however, did affect the prestressing bars, with the strain oscillating about its original 
level, as can be seen in Fig. 17b.  

Although the prestressing reduced the reinforcement strains on the bridge, the total strain 
magnitudes due to the loads remained constant, whether the bridge was strengthened or 
not. The static tests led to maximum strain magnitudes of approximately 20 µm/m for the 
unstrengthened bridge, while for the strengthened bridge the maximum was less than 
zero. This demonstrates that the reinforcement strains caused by the train were 
completely counteracted by the prestressing.  

Deflections 

The strengthening had no measurable effect on the deflection of the concrete slab, 
because the prestressing was implemented close to the neutral layer. The deflection 
curves in all directions showed similar magnitudes before and after strengthening, as 
shown in Figs. 18 – 20. However, the deflection curves post-strengthening are straighter, 
perhaps because of the reduction in vibrations due to prestressing. By compressing the 
troughs and increasing the interaction between the two bridges, the vibrations decreased 
significantly. With respect to the expected life span of the bridge, this decrease reduces 
fatigue, and is therefore of utmost importance. 

The deflections along the transverse line show that even before strengthening there was a 
good interaction between the troughs, with a maximum deflection of approximately 0.5 
mm at the midpoint of the loaded trough.  

Joint opening 

The CODs monitored the opening of the connection joint between the two troughs. No 
significant difference was observed in the static tests. In the dynamic tests however, a 
slightly smaller spreading of the curves for the strengthened bridge was observed. These 
curves are however not included in this paper due to space limitations. The prestressing 
resulted in a tightening of the joint, but the reduction of the opening was not constant 
along the joint. C1 showed the largest compression, of approximately 0.028 mm, while 
C2 and C3 were compressed by 0.011 and 0.007 mm, respectively. 

 



 

Discussion 
A pronounced increase in the structural load carrying capacity of the Haparanda bridge 
was obtained by transverse post-tensioning. The prestressing compressed the bottom 
reinforcement by 9.2 – 29.8 µm/m, with the greatest compression occurring along the 
longitudinal mid-section of the bridge. The longitudinal mid-section also experienced the 
largest stresses during loading, with an axle load of 21.5 tons corresponding to a 
maximum reinforcement strain of approximately 20 µm/m on static loading (see Figs. 13 
and 14). The strain in the reinforcement decreased by 20 µm/m. Thus, the tests showed 
that due to the strengthening the train load caused no strains on the reinforcement.  

The effect of the strengthening on the shear capacity cannot be directly deduced from the 
strain level in the horizontal main reinforcement. However, it is assumed that there is a 
direct relationship between lower horizontal reinforcement strains and higher shear 
capacity. This assumption is due to a higher degree of aggregate interlock and increased 
resistance for flexural shear cracks in a prestressed structure. A laboratory pilot test on 
scaled-down trough bridges presented in Nilimaa et al. (2012) suggested that the actual 
strengthening effect on shear capacity, for transversely post-tensioned slabs, is greater 
than the design calculations predict. However, further laboratory tests are needed before 
any clear conclusions can be drawn. 

The test results also implied a high inter-trough interaction. For example, the deflection 
curves imply that the two troughs behave as one unit. The strengthening design 
calculation implicitly assumed a low inter-trough interaction in the unstrengthened 
bridge. A larger interaction will obviously change the moment distribution curves, 
decreasing the moment in the transverse midpoint of the slab and thereby increasing the 
flexural capacity. 

The strain gauges S1 and S3 were both located in a single trough under the main track, 
while S2 and S4 were located in the other trough under the secondary track. Therefore, 
there were two strain gauges in each transverse line: S1 and S2 were situated in one 
transverse line, while S3 and S4 were situated in another transverse line, as shown in Fig. 
5. It was expected that the post-tensioning would have a roughly equal effect on the strain 
recorded by the two strain gauges along the same transversal line, since they were both 
affected by the same prestressing. However, the four reinforcement bars did not compress 
equally. In fact, no correlation could be inferred, not even along the transverse lines. A 
small deviation could be explained by the fact that four different reinforcement bars were 
monitored by the strain gauges, and small deviations in the bar directions may have 
occurred during the reinforcement work and casting in 1959. Deviations in the drilled 
prestressing bar holes and local cracks near the strain gauges may also have contributed 
to the observed discrepancies. Nevertheless, the compression differences between S1 and 
S2, or S3 and S4, should have been relatively small, but were actually 14 and 8 µm/m, 
respectively. The reason for the relatively large difference between the compression of S1 
and S2 is at this moment not fully understood and requires further investigation. 



 

Transverse post-tensioning has a stabilizing effect on the structure, which can be seen in 
the smoother post-strengthening deflection curves and decreased oscillation amplitudes in 
the reinforcement bars during dynamic loading. The stabilizing effect is assumed to have 
a positive effect on the life span of the structure due to improved material and structural 
fatigue. However, pre- and post-strengthening vibration monitoring should be performed 
in order to further investigate and validate this assertion. 

Further laboratory tests are required to confirm the results of this paper and to investigate 
the reason for the difference in compression between different reinforcement bars. The 
design for lateral distance between prestressing bars might also be investigated and 
refined through further laboratory tests. 

Conclusions 
The conclusions that can be drawn from this case study are as follows. 

1) The load carrying capacity of a double trough bridge can be increased by unbonded 
post-tensioning along the transverse direction of the bottom slab, and the positive effect is 
apparently greater than that predicted in the design calculations. 2) The initial degree of 
inter-trough interaction was high and the two troughs acted as a single unit. 3) Smoother 
post-strengthening deflection curves indicate decreased vibrations in the strengthened 
bridge. 4) Less spreading of the COD results for the dynamic tests of the strengthened 
bridge also indicates decreased vibrations in the strengthened bridge. 5) The 
strengthening method is quick and has no impact on the railway traffic. 
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