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PREFACE

This thesis is written in fulfilment of the thesis requirement for the degree of
Doctor Philosophy in Rock Mechanics and Rock Engineering. The Division of
Mining and Geotechnical Engineering within the Department of Civil, Mining
and Environmental Engineering at Luleå University of Technology provided
the environment and facility for the production of the thesis. The thesis itself is
the result of the work sponsored by the Banverket to study the behaviour and
influence of blast induced damaged rock around an underground excavation.
It is presented in two parts as:

I. Extended summary – covers; (i) introduction, background and research
direction, (ii) literature review, (iii) investigation, analysis and results, and
(iv) general conclusions and suggestions for future work.

II. Appended papers – presents the peer reviewed papers, which cover
various research questions within the scope of this thesis.

It is anticipated that the work presented in this thesis will contribute towards
the understanding of the mechanical behaviour of the blast induced damaged
zone around underground excavations in hard rock masses.

Blast induced damaged rock around an underground excavation is an
important concern for many rock tunnel operators, including Banverket. It is a
generally held belief that the presence of the blast induced damaged zone can
affect the stability and performance of an underground excavation. However,
it is still unclear how it does that, since many of the conclusions about its
effects are based on human judgements and intuitions. Even if it is does then
one of the many questions that need to be answered is how significant its
influence is to the behaviour of the excavation. Unless we know more about
the behaviour of the blast induced damaged zone we will still need guidelines
for blast damage control, even if these guidelines can be a source of additional
costs. It was felt during the course of the work presented in this thesis that,
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much still needs to be done before any decision can be taken about when,
where and how, blast damage control guidelines can be applied to optimise
the construction of a tunnel.

David Saiang

October 2008, Luleå, Sweden
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ABSTRACT

The presence of blast induced damaged zone around excavations has been an
important concern in rock construction. It is generally believed that the
presence of this zone can pose problems related to stability and seepage and
consequently impair the performance and functionality of the excavation. In
fact, the immediate consequences of this zone are usually conceived in terms
of safety and cost. Hence, some organizations have put in place guidelines for
controlling the amount of damage induced by blasting. Since shotcrete or
sprayed concrete is a widely used surface rock support, its performance
depends primarily on the competence of the damaged zone. However, in some
instances the use of shotcrete may be unnecessary, but the lack of knowledge
of the competency of the damage zone means, it is better not to take chances. It
is therefore necessary to increase the knowledge and the understanding of the
competency and behaviour of the damaged zone in order to predict the
performance and functionality of a rock tunnel.

To gain an understanding of the damaged or disturbed zone in general,
significant efforts have been made over the last few decades in a broader area;
the excavation disturbed zone. These efforts mainly focused on the
characterization and classification of the damaged zone. Quantification of this
zone has also been done in terms of mechanical, hydraulic and physical
parameters, particularly to delineate the extent of the damaged zone. The
characterization, classification and quantification of damaged zone were
purpose specific and therefore, the definitions for damage zone are different
and varying. In this thesis the damaged zone is defined as the zone where the
rock has been significantly damaged such that the mechanical properties have
been affected and that these changes are measurable by any state of the art
measurement techniques. This definition also applies to the blast induced
damaged zone.
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To be able to assess the significance of the blast induced damaged zone and its
influence on the performance of an excavation, the mechanical behaviour of
this zone must be understood. This thesis is therefore aimed in that direction
and thus the objective. Several issues were investigated including; effects and
consequences of blast induced damaged zone, most likely failure mechanisms,
mechanical parameter sensitivity and their impact on the behaviour of the
damaged zone, numerical modelling approach for damaged zone and
indicators for failure from a continuum model, etc. A literature review and
industrial questionnaire gave the direction for the investigations. Field and
numerical methods were employed in the investigations. The results of these
investigations are published in a series of papers that make up this thesis. In
brief, the main results and conclusions can be summarized as follows:

The blast induced damaged zone has been largely defined in terms of its
extent. A definition based on its inherent competency parameters,
particularly strength and stiffness, is still lacking.

The blast induced damaged zone thickness varies in most practical cases
between 0.1 and 1.0 m, with an average ranging from 0.3 m to 0.5 m
depending on whether perimeter blasting techniques are used or not.
The reduction in the Young’s modulus varies anywhere between 10 to
90 % of the undamaged rock value. In a field investigation reported in
this thesis the Young’s modulus of the damaged rock was found to vary
between 50 and 90 % of the value for he undamaged rock mass. The
thickness of the damaged zone was between 0.5 and 1.0 m.

From the numerical study, the presence of the blast induced damaged
zone did affect the behaviour of the stability quantities, namely;
deformation and induced boundary stresses. However, it cannot be
concluded if the effects are significant enough to cause problems around
an underground excavation in the hard rock mass type studied.

The inherent properties of the damaged zone that affected its behaviour,
identified in order of their significance are; the deformation modulus,
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followed by tensile strength and compressive strength. External factors
such as the state of the in situ stresses are also seen to significantly
influence the behaviour of the damaged zone.

The numerical studies showed that the main failure mechanism within
the damaged zone at shallow excavations is tension, while in deep
excavations it is shear. The tensile mechanisms are dominant at shallow
depth and mainly occur in the walls. In deep excavations shear
mechanisms are dominant and occur mainly in the roof and floor. The
shift in the dominance of the mechanisms from the tension (in walls) to
shear (in roof and floor) occurs at about 100 m depth.

The modelling of the damaged zone using the coupled continuum
discontinuum method showed that, the presence of the blast induced
damaged zone increases the depth of failure by 20 to 30%.

The study on the shotcrete rock interface showed that the bond strength
of the interface is important for the shear strength. Average bond
strength of 0.5 MPa was determined for interfaces with surfaces
roughness with JRC values of 1 3, and 1.4 MPa for those with JRC values
of 9 13. These values were determined for low normal load conditions
( 0.1n MPa) which is often the case when shotcrete is used with rock

bolt for rock support. The average adhesion or tensile strength of the
interface was determined to be 0.56 MPa.

Keywords and phrases: excavation damaged zone (EDZ), blast induced
damaged zone (BIDZ), damaged zone behaviour, brittle rock mass, failure
mechanisms under low confinement conditions, stability, rock mass strength
and stiffness, continuum modelling, coupled continuum discontinuum
modelling, shotcrete rock interface, bond strength, shear strength.
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KEYWORDS, SYMBOLS AND CONVENTIONS

KEYWORDS AND DEFINITIONS

Excavation Damaged Zone (EDZ)

The rock zone near the excavation boundary where the rock has been
damaged due to blasting and re distribution of stresses.

Blast induced damage zone (BIDZ)

Damage to the rock around the excavation caused explicitly by blasting. The
BIDZ is the focus of this thesis.

Damaged Rock Zone (DRZ)

In this thesis DRZ was also used to mean BIDZ.

Damaged Zone:

This term has been in this thesis to explicitly mean the BIDZ .

Stability parameters

In this thesis stability parameters refer to deformation and strength
parameters.

Mechanical properties

Refer to rock parameters that affect the mechanical response of the rock mass.
These include the elastic and plastic parameters.

Young’s modulus/deformation modulus/rock mass modulus/modulus

In this thesis these terms mean the same.
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Strength

In this thesis strength means the peak strength of the rock mass. This strength
is a function of the tensile strength and the compressive strength.

Yield

In this thesis yield means the rock has been stressed past its yield strength
causing irreversible plastic strains. Yield in this case does not necessarily mean
failure.

Brittle failure

In this thesis brittle failure means the rock fails with very limited yielding and
inelastic behaviour.

LIST OF SYMBOLS (used in the extended summary)

ci uniaxial compressive strength of intact rock
cm uniaxial compressive strength of rock mass
t tensile strength of rock mass
s1 principal stress at failure

c cohesion
friction angle

iE intact rock modulus
mE modulus of undamaged rock mass (also )rmE

DE modulus of damaged rock mass
K bulk modulus
G shear modulus

density
Poisons ratio

D disturbance factor
im Hoek Brown rock constant

sV shear wave velocity
pV primary wave velocity
DC crack density
V vertical in situ stress

xxii



H major horizontal stress
h minor horizontal stress
1 major principle stress
3 minor principle stress

max3 maximum confining stress
shear stress

n normal stress
tangential stress (induced)

r radial stress (induced)

CONVENTIONS

The rock mechanics convention for stresses is used in this thesis. Compression
is positive ( ) and tension is negative (–). For tensile failure to occur the tensile
stresses must be lower than the tensile strength of the rock ( t ) and for

compressive failure to occur the compressive stresses must be high than the
compressive strength of the rock ( s1 ). The convention is illustrated in a two

dimensional stress field in Figure X 1. All units used in this thesis are SI units.

–
Tension

t 3 1 1s

+
Compression 

Strength envelope 
231

Figure X 1: Rock mechanics stress convention used in this thesis. 1 and 3 are
major and minor principle stresses respectively.
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PART I:

EXTENDED SUMMARY
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CHAPTER 1:

INTRODUCTION

This chapter presents the frame work of the thesis. The main objectives and
background are given, which set the focus of the thesis.
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1.1 BACKGROUND

The most cost effective method for excavating tunnels in massive hard rock
masses, where the uniaxial compressive strength very often exceeds 200 MPa,
is by drilling and blasting. A very important concern often arises with this
method: unwanted damage induced by blasting beyond the desired
perimeter of the tunnel. The significance and importance of this damage have
been deliberated by among others; Oriad (1982), MacKown (1986), Ricketts
(1988), Plis et al. (1991), Forsyth (1993), Andersson (1992), Persson et al. (1996)
Raina et al. (2000) and Warneke et al. (2007). To minimize this damage,
perimeter blasting techniques such as smooth blasting (e.g. Holmberg and
Persson, 1980) are commonly used, complemented by theoretical blast damage
tables and charts (e.g. AnläggningsAMA 98, 1999). In spite of these
precautionary measures blast damage is still inevitable and the consequences
are clearly evidenced in the form of increased support cost and requirements,
slow tunnel advance, unforeseen stability problems originating from blast
damage, conduit for water flow, reduction in tunnel life, etc. Similar views and
concerns have also been expressed in respond to a questionnaire on blast
induced damage, which was distributed to different organizations involved in
rock constructions. Some of these views are summarized in this thesis. In
essence, these consequences are commonly conceived in terms of safety and
costs.

The consequences of blast damage around an underground excavation have
been for a long time assessed in terms of overbreak rather than accounting for
the actual features of the damage (e.g. Raina et al., 2000). Oriad (1982) and
Forsyth and Moss (1991) define overbreak as the breakage, dislocation and
reduction in the rockmass quality beyond the design perimeter of the
excavation. Yu and Vongpaisal (1996) also give similar definitions. Warneke at
al. (2007)) however, distinguish overbreak from blast damage as illustrated in
Figure 1.1.
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Figure 1.1: Distinction between blast induced damage and overbreak (Warneke et al., 2007).

Many empirical methods for assessing blast damage, including the Peak
Particle Velocity method by Holmberg and Persson(1980), are also related to
assessing the overbreak or extent of blast damage. Saiang (2004) pointed out
that much of the effort in blast damage quantification has been largely focused
on defining the depth or extent of the damage, and less on assessing its
inherent properties, such as its strength and stiffness. With respect to these
inherent properties the definitions for blast damage given by Singh (1992) and
Scoble et al. (1997) are relevant. Singh (1992) defined blast damage as a change
in the rock mass properties which degrades its performance and behaviour,
while Scoble et al. (1997) defined it to be the reduction in integrity and quality
of the damaged rock mass. NIOSH (National Institute of Occupational Safety
and Health) defines blast damage as the unintended collateral damage and
weakening of the rock mass around the periphery of an underground
excavation due to explosive use (Warneke et al., 2007).

Having presented the negative implications of the blast induced damage, it is
also relevant to state the positive aspect of the blast induced damage. Strategic
damage caused by blasting is a key technique to combat excessive stress
accumulation near underground excavations in highly stressed rock masses
(for example among others, Andrieux et al., 2003; Blake, 1972; Boler and
Swansson, 1993; Roux et al., 1957; Salamon, 1983; Taube et al., 1991). In
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destressing and preconditioning practices, the rock mass near the excavation is
strategically blasted to fracture and soften the rock locally, thus providing a
means for engineered stress transfer away from critical regions (e.g. Krauland
and Söder, 1988), including the excavation boundary (see Figure 1.2). In this
situation the benefits of the blast induced damage include; reduction in rock
burst, improvement in excavation stability, increase in mine worker safety and
improved work force moral (see Saiang and Nordlund, 2005).

Hence, for the purpose of this thesis blast induced damage will be defined as
the zone beyond the final excavation boundary, where the rock has been
damaged by blasting, such that the inherent characteristics (or the mechanical
properties) of the damaged rock have been modified.

For stability and performance of an underground excavation the inherent
characteristics of the fractured zone are important. The strength and stiffness
of the fractured rock mass for example, are the key parameters for assessing
the competence of the fractured rock and hence the stability and performance
of an excavation. In the same respect the hydraulic properties of the damaged
zone are important for assessing the flow characteristics of the damaged zone.
Within the fractured zone these parameters are significantly affected. The
variations in the magnitudes of these parameters depend on the degree of
damage, which is usually intense near the excavation boundary and
diminishes with distance away from it. Figure 1.3 shows a hypothetical
behaviour of the usually assessed mechanical and hydraulic parameters
around an underground excavation boundary.

The strength and stiffness parameters of the rock mass are not only difficult
but also expensive to measure in the field. However, numerical methods can
be used to test these parameters and their components by means of a
parameter study. In doing so, the effects and sensitivity of these parameters on
the behaviour of the damaged zone can be studied.
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Figure 1.2: Stress trajectories around a drift, (a) with damaged zone and (b) without
damaged zone (Malmgren et al., 2007).

Deformation modulus
and strength

Differential stress
Hydraulic conductivity

Figure 1.3: Theoretical behaviour of the usually assessed parameters around a tunnel
boundary.

The presence of the blast induced damaged zone is also important when
considering support design. This was revealed by the responses to a
questionnaire, which are presented in the next section (see also Saiang, 2008b).
Shotcrete is a widely used surface support for underground excavations. One
of the primary roles of shotcrete is to keep in place any loose rock particles, as
well as to prevent dilation caused by loose rock blocks. Incidentally much of
the interaction between shotcrete and rock occurs at the interface between
shotcrete and damaged rock. Thus the performance of shotcrete depends on
the properties of the shotcrete, the damaged rock and the interface properties.
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v

H

Shotcrete

Damaged rock

Undamaged rock

Figure 1.4: Interaction between shotcrete and rock occurs between shotcrete and damaged
rock
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1.2 RESPONSES TO QUESTIONNAIRE

A questionnaire was sent to various practitioners (clients and contractors)
involved in underground mining and tunnelling about the importance of the
blast induced damaged zone, particularly its effects and consequences.
Responses were received from six countries, namely: Australia, Canada, Chile,
Finland, India and Sweden. Details of this industrial survey are published in
Saiang (2008b). However, the following is a summary of their responses.

Mining excavations:
i) Safety – for mining to continue safely, rock support must keep in

place the rock damaged by blasting. In addition rock support must
also prevent stressed induced time dependent fracturing of the
damaged rock.

ii) Safe bolting is difficult due to the blast induced damaged zone
actively failing, particularly in high stress areas.

iii) Alteration of mining method in some areas of the mine is necessary
if the disturbed/damaged zone is significant enough to affect safe
mining.

iv) Over break, waste rock dilution, increased filling volume.
v) Longer operation times for scaling, cleaning and rock support.
vi) Poor profile leading to increased cost for support.
vii) Decreased strength leading to increased support requirements.
viii) Reduction of strain burst due to the presence of blast induced

damaged rock with reduced stiffness.

Civil engineering excavations:
i) Over break resulting in unfavourable cross sections and additional

material to haul.
ii) Less confinement leading to increased risk of ravelling and fallouts.
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iii) Increased fractured rock volume which increases the risk for frost
fracturing and also the risk for increase in pore pressure which can
affect the overall strength of the blast induced damaged rock.

iv) Free inflow and outflow of water through the damaged zone.
v) Presence of blast induced damaged rock increases the weathering

process of the damaged rock zone around the tunnel through the
process of oxidation and reduction. This also leads to chemical
corrosion of rock supports.
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1.3 RESEARCHMOTIVATION AND APPROACH

1.3.1 Problem Statement

As the demand for safer tunnels increases, so does the demand for
performance and functionality of these tunnels. Banverket (the Swedish
Railroad Administration), the main sponsor of the research presented in this
thesis, operates over 130 hard rock railway tunnels with a total length of over
70 km (Sjöberg et al., 2006), is no exception. The majority of these tunnels are
shallow seated (less than 20 m) and have been or being excavated by drilling
and blasting. Cautious perimeter blasting techniques are used, with the
requirement for tolerable damage to be about 0.3 m. This limit is based on
perimeter blasting guidelines (AnläggningsAMA 98, 1999), which is also
followed by the Swedish Road Administration. These guidelines have two
notable shortcomings; (i) it is not clear how the presence of the blast induced
damage zone affects the stability and performance of rock tunnels since it is
not defined in the guidelines and (ii) it leads to increase in the cost of tunnel
constructions because of the costly cautious blasting operations.

The guidelines for blast induced damage can be better justified with a better
understanding of the behaviour of the blast induced damage zone. Hence, a
research project was initiated by Banverket in this area, which is the subject of
the work presented in this thesis.

1.3.2 Purpose and Scope

The goal of the work presented in this thesis is to increase our understanding
of the mechanical behaviour of the blast induced damaged rock around
underground excavations. This knowledge is important for tunnelling and
drifting projects, where blast induced damage is of an important concern.
Support design for tunnelling and drifting can also benefit from this work.
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This work was specifically carried out having in mind the concerns of the
Banverket about the effects of the blast induced damaged zone around tunnels
at shallow environment, although the work has also ventured into deep
excavations.

The work is limited to hard rock mass conditions, which is relevant to the
Swedish tunnelling and drifting environment. The intact strength of these rock
masses generally exceed 200 MPa, with the GSI value often greater than 60.
Since the strength and stiffness parameters of the damaged rock mass are
difficult to measure in practice, numerical methods are widely used, which is
also the main approach in this thesis, although some laboratory and field
investigations have also been done. It must also be stated clearly here that the
work presented this thesis is concerned with the after effects of the blast
induced damaged zone. In other words, the actual blasting event is not
studied in this work.

The work presented in this thesis is restricted to stability concerns associated
with the blast induced damaged zone. Other concerns regarding the hydraulic
or fluid flow through the damaged zone is outside the scope of the work in
this thesis. Nevertheless, the literature reviews did cover this aspect as well
(Saiang, 2008b).

1.3.3 Research Approach

The research path taken for this thesis work is as illustrated in Figure 1.5. It
was recognized that, if the blast induced damaged zone would have any
influence on the stability and performance of a tunnel then the behaviour of
the blast induced damaged zone is important. In this respect the strength and
deformation properties of the damaged rock are vital for its behaviour. The
strength and deformation parameters can be investigated by field and
numerical methods. Although the field methods are highly desirable they are
costly and quite often difficult to execute. On the other hand the numerical
methods are widely used because of their cost efficiency and the possibility to
test different scenarios. In this thesis the numerical methods are the main tools
used and hence form the main part of the thesis.
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Behaviour and Influence of Blast-Induced Damaged Zone 

Inherent characteristics/properties of Blast-Induced Damaged Zone  
(Physical and Mechanical) 

Competency Parameters ( Strength and Stiffness) 

Investigation Techniques 

Field/Experimental Numerical 

Parameter Study 

Literature review Questionnaire 

Potential failure mechanisms Numerical Approach  (Continuum/Discontinuum)

Constitutive Model

OBJECTIVE 

Figure 1.5: Study approach used in this thesis

The behaviour of the blast induced damaged zone was studied by means of a
parameter study using numerical methods. A questionnaire and a continuous
literature review guided the research and analyses. As more knowledge was
gained about the damaged rock properties and its failure processes the choice
of the numerical modelling approach and constitutive models were also
improved. Several issues related to the blast induced damaged zone were
addressed through this progressive improvement approach. In the context of
the papers appended in Part II of this thesis, it means each paper addresses a
problem identified in the previous paper and so forth, but with progressively
improving modelling techniques.

An extensive literature review was conducted to gain an understanding of the
factors that could affect the strength and stiffness of the blast induced
damaged zone. This included reviews of the physical characteristics of the
blast induced damaged zone and the potential failure mechanisms. The
understanding gained from this reviews assisted in: (i) choosing an
appropriate modelling approach, (ii) making informed judgements for the
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inputs required in numerical modelling and (iii) giving educated explanations
for the numerical results, as well as judging whether results were sensible or
not.
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1.4 PREVIEW OF APPENDED PAPERS

Below is a preview of the appended papers.

Paper A: The excavation disturbed zone (EDZ) at Kiirunaavara mine, Sweden –
by seismic measurements.

This paper presents the investigation of the excavation disturbed
zone at the Kiirunvaara mine using geophysical methods. The
aim was to determine the thickness of the disturbed zone, as well
as to evaluate the Young’s modulus of this zone.

Paper B: Numerical analyses of the influence of blast induced damaged rock
around shallow tunnels in brittle rock.

This paper presents the numerical analyses of the influence of the
blast induced damaged zone on stability parameters. Strength
and deformation properties of the damaged zone, as well as
other parameters were tested, to study how these parameters
influence the behaviour of the near field rock mass.

Paper C: Failure mechanisms around shallow tunnels in brittle rock.

This paper investigates failure mechanisms under low
confinement conditions. It was observed during the work in
Paper B that, the failure mechanisms, both within the damaged
and undamaged rock, were not correctly captured. Unless these
mechanisms are correctly captured the behaviour could not be
correctly simulated. This paper identified tensile strength as the
most important strength component.

Paper D: Determination of specific rock mass failure envelope via PFC2D and its
subsequent application using FLAC.
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It was identified in Paper C that, the method for estimating
inputs from the widely used empirical method, i.e. the Hoek
Brown GSI system, was vulnerable. The values for the tensile
strength and cohesion were significantly underestimated. Hence,
a question was raised if PFC2D could be used to determine the
values for the inputs in a continuum model. This paper
addresses this question, with the main conclusion that, PFC2D can
be used for determining the input values.

Paper E: Numerical study of the mechanical behaviour of the damaged rock mass
a around deep underground excavation.

Knowledge gained from Papers B, C andDwere applied in this
paper for deep excavations. The behaviour of the blast induced
zone was evaluated at greater depths for conditions similar to
mining. A typical mining excavation geometry was used in this
analysis.

Paper F: Stability analyses of the blast induced damaged zone by continuum and
coupled continuum discontinuum methods.

FLAC and PFC2Dwere coupled to create a coupled continuum
discontinuum model. The inner zone was modelled with PFC2D
and the outer zone with FLAC. Blast induced radial cracks were
added to the models and the behaviour of the damaged zone
studied explicitly.

Paper G: Laboratory tests on shotcrete rock joints in direct shear, tension and
compression.

The blast induced damaged zone is important for surface
support design, in which case shotcrete is the main support. A
series of laboratory tests was performed to investigate the
interaction between shotcrete and rock. This work provided the
data and understanding of the interaction between shotcrete and
rock.
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CHAPTER 2:

LITERATURE REVIEW

As in any research work, a literature review has been performed continuously
throughout this research work. Much of these literature reviews have been published
in Saiang (2008b) as a separate report, which can also be accessed via
http://pure.ltu.se/ws/fbspretrieve/1551804. Without indulging into too many details of
what has already been presented in this report, this chapter dwells particularly on the
important aspects of the excavation damaged zone, a general terminology used in
describing the zone where rock has been damaged by excavation and stress
redistribution. Furthermore this chapter also presents an overview of the blast induced
crack damage investigation performed SveBeFo (Swedish Rock Engineering Research).
A detailed summary of this study (i.e. SveBeFo investigations) is also published in a
separate report (Saiang, 2008a). An evaluation of the important issues regarding the
analyses of the damaged zone is also presented in this chapter.
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2.1 EXCAVATION DAMAGED ZONE (EDZ)

2.1.1 Introduction

When an excavation is carried out in a body of rock, either by drilling and
blasting or by mechanical methods, it inevitably results in disturbances to the
original state of the rock mass surrounding the excavation. These disturbances
can be in the form of; creation of new fractures, closure and opening of pre
existing fractures and redistribution of stresses (e.g. Sato et al., 2000, see Figure
2.1). During these processes, the mechanical, hydraulic and physical properties
of the rock mass surrounding the excavation are considerably affected. The
region in which irreversible changes to the mechanical, hydraulic and physical
properties occur is often referred to as the Excavation Damaged Zone (EDZ) or
the Damaged Rock Zone (DRZ) (e.g. Bernier and Davies, 2004; Martino, 2003;
Martino and Martin, 1996). The blast induced damaged zone is also
considered to be covered by this definition.

(a)      (b) 

Figure 2.1: (a) A conceptual model of EDZ, (b) Processes of the change of rock properties
related to excavation disturbance (Sato et al., 2000).
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Martino (2003) presented a description of the different zones around the URL
excavations as illustrated in Figure 2.2. The zones are divided into two main
components; disturbed and damaged. In the disturbed zone only the stresses
are altered while in the damaged zone the mechanical, hydraulic and physical
properties of the rock mass are irreversibly changed or altered. The damaged
zone is further divided into inner and outer zones. The inner damaged zone is
marked by sharp changes in the mechanical and hydraulic properties, while
the outer damaged zone is marked by gradual changes to these properties. At
URL the inner zone was distinct when the drilling and blasting was used and
hence Martino and Chandler (2004) attributed the inner damaged zone to the
effect of blasting because of its proximity to the tunnel boundary.

The EDZ has been investigated worldwide, especially by the nuclear waste
repository agencies and reported in for example, the International EDZ
Workshops of 1996, 2003 and 2004 (Bernier and Davies, 2004; Martino, 2003;
Martino and Martin, 1996; Tsang et al., 2005). Some projects such as the
ZEDEX in Sweden and Mine by Experiment at URL in Canada were initiated
specifically to investigate the EDZ. These studies mainly concentrated on; (i)
identifying factors and mechanisms that influence the development and
formation of EDZ, (ii) quantitatively measuring the extent of EDZ and (iii)
classifying EDZ according to its significance. In Russia the EDZ around
hydraulic tunnels was investigated as early as in the 1960’s (Fishman and
Lavrov, 1996; Mostkov, 1979). In China’s massive Three Gorges Project the
damaged rock zone investigation is an important component of its
geotechnical study program (Deng et al., 2001; Sheng et al., 2002). In Japan a
special committee on the Zone of Relaxation was formed by the Japan Tunnel
Association to classify measurement methods and concepts for the
investigation of the relaxed zone (Japan Tunnelling Association, 1982).
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Failed zone
(detached slabs)

Undisturbed 
Rock Mass Disturbed zone

(altered stress) Excavation 1

Inner Damaged Zone
(sharp changes in 
properties, visible 
cracks)

Outer Damaged Zone
(gradual changes in 
properties)

Figure 2.2: Components of EDZ according to Martino (2003).

2.1.2 Characteristics of the EDZ

The characterization of the EDZ has mainly been done with respect to its
mechanical and hydraulic properties. A theoretical characterization of the EDZ
in terms of mechanical and hydraulic properties is shown in Figure 1.3. Within
the EDZ, the magnitudes of the mechanical and hydraulic properties will vary
in relation to the background values. The values for the mechanical properties
will generally be low within the EDZ, while those of the hydraulic properties
will be high. There is also evidence from seismic tomography (e.g. Andrieux et
al., 2003; Grodner, 1999; Lightfoot et al., 1996; Toper et al., 1998; Wright et al.,
2000) and static test (e.g. Koopmans and Hughes, 1986) that suggest otherwise
(i.e. it can be the opposite), depending on the confining stress and the physical
characteristics of the EDZ.

The reduction in the deformation modulus of the rock mass is commonly
reflected by reduction in seismic wave velocities. Hence, the geophysical
methods utilising seismic wave velocities are widely used in investigating the
EDZ, see for example, Alheid and Knecht (1996); Cai et al. (2001); Cosma et al.
(2001); Hildyard and Young (2002); Holcomb et al. (2003) Luke et al. (1999);
Malmgren et al. (2007); Meglis et al. (2005); Pettit et al. (2002); Sheng et al.
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Figure 2.3 shows a schematic diagram of the EDZ investigation methods. It
features some of the essential components of EDZ investigation tasks, namely;
measurement, calculation, prediction and validation. The principal tools for
investigation the EDZ are generally divided into two principal categories, (i)
calculation tools and (ii) measurement tools (Saiang et al., 2005b). Calculation
tools refer to numerical and analytical techniques, while measurement tools
refer to field and laboratory techniques. A broad summary of the various tools
for investigating the EDZ, shown in Figure 2.3, is given in Saiang (2008b) and
Saiang et al. (2005b).

The most widely used techniques for the investigating the EDZ involve the
geophysical methods. A summary of these methods is provided in Table 2.1.
The basis for some geophysical methods is the relationship between seismic
velocity and the rock mass elastic properties. For example, the P and S wave
velocities expressed in terms of elastic properties are given as:

(2002) and Wright et al. (2000). Static tests such as plate loading for instance
(e.g. Sheng et al., 2002) and numerical and analytical analyses of induced
stresses usually show a differential stress characteristic as shown in Figure 1.3.
The hydraulic characteristic of the EDZ is generally reflected in its ability to
capture and transmit fluid. Two of the important parameters are hydraulic
conductivity and transmissivity. In principle these parameters show higher
values within the EDZ and gradually return to lower background values at the
undisturbed zone (e.g. Autio et al., 1998).

2.1.3 EDZ Investigation Methods
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where is the P wave velocity (m/s), is the S wave velocity (m/s), E is the

Young’s modulus (Pa), K is the bulk modulus (Pa), G is the shear modulus.
pV sV

The elastic properties can also be expressed in terms of body wave velocities,
given as:
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22

22
2 43

sp

sp
s VV

VV
VE Eq. 2.4

where is the Poisson’s ratio and is the rock density. The modulus, E, can
also be calculated in terms of the Poisson’s ratio and P wave velocity as:

1
2112

pVE Eq. 2.5

The crack density, , which is an important indicator of the degree of
damage developed, can be calculated from (Zimmerman and King, 1985):

DC

00 2
2

ln
10
9

vE
C

c

c
D Eq. 2.6

where c is the calculated dynamic shear modulus, 0 is the Poisson’s ratio of
the unaffected rock mass and is Young’s modulus of the unaffected rock

mass.
0E

Although a relationship for Poisson’s ratio is by Eq. 2.3, researchers such as
Farmer (1968) and Ladegaard Pedersen and Daly (1975) have shown that there
is no significant change in Poisson’s ratio for damaged and undamaged rock.
On the other hand Wright et al. (2000) have shown that the Poisson’s ratio and
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elastic wave velocities can be significantly affected if water is present in the
fractures.

Goodman (1989) pointed out that the dynamic modulus, , in fractured rocks
can be considerably higher than rock mass modulus, , measured by static
load tests or computed using the rock mass classification system. Values of the
ratio

dE

mE

md EE up to 13 were determined in fractured rock mass by Schneider
(1967).
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2.2 BLAST INDUCED DAMAGED ZONE – A REVIEW OF
SVEBEFO INVESTIGATIONS

This section presents a condensed summary of the SveBeFo (Swedish Rock
Engineering Research) investigations on blast induced damage in Swedish hard rock
masses. A separate report has been published (Saiang, 2008a), which summarises some
of the many series of SveBeFo publications related to these investigations.

2.2.1 Introduction and Background

For years a table, such as Table 2.2 or in chart form as in Figure 2.4, have been
used in Sweden for estimating damage due to blasting during tunnelling and
drifting (e.g. Olsson and Ouchterlony, 2003; Ouchterlony et al., 2001).
Commonly used explosives for these works are usually listed in order of their
linear charge concentration in terms of kg Dynamex per meter as in Table 2.2.
However, the table suffers from many shortcomings and has only been
verified for a limited number of explosives under specific circumstances
(Olsson and Ouchterlony, 2003). For instance, the table does not take into
consideration the influence of blast hole pattern, scatter in initiation, coupling
ratio, and more so it does not provide a clear definition of blast induced
damage. Nevertheless the table has been a practical tool in designing
perimeter blasting in hard rock masses in Sweden.

Between 1992 and 2003 SveBeFo (Swedish Rock Engineering Research) carried
out extensive field investigations to measure and predict the extent of blast
induced cracks. The primary goal of these studies was to improve perimeter
blasting guidelines for tunnel and drifting in hard rock masses in Sweden,
which in essence is an improvement to Table 2.2. Details of these
investigations are found in a series of SveBeFo reports; Andersson (1992),
Olsson & Bergqvist (1993), Olsson & Bergqvist (1995), Fjellborg & Olsson
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(1996), Olsson & Bergqvist (1997), Olsson et al (1992) and Olsson &
Ouchterlony (2003).

The blast damage investigations were mainly conducted under controlled
conditions at various hard rock sites, namely; Vånga granite quarry (southern
Sweden), LKAB’s Kirunavaara and Malmberget mines (northern Sweden) and
SKB’s TASQ tunnel at ÄSPÖ (southern Sweden). The cautious contour
blasting techniques were used, with explosive types being those commonly
used in perimeter blasting. The blast hole diameters were also kept within the
range usually used in cautious blasting.

Table 2.2: Empirical damaged zone table for tunnel blasting from commonly used
explosives applied to 45 – 51 mm diameter holes (AnläggningsAMA 98, 1999)

Explosive type Charge
diameter (mm)

Charge concentration
(kg DxM/m)

Assessed damaged
zone thickness (m)

Detonex 40 0.04 0.2
Gurit A 17 0.17 0.3
Detonex 80 0.08 0.3
Emulet 20 45 0.22 0.4
Gurit A 22 0.30 0.5
Kimulux 42 22 0.41 0.7
Emulet 30 45 0.37 0.7
Emulite 100 25 0.45 0.8
Emulite 150 25 0.55 1.0
Emulet 50 45 0.62 1.1
Dynamex M 25 0.67 1.1
Emulite 100 29 0.60 1.1
Emulite 150 29 0.74 1.2
Emulite 100 32 0.74 1.2
Emulite 150 32 0.91 1.3
Dynamex M 29 0.88 1.3
Dynamex M 32 1.08 1.5
Prillit A 45 1.23 1.6
Emulite 150 39 1.30 1.7
Prillit A 51 1.58 2.0
Dynamex M 39 1.60 2.0
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Figure 2.4: Graphical representation of the damaged zone table (i.e. Table 2.2)
(AnläggningsAMA 98, 1999).

2.2.2 Measurement of Blast Induced Crack Depth

The depths of the blast induced cracks were measured from the saw cuts,
either as saw cut blocks (see example Figure 2.5) or as saw cut surfaces (see
example Figure 2.6). To make the blast induced cracks visible for examination
the cracked regions were sprayed with penetrants. The methodology used in
differentiating between blast induced cracks and those originating from other
sources are presented in Section 2.2.3.

The blast induced cracks were investigated both in terms of crack length and
quantity (i.e. the number of cracks).
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Figure 2.5: Sawn slabs sprayed with penetrant for blast induced damage assessment (photo
adapted from Olsson and Bergqvist, 1995).

Figure 2.6: Example of saw cut of the rock behind half casts (Olsson and Bergqvist, 1997).

2.2.3 Identification of Blast Induced Cracks

Blast induced cracks were differentiated from stress induced and natural
cracks using a simple methodology as illustrated in Figure 2.7. Cracks
originating from the half pipes are considered as blast induced, while those
originating from elsewhere are either stress induced or natural cracks.
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Figure 2.7: Blast induced cracks originate from half pipes, while natural and stress induced
cracks do not (modified after Olsson et al., 2004).

2.2.4 Blast Induced Crack Patterns

Figures 2.8 to 2.10 show three examples of the many complex crack patterns
observed by SveBeFo from bench blasting at the Vånga granite quarry. The
different crack patterns observed depended on factors such as; explosive
parameters, blast hole geometry and rock properties. In Figure 2.8 where
Kumulux was the explosive, a large number of short radial cracks close to the
hole were observed, with maximum length of about 25 cm. Figure 2.9 shows
the results when blasting was done with a wider hole spacing, with Gurit as
the explosive. The result is the bow shaped tangential cracks as seen in the
figure. The maximum crack length was about 40 cm. In Figure 2.10, where the
Emulet 20 was the explosive and the holes were completely filled, long cracks
were observed, with maximum length about 55 cm.

The natural fractures also played an important role in the characteristics and
distribution of the blast induced cracks, by either inhibiting or enhancing their
growth. The state of the in situ stresses were also found to affect the
development of the blast induced cracks (e.g. Nyberg et al., 2000; Olsson et al.,
2004).
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Figure 2.8: Radial cracks observed around 64mm blast holes from a bench blast. The
explosive used was Kumulux with 22 mm cylindrical column charge, with the
holes blasted instantaneously (Olsson and Bergqvist, 1995).

Figure 2.9: Bow shaped tangential cracks observed around 51mm blast holes from a bench
blast with wider hole spacing. The explosive used was Gurit with 22 mm
cylindrical column charge (Olsson and Bergqvist, 1995).

Figure 2.10: Crack patterns observed around 51mm blast holes from a bench blast. The
explosive used was Emulet 20 with completely filled holes and blasted
instantaneously (Olsson and Bergqvist, 1995).
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The blast induced cracks are highly anisotropic in terms of lengths, shapes,
sizes (i.e. micro to macro) and have significant amount of intermediate rock
bridges. These characteristics can significantly affect the inherent strength of
the fractured zone.

2.2.5 Key Results

The size and depth of the blast induced cracks, and the crack patterns
depended on various parameters, namely; explosive parameters (explosive
type, charge length, initiation method, coupling), drill hole parameters
(burden, spacing and hole diameter) and in situ rock mass parameters
(geology, in situ stress, rock strength and stiffness).

Under these carefully controlled contour blasting conditions the average
length of the blast induced cracks was approximately 0.3 m, while it averaged
about 0.5 m in large rounds as in LKAB’s Kirunavaara and Malmberget mine
drifts. Nevertheless, the assessed crack lengths generally ranged between 0.2
and 1.2 m. Vibration analysis, overbreak profiling, sonic measurements and
borehole filming were also performed at the tunnelling and drifting sites to
complement and verify the visual examination of cut blocks and surfaces.
Vibration analyses generally overestimated the blast induced damaged zone
thickness (Nyberg et al., 2000), where as sonic measurements for instance
confirmed the crack depths up to 0.3 m at SKB’s TASQ tunnel (Staub et al.,
2004). Overbreak profiling generally showed failed zones to within the range
estimated from saw cuts.
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2.3 DAMAGED ZONEMODELLING

2.3.1 Continuum and DiscontinuumMethods

The damaged zone has been modelled using both continuum (e.g. Maxwell
and Young, 1998; Sato et al., 2000; Sheng et al., 2002; Tonon et al., 2001; Young
and Collins, 2001) and discontinuum (e.g. Cundall et al., 1996; Monsen and
Barton, 2001; Potyondy and Cundall, 2004; Shen and Barton, 1997) methods.
With the continuum methods the equivalent approach is widely used. This
method has been described by for example, Barla et al. (1999); Fossum (1985);
Singh (1973a; 1973b); Sitharam et al. (2001) and Zienkiewicz et al. (1977). The
equivalent continuum approach requires the properties to be assigned to the
rock mass in such a way as to represent the contributions of the intact rock and
joints towards its overall response. The approach is generally used in
conjunction with an empirical relation and is particularly necessary for heavily
jointed rock masses, and in preliminary investigation stages (Barla et al., 1999;
Sitharam et al., 2001). This approach therefore, provides an alternative for
modelling the blast induced damage zone since the fracture network of this
zone is very complicated to explicitly implement in a discontinuum model
(Saiang, 2008b).

The discontinuum methods require an explicit description of the rock mass.
Monsen and Barton (2001), and Shen and Barton (1997) modelled the
excavation disturbed zone by using regular jointing. They used the program
UDEC for these analyses. By increasing or reducing joint intensities they
studied the behaviour of the excavation damaged zone around a tunnel.
However, one problem is that, regular geometries cannot realistically simulate
the behaviour of the complex and often irregular block geometries formed by
blast induced cracks. On the other hand, another class of discontinuum
method using circular particles (e.g. PFC2D) can be used. The synthetic rock
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mass approach (e.g. Mas Ivars et al., 2007) appears promising for dealing with
fractured rock masses, including the blast induced damaged zone.

2.3.2 Input Parameters

There is no specific empirical method for estimating the inputs for the
damaged zone. However, methods used for general rock mass analyses are
applicable. Hoek et al. (2002) suggested that the deformation modulus of a
disturbed rock mass, with intact compressive strength ( ci ) greater than 100

MPa could be estimated from:

40
10

10
2

1
GSI

rm
DE for MPa 100ci Eq. 2.7

where is the deformation modulus of the rock mass, D is a disturbance

factor, and GSI is the Geological Strength Index. A chart was provided by
Hoek et al. (2002) as a guide for estimating the disturbance factor, based on
facial expression of the excavation wall. The reduction in modulus is applied
globally. That is, the reduction in the modulus is not finite to a certain extent.

rmE

Saiang (2008b) pointed out that the maximum reduction in the deformation
modulus obtained through Eq. 2.7 is 50%. However, field investigations show
that the modulus of the damaged rock can be much lower than 50% of its
undisturbed value (see Saiang, 2008b). Hoek and Diederichs (2006) presented
an improvement to Eq. 2.7, which accounts for reductions below the 50%
mark, as:

11/15601
2/102.0 GSIDirm e

DEE Eq. 2.8

if the intact rock modulus is known or reliably estimated. Otherwise, if only

the GSI or RMR (Rock Mass Rating) data are available then the modulus can
be estimated from:

iE
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Attempts have also been done with other methods such as;MRMR (Laubscher
and Taylor, 1990), Q (Barton, 2007) and RMi (Palmström, 1996), to take into
consideration the reduction in rock mass modulus due to excavation damages.

The most widely used empirical method for estimating the compressive
strength of the rock mass is the one by Hoek and Brown (1980). This relation is
given as a function of the minor principal stress as follows:

2
331 cicis sm Eq. 2.10

where s1 is the major principal stress at failure, 3 is the minor principal
stress, ci is the uniaxial compressive strength of the intact rock material, and

m and s are rock material constants.

Since the majority of the rock mass failure analyses are based on the Mohr
Coulomb constitutive model, which require friction angle ( ) and cohesion (c)
as the main inputs, Bray (Hoek, 1983) derived a method for estimating the
equivalent values for these parameters from the Hoek Brown failure envelope.
These relations are given as:
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where
ci

n
max3

3 , a, mb, s are Hoek Brown rock constants. The equivalent

uniaxial compressive strength of the rock mass is thus given by:

sin1
cos2c

cm Eq. 2.13

This method of estimating the equivalent cohesion and friction from Hoek
Brown failure envelope has been implemented in RocLab (Rocscience, 2002)
and RocData (Rocscience, 2005).

2.3.3 Failure Model for Rock Masses

Three failure models are commonly used for rock masses, see Figure 2.11.
Hoek & Brown (1997) gave the following description for rock masses that suit
the models.

Elastic brittle plastic – The rock mass is of very high quality, with intact
strength exceeding 150 MPa, GSI of 75 and mi of 25 or higher.

Strain softening – The rock mass is of average quality, with average intact
strength around 80 MPa, GSI of 50 and mi of 12.

Elastic perfectly plastic – The rock mass is of very poor quality, with average
intact strength around 20 MPa, GSI of 30 and mi of 8.

In FLAC for example there exist three constitutive models that are applicable
for the failure models listed above, for hard rock masses. These are; (i) Hoek
Brown, recently implemented in FLAC version 5.00 (Itasca, 2005), which is
applicable for the elastic brittle plastic model, (ii) Mohr Coulomb Strain
Softening, applicable for the strain softening model, and (iii) the conventional
Mohr Coulomb, which is applicable for the elastic perfectly plastic model.
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Figure 2.11: Yield behaviours generally assumed for rock masses, (a) elastic brittle plastic (b)
elastic strain softening and (c) elastic perfectly plastic.

2.3.4 Failure Criteria for Rock Masses

Two widely used failure criteria for rock masses are the Mohr Coulomb and
Hoek Brown. The Mohr Coulomb failure criterion is expressed in terms of
shear and normal stresses ( and n ), and Hoek Brown in terms of the major
and minor principal stresses ( 1 and 3 ). Although the Mohr Coulomb
criterion is usually expressed in terms of and n as

tannc Eq. 2.14

it can also be expressed in terms of principal stresses as (e.g. Brady and Brown,
1993)

sin1
cos2

sin1
sin1

31
c Eq. 2.15

According to the two criteria the assumptions for failure mechanisms, that is
shear and tensile failures, can be summarized as follows:

For tensile failure to occur

t3 and 01 . Eq. 2.16

For compressive induced shear failure to occur

t3 and s11 . Eq. 2.17
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where t is the rock mass tensile strength and s1 is the major principal

stress at failure. The above assumptions are illustrated graphically in Figure
2.12 below in terms of the principal stresses. Even though the tensile strength
of the rock mass is accounted for in the two criteria the primary assumption is
that failure occurs primarily as a compression induced shear failure.

Shear failureTensile failure 

t

Figure 2.12: Failure assumptions according to Mohr Coulomb and Hoek Brown.
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2.4 MODELLING CONSIDERATIONS FOR BLAST
INDUCED DAMAGED ZONE

2.4.1 Physical Characteristics

In order to understand the behaviour of the damaged zone, the physical
characteristics of the damaged zone must also be understood. This is because
characteristics such as fracture patterns can influence the behaviour of the
damaged zone. This understanding is also necessary for numerical modelling
tasks. This section therefore describes the basic characteristics of the damaged
zone and factors that have the potential to influence its behaviour.
Understanding of these factors and characteristics will assist in making
educated judgements on the strength parameters, failure mechanisms and
mechanical behaviour. This is an important aspect of the numerical analyses
work presented in this thesis.

Figure 2.13 shows an example of how the blast induced cracks around a
tunnel boundary would look like. The cracks created by blasting are: (i)
macroscopic and microscopic fractures, with different shapes and sizes, (ii)
they are radial, highly anisotropic and non persistent cracks, (iii) fracture
distribution and its nature (including extent and intersection of the cracks)
have spatial characteristics, which depend on the factors presented in Section
2.2. Figure 2.14 is the theoretical representation of cracking around a blast
hole, which illustrates points (i) and (ii) stated above.

Obviously, the kinematics of the blast induced blocks will be different to those
formed by natural geological structures. A model must therefore be
constructed in such a way that it represents blast induced fractures so that it
captures the behaviour correctly.
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Undamaged rock 

Damaged rock 

Figure 2.13: Rock mass condition around a tunnel boundary excavated by drill and blast. The
damaged zone comprises of discontinuous fractures of microscopic to
macroscopic sizes with complex fracture patterns due to radial cracks, see
embedded figure (adopted from Olsson and Bergqvist, 1995).
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Fracture zone

Blasthole
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Figure 2.14: Radial crack patterns normally observed around a blast hole (Whittaker et al.,
1992).
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2.4.2 Strength Characteristics

To make a reasonable judgement on the values for the strength parameters, c,
and cm (at low confining stress), ideas have been drawn from the work of

for example; Cai et al. (2004), Diederichs (1999), Hajiabdolmajid et al. (2003;
2002), Martin and Chandler (1994), Martin et al. (1999), Pelli et al. (1991) and
Stacey (1981). Some of the above mentioned authors suggest that, at low
confining stress the yielding process for brittle rocks is governed by a cohesion
weakening – friction mobilisation phenomenon (see Figures 2.15). Under low
confining stress conditions the most likely failure mechanisms are of tensile
nature leading to spalling, axial splitting and direct tension (see Figure 2.16).
Stacey (1981) for example states that the in situ strength around excavations is
determined by the extension strain capacity of the rock. Under such conditions
failure can occur at stress levels in which 1 (major principal stress) is lower
than s1 (major principal stress at failure), as long as 3 (minor principal

stress) overcomes the tensile strength of the rock mass.

Within the damaged zone there is a vast amount of rock bridges. Diederichs
and Kaiser (1999) have demonstrated that 1% of the rock bridges within 1m2

can produce cohesive strength equal to the strength of one cable bolt, under
low confining stress conditions. Robertson (1973) showed that rock bridges
within the rock mass can increase its inherent strength, as rupture must first
occur through the intact rock before failure develops. This indicates that
cohesion (c) and tensile strength ( t ) are the most important parameters under
low confining stress conditions ( MPa 0.1max3 ). ISRM (Brown, 1981)

suggested the following equation to estimate the shear strength of the rock
bridges, as a function of the compressive and tensile strengths of the intact
rock ( c and t ).

tcc
2
1

Eq. 2.18

where is the shear strength and also the cohesive strength of the rock

bridge.

c
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Figure 2.15: Cohesion weakening – friction mobilisation failure process (Hajiabdolmajid et al.,
2003)

Figure 2.16: Failure characteristics and mechanisms at different confining stress levels
(Diederichs, 1999).
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2.4.3 Deformation Modulus

The approach by Hoek et al. (Hoek et al., 2002) assumes a global disturbance
and therefore the deformation modulus is reduced for an entire model. The
strength is also reduced in the entire model with this approach. On the other
hand, damage around a tunnel is usually limited to a certain extent. Hence, the
change in either the modulus or the strength is limited to this extent. Variation
in the deformation modulus around a tunnel can also be verified through
seismic measurements (see Figure 2.17). Hence, one approach used in this
thesis is illustrated in Figure 2.18, which follows the theoretical behaviour
illustrated in Figure 1.3 in Chapter 1. The rock mass modulus is linearly varied
from the tunnel boundary up to the expected depth of the damaged zone (see
Saiang and Nordlund, 2008a). The deformation modulus of the damaged zone
is calculated using either Eq. 2.4 or 2.5. It is then assumed that this value
occurs at the tunnel boundary and linearly varies as illustrated in Figure 2.18.
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Figure 2.17: Changes in P wave velocity observed from mine drift damage investigation
studies (Malmgren et al., 2007). Theoretically the variation in the modulus
should follow the same trend.
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Figure 2.18: The rock mass deformation modulus is linearly varied from the excavation
boundary to the damaged undamaged rock boundary. and are damaged
and undamaged rock deformation moduli respectively.
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CHAPTER 3:

INVESTIGATIONS, ANALYSES AND RESULTS

The actual investigations, analyses and results are presented in the appended papers
which constitute Part II of this thesis. Nonetheless, this chapter presents a summary of
these papers which include; the objectives of each paper, research methodology, the
main results and the main conclusions reached. Links between each paper are outlined.
The appended papers in Part II provide their respective details.
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3.1 EXCAVATION DAMAGED ZONE INVESTIGATION

3.1.1 Summary of Paper A (Malmgren et al., 2007)

Background and investigation method

In Paper A an investigation of the excavation disturbed zone at LKAB’s
Kiirunaavara Mine in northern Sweden is presented. This investigation was
mainly aimed at quantifying the extent of the disturbed or damaged zone and
the deformation modulus of this zone. The terms excavation disturbed and
damaged zone were used interchangeably in this paper because the
differences between blast induced and stress induced damages and
disturbances were undefined.

Studies have also been conducted earlier by Nyberg et al. (2000) and Nyberg
and Fjellborg (2002) in the drifts and pillars of the same mine, to identify the
blast induced damaged zone by blast vibration measurements and saw cut
examination. Damaged zone thicknesses of up to 0.4 m were determined in
these studies. However, the measurement of the deformation modulus was
not done.

Two main geophysical methods were used in the investigation, the cross hole
seismics and the Spectral Analysis of Surface Waves (SASW). Borehole optical
imaging was also conducted via BIPS (Bore hole Image Processing System) to
provide information about the fracture intensity. The basic configurations of
the field tests are shown in Figures 3.1 to 3.3. The tests were conducted in the
footwall drifts and in the cross cuts in the ore body.
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Figure 3.1: Setup of the cross hole seismic experiment.
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Figure 3.2: Setup of the Surface Wave Spectral Analysis (SAWS) experiment.
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Figure 3.3: Setup of the Bore hole Image Processing System (BIPS).

Results and Conclusions

Table 3.1 shows the result of the measurements. The extent of the excavation
damaged zone was estimated to be approximately 0.5 m and 1.0 m for 45
mm and 48 mm blast holes respectively, independent of the rock type. These
extents confirmed those reported by Nyberg and Fjellborg (2002). The Young’s
modulus of the damaged rock mass ( ) was reduced by 10 – 24% with 45
mm blast holes and by approximately 50% with 48 mm holes. These were
calculated using Eq. 2.5, given in Section 2.1.4. In essence the extent of the
damage was dependent on the blast hole diameter.

EDZE

The results from the geophysical tests were more complex than expected. This
was reflected by the large variation in the Young’s modulus values for the
damaged rock, measured by the two geophysical methods. Information from
BIPS was clear and concise in most of the measurements. Besides providing
photographic images the BIPS also provided fracture density data, which
when plotted, could show the trend of the fracture density, thus the extent of
the damaged zone (see Figure 3.4 for example).
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Table 3.1: Measured P wave velocity, damaged zone depth and Young’s modulus of the
damaged rock as a percentage of the undamaged rock modulus.

Average P wave velocity
(m/s) EDZE

Test area
Undamaged

rock
Damaged

rock

EDZ depth
(m)

as part
of undamagedE

Contour hole 45 mm

No.1: Waste rock 5590 5300 ~0.5 90%

No.2: Iron ore 6220 5400 ~0.5 76%

No.3: Waste rock 5690 5200 ~0.5 84%

Contour hole 48 mm

No.4: Iron ore 6020 4300 ~1.0 51%

No.5: Waste rock 5800 4200 ~1.0 52%
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Figure 3.4: (a) P wave velocity cross hole seismics tests and (b) fracture intensity data, for
the 45 mm contour holes. Both plots show an excavation damaged zone
thickness of about 0.5 m.
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3.2 NUMERICAL ANALYSES OF THE BLAST INDUCED
DAMAGED ZONE

3.2.1 Modelling Remarks

There is no specific method or approach to model the damaged zone. Both the
continuum and discontinuum methods have been used (see Section 2.3.1 in
Chapter 2). The blast induced damaged zone itself is complex in many ways
as described in Section 2.4 in Chapter 2. A proper understanding of the
characteristics of the damaged zone, the most likely failure mechanisms and
processes and the conditions they are likely to occur under is essential for
choosing an appropriate modelling approach and constitutive model.
Moreover, this understanding is also needed for making sound and educated
judgements on the numerical results and to explain certain observations.

A simple way to begin the study of such a complex problem is to approach it
in a practical way, such as a consultant would do if given such a task. That is
by using the commonly used tools and approaches. Paper B in this thesis was
approached in this manner and also set the groundwork for further numerical
investigations.

By progressively improving the models, based on lessons learnt from previous
models, more advanced models were developed to study the behaviour of the
damaged zone. Paper F for example presents an advanced modelling
approach where two computer codes (FLAC and PFC2D) were coupled to study
the damaged zone behaviour. In essence the numerical study papers (i.e.
Papers B to F) are presented in a logical sequence, where each paper addresses
a problem identified by its predecessor, and so forth. The modelling approach
is also improved and advanced with each paper. Papers B and C specifically
deal with shallow tunnels. Because of the difficulties encountered with the
Hoek Brown GSI empirical method for estimating the inputs for the
continuum models, an alternative method was developed, which is presented
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in Paper D. Paper E deals with deep excavations (depths greater than 100 m).
Knowledge gained from Papers B to D was used for the modelling task in
Paper E. Paper F, presents the analyses of the blast induced damaged zone by
continuum and coupled continuum discontinuum methods.

The numerical codes used in the numerical study of the damaged zone were;
FLAC (Itasca, 2002; Itasca, 2005), PFC2D (Itasca, 2004; Itasca, 2008) and Phase2

(Rocscience, 2007). Phase2 was used mostly in Paper F, because of the
simplicity to implement radial cracks in the model.

3.2.2 Summary of Paper B (Saiang and Nordlund, 2008a)

Background and method

Numerical analysis was performed to study the behaviour of the blast induced
damaged rock around an underground excavation at shallow depth (rock
cover less than or equal to 20 m). By varying the strength and stiffness of the
Blast Induced Damaged Zone (BIDZ) and other relevant parameters, the
response of the near field rock mass was analysed in terms of the effects on
induced boundary stresses and ground deformation. Table 3.2 shows the
various scenarios simulated and Table 3.3 shows the variable data set for these
scenarios. Table 3.4 shows the inputs for the base case model. The base case
model is located 10 m below the ground surface.

Table 3.2: Model scenarios.

Case Description

Case 0: Base case
Case 1: Undamaged (no BIDZ)
Case 2: Varying Young’s modulus of the BIDZ
Case 3: Varying compressive strength of the BIDZ
Case 4: Varying tensile strength of the BIDZ
Case 5: Varying thickness of the BIDZ
Case 6: Varying overburden thickness
Case 7: Varying in situ stresses
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Table 3.3: Variable parameter data set.

Case Low Base case High
Case 0: – – –
Case 1: – – –
Case 2: 8.5 GPa 11.8 GPa 17.8 GPa
Case 3: 8.8 MPa 12.7 MPa 26.8 MPa
Case 4: 0 MPa 0.2 MPa 0.4 MPa
Case 5: 0.1 m 0.5 m 1.0 m
Case 6: 2 m 5 m 20 m
Case 7: Low in situ stresses – High in situ stresses

Table 3.4: Inputs for the base case model.

Value
Parameter

Undamaged rock mass Damaged rock mass
Young’s modulus, E (GPa) 17.8 12.4
Poisons ratio, 0.25 0.25
Cohesion, c (MPa) 2.6 1.4
Friction angle, ( ) 68 65o

Tensile strength, (MPa)t 0.4 0.2

A large single track railway tunnel geometry was selected for the analysis.
Figures 3.5 and 3.6 show the tunnel and the model geometries, respectively. In
the model fine grids were used within and near the damaged zone and coarse
grids elsewhere. A blast induced damage zone is added to the model. For the
purpose of sensitivity analyses the thickness of the damaged zone was varied
between 0.1 and 1.0 m.

The rock mass with an intact compressive strength of 250 MPa and GSI of 60,
which is considered as good or above average quality (in Sweden), was used
as the basis for deriving the inputs for the computer models. A systematic
approach was used in estimating the inputs from the Hoek Brown GSI
empirical method. The deformation modulus was varied linearly in a step
wise manner from the tunnel boundary into the rock mass as illustrated in
Figure 3.7.
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Figure 3.5: (a) Cross section of a large single track railway tunnel according to Banverket
(2002), (b) equivalent tunnel geometry for the tunnel dimension shown in (a).
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Figure 3.6: Model geometry. Fine grids are used near the damaged zone and coarse grids
elsewhere.
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Figure 3.7: Approach used in estimating the rock mass deformation modulus as a function of
distance. The deformation modulus at the tunnel boundary ( ) is first
estimated and then linearly increased step wise up to the damaged undamaged
zone boundary where it reaches its background value.

DE

The in situ stresses used in the models were those reported by Stephansson
(1993), which are based on hydraulic fracturing measurements.

Eq. 3.1gzV

Eq. 3.2zH 04.08.2

Eq. 3.3zh 024.02.2

is the vertical stress, andwhere V hH are the maximum and minimum
horizontal stress respectively, is the rock density, g is the gravity and z is
the depth. In this paper (i.e. Paper B) H is perpendicular to the tunnel axis
and is in the direction of the tunnel.h
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Results and conclusions

Numerical measurements were made at three locations around the excavation
as shown in Figure 3.8. The displacement and differential stress magnitudes
were measured at these points during the simulation for the scenarios shown
in Tables 3.2 and 3.3. Figures 3.9 and 3.10 show the percentage variation in
deformation and differential stress magnitudes at these points. The percentage
variations are calculated as the magnitude of change from the base case model.
Table 3.5 shows the sensitivity classification of these parameters. There is no
specific rule for this classification, except that it is based on the magnitude of
change from the base case model.

Measurements of the induced stresses at Point A revealed that, the rock mass
above the tunnel roof behaves like a beam and thereby concentrating high
stresses. This was observed for depths less than 10 m. For depths greater than
10 m it behaves like an ordinary rock mass, where the induced stresses
increases with depth as expected, until the rock yields in compression. Figure
3.11 shows this phenomenon. Coincidentally the 10 m depth for base case
model is also the transition point for this phenomenon.

C

A
B

Damaged Zone

Figure 3.8: Numerical measurement points around the tunnel where the differential stresses
( r ) and displacement magnitudes were recorded.

55



0%

10%

20%

30%

40%

50%

60%

Vary
ing

sti
ffn

es
s

Vary
ing

 co
mpre

ss
ive

 st
ren

gth

Vary
ing

 te
ns

ile
 st

ren
gth

Vary
ing

ov
erb

urd
en

Vary
ing

BID
Z t

hic
kn

es
s

Vari
ng

 in
-si

tu 
str

es
se

s

Va
ria

tio
n 

in
 (

-
r ),

 %

Variation at Point A

Variation at Point B

Figure 3.9: Percentage variation in the differential stress at Points A and B for the scenarios
tested.
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Figure 3.10: Percentage variation in displacement magnitudes at Point C for the scenarios
tested.
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Table 3.5: Classification of parameter sensitivity, where: >20% variation = high, 10 20%
variation = moderate, and <10% variation = low.

Sensitivity
Parameter

Differential stress Displacement
Young’s modulus High High
Compressive strength Low Low
Tensile strength Low Low
Thickness of BIDZ Moderate Low
Overburden thickness High Moderate
In situ stress High High
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Figure 3.11: Effect of varying overburden on the differential stress at Point A on the tunnel
boundary.

In conclusion, the presence of the blast induced damaged zone clearly affected
the distribution and magnitudes of the induced boundary stresses and ground
deformation. In terms of its inherent properties, the behaviour of the damaged
zone was affected most by its modulus (see Table 3.5). Tensile strength was
next, followed by the compressive strength. The effects of the strengths (i.e.
compressive and tensile strengths) of the damaged zone on its behaviour were
not conclusive, since the observed behaviours were less significant than
expected. It is believed that the inputs obtained on the basis of Hoek Brown
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criteria for the type of rock mass simulated could be vulnerable. The state of
the induced stresses was complex around the tunnel boundary leading to
different behaviours of the damaged zone in the roof, the wall, the abutment,
the toe and the floor.

3.2.3 Summary of Paper C (Saiang and Nordlund, 2007)

Background and method

Paper B revealed the need for investigating the failure mechanisms around
shallow tunnels in brittle rock. It was observed in Paper B that, the behaviour
of the damaged zone was affected by the different failure mechanisms around
the tunnel. This was due to the fact that, the state of induced stresses was
complex at shallow depths.

To understand the mechanisms, simple elastic analyses were performed to
identify and delineate regions of instability by doing stress analyses in Paper
C. By comparing the induced stresses around the tunnel to the tensile and
compressive strengths of the rock mass the potential unstable regions were
identified. Plastic analyses were performed to see if the behaviours in plastic
state were consistent with those predicted by the elastic models, although not
expected to be the same.

The model parameters, that is; geometry, rock mass parameters and in situ
stresses, used in this paper were the same as those used in Paper B (see Section
3.2.2). However, two sets of inputs were used in the study in Paper C, which
are shown in Table 3.6 as original and modified. During the analyses it was
realised that the original inputs gave results that were consistent neither to the
predictions from the elastic models nor observations from a case tunnel.
Hence, a new set of inputs (i.e. modified inputs, see Table 3.6) were
determined after varying the Hoek Brown rock constant, . The modification
of followed similar suggestions by for example, Diederichs (2003). The

adjustment was done by trial and error until a tensile strength value that
yielded results consistent with predictions from elastic analyses and practical
observations was obtained.

im

im
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Table 3.6: Inputs used in the models.

Original Inputs Modified InputsParameter
Undamaged
rock mass

Damaged
rock mass

Undamaged
rock mass

Damaged
rock mass

Young’s modulus, E (GPa) 17.8 12.4 17.8 12.4
Poisons ratio, 0.25 0.25 0.25 0.25
Cohesion, c (MPa) 2.6 1.4 4.4 2.4
Friction angle, ( ) 68 65 51 47o

Tensile strength, (MPa)t 0.4 0.2 2.2 1.2

Results and Conclusions

Three main stress conditions were identified in the elastic analyses and
codenamed Type (I), Type (II) and Type (III), which are described as:

andType (I): biaxial extension, i.e. 01 t3

andType (II): compression and extension, i.e. 01 03

andType (III): compression, i.e. 03s11

Note that, the stress conditions above are compared to the calculated
compressive and tensile strengths of the rock mass (i.e. ands1 t ). It was

observed in the models that, these stress conditions were the main sources for
failure around the tunnel. Figure 3.12 shows a pictorial representation of the
stress fields and their conditions of occurrence on a Mohr Coulomb strength
envelope.

Two main unstable regions were identified on the basis of the stress analyses
described above. These are shown in Figure 3.13. Region A is subjected to
Type (I) stress condition where failure will occur in biaxial extension. Region B
is subjected to Type (II) where failure will occur in tension under compression
and extension in a biaxial stress field. Potential for compressive failure due to
Type (III) stress scenario was less significant.
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            (I)
Biaxial extension. 
Failure will occur 
in tension

t

       (III)
Compression.
Failure will occur 
in shear

1s

(I)
(II)

(III)

t

Failure envelope

           (II)
Compression and 
extension. Failure 
will occur in tension

Figure 3.12: Potential failure types identified for the shallow excavations.

A

B

Figure 3.13: Regions of potential failure in tension identified from elastic analyses. Region A
is in biaxial extension ( and01 t3 ), while region B is in tension and
compression ( and ).01 03
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In the plastic analyses it was observed that, the results from using the original
inputs (see Table 3.6) gave large regional yielding, which was not consistent
with the predictions from the elastic models. An examination of the
incremental volumetric strain showed volumetric strain concentrations limited
to Region A. The thickness of the yielded zone in Region A was consistent
with the case tunnel. The modified inputs (see Table 3.6) gave plasticity results
that were consistent with the predictions from the elastic model as well as the
case tunnel presented in the paper (i.e. Paper C).

It was obvious that the tensile strength was an important strength component.
Unless its value is correctly estimated the behaviour of the near field rock
mass, including the damaged zone, cannot be correctly simulated. It appears
that, the tensile strength was significantly underestimated by the Hoek
Brown GSI empirical method for the rock mass type simulated in this thesis.
Others, for example Diederichs et al. (2007) and Carter et al. (2007) have also
drawn similar conclusions for massive hard rock masses.

3.2.4 Summary of Paper D (Saiang, 2008c)

Background and method

Paper C showed that the inputs estimated directly using the Hoek Brown GSI
empirical method yielded results that were not consistent with the expected
behaviour. The tensile strength and cohesion were significantly
underestimated while the friction angle was overestimated. This resulted in
yield mechanisms not correctly captured. One reason was that the rock was
yielding in a brittle manner, in which case yielding and failure will depend
mainly on the tensile and cohesive strengths of the rock (e.g. Martin et al.,
1999). Hence, a question was raised whether PFC2D (Itasca, 2004) could be used
to estimate the inputs for the continuum model. This led to the development
of Paper D. The goal was to determine a simple failure envelope for the rock
mass using PFC2D. This failure envelope can then be used to determine the
Mohr Coulomb parameters for analyses with FLAC.
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“Numerical laboratory tests”, involving biaxial and Brazilian tests on
“synthetic rock mass specimens” were performed using PFC2D. The specimens
were prepared to represent both the damaged and undamaged rock masses.
These specimens were idealised as equivalent continuum (intact) with reduced
mechanical properties, whose compressive strength and deformation modulus
can be derived using empirical methods such as Hoek Brown GSI system. The
procedure used in the calibration and the eventual biaxial and Brazilian tests
are shown in Figure 3.14. To estimated the initial micromechanical parameters
charts and methodologies presented by Diederichs (1999) and Huang (1999)
were used.

The tunnel and the model geometries used in the FLAC analyses are shown in
Figure 3.15. A double track railway tunnel geometry was selected for the
analysis. The in situ stresses used in the FLAC models were those given by
Stephansson (1993), which are based on over coring measurements, as:

Eq. 3.4gzV

Eq. 3.5zH 044.07.6

Eq. 3.6zh 034.08.0

is the vertical stress, andwhere V hH are the maximum and minimum
horizontal stress, respectively, is the rock density, g is the gravity and z is
the depth. In the paper is perpendicular to the tunnel axis and hH is in the

direction of the tunnel.

Note that, in the simulations from Paper B to C the in situ stresses used were
those based on hydraulic fracturing measurements. However, it is now
becoming increasingly clear that the in situ stresses from the over coring
measurements are more reliable than hydraulic fracturing measurements,
especially with respect to shallow depth environments. Hence, in situ stresses
from the over coring measurements were used from this paper and others that
followed.
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Rock mass parameters: ci, GSI, mi

Target values for Em and cm (by HB-GSI 
empirical method)

Initial micro-parameters (by charts and 
empirical relations)

Uniaxial compression test (by PFC2D)

Have the target values for Em and cm been 
achieved?

Final micromechanical properties achieved. Sample is ready 
for biaxial compression and Brazilian tests Cut out Brazilian test sample

Fine tune micromechanical 
parameters

NO

YES

Perform biaxial test Perform Brazilian test

Determine shear strength parameters 
(from Mohr-Coulomb envelope) Determine tensile strength

Figure 3.14: Micro parameter calibration procedure and eventual biaxial and Brazilian tests.

(a)

Fine grids

Coarse grids

Blast-induced damaged zone

80 m

80
 m

(b) 12.5 m

3.
85

 m
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54

 m

Figure 3.15: Model geometry used in FLAC simulation, (b) geometry for the double track
tunnel. The excavation is located 10 m below the ground surface.
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Results and conclusions

Figures 3.16 and 3.17 are the Mohr Coulomb peak and residual strength
envelopes for undamaged and damaged rock mass specimens. The Mohr
Coulomb strength parameters obtained from these envelopes are shown in
Table 3.7. These parameters were used in the FLAC models. It was also
possible to evaluate the axial and volumetric strains from biaxial compression
tests. It was observed that the volumetric strains give a better indication of
yield and failure than the axial strains. Hence, the volumetric strains were
determined, which are shown in Table 3.8. These strains were used with the
Mohr Coulomb Strain Softening models. The traditional Mohr Coulomb
model did not require the volumetric strain values. The dilation angles were
determined from the slopes of the volumetric strain curves for two specimens.

(a) (b)

Figure 3.16: Mohr Coulomb peak strength envelopes for (a) Undamaged Rock Mass
Specimen (URMS) and (b) Damaged Rock Mass Specimen (DRMS).

(a) (b)

Figure 3.17: Mohr Coulomb residual strength envelopes for (a) URMS and (b) DRMS.
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Table 3.7: Strength parameters.

Peak values Residual valuesParameter
URMS DRMS URMS DRMS

Cohesion, c (MPa) 5.8 3.1 0.6 0.4
Friction angle, ( ) 32 31 35 38o

Tension strength, (MPa)t 2.5 1.3 0 0
Dilation angle, ( ) 9 7 – –o

Table 3.8: Average volumetric strain values at yield, peak and post peak residual.

Quantity URMS DRMS
Yield volumetric strain (%) 0.05 0.04
Peak volumetric strain (%) 0.06 0.05
Residual volumetric strain (%) 0.46 0.35

Figures 3.18 and 3.19 show the FLAC results based on the Mohr Coulomb
(MC) and the Mohr Coulomb Strain Softening (MC SS) constitutive models.
The volumetric strain contours and plastic indicators are plotted together.
PFC2D modelling showed that, failure is expected when the volumetric strain
exceeds 0.05 to 0.06% (see Table 3.8).

Ground surfaceGround surface

(a) (b)

Figure 3.18: Plasticity and volumetric straining resulting from the MC model; (a) without
damaged zone and (b) with damaged zone.
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Ground surfaceGround surface

(a) (b)

Figure 3.19: Plasticity and volumetric straining resulting from the MC SS model; (a)
without damaged zone (b) with damaged zone.

The yielding around the tunnel is consistent with practical observations from a
case tunnel (see Paper D) and also the predictions from the models in Paper C.
Both constitutive models (i.e. Mohr Coulomb and Mohr Coulomb Strain
Softening) showed yield at volumetric strains of 0.06%, which was expected.
However, the Mohr Coulomb Strain Softening model was sensitive to the
presence of the damaged zone, due to the strain softening characteristics of
this zone. Hence, the Mohr Coulomb Strain Softening is considered important
for future modelling of damaged zone in a hard rock mass system. In
conclusion, the results did demonstrate that PFC2D can be used to estimate the
input parameters for the rock mass.

Incidentally the tensile strength and cohesion determined from the PFC2D

simulations are similar to those obtained by varying mi in Paper C (compare
Table 3.7 to modified inputs in Table 3.6).
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3.2.5 Summary of Paper E (Saiang and Nordlund, 2008b)

Background and method

In Paper E the effects of the blast induced damaged zone were investigated for
deep excavations (depths greater than 100 m). Hence, a mining scenario was
selected for the analysis. The rock mass parameters used in this analysis were:
intact uniaxial compressive strength, 180 MPa, GSI, 60 and mi, 33. The in situ
stresses were those shown in Eqs. 3.4 to 3.6 (see Section 3.2.4). Figure 3.20
shows the excavation and model geometries used in this study (i.e. Paper E).
The excavation dimensions conform to the underground mining drifts
typically encountered in Swedish underground mines.

Following on from the work in Paper D a chart was developed from PFC2D

simulations to estimate the input parameters for any given Hoek Brown rock
mass uniaxial compressive strength. This chart, shown in Figure 3.21, was
necessary since it was not practical to perform PFC2D simulations to obtain
inputs for every continuum simulation. The inputs for the simulations in
Paper E were obtained from this chart. The Mohr Coulomb Strain Softening
model was used in this paper and the volumetric strain values were those
derived in Paper D. Table 3.9 shows the inputs for the base case model. The
application of Young’s modulus in the models followed the same procedure as
in Paper B.

(a)
7.0 m

3.
85

 m

5.
0 

m

(b)

Fine grids

Coarse grids

Damaged rock zone

60
.0

 m

50.0 m

Figure 3.20: (a) Drift geometry and (b) model geometry.
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Figure 3.21: Chart used to obtain the values of the strength components for various Hoek
Brown rock mass compressive strengths.

Table 3.9: Inputs used in the base case model.

Parameter Undamaged rock mass Damaged rock mass

Young’s modulus, E (GPa) 18 12
Poisson’s ratio, 0.25 0.25
Peak cohesion, (MPa)pc 5.8 3.1
Peak friction angle, (p

o) 32 31
Tensile strength, (MPa)t 2.5 1.3
Dilation angle, ( ) 9 7o

Peak volumetric strain, (%)p 0.06 0.05
Residual cohesion, (MPa)rc 0.6 0.4
Residual friction angle, ( )r 35 38o
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Paper E is essentially an application of the knowledge gained from Papers B to
D to deep excavations. Improved inputs and a more advanced constitutive
model than the ordinary Mohr Coulomb were used. Parameter analysis as in
Paper B (see Section 3.2.2) was also performed for the deep excavation models.
The base case model was constructed at 1000 m depth.

Results and conclusions

As in Paper B, the numerical measurements were taken at locations in the
tunnel roof and the wall to study the behaviour of the damaged zone (see
Figure 3.22). The assessment of the behaviour of the damaged zone was done
by assessing how the variations in the properties of the damaged zone affected
the tangential stress and displacement magnitudes.

The effects of the damaged zone were obvious, for example, in the base case
model when the damaged zone was removed. These are illustrated in Figures
3.23 and 3.24. In Figure 3.23 (a) and (b) the tangential stress increased by 50%
at Point A in the roof and 45% at Point C in the wall respectively, with the
removal of the damaged zone. In Figure 3.24 (a) and (b) the displacements in
the wall and the roof are reduced by 10%.

In essence, with the presence of the damaged zone the tangential stress at the
tunnel boundary is 0.2 in the roof at Point A and 0.3H v in the wall at Point
C. Without the damaged zone these values approximately double. With the
presence of the damaged zone the displacement is 10% more than that of with
the damaged zone. This was case for both the wall and the roof (see Figure
3.24).

A
B

C D

Figure 3.22: Points at which measurements were done to study the behaviour of the damaged
zone.
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Figure 3.23: Behaviour of the tangential stresses, with and without damaged zone, along a

straight line in (a) the tunnel roof and (b) the tunnel wall.
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Figure 3.24: Displacements with and without damaged zone along a straight line in (a) the

tunnel roof and (b) the tunnel wall.

Figure 3.25 shows the impacts of the parameter variations on tangential stress
at the measurement points, which is a direct reflection of the response of the
damaged zone due to the parameter variations. Figure 3.26 shows the impacts
of the parameter variations on the displacement. Note that, the effects are
assessed as percentage variations from the base case model results.
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Variations in the modulus and the compressive strength affected the
tangential stress magnitude quite significantly, which is expected due to high
induced stress magnitudes observed in the deep excavations models. The
impact of the compressive strength of the rock in the shallow excavation
models in Paper B was not significant, because of the low induced boundary
stresses. The variation in the thickness of the damaged zone has a significant
influence on the peak tangential stress at the damaged undamaged rock
boundary (i.e. Points B and D). This indicates the effectiveness of the damaged
zone (with low strength and stiffness) to force high stresses away from the
tunnel boundary.
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Figure 3.25: Percentage variations in the tangential stress at points (a) A and B in the roof
and (b) C and D in the wall, when different parameters of the damaged zone
were varied.
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Figure 3.26: Percentage variations in the displacement at points (a) A in the roof and (b) C in
the wall, when different parameters of the damaged zone were varied.

Measurement of the displacements at Points A and C, at the tunnel boundary,
showed that variations in the horizontal stress to vertical in situ stress ratios
affected the response of the damaged zone the most, and thus the
deformation. A change of over 130% from the base case model was noted
when the in situ stress ratio was set to 3.0. The displacements were also
sensitive to thickness of the damaged zone. This was expected since the larger
the damaged zone (with low strength and stiffness) the greater the
deformation.
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3.2.6 Summary of Paper F (Saiang, 2008d)

Background and method

This paper (i.e. Paper F) presents the analysis of the blast induced damaged
zone by coupled continuum discontinuum method. FLAC and PFC2D were
coupled to create the continuum discontinuum models. The idea is to study
the behaviour of the near field rock mass, including the blast induced
damaged zone with PFC2D, while the far field rock mass is simulated with
FLAC. Figure 3.27 illustrates the coupling of the two codes. The main
advantage of this method is twofold; (i) failure and fallout of the near field
rock mass can be mapped, (ii) computer time is reduced drastically since only
the area of interest is simulated using the discontinuum method.

Models were also run independently with FLAC and Phase2. The idea was that,
since continuum models cannot simulate failure, the results from the coupled
model could be used to identify indicators for failure in the continuum
models. In that way future analyses of the damaged zone can still be done
with continuum methods which appropriate indicators to analyse its
behaviour.

Figure 3.27: FLAC PFC2D coupled model. A 9 x 9 m horse shoe shaped tunnel is excavated
within the PFC2D bonded particles. The minimum model dimension of the
coupled model is 120 x 120 m.
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To model the blast induced damaged zone explicitly, radial cracks were
individually traced and implemented in the computer models (see Figure 3.28
and 3.29). A sample crack pattern from the SveBeFo field studies was chosen
for the crack tracing. However, for the purpose of numerical modelling the
tracing and implementation in the computer models were simplified. It was
assumed that the cracks orienting at angles up to 25o from the half cast
intersect those with similar orientation from the neighbouring blast holes (see
Figure 3.25). Cracks orienting at angles greater than 25o do not intersect. For
the sake of numerical modelling the crack lengths were assumed to have the
same length, which in this case were fixed at 0.5 m and are radial (see Figure
3.26).

The cracks were implemented in the FLAC PFC2D coupled models and in
Phase2 models. It was not possible to implement the cracks in FLAC. Hence, the
damaged zone was simply treated as an equivalent continuum in FLAC as in
Papers B to E. The implementation was nevertheless simple with Phase2,
because of its CAD capabilities and the options for adding various kinds of
joints. In the coupled FLAC PFC2D model the cracks were implemented in the
PFC2D component.

25o 21o
17o

Blast-holes

Figure 3.28: Estimation of intersecting cracks from adjacent blast holes. Cracks with
orientation angles up to 25o from the blast hole row intersect each other (photo
adapted from Olsson and Bergqvist, 1995).
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Figure 3.29: Radial cracks generated within the PFC2D and Phase2 models. The spacing
between the blast holes is 50 cm.

The in situ stresses used in the models of this paper are those given by Eq. 3.4
to 3.6. The Mohr Coulomb parameters and the micromechanical properties
used in the models were those derived in Paper D. Table 3.10 shows the
micro mechanical properties for the PFC2D component of the coupled model.
Because of the limited information about the mechanical properties of a blast
induced crack, the values shown in Table 3.11 are assumed from Saiang et al
(2005a). A friction angle of 45o (i.e. friction coefficient of 1.0) was assumed for
the blast induced cracks.

For the sake of consistency as well as to be able make comparisons of the
results the Mohr Coulomb constitutive model was used in the continuum
models (i.e. FLAC and Phase ), since Phase2 2 has no option for Mohr Coulomb
Strain Softening model. In the PFC2D component of the coupled model the
parallel bond model was used for the particles while the smooth joint model
was used for the cracks.

Table 3.10: Micro mechanical properties for synthetic rock mass (Saiang, 2008c)

Parameter Value
Normal bond stiffness (GN/m) 58
Shear bond stiffness (GN/m) 23
Normal bond strength (MN) 2
Shear bond strength (MN) 10
Friction coefficient 1.0
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Table 3.11: Properties of the blast induced cracks (stiffness and strength data are assumed
from Saiang et al., 2005a)

Parameter Value
Normal stiffness (MN/m) 1.3
Shear stiffness (MN/m) 1.3
Shear bond strength (MN) 1.4
Normal bond strength (MN) 0
Friction coefficient 1.0

Results and Conclusion

Table 3.12 shows the failed zones mapped from the FLAC PFC2D coupled
models. This was done by mapping areas where the PFC2D particles have
either fallen out or detached by loss of bond contact. The forces were tracked
to identify mechanisms causing failure. The blast induced cracks were seen to
influence the failure characteristics for depths up to 500 m. These were evident
from the saw tooth failure surfaces, which were less evident when the models
were run without the cracks. In the deep excavation models this effect
vanished, indicating less influence by the blast induced cracks.

Table 3.13 shows the possible failed regions mapped from the Phase2 models.
These were obtained by contouring the regions where the elements have
yielded in 100%. Plasticity indicators showed that the 100% yielded elements
were more consistent with the failed regions mapped in the coupled model
than other indicators. At large depths however there is less consistency
between the coupled and the Phase2model results.

Table 3.14 shows the possible failed regions mapped from the FLAC models.
These were done by contouring the regions where volumetric straining
occurred. Regions where the volumetric strain exceeded 0.05% were more
consistent with the failed regions mapped in the coupled model. As with the
Phase2 model results, the FLAC model results are less consistent for deep
excavations (depths greater than 100 m). However, the FLAC and Phase2 model
results show similar behaviour at all the excavation depths modelled.
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On the other hand the behaviour observed in the tunnel walls with FLAC and
Phase models are similar to those from the FLAC PFC2 2D coupled models at
shallow depths (see Tables 3.12, 3.13 and 2.14). This indicates that the brittle
failure occurring in tunnel walls were captured reasonably when volumetric
strains (in FLAC) and 100% yielded elements (in Phase2) were used as
indicators for failure.

The depths of failed zones mapped from the coupled FLAC PFC2D models for
the various excavation depths are within the range often reported in practice.
However, the contributions of the damaged zone to the failures in practice are
not known. Nevertheless, the coupled FLAC PFC2D model results showed the
increase in the depth of failed zone with the presence of the damaged zone.
This is demonstrated by Figures 3.30 and 3.31, for the wall and the roof. In the
shallow excavations the roof was less affected by the damaged zone (see
Figure 3.31). As the excavation depth increased the effect became significant as
the failure increased more in the roof than in the walls. The effects of the
damaged zone in the walls are consistent with observations made in models of
Papers B to E.
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Figure 3.30: Maximum thickness of the failed zone in the wall mapped from the coupled
FLAC PFC2D models. The presence of the damaged zone increases the depth of
failure.
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Figure 3.31: Maximum thickness of the failure in the roof mapped from the coupled FLAC
PFC2D models. The presence of the damaged zone increases the depth of failure.
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3.3 SHOTCRETE ROCK INTERACTION

3.3.1 Background

Shotcrete is widely used as a surface rock support in tunnelling and
underground mining. One of the main roles of shotcrete is to keep in place any
loose rock particles as well as preventing dilation of loose blocks and eventual
fallouts. Much of the interaction between shotcrete and rock occurs at the
interface between shotcrete and the damaged rock. The behaviour and
performance of shotcrete is influenced by among other factors, the damaged
zone around the excavation boundary (e.g. Malmgren, 2005). Thus the
performance of shotcrete depends on the properties of shotcrete, the damaged
rock and interface properties. For this reason LKAB initiated a project to
investigate the shotcrete rock interface in order to understand the behaviour at
the interface.

The effectiveness of shotcrete for this task relies on the strength and stiffness
of the contact between the rock and shotcrete. Some of the early studies on the
strength of shotcrete rock interfaces were by Fernandez Delgado et al (1976)
and Holmgren (1979). Since then a large and varied number of tests have been
performed, including field studies and observations. However, due to the
complexity of shotcrete rock interaction the various methods could only
provide specific data for simple ground conditions.

3.3.2 Shotcrete rock interaction

The interaction between shotcrete and rock at the interface is quite complex as
studies by among others Holmgren (1979; 1985), Stille (1992), Malmgren (2001)
and Stacey (2002) have shown. These authors also show that at a genuinely
cemented interface the adhesion strength is important for shotcrete’s
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perfromance. External factors such as rock surface preparation and geometry
of the rock surface on which shotcrete is applied have been found to affect
adhesion strength quite significantly. Malmgren (2001) has shown that the
adhesion strength of shotcrete rock interface at Kiirunavaara underground
mine (in Sweden) was significantly increased when the rock surface was
prepared by water jet scaling. Figure 3.32 shows some of the factors that
contribute to the interaction between shotcrete and rock.

The mode of loading (tension, compression or shear, see Figure 3.33) and the
magnitude of this load, will significantly impact the overall behaviour of the
interface. This was also demonstrated in the laboratory investigation reported
in Paper G, which is presented in the proceeding section.
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Figure 3.32: Interaction between shotcrete and rock, and some of the contributing factors.
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Figure 3.33: Failure modes when shotcrete and rock interact (after Cording, 1974).

3.3.3 Summary of Paper G (Saiang et al., 2005a)

Method

Paper G presents a series of laboratory tests performed on cemented shotcrete
rock joints to investigate the strength and stiffness of the interfaces, while
simulating field conditions as close as possible. Three kinds of tests were
performed, (1) direct shear test, (2) tensile test and (3) compression test. The
main focus of the laboratory investigation was the direct shear test. Tension
and compression tests were complementary, but at the same time they
provided useful data on the normal strength and stiffness of the interface.

Figure 3.34 shows the basic description of the samples used in the
experiments. All the samples used were cylindrical. The shotcrete and rock
were cemented, with surface roughness at the interface having JRC values of
1 3 and 9 13. The setup for the direct shear test is illustrated in Figure 3.35 and
Figure 3.36 shows the setup for the direct tension test.
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Figure 3.34: Test samples. (a) Direct shear test sample, (b) tensile and compression test
sample and (c) shotcrete compression test sample.
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Figure 3.35: Direct shear test setup.

         
CODs 

(3)(1) (2)

Figure 3.36: Direct tension test setup.
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Results and Conclusions

Table 3.15 shows the main data that were sought after in the experimental
work. However, a short conclusion can also be made about the behaviour of
the shotcrete rock interface.

The bond strength was observed to control the peak shear strength of the
interface at low normal loads ( MPa 0.1n ). This is demonstrated in

Figure 3.37, while Figure 3.38 shows an example bond failure during the
direct shear test on of the test samples.

For high normal loads ( MPa 0.1n ) the peak shear strength is influenced

by the bond strength and the friction (see Figures 3.37 and 3.39).

The bond strength is the accumulated strength of the cementing plus the
strength of the shotcrete asperities, which was determined from the direct
shear test. The adhesion strength is obtained through direct tension.

The surface roughness affected the bond strength significantly. Surfaces
with a high JRC value resulted in high bond strength (see Table 3.15).

Table 3.15: Summary of strength properties for the shotcrete rock joints tested.

Value for JRC=1 3 Value for JRC=9 13Parameter

Joint shear bond strength 0.50 MPa 1.37

Joint friction angles: Peak, 40 47o op

Residual, 35 39o or

Joint compressive strength, JCS 16.0 MPa –

Joint adhesion strength 0.56 MPa –

Joint compression stiffness: K 100 MPa/mm –ci

K 288 MPa/mm –ct50

K 182 MPa/mm –cs50

Joint tensile stiffness: K 288 MPa/mm –ti

K 251 MPa/mm –tt50

K 261 MPa/mm –ts50

Joint shear stiffness, K 0.94 MPa/mm 1.3 MPa/mms
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Figure 3.38: Bond failure characteristics. Peak strength is the strength of the bond.
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CHAPTER 4:

SUMMARY, CONCLUSIONS AND
CONSIDERATIONS FOR FURTURE WORK
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4.1 SUMMARY

This thesis has been an exploration of the behaviour of the blast induced
damaged zone around underground excavations in hard rock masses. The
study was achieved mainly through field and numerical investigations. The
numerical studies formed the major component of these investigations.

The following are the summaries from these investigations in the order they
were presented in this thesis:

(i) Field investigation of the excavation damaged zone was conducted
at Kiirunavaara underground mine in northern Sweden. This
investigation revealed the thickness of the damaged zone to be
between 0.5 and 1.0 m, depending on the blast hole diameter. The
determined modulus of the damaged rock ranged between 50 and
90% of that of the undamaged rock modulus.

(ii) The continuum and coupled continuum discontinuum methods were
employed in studying the behaviour of the blast induced damaged
zone. The task began with a continuum approach using techniques
commonly used methods for geomechanical analyses. However, as
more knowledge was gained about the behaviour of the damaged
zone and the limitations of the numerical methods; the modelling
approach changed and progressively improved. This led to the final
simulation of the damaged zone through coupled continuum
discontinuum method. In this method FLAC and PFC2D were coupled
to study the behaviour of the damaged zone.

(iii) Shotcrete is a widely used surface support for underground
excavations. The interaction between shotcrete and rock usually
occurs at the interface between shotcrete and the damaged rock.
Laboratory studies were performed to investigate the behaviour and
characteristics of the shotcrete rock interface. The properties of the
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interface investigated include; the shear strength parameters, the
adhesion strength and the interface stiffness parameters.

4.2 DISCUSSIONS AND CONCLUSIONS

4.2.1 Literature and Questionnaire

Literature review and a questionnaire revealed that the presence of the blast
induced damaged zone is an important concern for the stability and
functionality of an excavation. The consequences of the blast induced
damaged zone are usually conceived in terms of safety and cost.

It is still unclear however, how the blast induced damaged zone affects the
stability and performance of underground excavation in a hard rock mass.
One reason is that the blast induced damaged zone has been largely defined in
terms of its extent. For stability and performance the strength and deformation
parameters of the damaged zone are important and the damaged zone lacks a
definition based on these parameters.

The development and extent of the blast induced damaged zone is dependent
on many factors, such as; explosive parameters, blast design geometrical
parameters, rock mass parameters and in situ stress conditions. However,
these are outside the scope of the work presented in this thesis.

The characteristics of the damaged zone though are important. The existence
of micro fractures and rock bridges within the damaged zone will affect the
behaviour of the damaged zone significantly. For example under low
confinement conditions the rock bridges will play a significant role in the total
strength of the damaged zone. This behaviour was seen in the models of Paper
F, where the blast induced cracks significantly influenced the failure of the
damaged zone at shallow depth. In the deep excavation models of Paper F the
combined strength of the rock bridges, and the cohesive and frictional strength
of blast induced cracks, provided resistance for localised failures (due to
tension) as at shallow depths.
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4.2.2 Investigations and Analyses

Excavation damaged zone investigation

The field investigation of the excavation damaged zone at Kirunavaara
underground mine revealed that the modulus of the damaged zone around an
excavation was reduced by as much as 10 to 50%, depending on the blasting
parameters. The extent of this effect was limited to depths of 0.5 to 1.0 m.
However, micro cracks may extend beyond this limit. In cautious blasting
operations the extent of the damage is usually limited to an average of 0.3 m.

It can be concluded that in practical cases the thickness of the blast induced
damaged zone generally varies between 0.1 and 1.0 m, with reported averages
between 0.3 and 0.5 m. The modulus of the damaged zone can be reduced by
as much as 50% of the modulus of the undamaged rock mass, depending on
the blasting parameters.

Numerical studies

Numerical studies conducted in this thesis have been presented in a logical
sequence. The first numerical paper (i. e. Paper B) presented the parameter
study of the damaged zone. From this paper the important parameters,
limitations and problems were identified which set the groundwork for
further numerical investigations, leading to Papers C to F. By progressively
improving the models from lessons learnt from previous models, more
advanced models were developed to study the behaviour of the damaged
zone. The following are the highlights and conclusions from the studies.

Because there was no specific method for estimating the input
parameters for the damaged zone, a systematic method was developed
in Paper B to estimate the inputs for the deformation and strength
parameters. The commonly used Hoek Brown approach was used as the
basis for this procedure. It was evident however that the direct of use
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the Hoek Brown approach may not be adequate to estimate the input
parameters for the damaged zone.

The important properties of the damaged zone identified in the study
reported in Paper B in order of their significance are: (i) the deformation
modulus, (ii) the tensile strength and (iii) the compressive strength.
Changes in the deformation modulus affected the behaviour of the
damaged zone most, followed by the tensile strength and the
compressive strength. Of the external parameters tested the changes in
the in situ stresses affected the behaviour of the damaged zone the most
compared to the overburden and the thickness of the damaged zone.

For the cases studied, the maximum deformation was 30% more when
the modulus was reduced by 50%. In the base case models where the
modulus of the damaged zone was reduced by 30% the deformation
was 10% more than without the damaged zone. This observation was
similar for both shallow and deep excavation models. Note that, in the
FLAC models the modulus was linearly increased from the tunnel
boundary to the boundary between the damaged and the undamaged
rock masses.

It can be concluded that, the presence of the blast induced damaged
zone does affect the overall behaviour of the rock mass in the immediate
vicinity of the excavation. Two main effects were observed with the
FLAC based continuum models:

i. increase in deformation due to the reduction in the modulus of
the damaged zone.

ii. reduction in tangential stress near the excavation boundary
because of the reduced modulus and hence high stresses were
concentrated outside of the damaged zone limit.

It was identified in Paper B that the failure process of the damaged zone
was an influencing factor for its behaviour. This led to Paper C where
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the failure mechanism of the damaged zone was studied, although
focusing on shallow excavations. In this study two important sources of
failure were identified (i) biaxial extension leading to tensile failure and
(ii) extension and compression in a biaxial stress field, also leading to
tensile failure. These two conditions were dominant in the walls, which
led to tensile failure of the damaged zone. Compressive shear failures,
the third source, occurred mostly in the roof and floor but were
insignificant for shallow excavations and therefore less influential on the
damaged zone. In deep excavations however, the compressive shear
failures of the damaged zone were significant. This observation was
made in Paper F, where the behaviour of the damaged zone was studied
using the coupled continuum discontinuum method.

In Paper B it was identified that the assessment of the volumetric strain
was a reliable indicator for tensile failure of the damaged zone. This
observation was later verified by Paper F. Other plasticity indicators
tend to over predict the failure zones. This can be expected for a
continuum model where a perfectly plastic model is used. The perfectly
plastic model tends to capture shear failure well but not the brittle
failure.

It was observed in Paper C that the continuum models could still be
used to capture the behaviour of the damaged zone if correct inputs are
used. It was obvious that the use of the Hoek Brown empirical method
was limited and any inputs to be obtained were by trial and error.
However, in this thesis a method was developed using PFC2D which is
presented in Paper D. By performing a series of biaxial and Brazlian
tests on synthetic rock mass specimens the Mohr Coulomb failure
envelopes were obtained for the damaged rock mass as well as the
undamaged rock mass. These tests were extended and a chart was
developed to estimate the shear and tensile strength parameters for any
given Hoek Brown uniaxial compressive strength of the rock mass. This
chart was used in estimating the inputs for the numerical simulations of
the damaged zone in Papers E and F. The inputs obtained from the
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PFC2D simulations and the chart gave results that were logically sound
and also consistent with practical observations.

It was observed from Papers C to E, that the brittle failure of the
damaged zone (due to tensile mechanism) can be best captured by a
discontinuum code such as PFC2D (3D can also be used). Hence PFC2D

was coupled with FLAC to create a hybrid continuum discontinumm
model. This enabled the study of the damaged zone in Paper F. Blast
induced cracks were explicitly implemented as joints in the coupled
model. The following specific conclusions can be made from the FLAC
PFC2D coupled model results.

The brittle failure of the damaged zone was captured well by
FLAC PFC2D coupled model. The results were also consistent with
predictions from Papers C to E. At shallow depths, much of the
failure of the damaged zone was tensile and occurred mostly in
the walls. As the depth increased the dominant failure mechanism
shifted from tensile in the walls to compressive induced shear in
the roof. This behaviour was captured reasonably well by the
coupled model. The maximum depths of the failures were as high
as 5 cm in the wall for 10 m model to as much 102 cm in roof for
the 1000 m model.

The coupled models also showed that at excavation depths up to
500 m the failure surfaces were influenced by the radial cracks.
These were evidenced by saw tooth failure surfaces, where
failures were propagating along the cracks and then failing in
tension. The saw tooth failure surfaces vanished in the 1000 m
model. This indicates that the blast induced cracks had less
influence on the failure characteristics of the damaged zone. That
is, although the damaged zone will increase the thickness of the
failure zone, it may not dictate how the failure should occur.
Failure will be largely driven by high compressive stresses.
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Paper F also revealed that the tensile failures occurring in the
walls were captured well by FLAC and Phase2. However, the
indicators used were the volumetric strain (in FLAC) and 100%
yielded elements (in Phase2). A volumetric strain value of 0.05%
(in FLAC models) was found to be the limit when yielding and/or
failure begins. This value was also determined earlier in Paper D
through PFC2Dmodelling. The compressive induced shear failures
were over predicted by the FLAC and Phase2. This can be expected
since the models were based on a perfectly constitutive model; the
Mohr Coulomb.

4.2.3 Shotcrete Rock Interaction.

As part of the rock support studies, the interaction between shotcrete and rock
was also studied as part of the work presented in this thesis. Because the
interaction between shotcrete and rock usually involve the damaged zone the
interface parameters are important for design and analyses. This led to
laboratory tests presented in Paper G. This study provided the data for
simulating the interaction between shotcrete and the damaged rock mass (see
Malmgren, 2005). The important shear strength parameter determined for low
confinement condition was the bond strength, which was about 0.5 MPa for
normal loads less than 1.0 MPa. The adhesion strength of the cemented
shotcrete rock interfaces was also determined, with the value of 0.56 MPa. The
stiffness parameters (normal and shear) were also determined which are
presented in Paper G.

4.3 SUGGESTIONS

The effects of the damaged zone on the behaviour of the rock pillar
directly above the tunnel at depths less than 10 m needs further
investigation. It was observed that, since high stresses are normally
concentrated there, the presence of the damaged zone can reduce the
thickness of this pillar and thus its risk of failure.
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Field mapping of failures in tunnels are needed to specifically identify if
any of these failures are related to the blast induced damaged zone.
Failure mapping have seldom been done for shallow excavations,
mainly because failures have been insignificant. However, the mapping
is essential if we want to know whether the damaged zone is important
or not.

In an attempt to improve inputs for continuum models PFC2D

simulations were conducted, by numerical laboratory tests on synthetic
rock mass specimens. A chart was then developed from these
simulations to estimate the inputs for both the damaged and
undamaged rock masses. However, more work needs to be done to
improve this chart through verification measurements and additional
PFC2D simulations. This chart can then be used as a practical tool to
estimate the strength parameters for any Hoek Brown rock mass
uniaxial compressive strength, for use in a continuum model.

The coupling of FLAC PFC2D to create a hybrid continuum
discontinuum in this thesis sets a new approach for studying the
behaviour of the damaged zone. It is felt that the models can be
improved so that other parameters such as the variation in the modulus
around the tunnel can also be studied. Furthermore, failure mapping are
needed to verify the reasonability of these models.

The failure process of the damaged zone need to be further studied
using the coupled FLAC PFC2D model. It was observed that at shallow
depths the blast induced cracks acts like a discrete body, where the
strength of the damaged zone is controlled by the tensile strengths of
the individual rock bridges between the blast induced cracks. In deep
excavations the damaged zone acts like a single continuum, where its
strength is provided by the cohesive and frictional strength of the cracks
as well as the tensile strengths of rock bridges. These mechanisms need
to be studied well.
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A test of the constitutive models needs further work. It was seen from
the work in this thesis that, although the Mohr Coloumb model gave
reasonable results, when appropriate inputs are used, the Mohr
Coulomb Strain Softening appeared to capture the strain softening
characteristics of damaged zone well. The inputs for the strain softening
model were obtained through PFC2D modelling. This also needs further
testing.

The long term strength of the damaged zone is important and needs
further study. The strength of rock bridges within the damaged zone
can deteriorate over time, thus reducing the overall strength of the
damaged zone.
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Abstract

The presence of an excavation disturbed zone (EDZ) around an excavation boundary can significantly affect the overall
performance of the excavation and the general safety of men and equipment. Hence, it has been an important subject of research in
various rock excavation projects. The EDZ is generally defined as the rock zone beyond the excavation boundary where the
physical, mechanical and hydraulic properties of the rock have been significantly affected due to the excavation and redistribution
of stresses. For LKAB's Kiirunavaara underground iron ore mine in Sweden, the understanding of the EDZ is essential for optimal
design of rock support. With this main objective an EDZ investigation was conducted at the mine using seismic measurement
techniques. Cross-hole seismics and spectral analyses of surfaces waves (SASW) were the main techniques used. Borehole Image
Processing Systems (BIPS) complemented the seismic measurements. The results show that an EDZ with a thickness of 0.5–1. 0 m
existed behind the boundaries of the mining drifts being investigated. The magnitude of the Young's modulus of this zone was 50%
to 90% of that of the undisturbed rock.
© 2006 Elsevier B.V. All rights reserved.

Keywords: Excavation disturbed zone (EDZ); Seismic measurements; Cross-hole seismics; Spectral analyses of surfaces waves (SASW); Borehole
image processing system (BIPS); Phase velocity; Young's modulus

1. Introduction

Over the past several years, Kiirunavavaara under-
ground iron ore mine in Sweden has been pursuing a
study on the interaction between its rock support systems
and the rock mass. Under this general scope, the
characteristics of the support systems under various
loading conditions and the failure characteristics of the
support systems are being studied. Fig. 1 shows a typical
rock support system where shotcrete (Malmgren et al.,
2005) supports the rock between the rock bolts and rock
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bolts support and reinforces the rock mass. However, to
better understand the interaction of the rock mass and the
support system the characteristics of the rock mass
within the so-called excavation disturbed zone (EDZ)
must be better understood. The EDZ (see Fig. 1) is
defined as the region beyond the excavation boundary

where the physical, mechanical and hydraulic properties
of the rockmass have been significantly affected as result
of the excavation and redistribution of stresses.

For support interaction studies at Kiirunavaara mine
the mechanical properties of the EDZ, particularly those
relating to strength and stiffness are important. There-
fore, the EDZ investigation presented in this paper had
the main objective to determine Young's modulus and
also the extent of the EDZ around the mining drifts. Two
seismic methods: cross-hole seismics and spectral
analysis of surface waves (SASW) were used in the
investigation. For visual assessment and verification, the
borehole image processing system (BIPS) was also used.

2. Background

2.1. The Kiirunavaara underground iron ore mine

The mining company Luossavaara Kiirunavaara AB
(LKAB) has been mining iron ore for more than

Fig. 2. Location of LKAB's underground mines.

Fig. 3. Ore body at the Kiirunavaara mine.
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100 years in the mines in Malmberget and Kiruna in
northern Sweden (Fig. 2). The Kiirunavaara mine (in
Kiruna) has an annual production of 24 million tonnes of
iron ore. The ore body strikes nearly north–south and
dips 60° to the east (Fig. 3). It is more than 4000 m long
of which 3800 m is currently being mined, is 80 m wide
on average and extends to an estimated depth of 2000 m.
The mining method used at the Kiirunavaara mine is
large scale sublevel caving (Fig. 4). Important features of
large-scale sublevel caving in the Kiirunavaara mine are
described by Quinteiro et al. (2001).

The ore body was formed as an intrusive sill, now
tilted. The footwall mainly consists of trachyte, inter-
nally designated as syenitporphyry, while the hanging
wall consists of rhyolite, internally designated as
quartzporphyry. The main iron ore consists of magnetite
and is internally divided into two qualities, apatite-rich
ore (D-ore) with a phosphor content of 0.4% to 4% and
an apatite-poor iron ore (B-ore) with phosphor content of
less than 0.1%. The proven ore reserve in Kiruna is 657
Mt above 1365 m level, with a Fe content of 48.3%.

2.2. The excavation disturbed zone (EDZ)

The EDZ is generally defined as the zone beyond the
excavation boundary where the rock has been consider-
ably disturbed and/or damaged due to the excavation and
re-distribution of stresses, see for example, Fairhurst and
Damjanac (1996), Martin et al. (1997), Martino and
Chandler (2004), Tsang et al. (2005), Mostkov (1979),
Fishman and Lavrov (1996) among others. The
disturbance and damage are mainly in the form of
creation of new fractures, closure and opening of pre-
existing fractures (Sato et al., 2000), and disturbance of
the in situ stress (Tsang et al., 2005). During these
processes, the mechanical, hydraulic and physical
properties of the rock mass surrounding the excavation
can be considerably modified (Sato et al., 2000). Any
such modification will have a significant effect on the
overall performance of the excavation. Increase in
support and maintenance costs and safety of personnel
and equipment resulting from the EDZ are of great
concern for owners and contractors alike. In other cases,

Fig. 4. Sublevel caving in the Kiirunavaara mine. (a) Large-scale sublevel caving, principles, after Hamrin (1986). (b) Schematic section.

Fig. 5. Stress trajectories around a drift, (a) drift with an EDZ, (b) drift without an EDZ.
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the EDZ can protect an excavation by pushing high
stresses away from the excavation boundary (into stiffer
rock) due to its low stiffness as illustrated in Fig. 5a). If
no EDZ is present the induced stresses will act directly
on the excavation boundary as in Fig. 5b).

At the Kiirunavaara iron ore mine, the EDZ has been
investigated earlier (Nyberg et al., 2000; Nyberg and
Fjellborg, 2002). These studies were mainly concerned
with the delineation of the extent of the EDZ. However,
for design purposes the mechanical parameters such as
for example the Young's modulus are needed. This
therefore led to the current investigation, which is
presented in this paper.

2.3. Application of seismic methods for EDZ
investigation

The basis for seismic methods is that, any variation in
the rock mass stiffness will be reflected by variation the
in the seismic wave velocities. The seismic methods are
extensively used in the investigation of the excavation
disturbed zone in various projects ranging from nuclear
waste isolation to mining. Examples of these applica-
tions among many others are; Carlson and Young
(1993), Maxwell et al. (1996), Luke et al. (1999), Sato et
al. (2000), Wright et al. (2000), Cosma et al. (2001),
Pettitt et al. (2002), Holcomb et al. (2003), Kruschwitz
and Yaramanci (2004), Meglis et al. (2005), etc. The
primary advantage of using the seismic methods is that a
large volume of rock in situ can be investigated
compared to other methods (Saiang, 2004) and is non-
destructive (Martin et al., 1997). Cai et al. (2001) for
example, note that the micro-seismic techniques have

been extensively tested and are routinely used for EDZ
investigations at the Underground Research Laboratory
(URL) in Canada. However, the choice of a seismic
method to investigate the EDZ depends on its suitability
to the site investigated, the parameter investigated and
also the knowledge of the personnel involved. Cost is
another factor since these methods are expensive.

The main reasons to use cross-hole seismic and
SASW in this investigation were (i) cross hole seismic is
a straightforward and robust method and (ii) SASW is a
relative cheap and simple method for field investiga-
tions and have been used to estimate the EDZ (e.g.,
Luke et al., 1999). By using the dispersion of surface
waves, the EDZ can be determined. In a layered elastic
medium, the surface wave phase velocity is a function of
spatial wavelengths, longer waves penetrate deeper into
the medium. The phase velocity–wavelength relation
(dispersion curve) is used to estimate the extent and
stiffness of the EDZ. The dispersion characteristics can
be established by using a steady state signal and vary the
frequency. This is however a time consuming method.
The Fast Fourier Transformation (FFT) makes it feasible
to obtain the dispersion curve from an impulsive or
random noise load. The interpretation of the dispersion

Fig. 6. Horizontal section of the ore body and the test areas.

Table 1
Test area locations

Test area Location Rock type

1 878 m level (north) Waste rock
2 878 m level (north) Iron ore
3 849 m level (south) Waste rock
4 849 m level (south) Iron ore
5 849 m level (south) Waste rock
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characteristics obtained in this way is known as spectral
analyses of surfaces waves (SASW) (Haisey et al., 1982;
Nazarian and Stokoe, 1984; Stokoe et al., 1994;
Svensson, 2001).

3. Measurements

3.1. Test areas

A horizontal section of the ore body is shown in
Fig. 6. Green and red coloured areas show the apatite-
rich ore (D-ore) and the apatite-poor iron ore (B-ore),
respectively. Tests were carried out in five locations
within the mine (Fig. 6). The summary of the areas is
given in Table 1. Test areas 1 and 2 were situated in the
northern part of the mine where the rock mass is
frequently more jointed. Test areas 3 to 5 were situated in
the southern part of the mine where the rock mass has

fewer joints. Test areas 1 and 3 were located in drifts in
the footwall parallel to the ore body. Test areas 2 and 4
were situated in two cross cuts in the ore body. Cross cuts
and footwall are defined in Fig. 4. Test area 5 was located
in the same cross cut as test area 4, but in waste rock. The
rock type which makes up the waste rock is trachyte,
which is also internally designated syenite-porphyry.
Two different drill patterns were used in the test areas
(Fig. 7), one with the blast hole diameter of 45 mm and
the second with hole diameter equal to 48 mm.

The size of the footwall drift is 7 ·6 m2 (width height)
and the size of the cross cut is 7 ·5 m2. All blast holes
were fully loaded, except the empty holes in the burn cut
and the contour holes around the drift perimeter, which
were loaded with a bottom charge and a decoupled
column charge. However, the lifters (bottom holes) and
the lowest holes of the walls were fully loaded. The
loading was done semi-automatically and the decoupling

Fig. 7. Drill pattern of the investigated cross cuts and drifts. (a) Drill pattern in test areas 1–3. (b) Drill pattern in test areas 4–5.

Fig. 8. Cross-hole test set-up. Note that all measurements were performed on the wall of the excavation.
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ratio varied between 0.3 and 0.4. The explosive used was
Kimulux S0000 (gassed bulk emulsion), which has an
average density of 1200 kg/m3. The length of the drill
holes was 3.85 or 4.35 m. About 0.5–1.0 m length of the
blast holes is usually left unloaded near the collar, except
the bottom holes which were filled completely. That
means the average density of the explosives is
approximately 120 kg/m of drift.

The measurements were carried out some months
after blasting. The real amount of explosives and the real
position of the boreholes were not controlled.

3.2. Methods

Three field methods were used in investigating the
EDZ, namely, cross-hole seismics, spectral analyses of
surface waves (SASW) and borehole image processing
system (BIPS). The test methods are briefly described in
the following subsections, together with the configura-
tions of the test equipment.

3.2.1. Cross-hole seismics to measure P-wave velocity
In this study, three boreholes were used for each

measurement. By fixing the source and the receivers at
the same depth in the boreholes, the P-wave propagation
velocity of the rock mass between the holes was

measured. The layout is shown in Fig. 8. The source is
in hole A, which in this case is an explosive charge. The
receivers are in holes B and C with specifications
according to Table 2. The borehole direction and length
were measured. According to LKAB's experience, the
measurement error of boreholes of this length ≤ |0.2°|.

The borehole which contained the source was filled
with water to get a better signal. To make that possible
the boreholes were drilled with a dip angle of 5° into the
wall. The boreholes were located approximately 1.5 m
above the floor of the drift.

Once the source and receivers were in place the
source was set off and the arrival times of the seismic
waves were transmitted to the recording unit via the
receivers. The recording unit was a Microtrap with a
sampling rate of 50 kHz/s. The accelerometers were
attached on mechanical holders, which were fixed to the
borehole wall with springs according to Fig. 9. The test
data was transmitted from the recording unit to a PC as
shown in Fig. 10 for wave analysis.

Knowing the distance between the boreholes, the P-
wave propagation velocities of the rock mass between
the holes were calculated. By testing at various depths, a
velocity profile along the borehole was obtained.

The P-wave velocity, Vp, was determined as

Vp ¼ L
DT

ð1Þ

where, L is the distance between the measuring bore-
holes, andΔT is the difference in arrival time as shown in
Fig. 11. Arrival times were determined at the point where
the maximum slope of the first arrival wave crossed the
x-axis according to Fig. 12. According to the authors'
experience, this is an “objective” way to determine the
first arrival, especially if the signals are a little bit noisy.

Table 2
Specification of the accelerometers

Accelerometer Voltage
sensitivity
(mV/g)

Range
(g)

Resonant
frequency
(kHz)

Maximum
amplitude
deviation

Kistler 8774
A50

100 ± 50 44 ≤ 1% at 10 kHz
(ref=100 Hz)

Fig. 9. Mechanical holder for the accelerometer in the borehole.
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3.2.2. Spectral analyses of surfaces waves (SASW)
The SASW test was performed by placing two

receivers on the wall of the drift in an array and in line
with an impulsive load which generated the surface
waves as illustrated in Fig. 13. The impulsive load was
generated by a hand hold hammer with a mass of
approximately 2 kg. The accelerometers and the
recording unit were the same as those used in the
cross-hole seismic tests. The accelerometer was attached
to the rock by a 0.1-m-long (steel) rebar, which was
glued into a drilled hole by a two component resin. In
the free end of the rebar, a threaded hole made it possible
to fix the accelerometer. The diameter of the rebar and
the borehole were 12 and 16 mm, respectively.

The following SASW set-up was used (Nazarian and
Stokoe, 1984)

D ¼ DL

and

1=3k < DL < 3k

ð2a; bÞ

where (D) is the distance between the source and the
receiver, ΔL is the distance between the receivers as

in Fig. 13 and λ is the wavelength. ΔL was varied
from 0.5 m to 2 m. The SASW measurements were
performed in two directions, that is, forward and
reverse directions.

The phase difference between the two receivers,
Δϕ, for each frequency is the key information. In
Appendix A, the determination of the Δϕ is presented.
When Δϕ is calculated the time difference, Δt, is
obtained

Dt fð Þ ¼ D/ðf Þ
2pðf Þ ð3Þ

The Rayleigh velocity, VR, and the wavelength, λ, are
given as

VR fð Þ ¼ DL
Dtðf Þ ð4Þ

k fð Þ ¼ VRðf Þ
f

ð5Þ

Once the velocities for all frequencies have been
calculated a dispersion curve, VR versus λ can be plotted.

3.2.3. Borehole image processing system (BIPS)
The BIP system is based on direct optical observa-

tions in boreholes, see for example Kamewada et al.
(1990). The system digitally records the 360° contin-
uous projection of the borehole wall. Measurements of
strike and dip of bedding and joint planes, along with
other geologic analysis, are possible in both air and
clear fluid filled holes with this system. The supplier of

Fig. 10. The principal arrangement of the equipment for cross-hole tests.

Fig. 11. Delay time interval, ΔT for boreholes B and C, see Fig. 8.
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this system is RaaX Co. Ltd (www.raax.co.jp) and the
test arrangement is shown in Fig. 14.

4. Results

P-wave phase velocities measured from the various
test areas using cross-hole seismics are shown in Fig. 15
together with the fracture densities from the BIPS
measurements and analyses.

As one can see, there is an increase of the P-wave
velocity with increasing borehole depths. The results of
the P-wave velocity measurement indicate a depth or
extent of the EDZ approximately equal to 0.5 m in the
case of 45 mm contour holes. In the case of 48 mm
contour holes, the depth of the EDZ was approximately
1 m. The average P-wave velocity varied between 5.6
and 6.0 km/s, and between 5.8 and 6.2 km/s for
undisturbed waste rock and iron ore, respectively
(Table 3).

The fracture density showed a tendency to decrease
with deeper boreholes in test areas 1 and 2 and showed
a good agreement with P-wave measurements (Fig.
15a). However, in test areas 4 and 5, the correlation
between fracture density and P-wave measurements
was not obvious (Fig. 15b) and the number of fractures
was less than in test areas 1 and 2. As mentioned in

Section 2, the rock mass in the northern part of the
mine where test areas 1 and 2 were situated is
frequently more jointed.

The average P-wave velocity over the EDZ and the
ratio between Young's modulus of the excavation
disturbed zone (EEDZ) and Young's modulus of the
undisturbed zone (Eundisturbed rock) are presented in Table
3. These values were calculated from

E ¼ V 2
p q

ð1þ υÞð1� 2υÞ
1� υ

ð6Þ

where E is the Young's modulus, Vp is phase velocity, ρ
is rock density and ν is the Poisson's ratio, which is
assumed constant. EEDZ was approximately 52–90% of
Eundisturbed rock.

The results from the SASW measurements showed
that in most of the cases a large scatter in the measured
dispersion curves (see Fig. 16). Therefore, it was
difficult to rely on these results. Further analyses of
the SASW measurements are presented in Section 5.

5. Analyses of SASW measurement results

The results of the SASW measurements showed a
wide scatter (see Section 4), which made it very difficult

Fig. 12. Determination of arrival time.

Fig. 13. Configuration of the SASW tests.
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to establish reliable dispersion curves. Fluctuations in
the measured dispersion curve have been interpreted to
originate from reflected surface waves (Sheu et al.,
1988). In this study, the most likely cause of the wide
scatter is the fractured rock with various fracture angles
resulting in the various forms of reflected surface waves.
Another reason could the heterogeneity in the mechan-
ical properties of the fractured rock which in turn affects
the wave velocities. Surface roughness is another
important factor that could the surface waves.

To study the influence of fractures, a model was
developed to analyse how these cracks, modelled as
reflectors, affect the signals or waves. Two cases were
analysed as shown in Fig. 17. In Fig. 17a, the crack has a
negative angle according to the local co-ordinate system
and in Fig. 17b the angle has a positive value.

The time delay of the reflected ray is

Dt ¼ S � L
V

ð7Þ
whereL andS are shown inFig. 18 andV is thephase velocity.

The travel path of the ray, S, can be expressed as

S2 ¼ ðxO V� LÞ2 þ y2O V ð8Þ
where

xO V¼ 2bsinh

yO V¼ 2bcosh ð9Þ
Eqs. (8) and (9) give

S ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
L2 � 4bLsinhþ 4b2

p
ð10Þ

When inserted in Eq. (7), the time delay of one single
crack can be calculated. It is here assumed that the crack

Fig. 14. Configuration for the BIPS system.

Fig. 15. Measured P-wave phase velocity and fracture density versus borehole depth. (a) Contour hole 45 mm. (b) Contour hole 48 mm.
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cannot cross the direct path between the transmitter and
the receiver.

In addition to the direct signal, a delayed signal
arrives from the crack or the reflector to the receivers. If
there are many cracks they will produce different time
delays according to

w1ðx1; tÞ¼w01e
iðkx1�xtÞ�a11w01e

iðkx1�xðt�Dt11ÞÞ�a12w01

� eiðkx1�xðt�Dt12ÞÞ N �a1Nw01e
iðkx1�xðt�Dt1N ÞÞ

w2ðx2; tÞ¼w02e
iðkx2�xtÞ�a21w02e

iðkx2�xðt�Dt21ÞÞ�a22w02

� eiðkx2�xðt�Dt22ÞÞ N �a2Nw02e
iðkx2�xðt�Dt2N ÞÞ

ð11Þ
where α11, α12…α1N and α21, α22…α2N are the loss of
amplitude caused by reflection at receiver Nos. 1 and 2,

respectively. N is the reflector or crack number. Δt11,
Δt12…Δt1N and Δt21, Δt22…Δt2N are the time delays of
the reflected signal. The transfer function in this case is

w2ðx2; tÞ
w1ðx1; tÞ

¼ w02

w01

eikx2ð1� a21eixDt21 � a22eixDt22 N � a2NeixDt2N Þ
eikx1ð1� a11eixDt11 � a12eixDt12 N � a1NeixDt1N Þ

¼ w02

w01
eiD/B ð12Þ

where

B ¼ 1� a21eixD21 � a22eixDt22 N � a2NeixDt2N

1� a11eixDt11 � a12eixDt12 N � a1NeixDt1N
: ð13Þ

Table 3
Results of the calculated Young's modulus from P-wave velocity measurements

Test area Average P-wave velocity (km/s) EDZ depth
(m)

EEDZ, as part of
Eundisturbed rock (%)Undamaged rock Damaged rock

Contour hole, 45 mm
No. 1: waste rock 5.6 5.3 90
No. 2: iron ore 6.2 5.4 ∼0.5 76
No. 3: waste rock 5.7 5.2 84

Contour hole, 48 mm
No. 4: iron ore 5.8 4.2 ∼1.0 52
No. 5: waste rock 6.0 4.9 66

Fig. 16. Relation between phase velocity and wavelength at Test Area 3, (a) schematic, presentation of test, (b) test results in direction 1, (c) test results
in direction 2.
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The phase angle, Δϕ, is calculated according to Eq.
(A7) in Appendix A. Once the velocities for all
frequencies have been calculated according to Eqs.
(3)–(5) a dispersion curve, VR versus λ can be plotted. In
the model, up to three reflectors were used. Together
with various dip angles and reflection coefficients one
realises that a large number of combinations are
available. Here only two examples are shown. In the
examples in Figs. 19 and 20, the pattern of the wave
velocity–wavelength relation is similar to the pattern of
the SASW measurements.

6. Discussion

One of the main practical limitations of many
geophysical methods is that fractures in the rock are
discrete and therefore produce a variety of elastic waves,
which include reflected waves, head waves, interface
waves and converted waves. In many cases, all these

different waves make it very difficult to isolate the
desired waves for analyses. This was apparently true for
the spectral analyses of surface wave (SASW) measure-
ments carried out at Kiirunavaara mine to investigate the
disturbed zone. The significant influence of cracks was
shown by the analyses in Section 5.

According to the P-wave measurements the exca-
vation damaged zone at Kiirunavaara mine extends
approximately 0.5–1 m into the rock mass. Further-
more, Young's modulus was approximately 52–90% of
that of the undisturbed rock. The results indicate that
larger diameter blast holes lead to a greater region of
damaged rock than the small-diameter holes (see also
Persson et al., 1996). However, different stress
conditions as well as different rock conditions for the
various test areas can also influence the extent and the
behaviour of the EDZ. Furthermore, the amount of
explosives and the position of the drill holes can vary
from the design values. Therefore, the relation of

Fig. 17. Fracture as reflector, (a) θ<0, (b) θ≥0.
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various diameters of the drill holes on the extent of the
EDZ as well as the magnitude of the P-wave velocity
cannot be ensured in this study.

The results from borehole image processing system
(BIPS) technique were a very useful aid to understand the
results from the seismic measurements. Besides providing
photographic images of the rock mass beyond the
excavation boundary, it provided an important set of
data directly—the fracture intensity, which is an important
indication of the degree of damage developed. In test areas
1 and 2, the fracture intensity confirmed the results from
the P-wave measurements. However, in test areas 4 and 5,

the correlation between fracture density and P-wave
measurements were not obvious. The rock mass in the
northern part of the mine (test areas 1 and 2) is frequently
more jointed which also was observed by the BIPS
measurements, the numbers of fractures was higher in test
areas 1 and 2 than in test areas 4 and 5 situated in the
southern part of the mine.

7. Conclusions

The following conclusions can be drawn from the
present investigation:

Fig. 18. The travel path of the ray, S. It is assumed here that the crack cannot cross the direct path between the transmitter and the receivers.

Fig. 19. Comparison between measurements and analyses, direction 1 in Fig. 16b.
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– The evaluation of the results of the SASW measure-
ments was not successful because of reasons such as
the influence of cracks.

– According to the P-wave measurements, the extent of
the EDZ at Kiirunavaara mine extends approximately
0.5–1 m into the rock mass.

– Young's modulus of the EDZ was approximately
52–90% of that of the undisturbed rock.

– The results from borehole image processing system
(BIPS) technique were a very useful aid to under-
stand the results from the seismic measurements.
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Appendix A

This appendix briefly describes the determination of
the phase difference, Δϕ, which is the crucial
information for using SASW.

Suppose there is a wave consisting of only one
angular frequency, ω, the response at receivers (accel-
erometers) Nos. 1 and 2 is then (Fig. 13)

w1ðx1; tÞ ¼ w01cosðkx1 � xtÞ

w2ðx2; tÞ ¼ w02cosðkx2 � xtÞ ðA1a; bÞ

or expressed in the complex plane as

w1ðx1; tÞ ¼ w01e
ðkx1�xtÞ ¼ w ̂

01ðx; x1Þe�ixt

w2ðx2; tÞ ¼ w02e
iðkx2�xtÞ ¼ ŵ02ðx; x2Þe�ixt ðA2a; bÞ

where w01 and w02 are the real amplitudes, ŵ01 and ŵ02

are the complex amplitudes at receiver Nos. 1 and 2,
respectively, x1 and x2 the co-ordinates, ω is the angular
frequency and t is the time. The wave number, k, can be
expressed as

k ¼ 2p=k ðA3Þ

where λ is the wavelength. The phase velocity, VR, is the
ratio between ω and k

VR ¼ x
k

ðA4Þ

ŵ02ðx2;xÞ
ŵ01ðx1;xÞ ¼

w02

w01
eiðkx2�kx1Þ ¼ w02

w01
eiD/ ðA5Þ

Fig. 20. Comparison between measurements and analyses, direction 2 in Fig. 16c.

Fig. A1. Phase angle.
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and

D/ ¼ k x2 � x1ð Þ ¼ x
VR

DL ¼ xDt ðA6Þ

where x2–x1=ΔL, see Fig. 13. The phase difference,
Δϕ, can be expressed as (see Fig. A1)

D/ ¼ arctan
Im w2ðx2;xÞ

w1ðx1;xÞ
� �

Re w2ðx2;xÞ
w1ðx1;xÞ

� �
0
@

1
A: ðA7Þ
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Abstract Most of the railway tunnels in Sweden are shallow-seated (\20 m of

rock cover) and are located in hard brittle rock masses. The majority of these tunnels

are excavated by drilling and blasting, which, consequently, result in the develop-

ment of a blast-induced damaged zone around the tunnel boundary. Theoretically,

the presence of this zone, with its reduced strength and stiffness, will affect the

overall performance of the tunnel, as well as its construction and maintenance. The

Swedish Railroad Administration, therefore, uses a set of guidelines based on peak

particle velocity models and perimeter blasting to regulate the extent of damage due

to blasting. However, the real effects of the damage caused by blasting around a

shallow tunnel and their criticality to the overall performance of the tunnel are yet to

be quantified and, therefore, remain the subject of research and investigation. This

paper presents a numerical parametric study of blast-induced damage in rock. By

varying the strength and stiffness of the blast-induced damaged zone and other

relevant parameters, the near-field rock mass response was evaluated in terms of the

effects on induced boundary stresses and ground deformation. The continuum

method of numerical analysis was used. The input parameters, particularly those

relating to strength and stiffness, were estimated using a systematic approach related

to the fact that, at shallow depths, the stress and geologic conditions may be highly

anisotropic. Due to the lack of data on the post-failure characteristics of the rock

mass, the traditional Mohr–Coulomb yield criterion was assumed and used. The

results clearly indicate that, as expected, the presence of the blast-induced damage

zone does affect the behaviour of the boundary stresses and ground deformation.

Potential failure types occurring around the tunnel boundary and their mechanisms

have also been identified.
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Luleå, Sweden

e-mail: david.saiang@ltu.se

123

Rock Mech Rock Eng

DOI 10.1007/s00603-008-0013-1

mailto:saiang@ltu.se


Keywords Blast-induced damaged zone � Overbreak � Inherent rock properties �
Brittle rock � Rock mass strength and stiffness � Shallow tunnels �
Numerical analyses

List of Symbols

For Undamaged Rock Mass
ri intact compressive strength (MPa)

rm compressive strength of the undamaged rock mass (MPa)

Em deformation modulus of the undamaged rock mass (GPa)

/m frictional strength of the undamaged rock mass (�)
cm cohesive strength of the undamaged rock mass (MPa)

rtm tensile strength of the undamaged rock mass (MPa)

For Damaged Rock Mass
D disturbance factor

rd compressive strength of the damaged rock mass (MPa)

Ed deformation modulus of the damaged rock mass at the tunnel boundary

(GPa)

Ed(ij) deformation modulus of the damaged rock mass at point i, j (GPa)
/d frictional strength of the damaged rock mass (�)
cd cohesive strength of the damaged rock mass (MPa)

rtd tensile strength of the damaged rock mass (MPa)

Ld total thickness of the damaged rock zone (m)

Ld(ij) thickness of the damaged rock zone at point i, j (m)

rd
UB upper bound compressive strength of the damaged rock mass

rd
BC base case compressive strength of the damaged rock mass

rd
LB lower bound compressive strength of the damaged rock mass

cd
UB upper bound cohesive strength of the damaged rock mass

cd
BC base case cohesive strength of the damaged rock mass

cd
LB lower bound cohesive strength of the damaged rock mass

Other Notations
rh - rr induced differential or deviatoric stress

rh tangential stress (induced)

rr radial stress (induced)

r3max maximum confining stress

r3min minimum confining stress

rnmax maximum normal stress derived from normal stress–shear stress

envelope

rnmin minimum normal stress derived from normal stress–shear stress

envelope

smax maximum shear stress derived from normal stress–shear stress

envelope

smin minimum shear stress derived from normal stress–shear stress envelope
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1 Introduction

Due to the increasing demand for space, it is nowadays very common to see traffic

in populated areas being diverted underground. This requires the excavation of

rocks of various natures and characteristics. In Sweden, this is mostly done in brittle

rock with intact compressive strength often exceeding 200 MPa. Since drilling and

blasting is commonly used in such hard rock masses, it leaves behind a zone of

damaged rock immediately around the tunnel boundary, which is referred to as the

blast-induced damaged zone or BIDZ, as denoted in this paper. Generally, this zone

is characterised by the reduction in its strength and stiffness and the perceived

implications are clear, in that they relate mainly to construction and maintenance

costs, safety and the long-term performance of the tunnel.

The consequences of blast damage to the rock around a tunnel have been, for a

long time, assessed in terms of overbreak rather than accounting for the actual

features of damage (e.g. Raina et al. 2000). Forsyth and Moss (1991) define

overbreak as the breakage or reduction in the rock mass quality beyond the design

perimeter of the excavation. Incidentally, many of the empirical methods for

assessing blast damage, including the peak particle velocity (PPV) method by

Holmberg and Persson (1980), are related to assessing the overbreak. Saiang (2004)

pointed out that much of the effort in blast damage quantification has been largely

focussed on defining the depth or extent of the damage, and less on assessing its

inherent properties, such as its strength and stiffness. Although the strength and

stiffness are the most difficult parameters to measure, they are also the most relevant

and reliable parameters for assessing the competency of the rock and, thus, the

stability and performance of a tunnel.

Many authors, for example, Oriad (1982), MacKown (1986), Ricketts (1988),

Plis et al. (1991), Forsyth and Moss (1991), Persson et al. (1996) and Raina et al.

(2000) have deliberated on the importance of blast damage assessment. The

Swedish Rock Engineering Research group (SveBeFo) performed an extensive

investigation into blast-induced damaged rock in hard rocks over a 4-year period

from 1993 to 1996 (Olsson and Bergqvist 1993; Olsson and Bergqvist 1995;

Fjellborg and Olsson 1996; Ouchterlony 1997; Olsson and Bergqvist 1997 and

Olsson and Ouchterlony 2003). One of the results of this investigation was the

development of guidelines that correlate blast-induced damage zone depth to

explosive charge concentration (e.g. Ouchterlony et al. 2001). Investigations into

the blast-induced damage around tunnels have also been performed elsewhere, for

example, Pusch and Stanfors (1992), Hustrulid (1994), da Gama (1998), Nyberg and

Fjellborg (2002) and Malmgren et al. (2007). The radioactive waste isolation

groups, such as SKB in Sweden and URL in Canada, have also investigated and

modelled the BIDZ in hard rock masses (e.g. Martino and Martin 1996; Martino

2003). Holmberg (1982) outlined the important factors that influence the

development and extent of blast damage.

One of the important reasons for assessing blast-induced damaged rock around

tunnels is stability. In this respect, the strength and stiffness of this zone are the most

important parameters. Up until now, the quantification of these parameters has been

difficult. Hence, incorporating this zone in the early design stage of a tunnel, which

Numerical analyses of the influence of the blast-induced
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usually involves computer models, is not easy and, therefore, often either neglected

or, if attempted, it is modelled using procedures intended for undamaged rock

masses. Numerical modelling of the damaged rock mass around a tunnel has been

done using both continuum and discontinuum methods. However, Barla et al. (1999)

noted that the key to the success of any numerical modelling process is the level of

understanding achieved in describing the rock mass conditions. This can be made

more difficult if the blast-induced damaged zone requires consideration in the

analysis, especially that a quantitative understanding of the mechanical character-

istics of this zone will be required. Without this quantitative understanding, the

continuum method of analysis usually takes precedence over the discontinuum

method, because the latter requires an explicit description of the rock mass. Hence,

many investigators, among others, Yang et al. (1993), Feng et al. (2000), Sheng

et al. (2002) and Sato et al. (2000), have used the continuum method to study the

behaviour of the damaged rock mass close to an excavation boundary.

This paper presents an elasto-plastic numerical study of the mechanical

behaviour of the blast-induced damaged rock around shallow-seated tunnels in

brittle rock mass. The continuum method of numerical analysis was assumed and

the finite-difference code FLAC (Itasca 2002) was utilised. The input parameters for

the rock mass and in-situ stresses are those typically encountered in shallow tunnel

projects in Sweden. The tunnel profiles used are those typically used by Swedish

Railroad Administration. The extent of the blast-induced damage is decided

beforehand and is based on the works of the Swedish Rock Engineering Research

and Swedish Railroad Administration guidelines. The study is principally presented

in the form of a parameter study to observe the effects of the BIDZ on the overall

response of the near-field host rock. The effects on the boundary stress and ground

deformation characteristics due to variation in the inherent properties of the

damaged rock, namely, strength and stiffness, and other related parameters were

studied. The development of the models involved using typical scenarios

encountered in railway tunnelling projects in Sweden. For the values of the input

parameters, the common practice approach was used, but more systematically so in

order to obtain input values for the BIDZ.

2 Background

2.1 Purpose of the Study and Approach

An important question is whether the presence of the blast-induced damaged rock

around a shallow tunnel is important or not for stability and performance. By

intuition and also considering the nature of the excavation, it is usually considered

to be important and is, thus, a factor in design and construction guidelines.

However, this consideration is largely based on methods related to overbreak, as

noted elsewhere. These methods do not measure the competency of the damaged

rock. It is the inherent properties of damaged rock, particularly its strength

and stiffness, which provide a measure of the competency and, thus, relate

directly to the stability and performance of the tunnel. Admittedly, these

D. Saiang, E. Nordlund
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parameters are very difficult to measure in practice. However, numerical methods

can be used to test different scenarios when the inherent characteristics of the

BIDZ are varied. This paper, therefore, progresses in that direction.

Numerical modelling of the BIDZ has also been difficult, mainly because of the

lack of quantitative understanding of the inherent characteristics of the blast-

induced damaged rock. Attempts to model this zone in practical design cases are

mainly based on procedures intended for undamaged or undisturbed rock masses

and simple constitutive models, while also ignoring anisotropy.

This numerical study aims to investigate the influence of the blast-induced

damaged rock on the overall response of the near-field host rock when various

parameters, either inherent to the damaged rock or external, such as in-situ stresses,

are varied. In doing so, the important parameters of the blast-induced damaged rock,

as well as those which can directly influence the response of the BIDZ, can be

identified. Because of the complexity of the BIDZ, the modelling approach used

follows commonly employed approaches, in particular, those that would be

generally applied by consultants and design engineers. One of the objectives,

therefore, is to demonstrate whether these commonly used practices are adequate for

modelling blast-induced damaged rock or not.

2.2 Physical and Mechanical Characteristics of Blast-Induced Damaged Rock

Figure 1 shows a saw-cut through a granite block showing the characteristic fracture

patterns after perimeter blasting. If these patterns are superimposed onto a tunnel

boundary, the result will be as shown in Fig. 2. Such a complex physical state of the

BIDZ rock can significantly influence the mechanical response of the damaged rock

mass and, consequently, the overall rock mass around the fractured zone. The

failure mechanisms will also be affected. Theoretically, the mechanical character-

istics of the near-field host rock, in terms of important mechanical and hydraulic

parameters, are as shown in Fig. 3.

The damaged rock is characterised by cracks of various sizes (micro to macro

cracks with varying widths and lengths), irregular crack patterns and numerous rock

bridges. Microscopic fractures can significantly destroy the intact rock fabric and,

Fig. 1 Characteristic fracture pattern around Ø64-mm blastholes in granitic rock (from Olsson and
Bergqvist 1995). The explosive type used was Kumulux 22. The factures are of different lengths, shapes
and sizes, and the estimated thickness of the damage zone was 25 cm

Numerical analyses of the influence of the blast-induced
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consequently, weaken the intact rock. Irregular crack patterns can have a significant

effect on the block kinematics during rotation and translation and, thus, the strength.

The effect of the rock bridges can be very pronounced at shallow depths, where the

confining stresses are much lower than 1.0 MPa. Diederichs and Kaiser (1999) have

demonstrated that the capacity of 1% of the rock bridge area (rock bridge per 1 m2

of the total area) in strong rock (UCS[ 200 MPa) is equivalent to the capacity of at

least one cable bolt. Robertson (1973) showed that rock bridges within the rock

mass increases its inherent strength, as rupture must first occur through intact rock

before failure develops. Considering the significance of rock bridges, the ISRM

Damaged rock 

Undisturbed rock

Explosive
charge

Fragment
formation
zone

Fracture zone

Blasthole
Crushing
zone

Fig. 2 Rock mass condition around a tunnel boundary excavated by drilling and blasting. The damaged
zone comprises discontinuous fractures of microscopic to macroscopic sizes, with complex fracture
patterns due to radial cracks (see embedded figure, adopted from Whittaker et al. 1992) from adjacent
blastholes

Distance from tunnel boundary

Stiffness (E)

Deviatoric stress (σ1−σ3)

Transmissivity (T)

Undisturbed
rock

Disturbed
rock

(a)

(b)

Fig. 3 A conceptual model of the excavation disturbed zone and its characteristics in terms of the
quantities generally investigated: a is the zone of intense fracturing, generally referred to as the damaged
zone, and b is the disturbed zone, where disturbance is largely due to stress re-distribution, resulting in the
opening and closing of pre-existing cracks
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(Brown 1981) suggested a relationship to crudely estimate the shear strength due to

intact rock bridges as a function of tensile and cohesive strengths.

2.3 Railway Tunnel Design Considering the Damaged Rock Zone

In Sweden, most of the tunnel excavations are carried out by drilling and blasting,

since the rock mass is of good to very good quality hard rock (compressive strength

[200 MPa). To regulate damage due to blasting, the Swedish Railroad Adminis-

tration uses a set of guidelines based on the PPV models and perimeter blasting. An

example of these guidelines is shown in Table 1 and graphically in Fig. 4

(AnläggningsAMA-98 1999), cited in Ouchterlony et al. (2001). Both the Swedish

Road Administration and the Swedish Railroad Administration observe such tables

and figures. For most railroad tunnelling projects, the Swedish Railroad Admin-

istration recommends 0.3 m as the optimum tolerable blast-induced damage zone or

BIDZ thickness, but micro cracks do extend beyond the tolerable limit. How the

BIDZ affects the construction and maintenance of the tunnels remains a subject of

research and investigation, since much is yet to be known about the mechanical

behaviour of this zone at shallow depth environments.

3 Numerical Analysis

3.1 Model Geometry

The profile of a large single-track railway tunnel often found in Sweden is used in

developing the models. The tunnel geometry according to the Swedish Railroad

Administration (Banverket 2002) is shown in Fig. 5a. In the actual design

(Fig. 5a), the floor is inclined 2� for drainage purposes, thus, the wall heights

differ by 0.32 m. In order to develop symmetric models or half-models, the tunnel

height is adjusted while retaining the overall area of the excavation. This can be

seen in Fig. 5b, where the left side of the wall has been increased by 0.16 m and

the right side reduced by 0.16 m, resulting in a mid-roof to floor height of 9.54 m.

Table 1 Maximum acceptable

charge concentration for blasting

in tunnels, rock caverns, open

casts etc. in relation to the

theoretical damage zone depth.

Table CBC/2 in

AnläggningsAMA-98 (1999)

a Micro cracks, which are

caused by blasting, may be

generated outside the damaged

zone mentioned here

Theoretical damage zone depth (m)a

according to figure CBC/1, max, in

AnläggningsAMA-98

Charge concentration

(kg/D 9 M/m), max

0.2 0.1

0.3 0.2

0.5 0.3

0.7 0.4

1.1 0.7

1.3 0.9

1.7 1.3

2.0 1.6

Numerical analyses of the influence of the blast-induced
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The effect of this modification to the stress distribution and displacements patterns

compared to those resulting from the original geometry was found to be negligible

by Töyrä (2006).

At shallow depths, the effect of an excavation can extend over a large area. Töyrä

(2006) performed a sensitivity analysis on various model sizes for shallow-depth

numerical studies. Based on this study, an 80 9 80-m model, shown in Fig. 6, was

deemed to be adequate. The grid sizes are sufficiently small, 5 9 5-cm to 10 9 10-cm

zones, in order to model the behaviour of the BIDZ as accurately as possible. Around

the excavation boundary, a zone of 0.2–1.0 m in thickness is created to represent the

BIDZ. The thickness of this zone is within the likely range encountered in the railway

tunnels.

Fig. 4 Graphical presentation of the damage zone table in AnläggningsAMA-98 (1999), i.e. Table 1
above, cited in Ouchterlony (2001)

9.0 m

9.
7 

m

0.
32

 m

R4.5 m

9.0 m

R4.5 m 

9.
54

 m

(a) (b)

Fig. 5 a Cross-section of a large single-track railway tunnel according to Banverket (2002). b Equivalent
tunnel geometry for the tunnel dimensions shown in a
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3.2 Model Parameters

3.2.1 In-situ Stresses

The in-situ stresses applied to the models are those reported by Stephansson (1993)

for the Fennoscandian shield (Sweden, Norway and Finland), which are based on

hydraulic fracturing measurements. They are given as:

rv ¼ qgz ð1aÞ
rH ¼ 2:8þ 0:04z ð1bÞ
rh ¼ 2:2þ 0:024z ð1cÞ

where rv is the vertical stress, rH is the maximum horizontal stress, rh is the

minimum horizontal stress, q is the rock density and g and z are gravity and depth,

respectively.

3.2.2 In-situ Rock Mass Parameters

The in-situ rock mass parameters and their values are given in Table 2. The values

represent those typically encountered in shallow tunnelling projects in Sweden

(Lundman 2004). For design and construction purposes, the rock mass is generally

considered as above average or good quality. The behaviour of the rock mass

generally resembles that of brittle rock.

Fine grids

Blast-Induced Damaged Zone

Coarse grids

80.0 m

80.0 m

Fig. 6 The standard 80 9 80-m symmetric model used in the numerical analysis. Finer grids are used
near the tunnel boundary and coarser grids elsewhere
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3.2.3 Input Parameters

The values for the input parameters (both elastic and plastic) were estimated using a

systematic procedure, as noted earlier. The following subsections will show the

procedures used in estimating the input values. For the sake of convenience, the

estimated values are given in Table 3 before delving further in showing the

procedures. The parameters and values in Table 3 also form the basis for the

standard model.

3.2.3.1 Rock Mass Deformation Modulus The deformation modulus (E) of the

rock mass around the tunnel boundary and beyond was estimated as illustrated in

Fig. 7. First, the value at the tunnel boundary is estimated. Then, it is linearly

increased step-wise up to the damaged–undamaged rock boundary. The step-wise or

zone-to-zone logic is also consistent with the fact that E is a zone property in FLAC.

Implementing the stiffness variation in the FLAC models was also made simpler

with the step-wise logic and the FLAC programming language FISH.

Table 2 Rock parameters used

to derive strength parameters for

the rock mass

Parameter Value

Intact compressive strength ri 250 MPa

Geological strength index GSI 60

Hoek–Brown rock constant mi 33

Table 3 Input parameters and

their corresponding values

which form the basis for the

standard model

Parameter Value

For undamaged rock

Elastic parameters

Deformation modulus Em 17.8 GPa

Poisson’s ratio vm 0.25

Plastic parameters

Cohesion cm 2.6 MPa

Friction /m 68�
Tensile strength rtm -0.4 MPa

For damaged rock

Elastic parameters

Deformation modulus Ed 12.4 GPa

Poisson’s ratio vd 0.25

Plastic parameters

Cohesion cd 1.4 MPa

Friction /d 65�
Tensile strength rtd -0.2 MPa
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The step-wise linear variation of E is estimated according to:

Ed ijð Þ ¼ Ed þ Em � Ed

Ld
Ld ijð Þ ð2Þ

where Ed(ij) is the deformation modulus of the damaged rock at point i, j within the

BIDZ, Ed is the deformation modulus of the damaged rock at the tunnel boundary,

Em is the deformation modulus of the undamaged rock, Ld(ij) is the distance to point

i, j from the tunnel boundary and Ld is the total thickness of the damaged zone. The

point i, j is also the midpoint of zone i, j. The bulk and shear modulus of the

damaged rock at point i, j (Kd(ij) and Gd(ij)) are estimated according to:

Kd ijð Þ ¼
Ed ijð Þ

3 1� 2vð Þ ð3aÞ

Gd ijð Þ ¼
Ed ijð Þ

2 1þ vð Þ ð3bÞ

where the value of Poisson’s ratio (v) is assumed to be constant at 0.25, since any

variation in its value will be fairly small in dry conditions, resulting in less

significant changes to the shear and bulk moduli (e.g. Farmer 1968; Ladegaard-

Pedersen and Daly 1975).

The values of Ed and Em for use in Eq. 2 are estimated using the empirical

relationship given by Hoek et al. (2002):

Excavation

Damaged rock

Undisturbed rock

Deformation Modulus

Distance from tunnel boundary

Em

Ed

Fig. 7 Approach used in estimating the rock mass deformation modulus from the tunnel boundary into
the rock. The deformation modulus at the tunnel boundary (Ed) is first estimated and then linearly
increased step-wise up to damaged–undamaged rock boundary, where it returns to its background value
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E ¼ 1� D

2

� �
� 10 GSI�10

40ð Þ for ri [ 100 MPa ð4Þ

where D is the disturbance factor, GSI is geological strength index (Hoek et al.

1995) and ri is the intact rock strength. For the disturbed rock, D is greater than zero

and for the undisturbed rock, D is equal to zero.

According to Hoek et al. (2002), the disturbance factor accounts for the global

disturbance. For the models in this paper, it is assumed that the disturbance is finite

in extent and is in the form of a BIDZ. Beyond that, it is assumed that the rock is not

damaged and, therefore, the undamaged rock property values are used. Furthermore,

the guidelines provided by Hoek et al. (2002) for estimating the disturbance factors

are largely based on the facial expressions of the rock face, observed by visual

inspection. It does not describe the state of the rock mass behind the tunnel face.

Therefore, it is assumed in this paper that the initial value of Ed (see Fig. 7)

estimated using the disturbance factor guidelines (i.e. Eq. 2 and facial descriptions)

occurs at or near the tunnel face. For drill and blast excavations, a D of 0.7 is

considered as typical (e.g. Priest 2005). This yields a deformation modulus of the

BIDZ to be about 70% of that of the undamaged rock. This initial value is assumed

to occur at or near the tunnel boundary. A similar approach has been suggested by

Hoek and Diederichs (2006), however, to successively increase the value of D in

proportion to the strain induced in the damaged zone.

It has to be noted here that the maximum percentage reduction in the rock mass

modulus that can be achieved with Eq. 4 is 50%. However, measurements have

shown that the modulus of damaged rock masses can be far lower than 50% (e.g.

Sheng et al. 2002). The simplified Hoek–Diederichs equation (Hoek and Diederichs

2006) for estimating rock mass modulus, which also takes into the account the

disturbance factor, eliminates this problem. For future work on this subject, the

simplified Hoek–Diederichs equation will be used.

3.2.3.2 Rock Mass Strength Parameters For this numerical study, it is assumed

that the rock mass will yield according to the Mohr–Coulomb failure criterion.

Therefore, the equivalent plastic strength parameters were estimated from the

normal stress (rn)–shear stress (s) curve, with the normal stresses derived from the

Hoek–Brown failure envelope. This procedure is commonly used. The procedure

used here is as follows:

1. First, the maximum confining stress (r3max) is determined. Hoek et al. (2002)

proposed the following:

r3max ¼ 0:47rm
rm
r01

� ��0:94

ð5Þ

where r1
0
is the maximum in-situ stress and rm is the uniaxial compressive strength

of the rock mass calculated from:

rm ¼ 2c cos/
1� sin/

ð6Þ
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However, at this stage, neither the compressive strength, rm, nor its components, c
and /, are known. An alternative is to estimate r3max from elastic model runs. The

disturbed r3, which occurred up to a distance of at least two to three times the width

or height of the excavation, whichever is greatest, is determined (see Fig. 8). The

corner stresses are omitted.

2. To estimate the equivalent plastic strength parameters from the rock mass

values reported in Table 2, the Hoek–Brown failure envelope is required. This

was obtained by using the program RocLab (Rocscience 2002). It must be noted

that the use of RocLab in this study was limited only to obtaining the Hoek–

Brown yield envelope so that the normal stresses corresponding to r3max and

r3min (equal to zero in this case) can be determined. The sought empirical

strength parameters, c, / and rt, were estimated from the linear rn–s curve by

linear regression of the curved Hoek–Brown equivalent of the Mohr–Coulomb

failure envelope. The strategy here is to estimate c and / based on either the

tangents or secants to the shear strength curve, which is also in line with Hoek’s

recommendation (Hoek 2007) for determining the values of these parameters at

very low confining stress conditions. In the procedures of this paper, the secants

between rnmax and rnmin (maximum and minimum rn values) were chosen. An
example is illustrated in Fig. 9.

From the shear strength curve (Fig. 9), the empirical strength parameters were

estimated as follows:

Fig. 8 r3max is determined from elastic models in FLAC. In this example, the r3max is 1.0 MPa
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c is determined as the intercept when rn ¼ 0 ð7aÞ

/ ¼ tan�1 smax � smin

rnmax � rnmin

� �
ð7bÞ

rt ¼ c

tan/
ð7cÞ

where smax and rnmax are the shear and normal stresses at r3max, and smin and rnmin

are the shear and normal stresses at r3min (in this case, r3min = 0 MPa). It must be

noted that the curve in Fig. 9 has no tension cut-off and, therefore, the rt in Eq. 7c is
not the same as the uniaxial tensile strength. In a way, this compensates for the

significant underestimation of the tensile strength of the brittle rock mass when the

Hoek–Brown criterion is used. Among others, Diederichs (2003), Martin et al.

(1997) and Pelli et al. (1991) have shown that the tensile strength of a brittle rock

mass can be significantly underestimated by the Hoek–Brown failure criterion.

3. The procedure described in step 2 has been a general method for estimating the

equivalent compressive strength of the rock mass. However, for the BIDZ, it

was assumed that the strength of the damaged rock mass is bounded by upper

and lower limits, with an average, which is assumed for the base case. This is

illustrated in Fig. 10. Based on preliminary model runs as well as literature

references (see Sect. 2.2), it is assumed that the compressive strength of the

BIDZ is more dependent on the cohesive and tensile strength components than

it is on the frictional component. Thus, the bounding and average compressive
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Fig. 9 Determination of the shear strength parameters from the equivalent Hoek–Brown failure envelope
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strengths of the BIDZ (see Fig. 10b) are estimated from Eq. 6 as follows,

assuming the friction angle (/) is negligible and equal zero:

for upper bound UBð Þ: rUBd ¼ 2cUBd ¼ 26:8 Mpa ð8aÞ

for lower bound LBð Þ: rLBd ¼ 2cLBd ¼ 8:8 Mpa ð8bÞ

for base case BCð Þ: rBCd ¼ 2cBCd ¼ 12:7 Mpa ð8cÞ
where the superscripts of UB, LB and BC to rd and cd represent the upper bound

(UB), lower bound (LB) and base case (BC) values, respectively. The upper bound

strength is equal to the virgin or undamaged rock mass compressive strength, while

the lower bound is considered as the compressive strength of badly damaged rock

(i.e. when Ed = 0.5Em and D = 1 according to Eq. 4). For the base case, when

D = 0.7, the compressive strength is given in Eq. 8c. This is also the standard

strength of the BIDZ in the base case model.

By re-arranging Eq. 8a–c, the upper, lower and base case cohesive strengths can be

calculated. In essence, the assumption is that, if / = 0, then the shear strength of

damaged rock will actually be equal to its cohesive strength according to the Mohr–

Coulomb definition (s = c + tan/). It is possible that, at low normal stresses

(rn\ 1.0 MPa), the shear strength will indeed be the cohesive strength (see, for

example, Saiang et al. 2005).

The three-step procedure shown above was used in estimating the values of the

strength parameters for our models (see Table 3).

3.3 Modelling Scenarios

Table 4 shows the cases or scenarios modelled. The parameter studies (cases 3 to 7)

were performed starting from the standard or base case model (Case 0). During each

Minor principal stress (σ3)
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Fig. 10 The strength of the damaged rock zone is bounded by lower and upper bounds. a Compressive
strength curve in terms of principal stresses. b Shear strength curve obtained through the procedures
described in step 2
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parameter test, a specified parameter is varied over a realistic range, while all other

parameters are kept constant at their base case values. The mechanical parameters

tests were only applied to the BIDZ. For the rock mass beyond the damaged zone

(i.e. undamaged rock mass), the parameter values are kept constant at the values for

the undamaged rock given in Table 3.

The base case model is based on 10 m of rock cover, which is typically the case

in many railway tunnels in Sweden. The blast damaged zone is 0.5-m thick, with

equal thickness around the tunnel. The input parameters for the base case model are

those given in Table 3. The variable data set values for cases 2, 3 and 4 in the

‘‘High’’ column of Table 5 are the same values as for the undamaged rock.

For Case 7, the in-situ stresses were varied according to:

rv ¼ qgz �20%ð Þ ð9aÞ
rH ¼ 2:8þ 0:04z �50%ð Þ ð9bÞ
rh ¼ 2:2þ 0:024z �50%ð Þ ð9cÞ

to assess the worst and best case scenarios. The maximum deviatoric stress scenario

(Case 8) is when rv is at its minimum, as per Eq. 9a, and rh is at its maximum, as

per Eq. 9c.

Table 4 Model scenarios
Case Description

Case 0 Base case or standard model

Case 1 Undamaged or no BIDZ

Case 2 Varying Young’s modulus of the BIDZ

Case 3 Varying compressive strength of the BIDZ

Case 4 Varying tensile strength of the BIDZ

Case 5 Varying thickness of the BIDZ

Case 6 Varying overburden thickness

Case 7 Varying in-situ stress

Table 5 Variable parameter data set

Scenario Low Standard High

Case 0 – – –

Case 1 – – –

Case 2 8.5 GPa 11.8 GPa 17.8 GPa

Case 3 8.8 MPa 12.7 MPa 26.8 MPa

Case 4 0 MPa 0.2 MPa 0.4 MPa

Case 5 0.1 m 0.5 m 1.0 m

Case 6 2 m 5 m 20 m

Case 7 Low in-situ stresses – High in-situ stresses
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4 Results

The parameter analyses were conducted in line with the overall objective of the

ongoing study on the mechanical behaviour of the blast-induced damaged rock

around a tunnel boundary. By varying the mechanical properties of the damaged

rock mass and other parameters (see Table 4), their effects were investigated in

terms of variations in the magnitudes (and distribution) of the induced stresses and

displacement vectors. The induced stresses were studied in terms of the differential

stress (rh - rr) magnitudes and distribution.

In order to see how the BIDZ affects the magnitude and distribution of the

induced stresses, for given scenarios, observations were made at two points, A and

B, in the tunnel roof, as shown in Fig. 11. Point A is located at/near the tunnel

boundary, while Point B is located at the damaged–undamaged rock boundary. For

the ground displacement magnitudes, measurements were taken from the tunnel

wall (Point C) instead of the tunnel roof. This is because the displacement

magnitudes were high in the tunnels walls and seemed to be clearly affected by the

presence of the BIDZ.

Figures 12 and 13 show the summary of the variations in the induced differential

stress (rh - rr) and the ground deformation magnitudes, respectively, as the various

parameters shown in Table 4 were varied. The variations at the tunnel boundary,

Point A, are presented in terms of maximum percentage variations in Figs. 14 and

BIDZ

A
B

C

Fig. 11 Numerical measurement points around the tunnel where the differential stresses (rh - rr) and
displacement magnitudes were recorded
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15, respectively. The percentage variations were calculated as maximum variations

from the base case (i.e. Case 0) results. In the proceeding subsection, each of the

parameters evaluated will be presented and discussed, while making references to

these figures.
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Fig. 12a, b Differential stresses (rh - rr) for the various scenarios tested. a Differential stresses on the
tunnel boundary at Point A. b Differential stresses on the damaged–undamaged rock boundary at Point B
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5 Discussions

5.1 Varying Deformation Modulus of the BIDZ

Varying the Young’s modulus of the BIDZ (Ed) obviously affected the magnitude

and distribution of the induced differential stresses (rh - rr) around the tunnel

boundary (see Figs. 12 and 13). For example, when Ed was 50% of Em (Young’s

modulus of the undamaged rock), the differential stress at Point A, in the tunnel
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Fig. 13 Ground displacement at the tunnel wall at Point C for the scenarios tested
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roof, was reduced by 27% and at Point B by about 7% from the base case value (see

Fig. 14). This can be a notable reduction in the confinement when stability and

strength is concerned. There was also a corresponding increase in differential

stresses at Point B (see Fig. 12b). This is obviously expected, as high stress

magnitudes are diverted into the stiffer rock mass outside the BIDZ.

The observations seem to be consistent with some rule-of-thumb practices for

boreholes and shafts where the Ed at the borehole/shaft boundary is usually assumed

to be about 50% of Em (Diederichs 2005; Malmgren et al. 2007) and the resulting

variation in the induced stresses are usually as much as 30% (e.g. de la Vergne

2003).

The wall displacement varied by 30% when the stiffness of the damaged zone

was reduced to 50% (see Fig. 15). A maximum displacement of 14 mm was

observed in this case. This displacement may not be significant in practical cases,

despite the fact that the stiffness of the damaged zone has been reduced by 50%.

However, it can be critical in some cases, for example, if the tunnel is to be

excavated in the vicinity of a pre-existing tunnel that hosts sensitive utilities.

5.2 Varying Compressive and Tensile Strengths

Varying the compressive strength of the BIDZ (rd) apparently had no significant

effect on the induced differential stress and ground deformation magnitudes (see

Figs. 12–15). In a way, this can be expected, since the defined compressive

strengths for the BIDZ and undamaged rock masses are much higher than the

observed stress magnitudes. It can also be argued that the Mohr–Coulomb yield

criteria may be vulnerable in accurately capturing the yield and failure process of

brittle rocks under low confining stress conditions. Such arguments have been

demonstrated by, for example, Martin et al. (1997), Hajiabdolmajid et al. (2002) and

Diederichs (2003). Therefore, the results from the compressive strength simulation

in this paper are not conclusive.
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Fig. 15 Percentage variation in displacement magnitudes at Point C for the scenarios tested
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Evaluation of the yielded zones resulting from high and low compressive

strengths of the BIDZ (see Table 5) appeared to be similar or unchanged (see

Fig. 16). However, the yield zones appear to be affected by the variation in the

tensile strength of the BIDZ (see Fig. 17). This effect is also reflected in Figs. 12–

15, where the deviatoric stress and displacement magnitudes have been affected,

although not very distinctively, since the tensile strength values used were small

(see Table 5). Nevertheless, there is a clear indication that the tensile strength is a

sensitive parameter for the conditions simulated.

The yielding also conforms well to the secondary stress distribution pattern (see

Fig. 18). Regions A and B are where the tensile strength of the rock mass have been

exceeded, leading to tensile yield patterns observed in Figs. 16 and 17. In region A,

both principle stresses are in extension, with the value of r3 exceeding that of rt (i.e.
r3\ rt and r1\ 0). In region B, r3 exceeds rt, but r1 is greater than zero (i.e.

r3\ rt and r1[ 0).

5.3 Varying Overburden

In this paper, shallow depth means an overburden thickness of less than 20 m. To be

consistent with this definition, the overburden was varied between 2 and 20 m. The

variations in the magnitudes of the induced differential stress for 2, 10 and 20 m

overburden at points A and B (see Fig. 11) are shown in Figs. 12 and 14. It was

observed that differential stress and displacement magnitudes at 10 m overburden

were lower than those of 2 and 20 m overburden. To obtain a clear picture of this

behaviour, the overburden was varied up to 500 m. The result is shown in Fig. 19. It

can be seen that, for overburden greater than 10 m, the differential stress reaches a

peak at about 200 m depth and, thereafter, there is not much variation, probably due

to compressive yielding of the rock and, so, no further load can be sustained. It can

(a) (b)

Fig. 16 Yielded zones when: a rd = 26.8 MPa and b rd = 8.8 MPa. There is no noticeable difference
in the shape and extent of the yield zones for the two cases, except for minor shearing in the roof for the
weaker rock mass case

Numerical analyses of the influence of the blast-induced
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be concluded that at depths less than 10 m, the rock mass above the tunnel behaves

like a ‘‘cantilever beam,’’ thereby concentrating the stresses. At depths greater than

10 m, it behaves like a normal rock mass. Coincidently, the 10 m overburden in the

standard model appears also to be the transition point of this phenomenon.

(a) (b)

Fig. 17 Yielded zones when: a rtd = 0 MPa and b when rtd = 0.4 MPa. There is a recognisable
difference in the size of the yield zones when rtd is increased from 0 to 0.4 MPa

A

B

Fig. 18 Regions where the secondary stresses exceed the estimated tensile strength of the rock mass.
Region A is where r3\rt and r1\ 0, and Region B is where r3\rt and r1[ 0
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5.4 Varying Damaged Zone Thickness

Variation in the thickness of the BIDZ appeared to have a minor effect on the

differential stress and ground displacement magnitudes (see Figs. 12–15). The

distribution of the differential stresses, however, was obvious, in that the peak

stresses were pushed farther into the rock, resulting in the reduction of the peak

value (see Fig. 12b) at the BIDZ boundary or Point B. The percentage variation in

the differential stress at Point B is about 27% (see Fig. 14). The magnitudes of the

differential stresses decrease with increasing BIDZ thickness, which is a phenom-

enon that is considered to be important in rock destressing practices (see, for

example, Tang and Mitri 2001).

5.5 Varying in-situ Stresses

The base case model was tested at varying in-situ stresses as described by Eq. 9a–c.

Three scenarios were tested: (1) maximum in-situ stresses, (2) minimum in-situ

stresses and (3) maximum deviatoric in-situ stress [(rH - rv)max]. The results of the

resulting displacements and induced stresses are shown among the bar charts of

Figs. 12–15. Scenario (3) yielded induced differential stresses (rh - rr) that were
nearly the same amount as scenario (1). By percentage variation, the difference in

(rh - rr) at the tunnel boundary between scenarios (2) and (3) is about 51%, which

is a significant variation in the (rh - rr) magnitude. This implies that the presence

of the BIDZ acts as a protective barrier against excessive stress accumulation near

the tunnel boundary. Scenario (2) could pose a potentially unstable situation where

excessive destressing may lead to low confinement, particularly in the roof, which
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could lead to other problems, such as the opening of cracks where water can easily

flow in and out, and, thus, deteriorating the rock quality.

5.6 Ground Deformation

Figure 20 shows the general ground deformation pattern observed in the numerical

study. The largest displacements occur in the tunnel walls, in the form of inward

convergence, due to high horizontal stresses. In the tunnel roof, the deformation

occurs in the form of roof divergence, leading to heaving directly above the tunnel

roof. A maximum displacement of 14.0 mm was recorded on the tunnel wall when

the Ed was 50% of Em, whilst when Ed = Em, it was 8.0 mm. In practical cases, a

14.0-mm ground displacement will most likely be considered to be insignificant,

even though the stiffness of the rock mass has been reduced by half. The

deformation observations (both in magnitude and pattern) are fairly consistent with

the recent studies for the ‘‘Citybanan project’’ (Sjöberg et al. 2006), where the rock

mass properties were similar to the ones used in this paper and were also located at

shallow depths.

5.7 Classification of Parameter Sensitivity

Table 6 shows a classification of the sensitivity of the parameters tested. There is no

specific criterion for this classification; it is purely based on how much the

Fig. 20 Typical ground deformation pattern observed
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magnitude of the differential stresses and displacement vectors vary from the base

case observations. The magnitudes of the variation are important in this case. For

example, the magnitude of the displacement vectors is on the order of millimetres,

which, in practical cases, will most likely be considered as negligible.

6 Conclusions

The presence of blast-induced damaged rock, or a BIDZ, clearly affected the

distribution and magnitudes of induced boundary stresses and ground deformation.

With various parameter combinations, such as, for example, low stiffness and high

in-situ stress, the effect could become critical. However, any such criticality has to

be studied objectively.

The magnitude and distribution of boundary stresses were also noted to be

dependent on the mechanical and physical characteristics of the BIDZ. Of the

parameters tested, the variation in the in-situ stresses affected both the differential

stresses and displacement magnitudes the most. In terms of the inherent rock

mechanical properties, the Young’s modulus affected the tangential stresses and

displacements quite significantly when varied.

The effects due to variation in the compressive strength of the BIDZ are not

conclusive. This may be due to several reasons, including the vulnerability of the

method used in estimating strength parameter values and the possibility that the

yield mechanism has not been accurately captured by the yield criterion used. Some

authors (e.g. Cundall et al. 1996) suggested drastic reduction of the compressive

strength to force failure when a Mohr–Coulomb yield criterion is used, but it is not

clear which of the empirical strength components (c or /) should be reduced. On the
other hand, the tensile strength appeared to be sensitive for the conditions simulated.

This is because the failure mechanisms observed appeared to be principally of

tensile origin. To observe the post-peak behaviour, a strain-softening model with

gradual reduction in the shear strength would be needed.

Although the results yielded useful conclusions about the effects of the BIDZ,

the methods used in estimating the input parameters need further improvement. It

was also evident that the usual method or the common practice approach for

Table 6 Classification of parameter sensitivity, where: [ 20% variation = high, 10–20% varia-

tion = moderate and\ 10% variation = low

Parameter Sensitivity

Differential stress Displacement

Young’s modulus High High

Compressive strength Low Low

Tensile strength Low Low

Thickness of BIDZ Moderate Low

Overburden thickness High Moderate

In-situ stress High High

Numerical analyses of the influence of the blast-induced
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estimating the input parameters for the given rock mass conditions, using tools

such as RocLab or the Hoek–Brown–GSI criterion directly, did not yield logical

results.
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Failure mechanisms around shallow tunnels in brittle rock
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ABSTRACT: As part of an ongoing study of the mechanical characteristics of the damaged rock zone (DRZ) 
around a tunnel boundary and its influence on the overall behaviour of the near-field host rock, a numerical study 
was conducted to investigate the dominant rock mass failure mechanisms around shallow tunnels located in a 
body of brittle rock mass. Preliminary studies have clearly indicated that, the rock mass behaviour was largely 
dictated by the different yield mechanisms involved. These mechanisms appear to be multifarious due to the 
complex state of the induced stresses around the tunnel boundary at shallow depth. Some of these yield 
mechanisms are often difficult to capture using the traditional yield criterion such as the Mohr-Coulomb. In the 
study reported in this paper a series of computer simulations were performed using typical in-situ stresses and 
rock mass conditions generally encountered in shallow tunnelling projects in Sweden. The presence of a 
disturbed/damaged rock zone with finite thickness was also added into the models. Due to the nature of the 
simulations the FLAC code was selected and used. The values for the input parameters were estimated using a 
systematic procedure. The results show that, the dominant yield mechanism occurring around the shallow tunnel 
in brittle rock is the one of tensile nature. Compression induced shear mechanisms do occur but seems to be less 
critical to the overall performance of the tunnel. However, they do influence the overall behaviour of the rock 
mass response. The results further indicated that, the ‘true’ locality of instability could be predicted from elastic 
analyses, by observing if all the major principle stresses are in tension in that locality. The volumetric strain 
increment plots of the model in plastic mode further supported this observation. 

1 INTRODUCTION

Rock mass failure can occur either as gravity driven 
fallouts or stress driven failures. The former is usually 
associated with shallow and surface excavations, while 
the latter with deep excavations. However, experience 
has shown that both can occur irrespective of depth, 
dependent on the state of stress and rock mass 
characteristics (Diederichs, 1999). With the Swedish 
rock mass conditions and the state of stresses both of 
these failure types are evident even at very shallow 
depths (0-20 m). 

In this paper, as part of an ongoing study on the 
mechanical characteristics of the damaged rock zone 
(DRZ) around a tunnel boundary and its influence on 
the overall behaviour of the near-field host rock, the 
stress driven failures are investigated for shallow 
depth excavations. Typical in-situ stresses and rock 
mass conditions generally encountered in shallow 
tunnelling projects in Sweden are used. The rock mass 
is generally of good quality with brittle rock 
resemblance. Earlier studies of the same scenario by 
Saiang & Nordlund (2006) and Töyrä (2006) have 
clearly indicated that, the rock mass behaviour was 
largely dictated by the different yield mechanisms 
involved. These mechanisms appear to be multifarious 
due to the complex state of the induced stresses around 
the tunnel boundary. Some of these yield mechanisms 

are often difficult to capture using the traditional yield 
criterion such as the Mohr-Coulomb. 

The results from the present study show that, the 
dominant yield mechanism occurring around the 
shallow tunnel in brittle rock is tension. Compressive 
shear mechanisms do occur but seem to be less critical 
to the overall performance of the tunnel. However, 
they do influence the overall behaviour of the rock 
mass response. The results further indicated that, the 
locality of instability could be predicted from simple 
elastic analysis. This was done by observing if all the 
major principle stresses are in tension in that locality. 
This observation was further supported by the shear or 
volumetric strain evaluations in the plastic analysis.  

2 BACKGROUND

The mechanics of brittle failure near tunnel boundaries 
have been described in many rock mechanics texts 
(e.g. Hoek & Brown, 1980; Brady & Brown, 1985; 
Hoek et al, 1995) and articles (e.g. Stacey, 1981; Pelli 
et al, 1991; Martin et al, 1997; Read et al, 1998; 
Diederichs, 2003; Hajiabdolmajid et al, 2003). The 
various failure types and the mechanisms involved 
have also been described (e.g. Martin, 1997; 
Hajiabdolmajid et al, 2003; Diederichs, 2003).  

The widely used yield criteria for rock mechanics 
analysis have been the Mohr-Coulomb (M-C) and 
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Hoek-Brown (H-B). The normal assumption is that 
both criteria can simulate brittle and plastic 
behaviours. According to these yield criteria the 
assumptions for tensile and compressive shear failures 
can be summarized as follows: 

For tensile failure to occur 

t3  and 01                 (1) 

For compressive shear failure to occur 

t3  and s11               (2) 

where t  is the tensile strength and s1 is the 
maximum principal stress at failure. The above 
assumptions are illustrated graphically in Figure 1. 

Figure 1. Failure assumptions according to M-C and H-B. 

Although the tensile strength of the rock mass is 
accounted for in the two criteria, the primary 
assumption however is that failure is primarily due to 
compression induced shear. Hence, the shear strength 
is important. The shear strength according to the two 
criteria is provided by simultaneous mobilization of 
cohesion (c) and friction ( . However, it has been 
shown that under low confining stress conditions the 
yield process is governed by cohesion weakening – 
friction strengthening phenomenon (e.g. Martin et al, 
1997; Diederichs & Kaiser, 1999; Hajiabdolmajid et 
al, 2003). Under such circumstances the cohesion and 
tensile strength are considered important.  

3 MODEL SETUP 

3.1 Model Geometry 
The model was based on one of the Swedish railroad 
administration’s tunnel geometries. In this case a large 
single-track tunnel geometry was selected (see Figure 
2). For the sake of numerical modelling the geometry 
has been slightly modified. 

9.0 m

R4.5 m

9.
54

 m

Figure 2. A large single-track railway tunnel geometry used 
in this study. 

Figure 3 shows the model geometry in a FLAC 
model. A region of finer grids is used near the 
excavation boundary while the outer region comprises 
coarser grids. The sizes of the zones near the tunnel 
boundary are as small as 5 cm x 5 cm. The width and 
height of the model are large enough to account for 
large disturbances usually observed around near 
surface excavations. 

Shear failure Tensile failure 

t

Fine grids

Blast-Induced Damaged Zone

Coarse grids

80.0 m

80.0 m

Figure 3. An 80 x 80 m symmetric model used in the 
numerical study. Finer grids are used near the tunnel 
boundary while coarser grids are used elsewhere.  

3.2 Primary input parameters 
In this study we assume a rock mass that resembles the 
Swedish rock mass conditions. A typical Swedish rock 
mass is of an above average or good quality, with 
brittle rock characteristics. The rock mass parameters 
used in this study are shown in Table 1. Using these 
parameters the elastic and plastic parameters of the 
rock mass were estimated.  

Table 1. Rock parameters used in deriving the rock mass 
strength parameters. 
Parameter        Value 
Intact rock compressive strength , ci      250 MPa 
Geological strength index, GSI               60 
Hoek-Brown rock constant, mi                 33 
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The in-situ stresses used in the models are those 
reported by Stephansson (1993), which are based on 
hydraulic fracturing measurements. These are: 

gzV                               (3a) 
zH 04.08.2                  (3b) 
zh 024.02.2                  (3c) 

where V  is the vertical stress,  and H h  are the 
major and minor horizontal stresses, respectively,  is 
the density, g is the gravity and z is the depth. 

3.3 Input parameters for the damaged rock 
The elastic parameters required are Ed (Young’s
modulus for damaged rock) and vd (Poissons ratio for 
damaged rock). The Poissons ratio is assumed equal to 
a constant value of 0.25. Our assumption of the 
Young’s modulus for the damaged rock with respect 
to the undamaged rock is illustrated in Figure 4. For 
the damaged rock the magnitude of the Young’s 
modulus is less than that of the undamaged rock. 
Because the depth of the damaged rock is small (<0.3 
m) we assumed that any variation in the value of Ed
would be very small and therefore negligible. For most 
drill and blast excavations the average modulus of the 
damaged rock around the tunnel boundary is about 
70% of that of the undamaged rock (e.g. Priest, 2005). 
On this basis the base case Ed was estimated.

Excavation

Damaged rock

Undamaged rock

ED

Deformation Modulus

Em

Figure 4. Assumption used for the Young’s modulus (E)
around the tunnel boundary. Em and Ed are the Young’s 
moduli for the undamaged and the damaged rock mass 
respectively.

3.4 Strength parameters for the damaged rock 
By using the notion of disturbance factors, D, (Hoek 

et al, 2002) we estimated the strength parameters, c
and  for the damaged rock mass using RocLab 
(Rocscience, 2005). We simply modified the value of 

D until the desired value of Ed was achieved. Then we 
determined the values for c and  at that point. Note 
that, in our models we assume that the disturbance is 
in the form of damaged rock around the tunnel 
boundary. 

A summary of the input parameters for the base case 
model is shown in Table 2. The input values were 
estimated using the 2002 version of the Hoek-Brown 
criterion (Hoek et al, 2002) and the systematic 
procedure described in Saiang and Nordlund (2008).  

Table 2. Input parameters for the base case model. 
Parameter         Value 
For undamaged rock mass: 
Young’s Modulus, E   17.8 GPa 
Poisson’s ratio, v   0.25 
Cohesive strength, c   2.6 MPa 
Friction angle,    67.8o

Tensile strength,    0.4 MPa t
For damaged rock mass: 
Young’s Modulus, E    12.5 GPa d
Poisson’s ratio, v    0.25 d
Cohesive strength, c    1.4 MPa d
Friction angle, d   64.3o

Tensile strength, td   0.2 MPa 
       

3.5 Model scenarios 
Several scenarios (see Table 3) were simulated in 
order to study the response of the surrounding rock 
mass when various parameters are varied. Variations 
in the rock mass mechanical properties were only 
applied to the DRZ, while for the undamaged rock 
they remained unchanged at Case 0 values. Only one 
parameter was varied at a time while the others were 
kept constant. Table 4 shows the variable parameter 
data set for the scenarios in Table 3. For case 7 the in-
situ stresses were varied according to: 

gzV  ( 20%)
zH 04.08.2  ( 50%)
zh 024.02.2   ( 50%)

The base case model has a damaged rock zone, with 
a thickness of 0.3 m, around the tunnel boundary. The 
thickness conforms to the Swedish Railroad 
Administration criteria for tunnel damage control 
during excavation.

Table 3. Model scenarios. 
Scenario Description 
Case 0: Base case model 
Case 1: No damage zone 
Case 2: Varying Young’s modulus of the DRZ 
Case 3: Varying compressive strength of the DRZ  
Case 4: Varying Tensile Strength of DRZ 
Case 5: Varying thickness of the DRZ 
Case 6: Varying overburden thickness 
Case 7: Varying in-situ stresses 
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Table 4. Variable parameter data set. 
Scenario Low      Standard    High  
Case 0: –           –                   – 
Case 1: –           –                   – 
Case 2: 8.5GPa    11.8 GPa       17.8 GPa 
Case 3: 8.8 MPa   12.7 MPa      26.8 MPa 
Case 4: 0 MPa      0.2 MPa       1.2 MPa 
Case 5: 0.1 m        0.3 m           1.0 m 
Case 6: 2.0 m        10.0 m         20.0 m 

4 RESULTS

4.1 Failure types and mechanisms 

4.1.1 Elastic analysis 
An elastic analysis of the stresses around the tunnel 
boundary revealed two failure types and their potential 
localities. These are shown in Figure 5, which is based 
on the base case model. The damaged zone boundary 
has been omitted for the sake of clarity. Region A is 
where tensile failure will occur under ‘biaxial 
extension’ (i.e. 1  0 and 3  - t), while Region B is 
again where tensile failure will occur from 
compression and extension (i.e. 1 > 0 and 3  0). 
Compressive failure (i.e. . 1 > 1s and 3 > 0) is likely 
to occur in the roof and the toe of the tunnel. 
The strength factors were found to be less than 1.0 
within regions A and B, but greater than 1.0 
elsewhere. 

A

B

Figure 5. Regions where the secondary stresses exceed the 
estimated tensile strength of the rock mass, based on base 
case model. Region A is where 1 < 0 and 3 < - t, and 
Region B is where 1 > 0 and 3 < 0).

4.1.2 Plastic analysis 
In the plastic analyses only a plasticity plot is required 
to reveal the presence of failed zones. Figure 6 shows 
the plasticity plot for the base case model. Yielding 

covers a larger area than expected, which does not 
conform to the observations or predictions from the 
elastic model shown in Figure 5. It is also not 
consistent with practical or field observations as will 
be seen later.

A plot of the incremental shear strain is shown in 
Figure 7 for the base case model. The region in which 
shear or volumetric straining (or dilation) occurred 
matched the region where failure through biaxial 
extension (i.e. Region A) was predicted. The depth of 
this dilated zone is about 0.20 m. This observation 
seems more realistic in practice as well. 

Figure 6. Plastic yielding resulting from the base case 
model. 

Figure 7. Region in which the maximum shear/volumetric 
strain of the rock mass is exceeded in the base case model. 
This region is consistent with numerical observations in 
Figure 5.  

4.2 Parameter Analysis 
Parameter analyses were conducted in line with the 
overall objective of the ongoing study on the 
mechanical behaviour of the damaged rock around a 
tunnel boundary. By varying the parameters shown in 
Tables 3 we investigated their effects in terms of 
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variations in the magnitudes of the induced stress and 
displacements.

4.2.1 Effects on tangential stresses 
Figure 8 shows the effects on the tangential stresses 
for the various scenarios simulated. The percentage 
variations are calculated as maximum variations from 
the base case model (i.e. Case 0). Observations were 
made at two locations around the tunnel boundary 
denoted X and Y (see Figure 8). Point X is located on 
the tunnel boundary while Point Y is located on the 
boundary between the damaged and undamaged rock. 
Observations at these two points were necessary in 
order to analyse the effect of the damaged rock when 
different parameters were varied. 

The tangential stresses were affected most by 
variations in the in-situ stresses compared to the other 
parameters tested. In terms of the inherent mechanical 
properties of the rock mass, the Young’s modulus 
when varied has notable effect on the tangential 
stresses. The thickness of the DRZ is significant in 
transferring high tangential stresses away from the 
tunnel boundary. 
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Figure 8.  Percentage variation in the tangential stresses at 
two points (X and Y) in the tunnel roof for the scenarios 
simulated. 

The stress analyses also revealed a phenomenon that 
was dependent on the overburden. This is shown in 
Figure 9. The overburden was increased up to 500 m 
in order get a clear picture of this phenomenon. At 
depths less than 10 m the stresses are quite high since 
the body of rock above the tunnel behaves like a beam, 
thereby concentrating high stresses. At depths greater 
than 10 m, it behaves like an ordinary rock mass. 
Coincidently, the 10 m overburden in the base case 

model appears to be the transition point. At depths 
greater than 200 m the tangential stress levels out 
since the load cannot be sustained as the rock yields.  

0 100 200 300 400 500
Overburden (m)

5.0

6.0

7.0

8.0

9.0

10.0

11.0

12.0

13.0

14.0

15.0

16.0

Ta
ng

en
tia

l s
tre

ss
, 

(M
P

a)
Figure 9. Effect of varying overburden on the tangential 
stress in the tunnel roof. 

4.2.2 Effects on ground deformation 
The ground deformation pattern observed is shown in 
Figure 10. Large deformations occur in the tunnel wall 
in the form of room closure, while the roof diverges by 
smaller magnitudes. At the surface the ground heaves 
directly above the tunnel but subsides some distance 
away from the tunnel roof.  

Figure 11 shows the maximum percentage variations 
in the wall deformation calculated against the base 
case deformations. The magnitude of the deformation 
is in the order of millimetres, with the highest value 
being 14 mm when the in-situ stresses were the 
maximum. 

Figure 10. Ground deformation pattern observed. The walls 
converge and the roof diverges. At the surface the ground 
heaves directly above the tunnel and subsides 
approximately 15 m from the tunnel mid-center. 
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Figure 11. Percentage variation in the tunnel wall 
deformation for the different scenarios simulated. 

5 DISCUSSIONS

5.1 Failure mechanisms 
Two important failure mechanisms have been 
identified for the shallow tunnels investigated, which 
are branded Type (I) and Type (II). A third 
mechanism, branded Type (III), is a minor one. The 
mechanisms are illustrated in Figure 12. Types (I) and 
(II) affect the walls and the abutments, while Type 
(III) affects the toe. The roof is affected by a 
combination of Types (II) and (III). Of the three, Type 
(I) is the most critical as the results have shown.  

If failure occurs through biaxial extension (Type 
(I)), the rock will deform elastically until it fails in a 
brittle manner. Plastic deformation will not occur. 
Under this situation, an elastic analysis is sufficient for 
evaluating this kind of failure. However, for precise 
evaluations a strain-dependent yield criterion such as 
the ones presented by Stacey (1981) or Chang (2006) 
are desirable. The strain-softening method described 
by Hajiabdolmajid et al (2002) can also be used. 

One may insist on pursing plastic analyses using 
stress-dependent yield criterion such as M-C or H-B. 
In that case the shear or volumetric strains appear to 
be the most reliable indicators of realistic failures. 
Although plastic models are generally thought of not 
being capable of capturing failures resulting from 
mechanisms such as biaxial extension (leading to 
tensile failure) it has, however, been demonstrated 
here that it can be identified through plastic strain 
assessments. One reason perhaps is that, since many 
FEM and FDM codes (including FLAC) are incapable 
of simulating material failure and fallout, the failed 
materials simply sit and expand in volume (i.e. 
dilation). By assessing the volumetric or shear strains, 
the failed regions can be identified

            (I)
Biaxial extension. 
Failure will occur 
in tension

t

       (III)
Compression.
Failure will occur 
in shear

1s

(I)
(II)

(III)

t

Failure envelope

           (II)
Compression and 
extension. Failure 
will occur in tension

Figure 12. Potential failure types identified for the shallow 
excavations. Their conditions of occurrence are shown on 
the Mohr-Coulomb envelope. Types (I) and (II) are 
dominant. Type (I) is mathematically identified as  0 
and  –  and, while Type (II) is identified as  > 0 and 

 0 and Type (III) is identified as  > 0 and  > .

1

3 t 1

3 3 1 1s

5.2 Significance of tensile strength 
It is now clear that the tensile strength of the rock 
mass is the most critical parameter for the shallow 
tunnel analysed in this paper. Many authors (e.g. 
Diederichs, 2003; Martin et al, 1999; Peli et al, 1991) 
have shown that the tensile strength can be way 
underestimated by the Hoek-Brown criterion for a 
brittle rock mass under low confinement conditions. 
These same authors also showed that, in order to 
obtain strength parameter values that match field 
observations the value mi in the Hoek-Brown criterion 
must be adjusted – often to unconventionally low 
values (Diederichs, 2003). Following this argument 
the value mi in Table 2 was adjusted, in order to obtain 
input values that give plasticity results that are 
consistent with predictions from the elastic models. 
With the help of RocLab (Rocscience, 2005) the value 
of mi was adjusted until a desired tensile strength was 
attained then the corresponding values for c and 
were determined. The tensile strength values tested 
ranged between 0.4 MPa (which is the t in Table 2) 
and 2.6 MPa (which is the c in Table 2). After random 
simulations (by trial and error) the input values that 
resulted in observations that were consistent with 
those of the elastic model were obtained. These are 
given in Table 5.  

Figure 13 shows the plasticity plot resulting from 
the new input values. It conforms to the observations 
in Figure 5. Furthermore, the plastic zone has 
significantly reduced, to roughly coincide with the 
region of volumetric straining. Figure 12 shows the 
shear strain plot resulting from the new input values. 
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The dilated zone has increased but appears to be 
restricted within the DRZ.      

Table 5. New input parameters for the standard model. 
Parameter   Value 
For undamaged rock mass: 
Young’s Modulus, E  17.8 GPa 
Poisson’s ratio, v  0.25 
Cohesive strength, c  4.4 MPa 
Friction angle,   51.3o

Tensile strength, t  2.2 MPa 
For damaged rock mass: 
Young’s Modulus, Ed  12.5 GPa 
Poisson’s ratio, vd  0.25 
Cohesive strength, cd  2.4 MPa 
Friction angle, d   47.2o

Tensile strength, td  1.22 MPa 

Figure 13. Plastic yielding resulting from the new input 
values shown in Table 5.  

Figure 14. Shear or volumetric strains resulting from new 
input values shown in Table 5. 

5.3 Effect of damaged rock zone on failure mechanism 
Apparently the models seem to show that the damaged 
rock zone had no effect on the failure mode. This was 
evident from the fact that, both of the models, with 
and without the damaged rock zone, yielded similar 
results. One reason could be that the main failure 
mode is purely extensional (Type (I)), which is 

dependent entirely on the tensile strength of rock 
mass. The compressive strengths for both rock zones 
were much higher than the maximum principle stress. 

On the other hand, the presence of the damaged rock 
zone seems to restrict the expansion of the dilated 
zone. As seen in Figure 14 it is more or less confined 
within the DRZ. In the base case the depth of the 
dilated zone was 0.2 m, which is 0.1 m less than the 
thickness of the damaged rock zone (which was 0.3 
m).

5.4 Parameter analysis 
Of the parameters tested the variation in the in-situ 
stresses affected both the displacement and tangential 
stress magnitudes the most (see Figures 8 and 11). 
Variation in the Young’s modulus also affected the 
tangential stress and displacement magnitudes quite 
significantly.  

Our classification of the sensitivity of the parameters 
tested is shown in Table 6. There is no specific 
criterion for this classification. It is purely based on 
how much the magnitude of the tangential stresses and 
displacements vary from the base case values.  

Table 6. Classification of parameter sensitivity
Parameter        Sensitivity 

   Tangential stress     Displacement  
Young’s Modulus   High3             High 
Compressive Strength   Low1              Low 
Tensile Strength   Low              Low 
Thickness of DRZ   Moderate2             Low 
Overburden thickness   High              Moderate 
In-situ stresses    High                        High 
1 >20% variation 
2 10-20% variation  
3 <10% variation 

5.5 Consistency of the observation to practical 
observations
Töyrä (2006) modelled three cross-sections of the 
Arlanda railway (double-track) shuttle station near the 
city of Stockholm using in-situ parameters similar to 
those used in this paper. These cross-sections are 
shown in Figure 15 with both the designed and final 
geometries outlined. Töyrä observed that tensile 
failures were largely occurring in the walls and 
abutments. The final geometries of the cross-sections 
in Figure 15 also confirmed his observations.  

The results from our models appear also to be 
consistent with the above observations; in particular 
the volumetric strain plots. The plasticity indicators in 
Figures 13 and 14, which resulted from the input 
values in Table 5 appear to conform well to the 
observations in Figure 15, although in our models we 
used a single-track tunnel geometry.   
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Figure 15. Designed and final geometries of cross-sections, 
39/289, 39/317 and 39/324 of the Arlanda Shuttle Station 
(Töyrä, 2006) 

6 CONCLUSION 

Three principle failure mechanisms have been 
identified: (i) tensile failure due to biaxial 
extension, (ii) tensile failure from combination 
of compression and extension in a biaxial stress 
field, and (iii) compressive shear failure from 
biaxial compression.  
Of the three identified failure mechanisms the 
critical one was the biaxial extension (i.e. when 

t3  and ). Under this condition the 
tensile strength of the rock mass is the most 
critical parameter. The tensile strength was way 
underestimated by the Hoek-Brown-GSI 
empirical method for the rock mass type and 
low confinement conditions simulated in this 
paper.

01

The development of volumetric strains around 
the tunnel in the plastic model was seen to be a 
dependable indicator of failure localities. 
An elastic model was sufficient to indicate 
potential failure zones. This was done by 
evaluating the state of the principle stresses in 
the elastic model and comparing them to the 
strength of the rock mass. 
A plastic model using the Mohr-Coulomb 
constitutive model resulted in plastic yielding 
which was not realistic. The simulated results 
improved dramatically when the tensile strength 
was adjusted. 
According to the results of the models in this 
paper the damaged rock zone apparently does 
not affect the failure mechanisms. However, it 
does appear to limit the expansion of the dilation 
zone.
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ABSTRACT: While pursuing a numerical study on the behavior of the rock mass near a tunnel 
boundary at shallow depths, by continuum methods, it was realized that the yield mechanisms were 
not accurately captured using the input parameters obtained directly through the Hoek-Brown-GSI 
empirical system. It was evident that unless these mechanisms were accurately captured the behavior 
of the near-field rock mass cannot be correctly simulated. A question was then raised if PFC2D could 
be used to obtain a simple failure envelope/model for the rock mass in question and then use this 
model in the FLAC simulations – thus the object of this paper. The paper is presented in two parts as; 
(i) “numerical laboratory tests” involving biaxial compression and Brazilian tests on “synthetic rock 
mass samples” to determine the failure model and (ii) the subsequent application of the model in 
FLAC. The results are then presented and discussed, with the main conclusion that PFC2D can be 
used to determine the values of the input parameters for a continuum model.   

1 INTRODUCTION

While pursuing a numerical study on the mechanical behavior of the rock mass near a tunnel boundary 
at shallow depths (0-20 m), by continuum methods, it was realized that the yield mechanisms were not 
accurately captured using the conventional Hoek-Brown and Mohr-Coulomb failure criterion. Saiang & 
Nordlund (2007) showed that the dominant failure mechanisms around shallow tunnels in a brittle rock 
mass were extensional in nature, leading to biaxial splitting, spalling and/or tensile failure. Such mecha-
nisms are often difficult to capture correctly using the Hoek-Brown and Mohr-Coulomb failure criteria 
due to the fundamental assumption of failure from compressive origins, by which the two criteria are 
based upon. Nevertheless they can still be used to capture the mechanisms if correct input parameter 
values are used.

To estimate the values of the input parameters the Hoek-Brown-GSI (HB-GSI) empirical method (e.g. 
Hoek et al. 2002) is widely used. Although successful in many instances, difficulties have also been ex-
perienced in some. Diederichs et al. (2007) and Carter et al. (2007) showed the difficulties of using the 
method at the extreme ends of the rock mass scale, where the behavior is less controlled by discontinui-
ties. This is obviously the case for spall-prone massive hard rock masses. One consequence is the sig-
nificant underestimation of the rock mass tensile strength (e.g. Pelli et al. 1991, Diederichs & Kaiser 
1999, Martin et al. 1999).

Evidence also suggest that the yield and failure process in hard rock masses are progressive and gov-
erned by cohesion weakening – friction mobilization phenomenon (e.g. Martin 1997, Hajiabdolmajid et 
al. 2003). Such phenomenon is not accounted for in the HB-GSI empirical system and thus the values 
for cohesion (c) and friction ( ) determined may not be very reliable.   

Saiang & Nordlund (2007) and Töyrä (2006) demonstrated the difficulties in correctly capturing the 
failure mechanisms around shallow tunnels in a brittle rock mass, using the conventional Hoek-Brown 
and Mohr-Coulomb criteria. The main reason being the difficulty in determining the correct values for 
the input parameters. In the pursuit a question was raised whether a particle interaction code, such as 
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PFC2D (Itasca 2002), could be used to determine the values of the parameters. This, therefore, formed 
the basis for the work presented in this paper. 

The goal herein is to determine a simple failure model (i.e. failure envelope and strength parameters) 
using PFC2D, which can in turn be used in FLAC (Itasca 2005) to simulate the rock mass around the 
tunnel. This paper therefore, presents the models and results in two parts as; (i) numerical laboratory 
tests involving biaxial and Brazilian test on “synthetic rock mass specimens” to obtain the simple failure 
model and (ii) subsequent application of the failure model in FLAC. In keeping with the overall objec-
tive of the on-going study, the presence of the damaged rock zone around the tunnel is also considered. 
Therefore, synthetic specimens were created to represent both damaged and undamaged rock masses. 
The rock mass specimens are idealized as equivalent continuum (intact) with reduced mechanical prop-
erties, whose compressive strength and deformation modulus can be derived using empirical methods 
such as the HB-GSI system. It must also be stressed that the rock mass dealt with in this paper is a good 
quality hard rock mass of igneous type, with an average GSI value of 60 or greater and intact strength 
greater than 150 MPa. 

2 MODEL PROCEDURES 
2.1 PFC2D models 
2.1.1 Sample preparation for PFC2D models 
Synthetic samples were prepared for both compression and tension tests. First, a numerical saw cut equal to 
one tenth of the original model dimension to be used later in the FLAC models is extracted (see Fig. 1a). In 
this case since the FLAC model dimension will be 160 m by 80 m, the compression test specimen is thus 18 
m by 8 m, giving a height to width ratio of 2.25. The Brazilian test sample is in turn a circular cut-out from 
the compression test specimen (see Fig. 1b). This is to ensure that the Brazilian test specimen has the same 
micromechanical and physical properties as the compression test specimen. 

Samples were prepared to represent damaged and undamaged rock masses. The synthetic samples are 
differentiated with the codes: URMS - for Undamaged Rock Mass Specimen and DRMS – for Damaged 
Rock Mass Specimen. 

(a) (b)

Figure 1. (a) Extraction of the compression test specimen by numerical saw cut from 80  160 m block. The com-
pression test specimen is 18  8 m or approximately 1/10 the rock mass block dimension, (b) cut-out of the Brazil-
ian test specimen from the compression test specimen. Note: images are not to scale. 

2.1.2 Determination of micromechanical parameters of the specimens 
Table 1 shows the values of the rock mass parameters, which are considered to be average and resemble 
that of the Swedish hard rock mass system. Using these values the target Young’s moduli and uniaxial 
compressive strengths of the two specimens (i.e. URMS and DRMS) were determined using the HB-GSI 
empirical method (see Table 2). Then using charts and empirical relations found in for example Died-
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erichs (1999) and Huang et al. (1999), the initial micromechanical parameters were estimated. The initial 
value for the Poisson’s ratio was 0.25 for both sample types (URMS and DRMS), while the initial 
Young’s moduli were calculated from the HB-GSI empirical method. A disturbance factor of 0.75 was 
used to obtain the Young’s modulus for the DRMS. The notion of disturbance factor is given in Hoek et 
al. (2002). 

Fine-tuning of the micromechanical parameters was achieved by repeating uniaxial compression test 
on the specimens until the target values for the Young’s modulus and compressive strength were 
achieved. The whole procedure is best described by the chart in Figure 2. Table 3 shows the microme-
chanical parameter values that yielded the target values and Table 4 shows the final sample properties.  

2.1.3 Test control 
Servo control FISH functions found in the PFC2D FishTank (Itasca 2002) were invoked to control the tests. 
Platen loading velocities of 0.001 mm/sec and 0.0001 mm/sec were used for the biaxial and Brazilian tests, 
respectively. These velocities were found to produce a smooth loading response, in both pre-peak and post-
peak stages, within acceptable runtime.  

A confining stress range of up to 2.0 MPa was used in the biaxial tests. This stress range corresponds 
to the confining stresses observed around the shallow tunnels. They were determined by doing elastic 
model runs in FLAC using the stress regimes given in Section 2.2.2. The confinement is applied using 
servo-controlled sidewalls. During the tests the normal velocity is continuously updated to keep with the 
prescribed confining stress. 

Table 1. In-situ rock mass parameters. ______________________________________________________________________________________
Parameter               Value       ______________________________________________________________________________________
Intact compressive strength,         180 MPa ci
Geological Strength Index, GSI        60 
Hoek-Brown rock constant, mi        33 ______________________________________________________________________________________

Table 2. Calculated target rock mass parameters. ______________________________________________________________________________________
Parameter             Value for URMS   Value for DRMS______________________________________________________________________________________       
Rock mass deformation modulus, Em    18 GPa      12 GPa        
Rock mass compressive Strength, cm    19 MPa      10 MPa ______________________________________________________________________________________

Table 3. Synthetic rock mass micromechanical parameters. ______________________________________________________________________________________
Parameter           Value for URMS   Value for DRMS   ______________________________________________________________________________________
Normal stiffness, k         58 GN/m     40 GN/m n
Shear stiffness, k         23 GN/m     15 GN/m s
Normal bond strength, n       2 MN      1 MN b
Shear bond strength, s        10 MN      6 MN b
Friction coefficient        1.0       1.0 ______________________________________________________________________________________

Table 4. Sample properties. ______________________________________________________________________________________
Parameter           Value        ______________________________________________________________________________________
Porosity            0.16 
Contact number          3.98 
Ball radius           0.5 to 0.75 mm 
Initial/consolidation stress     0.1 MPa ______________________________________________________________________________________
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Rock mass parameters: ci, GSI, mi

Target values for Em and cm (by HB-GSI 
empirical method)

Initial micro-parameters (by charts and 
empirical relations)

Uniaxial compression test (by PFC2D) using 
initial micro-parameters as inputs

Have the target values for Em and cm been 
achieved?

Final micromechanical properties achieved. Sample is ready 
for biaxial compression and Brazilian tests

Cut out Brazilian test sample as 
in Figure 1 (b)

Fine tune micromechanical 
parameters

NO

YES

Perform biaxial test Perform Brazilian test

Determine simple failure model Determine tensile strength

Figure 2. Micro-parameter calibration procedure and eventual biaxial and Brazilian tests.

2.2 FLAC Model 

2.2.1 Model description 
The geometry for the FLAC model, Figure 3, conforms to those used in the previous studies by Töyrä 
(2006). The opening is a large double-track railway tunnel often found in Sweden. Since the damaged 
rock zone (DRZ) due to blasting is an important consideration in tunnel design for railroads in Sweden 
this zone was added to the model. The thickness of this zone is 0.3 m to conform to the Swedish railway 
tunneling regulations (Banverket 2002). The overburden is 10 m, from the ground surface to the tunnel 
roof.

(a)

Fine grids

Coarse grids

Blast-induced damaged zone

80 m

80
 m

   (b) 12.5 m

3.
85

 m

6.
54

 m

Figure 3. (a) Model geometry used in FLAC simulation, (b) geometry for the double-track tunnel. 
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2.2.2 In-situ stresses 
The in-situ stresses used in the models are those reported by Stephansson (1993), which are based on 
over-coring measurements. These are: 

gzv  (1) 
zH 044.07.6  (2) 
zh 034.08.0  (3) 

where v is the vertical stress, H is the maximum horizontal stress, and h is the minimum horizontal 
stress. , g and z are the density, gravity and depth respectively. In this study H is assumed to the per-
pendicular to the tunnel axis, while h is assumed to be parallel. 

3 RESULTS
3.1 Fundamental PFC2D model results 
It is necessary to present some of the fundamental PFC2D results to show the parameters needed for the 
derivation of the failure envelope/model. Deviatoric stress – axial strain and volumetric strain – axial 
strain plots, like the one shown in Figure 4, were produced for each biaxial compression test. From these 
plots the stress and strain magnitudes at yield, peak and post-peak residual were determined. Deviations 
along the volumetric strain – axial strain curve were more distinct than along the deviatoric stress – axial 
strain curve. This may also indicate that the volumetric strain is a better indicator of yield and failure 
than the axial strain. Hence, the stress and strain magnitudes determined for the said quantities corre-
spond to this curve.

The peak and residual stresses obtained were used to generate Mohr circles and subsequently the 
Mohr-Coulomb failure and residual envelopes. The average volumetric strains at yield, peak and post-
peak residual are shown in Table 5. It must be said here that the term ‘yield’ as referred to in this paper 
only corresponds to the point at which the volumetric strain – axial strain curve deviates from linearity. 
It could also be the systematic crack initiation point.    

Dilation angles, , were also calculated for the two specimen types. The dilation angle relates to the 
slope of the volumetric strain curve in the post-peak regime as shown in Figure 4. Here, if k is the slope 
angle then the relationship is given as (Vermeer & de Borst 1984): 

sin1
sin2arctank  (4) 

It must be noted that  may be affected by the particle interaction mechanisms at post-peak which 
might not be well represented by artificial particles and the code formulation. 
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Figure 4. A sample deviatoric stress – axial strain and volumetric strain – axial strain plot by which the 
yield, peak and residual values for stress and strain were determined. 
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Table 5. Average volumetric strain values at yield, peak and post-peak residual. _______________________________________________________________________________________
Parameter          URMS    DRMS 
             (%)     (%) _______________________________________________________________________________________
Yield  volumetric strain     0.05     0.04  
Peak volumetric strain      0.06     0.05 
Residual volumetric strain    0.46     0.35 _______________________________________________________________________________________

3.2 Failure envelope/model 
The peak stresses from the biaxial and Brazilian tests were plotted in terms of Mohr’s circles for the two 
samples (see Figure 5). A line touching the tangents of the circles represents the failure envelope. From the 
linear failure envelopes the values for c and  were determined. The models have a tension cut-off equal to 
the values determined from the Brazilian tests. 

Mohr’s circles were also generated from the residual stresses and hence the residual strength enve-
lopes (see Figure 6). The residual strength parameters were then determined. Table 6 presents the sum-
mary of the results.  

Table 6. Strength parameters determined. _______________________________________________________________________________________
Parameter       Peak values      Residual values    
          URMS  DRMS    URMS  DRMS _______________________________________________________________________________________
Cohesion, c (MPa)    5.8   3.1     0.6   0.4  
Friction, o       32    31      35    38 
Tension, t (MPa)    2.5   1.3     0    0 
Dilation,       9    7      -    -   _______________________________________________________________________________________

o

(a)                     (b) 

Figure 5. Mohr-Coulomb peak strength envelopes for: (a) URMS (b) DRMS.
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 (a)                    (b) 

Figure 6. Mohr-Coulomb residual strength envelopes for: (a) URMS (b) DRMS. 

3.3 FLAC results 
The Mohr-Coulomb (MC) and Mohr-Coulomb Strain-Softening (MC-SS) constitutive models were used 
in the FLAC simulations. The inputs are those shown in Table 6. For the MC-SS models the strain val-
ues are those given in Table 5, which are related to the volumetric strains. The models were run with and 
without presence of the damaged rock zone (DRZ). Figures 7 and 8 show the results of plastic yielding 
and volumetric straining from the MC and MC-SS models, respectively. Both models show that a volu-
metric strain concentration occurs when the volumetric strain exceeds a value of about 0.06%. The 
thickness of the region in which this value is exceeded is approximately 0.7 m.  

The MC-SS model is more sensitive to the presence of the DRZ than the standard MC model. Since 
the rock mass simulated herein exhibits strain-softening characteristics, there is a gradual reduction in 
the shear strength at the post-peak stage, which is captured by the MC-SS model.  

Ground surface Ground surface

  (a)                   (b) 

Figure 7. Plasticity and volumetric straining resulting from MC model; (a) without DRZ (b) with DRZ 
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Ground surface Ground surface

 (a)                    (b) 

Figure 8. Plasticity and volumetric straining resulting from MC-SS model; (a) without DRZ (b) with DRZ. 

4 A CASE TUNNEL 

Figure 9 shows three cross-sections of the Arlanda railway shuttle station near the city of Stockholm, 
earlier modelled by Töyrä (2006). The geometry is similar to that modelled in this paper. The designed 
and final geometries are outlined in the figure. Töyrä observed that tensile failures were largely occur-
ring in the walls and abutments. The final geometries of the cross-sections in Figure 9 also confirmed his 
observations.

The results from models in this paper, based on inputs derived from PFC2D models, are also consis-
tent with these observations. The average depth of the failed region in the cross-sections is less than 0.1 
m in the roof and less than 0.5 in the side walls, except in Section 39/289 where it is about 1.0 m close 
to the abutment. The failure pattern conforms to the observations from the FLAC analysis. Furthermore, 
the failure is generally localized close to the tunnel boundary and seems to be limited to the damaged 
rock zone in most parts. 

Figure 9. Designed and final geometries of cross-sections, 39/289, 39/317 and 39/324 of the Arlanda Shuttle Sta-
tion (Töyrä 2006).

5 CONCLUSIONS

The values of the input parameters for the rock mass derived via the particle interaction method yielded 
results that conform well to the practical observations. Hence, it can be concluded that PFC2D can be 
used to determine the values of the input parameters for a continuum model. 

The Mohr-Coulomb Strain-Softening model best captured the yield and failure process. One reason 
being the rock mass simulated appeared to exhibit a straining-softening behavior. Moreover, the Mohr-
Coulomb Strain-Softening model appeared to be sensitive to the presence of the damaged rock zone. 
Because the damaged rock zone is a central component in the on-going study this model will be an im-
portant one. 
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With respect to a reliable indicator for yield and failure, the work in this paper indicates that the volu-
metric/shear strain conforms well to the case tunnel fallouts and is therefore a respectable indicator for 
yield and failure.   
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Abstract
The behaviour of the rock mass immediately surrounding an excavation (e.g. open pit slope, underground 
mine drift, etc.) will ultimately determine the overall performance of the excavation itself and the general 
operational safety, as well as providing the basis for support requirement decisions. Very often the near-field 
rock mass is significantly disturbed or damaged by blasting and redistribution of stresses. Any damage or 
disturbance to the near-field host rock will result in reduction of the strength and stiffness of the rock mass 
and consequently affect the stability of the excavation. In this paper a series of numerical analyses was 
conducted to study the behaviour of the near-field host rock, with a damaged rock zone around the 
excavation boundary. A typical underground mining drift geometry was used in building the models. The in-
situ rock mass parameters are those typically encountered in the Swedish hard rock mass system, including 
the in-situ stresses. The results show that, the stability quantities; induced stresses and ground deformation, 
were observably affected by the presence of the damaged rock zone, as expected.

1 Introduction 
When an excavation is carried out in a body of rock the mechanical, hydraulic and physical properties of the 
rock zone immediately surrounding the excavation are disturbed. The zone in which these disturbances occur 
is usually referred to as the excavation disturbed zone, disturbed rock zone, yield zone, etc. This zone is 
characterized by reduction in rock mechanical properties and increase in hydraulic properties (see Figure 1). 
Changes to these properties will significantly affect the global behaviour of the near-field rock mass and thus 
the overall performance of an excavation. The negative implications are clear and are related to instability 
problems. On the other hand, in high in-situ stress environments the presence of the disturbed zone can be a 
positive factor. As illustrated in Figure 2, a region with reduced strength and stiffness will act as a “cushion” 
by deflecting high stresses away from the excavation boundary and in doing so protect the excavation from 
stress induced instabilities. The phenomenon illustrated in Figure 2 is the basis for destressing and 
preconditioning practices in deep hard rock mines (e.g. Roux et al. 1957 and Topper et al. 1998).  

Numerical modelling of the near-field host rock demands an in-depth knowledge of the rock mass and its 
inherent physical and mechanical properties. Barla et al. (1999) noted that the key to the success of any 
numerical modelling process is the level of understanding achieved in describing the rock mass conditions. 
When limited information is available the continuum approach of numerical analysis is preferred over the 
discontinuum approach. This is because the continuum methods only require equivalent material properties 
while the discontinuum methods require an explicit description of the rock mass. Therefore the continuum 
approach is widely used in preliminary investigations (e.g. Singh 1973a and 1973b, Barla et al. 1999 and 
Sitharam et al. 2001). 

In order to study the effects of the damaged rock zone around a mining drift, a series of numerical models 
were set up using FLAC (Itasca 2005) and a number of scenarios were tested. Typical in-situ values for the 
rock mass and stress regime, often encountered in the Swedish hard rock environment, were used in the 
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analyses. The results, as expected, showed that the damaged rock zone around the drift has an observable 
effect on the induced stress and displacement magnitudes, which are important stability parameters. 

(a) Damaged zone (b)

Young’s modulus 

Tangential stress 

Transmissivity 

Distance from tunnel boundary 

Pa
ra

m
et

er
 m

ag
ni

tu
de

 

(i)
(ii)

(i)  Zone of intensed fracturing or damaged zone, mainly due to blasting 

(ii) Disturbed zone, mainly due to stress re-distribution leading to opening 
and closure of pre-existing fractures 

Figure 1  (a) Characteristics of the near-field host rock (modified after Sato et al. 2000). (b) Behaviour of 
the mechanical and hydraulic parameters around the excavation. 

(a)    (b)

Figure 2  Stress trajectories around a drift; (a) with damaged zone and (b) without damaged zone. 

3 Method 
3.1  Model setup 
The excavation and model geometries used in the analyses are shown in Figure 3. The dimensions of the 
excavation, in Figure 3 (a), are representative of those found in Swedish hard rock mines.  A finite zone of 
damaged rock (both blast- and stress-induced) with uniform thickness is added into the model (Figure 3 (b)). 
An average damaged zone thickness of 0.5 m, considered to be typical for Swedish hard rock mines (e.g. 
Malmgren et al. 2007 and Bergman 2007) was used in the base case model, where most of the parameter 
study was conducted. The excavation depth for the base case model is 1000 m. 

3.2  In-situ parameters and inputs 
The in-situ rock mass parameters used in deriving the inputs for numerical analysis are shown in Table 1. 
Using these parameters the equivalent rock mass compressive strength and deformation modulus were 
calculated using the GSI-Hoek-Brown empirical method (Hoek et al. 2002). However, the plastic strength 
parameters; cohesion (c), friction ( ) and tensile strength ( t) were obtained via the particle interaction 
method, utilising the code PFC2D (Itasca 2002). Table 2 shows the inputs obtained, which also form the basis 
for the base case model. The derivation of these parameters and procedures are presented in Saiang (2008). 

Although the values for the plastic strength parameters could have been estimated using the GSI-Hoek-
Brown empirical method, Saiang & Nordlund (2007) have shown that it is difficult to estimate reasonable 
values using this approach for the massive hard rock mass simulated in this paper. Diederichs et al. (2007) 
and Carter et al. (2007) have also expressed similar difficulties with the GSI-Hoek-Brown empirical method 
for estimating strength parameter values for massive hard rock mass systems. 
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The deformation modulus of the near-field rock mass was varied linearly from the drift boundary into the 
virgin rock mass as illustrated in Figure 4 (a), which was easily implemented in FLAC using a FISH 
function. The simplified linear variation of the deformation modulus is based on evidences from seismic 
wave measurements around drift boundaries (e.g. Malmgren et al. 2007); see Figure 4 (b). 

The in-situ stresses used in the model are those reported by Stephansson (1993), which are based on over-
coring measurements.   

gzV (1)                          

zH 044.07.6  (2) 

zh 034.08.0  (3) 

where v is the vertical stress, H is the maximum horizontal stress, and h is the minimum horizontal stress. 
, g and z are the density, gravity and depth respectively. In the paper H is perpendicular to the drift axis 

and h is in the direction of the drift.

 (a) 
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85
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0 

m

   (b)

Fine grids

Coarse grids

Damaged rock zone

60
.0

 m

50.0 m

Figure 3  (a) Drift geometry and (b) model geometry and boundary conditions.
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Figure 4 (a) The rock mass deformation modulus is linearly varied from the excavation boundary to the 
damaged-virgin rock boundary. ED and Em are the damaged and virgin rock deformation 
moduli, respectively. (b) Changes in P-wave velocity observed from mine drift damage 
investigation studies (after Malmgren et al. 2007). 
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Table 1 In-situ rock mass parameters 

Parameter Value
Intact compressive strength, ci 180 MPa 
Geological Strength Index, GSI 60
Hoek-Brown rock constant, mi 33

Table 2 Input parameters and their values for damaged and undamaged rock mass (Saiang, 2008) 

Parameter Undamaged rock mass Damaged rock mass 
Young’s modulus, E 18 GPa 12 GPa 
Poisons ratio, 0.25 0.25 
Cohesion, cp 5.8 MPa 3.1 MPa 
Friction angle, p 32o 31o

Tensile strength, – t 2.5 MPa 1.3 MPa 
Dilation angle, 9o 7o

Peak volumetric strain, p 0.06% 0.05% 
Residual cohesion, cr 0.6 0.4
Residual friction, r 35o 38o

3.3  Analyses method 
The Mohr-Coulomb Strain-Softening (MC-SS) constitutive model was used in the numerical simulations, 
since the post-peak characteristic of the damaged rock was previously observed to be important (see Saiang 
2008). The equivalent continuum approach was assumed and thus the FDM numerical code, FLAC (Itasca 
2002), was employed.  

For the purpose of the damaged zone parameter study a base case model was setup at a depth of 1000 m, 
with inputs shown in Table 2. A number of cases (see Table 3) were simulated. For case 6, where the 
compressive strength was tested, PFC2D (Itasca 2005) was used in deriving the input values for c,  and t.
This involved performing Brazilian and biaxial tests on synthetic rock mass specimens with the specified 
uniaxial compressive strength to obtain a strength envelope and subsequently the values for c,  and t (see 
Saiang 2008). Figure 5 is the result of these PFC tests. The values for the strength components are derived 
from the chart in Figure 5.  

The effects of the damaged rock were studied by analysing the magnitudes of the maximum induced stresses 
( 1 ) and displacements for the various cases simulated. These quantities also have direct correlation to the 
stability of an excavation.  

Since mining excavations are usually located at greater depths, the simulations in this paper are conducted 
for depths of 100 to 2000 m, which are considered as deep excavations.  

Table 3 Modelled cases 

Case Description
Case 0: Base case 
Case 1: No damaged zone 
Case 2: Varying thickness of the damaged zone 
Case 3: Varying depth or overburden 
Case 4: Varying horizontal to vertical stress ratio 
Case 5: Varying deformation modulus of the damaged zone 
Case 6. Varying compressive strength of the damaged zone 
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Figure 5 Chart used in choosing the values for the strength components for the compressive strength 
test. The chart is based on PFC modelling (Saiang, 2008). 

4 Results 
In order to asses the effects of the damaged zone on tangential stress and displacement magnitudes, 
measurements were made at four locations around the excavation as shown in Figure 6. Points A and C are 
at/near the drift boundary while points B and D are located on the boundary between the damaged and 
undamaged rock masses. 

A
B

C D

Figure 6  Measurements points on drift boundary where the tangential stress and displacement 
magnitudes were analysed.  

4.1  Case 0 and Case 1: Base case and no damage cases 
The tangential stresses in the drift roof and wall, with and without the damaged zone, are shown in Figures 7 
(a) and (b). The effect of the damaged zone on the tangential stresses is obvious. With the damaged zone the 
tangential stress at Point A in the drift roof is 0.2 H, while in the wall at Point C it is 0.3 v. Without the 
damaged zone the tangential stress at Point A is 0.4 H and at Point C it is 0.55 v. Basically, with the 
damaged zone the magnitudes of the tangential stresses near the drift boundary are reduced by approximately 
50% from those without the damaged zone, both in the wall and the roof.  

The displacements on the other hand, increased by 10%, both in the roof and the wall at Points A and C 
respectively, when a damaged zone is added to the model (see Figures 8 (a) and (b)). 
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Figure 7  Behaviour of the tangential stresses, with and without damaged zone, along a straight line in; 
(a) the drift roof and (b) the drift wall.

(a)
0 2 4 6 8

0

10

20

30

40

undamaged

 With damaged zone
No damaged zone

R
oo

f d
is

pl
ac

em
en

t, 
  (

m
m

)

Distance from tunnel roof (m)

undamaged

(b)
0 4 8

0

10

20

30

40

12

undamaged

 No damaged zone
 With damaged zone

W
al

l d
is

pl
ac

em
en

t, 
  (

m
m

)

Distance from tunnel wall (m)

undamaged

Figure 8  Displacements with and without damaged zone along a straight line in (a) the drift roof (b) the 
drift wall.

4.2  Case 2: Varying thickness of the damaged rock zone 
The tangential stress and displacement magnitudes at points A and B in the drift roof, and C and D in the 
wall, are shown in Figures 9 (a) and (b), for the various damaged zone thicknesses. The tangential stresses do 
not vary significantly for damaged zone thicknesses greater than 2.0 m (see Figure 9 (a)). The displacements 
on the other hand continued to increase at Points A and C, while decreasing at Points B and D (see Figure 9 
(b)). This can be expected since the larger the damaged zone with low modulus the greater the deformation.    
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Figure 9  Effect on the magnitudes of (a) tangential stress and (b) displacement, as the thickness of 
damaged rock zone is varied. 
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4.3  Case 3: Varying depth or overburden 
Figures 10 and 11 show the tangential stress and displacement magnitudes at Points A, B, C and D, when the 
depth is varied between 100 and 2000 m. The models were run for cases with and without damaged zone. In 
Figure 10 (a) the roof tangential stress at Point A is reduced by 50% with the presence of the damaged zone. 
However, the magnitudes for both cases (damaged and undamaged) at Point A are almost constant over the 
depths simulated.  

In Figure 10 (b) the tangential stress magnitudes at Points C and D increases in a logarithmic form from 100 
to 2000 m excavation depths. As in the roof the tangential stress in the drift wall is also reduced by 50% with 
the presence of the damaged zone, irrespective of the excavation depth.   

Figures 11 (a) and (b) shows the displacement magnitudes at points A and B in the roof, and C and D in the 
wall at depths between 100 to 2000 m. The displacement magnitudes increase in an exponential form. The 
difference in the displacement magnitudes between damaged and undamaged cases is approximately 10%, 
irrespective of the depth. 
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Figure 10  Tangential stress magnitudes with varying depths at (a) Points A and B in roof and (b) C and D 
in the wall. 
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Figure 11  Displacement magnitudes with varying depths at (a) points A and B in the drift roof and (b) 
points C and D in the drift wall. 

4.4  Case 4: Varying horizontal stress to vertical stress ratio 
Figures 12 (a) and (b) show the effects of the damaged zone on tangential stress and displacement 
magnitudes resulting from variation in the horizontal to vertical stress ratio. For ratios less than 1.0 the roof 
tangential stress shows lower values at points A and B. However, for ratios greater than 1.0 the values 
remain almost constant.  
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In the wall the tangential stress is high for ratios less than 1.0, drops to minimum values at a ratio of 1.7 and 
then increase to constant values at ratios greater than 1.7. This effect could be related to the destressing 
phenomenon around the drift wall.   

The displacement magnitudes, both in the roof and wall, increase with an exponential form with increasing 
horizontal to vertical in-situ stress ratios. As expected the displacements are higher in the roof than in the 
wall for ratios less than one, where the vertical stress is higher than the horizontal stress. 
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Figure 12  Variation in the magnitudes of (a) tangential stress and (b) displacement, at the points in the 
roof and the wall when the horizontal to vertical stress ratio was varied.  

4.5  Case 5: Varying deformation modulus of the damaged rock 
The effect of varying the deformation modulus of the damaged rock, ED, on the tangential stress and 
displacement magnitudes is shown in Figures 13 (a) and (b). The tangential stress magnitudes at points A 
and C reduce rapidly for a reduction in ED of up to about 20% and thereafter the magnitudes are almost 
constant. The displacement magnitudes, however, are low with no reduction in ED, but reaches almost 
constant values for reduction of 10% or more (see Figure 13 (b)).  
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Figure 13  Effect on (a) tangential stress and (b) ground displacement magnitudes, at 1000 m depth when 
the deformation modulus, ED, of damaged zone is reduced.  

4.6  Case 6: Varying compressive strength of the damaged rock 
Figures 14 (a) and (b) show the effects on the tangential stress and displacement magnitudes, respectively, as 
the compressive strength of the damaged rock is varied. The tangential stress magnitudes at points A and C 
reduces linearly, while at points C and D they are almost constant. The increase in the displacements, both in 
the roof and wall, is in the order of less than 10 mm when the compressive strength is reduced. This is fairly 
insignificant compared to the scale of the excavation.  
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Figure 14  Effect on the magnitudes of (a) tangential stress and (b) displacement, as the compressive 
strength of damaged rock is reduced. 

4.7  Parameter sensitivity 
Figures 15 and 16 show the sensitivity of the parameters tested in terms of maximum percentage variation or 
change from the base case model results for tangential stress and displacement. Varying the deformation 
modulus and compressive strength resulted in about 50% variation from the base case model results, at 
points A and C. These large changes were observed between the base case model and model having no 
damaged zone. At the drift boundary the tangential stress is quite sensitive to the variation in the deformation 
modulus, which can be expected due to high horizontal stresses accumulating outside the damaged zone. The 
damage thickness variation showed large variation, 73% in the roof and 89% in the wall, at the damaged 
zone boundary (i.e. points B and D). This indicates the effectiveness of the damaged zone thickness to force 
high stress magnitudes to concentrate outside the damaged zone in stiffer rock mass. Variations in the 
horizontal to vertical stress ratio yield about the same results on the drift boundary and the damaged zone 
boundary, 35 to 36% in the roof and 30 to 32% in the wall.  

The percentage variations in the displacement magnitudes are small (10 to 12%) in the roof and the wall with 
respect to variation in the deformation modulus and compressive strength. The percentage variation 
increased to 29% in the roof and 19% in the wall, when the thickness was varied from 0.5 to 2.0 m, which is 
the realistic damage zone thickness (e.g. Bergman, 2007). The highest deformation occurred when the 
horizontal to vertical stress ratio is increased to about 3.0. For this case the deformation at the drift boundary 
exceeded 150%, both in the wall and the roof, indicating that this parameter can have significant impact on 
the response of the near-field rock mass in general.  
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Figure 15 Percentage variations in the tangential stress at points (a) A and B in the roof and (b) C and D 
in the wall, when different parameters of the damaged zone are varied.   
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Figure 16 Percentage variations in the displacement at points (a) A in the roof and (b) C in the wall, when 
different parameters of the damaged zone are varied.  

5 Discussions and conclusions 
The effect of the damaged rock zone on the stability parameters around the drift boundary were observable, 
as expected. With the presence of a damaged zone the magnitudes of the tangential stress at the drift 
boundary were reduced by approximately 50% from the case where there was no damaged zone, while the 
displacement magnitudes were reduced by 10%. The strength and stiffness of the damaged zone are thus 
important parameters that will influence the magnitude of the induced stresses near the drift boundary. On 
the other hand the deformations corresponding to these parameters are quite small. A stress arch was 
observed to form around the drift when a damaged zone was introduced. This phenomenon led to lower 
magnitudes of the tangential stresses near the boundary (see Figure 7), thus leading to less deformation of the 
boundary rock.  

The thickness of the damaged zone has more significant effect on the tangential stress magnitudes outside 
the damaged zone than near the drift boundary. This demonstrates that, at in high in-situ stress environment 
the presence of the damaged rock will play an important role in combating excessive stress accumulation 
near the drift boundary. For the cases simulated in this paper a damaged zone thickness of 2.0 m is found to 
be the limit for any noticeable effects on the tangential stress magnitudes.  

Variation in the horizontal to vertical stress ratio significantly affected the displacement magnitudes, which 
is expected. An increase in the ratio by a factor of 3.0 resulted in the change in deformations from the base 
case case model results by more than 100%.  

In conclusion, the conceptual model demonstrated that, the presence of the damaged rock around mine drift 
is an important factor for stability considerations as well as for support design purposes. Understanding of 
this zone through numerical analysis and field investigations can lead to improved design criteria for ground 
support as well as understanding the level of risks posed by the damaged zone on stability.   
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ABSTRACT 

The presence of a blast-induced damaged zone around a tunnel boundary is of significant 

concern mainly with regard to safety, stability, costs and the overall performance of the 

tunnel. The blast-induced damaged zone is essentially characterized by reduction in strength 

and stiffness, and increase in permeability. Guidelines have been developed based on 

perimeter blasting experiences and overbreak characterization to regulate damage due to 

blasting. Although the over-break approach of assessing the degree of blast-induced damage is 

practical, the method does not provide a measure of the competency of the damaged rock. 

Very often it is important to know how the damaged rock mass will behave under any given 

conditions. In this paper a series of numerical analyses was performed using continuum and 

coupled continuum-discontinuum methods to study the behaviour of the blast-induced 

damaged zone. In the coupled continuum-discontinuum method FLAC and PFC2D were 

coupled together. The inner segment of the model was simulated using PFC2D, while the outer 

segment was simulated using FLAC. This enabled the tracking of failure and fallout from the 

PFC2D model. The tunnel was excavated within the PFC2D segment. Blast-induced radial 

cracks were traced and individually implemented in the models. FLAC and Phase2 were also 

run independently and the results were compared to those of the coupled models. The results 

show that the failure around the tunnel was confined in most parts to the damaged zone at 

shallow depths, but not in deep excavations. The failures and fallouts mapped with the 

coupled models were consistent with practical observations. Since the continuum models 

cannot simulate failure, results from the coupled model were used to identify indicators for 

failure in the continuum models. It was seen that yielding due to volumetric straining (in 

FLAC) and 100% yielded elements (in Phase2) were consistent with the failures mapped in the 

coupled models for shallow excavations, but was less consistent for deep excavations

Keywords: blast-induced damaged zone, blast-induced radial cracks, continuum-discontinuum 

coupled model, failure, fallout, volumetric strain, 100% yielded elements, failed zone. 
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1. Introduction

The most cost effective method for excavating tunnels in massive hard rock masses, where the 

uniaxial compressive strength very often exceeds 200 MPa, is by drilling and blasting. A very 

important concern often arises with this method: - unwanted damage induced by blasting 

beyond the desired perimeter of the tunnel. The significance and importance of this damage 

have been deliberated by among others; Oriad (1982), MacKown (1986), Ricketts (1988), Plis 

et al. (1991), Forsyth (1993), Andersson (1992), Persson et al. (1996) Raina et al. (2000) and 

Warneke et al. (2007). To minimize this damage perimeter blasting techniques, such as 

smooth blasting (e.g. Holmberg and Persson, 1980) are commonly used, complemented by 

theoretical blast damage tables and charts (e.g. AnläggningsAMA-98, 1999). In spite of these 

precautionary measures blast damage is still inevitable and the conceived consequences are 

evidenced in the form of increased support cost and requirements, slow tunnel advance, 

unforeseen stability problems originating from blast damage, conduit for water flow, reduction 

in tunnel life, etc.

Although the blast-induced damage guidelines, mentioned above, are useful in tunnelling and 

drifting works, it is still unclear how, when and to what degree the damaged zone affects the 

stability of an excavation. The construction of a tunnel for example can either speed up or 

slow down if the effects of the damaged zone are understood at a reasonable level so that the 

blast-induced damage can be controlled optimally without making too many sacrifices. 

Cautious blasting is costly and time consuming. If it can be eliminated in some cases then it 

will save cost and time for clients and contractors alike. On the other hand if no such controls 

are in place then the excavation can be in danger of uncontrolled blasting, which will lead to 

instability problems and unsafe working environment, bad tunnel geometry, and additional 

material to remove.  

In order to understand the effect of the blast-induced damage zone on the stability and 

performance of an excavation, an understanding of how the zone behaves under certain 

scenarios is essential. This was the focus of a paper by Saiang and Nordlund (2008). This 

paper (i.e. Saiang and Nordlund, 2008) also revealed the need for detailed modelling of the 

blast-induced damaged zone, in order to gain a proper understanding of its behaviour. Hence, 

in the present paper the damaged zone was studied after coupling FLAC and PFC2D to create a 

continuum-discontinuum coupled model. In the coupled model the inner segment of the model 

was simulated using PFC2D, while the outer segment was simulated using FLAC. This enabled 
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the tracking of failure and fallout within the PFC segment where the tunnel was excavated. 

Blast-induced radial cracks were individually implemented in the model. FLAC and Phase2

were also run independently and the results were compared to the coupled models. Since 

continuum models cannot simulate failure, results from the coupled model were used to 

identify indicators for failure in the continuum models, i.e. in the FLAC and Phase2 models. It 

must be noted that the numerical analyses presented in this paper do not concern the actual 

blasting process, but the effects and behaviour of the damage created by blasting.   

SveBeFo (Swedish Rock Engineering Research) has performed an extensive investigation into 

damage caused by blasting for over a decade, starting in the early 1990’s (Nyberg and 

Fjellborg, 2002; Nyberg et al., 2000; Olsson et al., 2004; Olsson and Bergqvist, 1993; Olsson 

and Bergqvist, 1995; Olsson and Bergqvist, 1997; Olsson and Ouchterlony, 2003; Olsson, 

1992; Ouchterlony, 1997; Ouchterlony et al., 2001). Results from these investigations were 

used as a basis to develop computer models in this paper. 

2. Background 

2.1. Blast-induced fracture characterization 

In order to make an educated judgement on the failure processes and expected effects, the 

understanding of the characteristics of the blast-induced damaged is important. The blast-

induced damage can generally be defined as any damage that originates from blasting. 

SveBeFo developed a simple methodology to differentiate between blast-induced damages (or 

cracks according to SveBeFo) and those that originate from other sources. This is illustrated in 

Figure 1. Cracks that originate from the half-pipes are considered as blast-induced and those 

not originating from the half-pipes are considered to be from other sources, either natural or 

stress-induced. The SveBeFo investigations revealed that the maximum depth of damage (i.e. 

in terms of crack length) resulting from controlled blasting usually extends to about 0.7 m and 

in less controlled conditions can reach 1.2 m.  The average depth of these crack lengths was 

about 0.3 m.  

The crack patterns observed had various characteristics which depended on the many factors, 

including for example; explosive properties, rock mass properties and blast-hole geometrical 

parameters. Two examples of these crack patterns are shown Figures 2 and 3.
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The physical characteristics of the blast-induced damage are important if the mechanical 

behaviour of the damage zone is to be assessed. The blast damaged zone is composed of 

macroscopic to microscopic fractures of varying sizes, shapes and lengths. Microscopic 

fractures can significantly destroy the rock fabric and thus contribute to the overall reduction 

in the strength of the damaged rock. Within the damaged zone there are numerous rock 

bridges. These rock bridges must be broken before rock mass failure could occur. Diederichs 

and Kaiser (1999), have shown that 1% of the rock bridges within 1m2 can produce cohesive 

strength equal to the strength of one cable bolt. Under low confinement conditions the role of 

these rock bridges for stability and the behaviour of the damaged zone can be significant. 

ISRM (1981) recognized the importance of rock bridges for strength and stability at low 

confinement conditions, such as open pit slopes, and therefore a relationship was proposed for 

estimating the cohesive strength of the rock bridges as a function of the compressive and 

tensile strengths of the intact rock.

Blast-induced cracks 

Natural cracks 

Stress-induced cracks 

Half-casts or 
half-pipes 

Figure 1: Crack patterns originating from different sources (modified after Olsson et al., 2004). 
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Figure 2: Radial cracks observed around a 64mm blast-holes from a bench blast.  The explosive used 
is Kumulux with 22 mm cylindrical column charge, with the holes blasted instantaneously (Olsson and 
Bergqvist, 1995). 

Figure 3: Tangential cracks observed around 64mm blast-holes from bench a blast with wider hole 
spacing. The explosive used is Gurit with 22 mm cylindrical column charge (Olsson and Bergqvist, 
1995).

2.2. Rock mass properties 

Most of the blast-induced damage investigations by SveBeFo’s were conducted at a granite 

quarry. The average compressive and tensile strengths of the granite were 200 MPa and 12 

MPa, respectively. For the majority of the rock masses in Sweden, which comprise mostly of 

hard crystalline rock, the intact strengths given above are generally considered typical. In 

terms of engineering classification, the rock mass in Sweden is generally classed as good 

quality or above average. The generally reported GSI values for these rock masses are 60 or 

greater.

3. Method

3.1. Tracing of blast-induced cracks 

For the sake of simplicity the crack patterns shown in Figures 2 and 3 were used as the basis 
for developing the blast-induced radial crack patterns, although SveBeFo’s work revealed 

F-5



complicated crack patterns. The cracks were first individually traced as shown in Figure 4 
using AutoCAD. Cracks with orientation angles of up to 25o from blast-hole row were made 
to intersect those with similar orientation from neighbouring blast-holes as shown in Figure 4. 
Those with orientation angles greater than 25o do not intersect. To make it easier to implement 
in the computer models the traced cracks were generated at 15o intervals. Figure 5 shows the 
final but simplified implementation of these cracks around the tunnel periphery. The 
maximum lengths of the cracks were taken as 0.5 m. This length was found to numerically suit 
Phase2 when finite element grids were generated. The spacing between the centroid of a set of 
radial cracks to another is 0.5 m.  

25o 21o
17o

Blast-holes 

Figure 4: Estimation of intersecting cracks from adjacent blast-holes. Cracks with orientation angles up 
to 25o from the blast-hole row intersect each other, while those greater than 25o do not intersect.    

Figure 5: Radial cracks generated within the PFC and Phase2 models as per observations in Figures 2 
and 3. The spacing between the blast-holes is 0.5 m. 
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Coupling of FLAC and PFC2D

The coupling of FLAC and PFC2D is done by the use of the socket I/O (Input/Output) 

functions to transfer data between the two codes. Initially, a series of walls is created in 

PFC2D, where each wall corresponds to a single surface segment of a FLAC zone. In other 

words FLAC and PFC2D must share the same geometrical coordinates at their interfaces. As 

the FLAC zones deform in large-strains, grid point velocities are transferred to PFC2D, so that 

the walls move in exactly the same way as the boundary segment of the FLAC grid. The 

resulting wall forces, due to particle interacting with the walls, are transferred to FLAC as 

applied grid point forces. In this way, a fully coupled simulation is performed (see Itasca, 

2004). One of the codes, in this case FLAC, acts as a server while PFC2D as a client, to 

establish the contact. Cycling is synchronized in both codes so that the same displacements are 

calculated in each code at the same time step.  

In the present paper the coupling was done by invoking a series of FISH files found in FLAC

and PFC2D FISHTanks that deal with coupling of the two codes. The FISH files were custom 

edited and then systematically executed. It was important that FLAC and PFC2D share the 

same geometrical boundaries where they were to be interfaced. Furthermore, the FLAC zone 

sizes near or at the interface were sufficiently small to within a tolerable range for the small 

PFC2D ball sizes. Stresses were initialized with stress gradients. As with geometrical 

boundaries, the two components shared the same stresses; however, the stress initialization 

was done in PFC2D, which served as the source code for the coupling. In order for the model 

to work properly the stresses were initialized to a tolerance factor of 0.001, in order to 

eliminate stress imbalance in the two components. Note that the stress initialization with the 

option to apply stress gradients is not available in versions earlier than PFC2D 4.0. Figure 6 

illustrates the important features of coupling FLAC and PFC2D. FLAC was set to run in large 

strain mode to conform to PFC2D.
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FLAC

PFC2D

FLAC and PFC2D share the same geometrical coordinates 

FLAC and PFC2D share the same boundary stresses 

Figure 6: Coupling of FLAC and PFC2D with illustration of the important features. 

Implementation of blast-induced damage in coupled FLAC-PFC2D model 

The implementation of the radial cracks in PFC2D is not straight forward. Several steps were 

followed in the implementation. Without going into too many details the following eight 

sequential steps were used: (i) the inner horse-shoe shell for the damaged zone and the tunnel 

were created in PFC2D, (ii) cracks with desired origins were introduced, but at this time the 

cracks have the same properties as the intact rock, (iii) an outer rectangular shell of the PFC2D

model was created, (iv) the completed PFC2D model is coupled with FLAC, (v) stresses were 

initialised in PFC2D and the coupled model brought to equilibrium, (vi) the tunnel was 

excavated inside PFC2D (vii) properties of the cracks were changed to those of the blast-

damaged cracks, and (viii) cycling began. The above steps were necessary to avoid blast-

induced radial cracks extending into the undamaged rock mass region.  

Blast-induced radial cracks were individually implemented in the PFC2D component of the 

coupled model at 15o intervals (see the embedment in Figure 7). This was done explicitly by 

defining the coordinates and the orientation of each crack. The spacing between the blast holes 

is 50 cm as stated in Section 3.1 (also see Figure 5). The smooth joint model was applied to 

the cracks and the properties of the cracks are those shown in Table 1. Because of limited 

information about the mechanical properties of a blast-induced crack, the values shown in 

Table 1 are assumed from Saiang et al (2005). A 45o friction angle was assumed for the blast-
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induced cracks. For the ordinary rock mass the micromechanical properties used are those 

derived in Saiang (2008). These are shown in Table 2. 

It was important that the FLAC zones and PFC2D balls shared approximately the same 

dimensions at the interface or the segment boundary. To make that possible radial grids were 

generated for FLAC (see Figure 7). The average PFC2D ball radius is 0.75 cm, while the 

average FLAC zone size is 1.0 cm x 1.0 cm. 

Figure 7: FLAC-PFC2D coupled model, with the embedded figure showing radial cracks in the PFC2D

component.   

Table 1: Properties of the blast-induced cracks  (stiffness and strength data is assumed from Saiang et 
al., 2005) 

Parameter Value
Normal stiffness 1.3 MN/m 
Shear stiffness 1.3 MN/m 
Shear bond strength 1.4 MPa 
Normal bond strength 0
Friction coefficient 1.0
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Table 2: Micro-mechanical properties for the synthetic rock mass (Saiang, 2008) 

Parameter Value
Normal stiffness,  58 GN/m 
Shear stiffness,  23 GN/m 
Normal bond strength 2 MN 
Shear bond strength 10 MN 
Friction coefficient 1.0

Implementation of blast-induced damage in Phase2

The primary reason for using Phase2 in this study was that, it was easy to implement the radial 

cracks in the model, because of the program’s CAD capabilities. Figure 8 (a) shows the blast-

induced cracks implemented in Phase2. There are several options for treating joints in Phase2

(see Figure 8 (a).) In the models of this paper the cracks with orientation angles up to 25o are 

open at both ends since the cracks intersect each other. Those with orientation angles greater 

than 25o are open at one end and closed at the other. The Mohr-Coulomb friction model was 

applied to the cracks. The properties of the cracks are the same as those used in the coupled 

model, see Table 1.  The undamaged rock mass is treated as an equivalent continuum, whose 

properties can be estimated by empirical methods such as Hoek-Brown (e.g. Hoek et al., 

2002). The inputs for the rock mass used in the Phase2 models are given in Sections 3.6 and 

3.7.

   

(a)       (b) 
Figure 8: (a) Blast-induced radial cracks implemented in Phase2.  (b) Options in Phase2 for joint/crack 
implementation  
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Implementation of blast-induced damage in FLAC

Unlike Phase2 the implementation of radial cracks in FLAC was difficult. Hence, the radial 
cracks were not implemented in FLAC. However, the approach used in FLAC is the 
assumption of equivalent continuum. The mechanical properties of the blast-induced damaged 
zone are rationally reduced from those of the undamaged rock mass. This approach is 
presented in Saiang and Nordlund (2008). The inputs for the FLAC models are given in 
Sections 3.6 and 3.7. 

Undamaged zone 

Damaged zone 

Figure 9: Implementation of the damaged zone in the FLAC model. Both damaged and undamaged 
zones were treated as equivalent continuum, however, the damaged zone has reduced mechanical 
properties (see Saiang and Nordlund, 2008).  

In-situ parameters  

The in-situ rock mass parameters shown in Table 3 were used in deriving the inputs for the 
continuum models (i.e. Phase2 and FLAC). The properties in Table 3 reflect a typical Swedish 
hard rock mass system, which is generally (for engineering purposes) described as good or 
above average quality. These rock masses generally comprise hard massive crystalline rocks. 

The in-situ stresses used in the models were those reported by Stephansson (1993), which are 
based on over-coring measurements. These are: 

gzV           (1) 
zH 044.07.6          (2) 
zh 034.08.0          (3) 

F-11



where V  is the vertical stress, H  and h  are the maximum and minimum horizontal 
stresses respectively, is the density, g is the gravity and z is the depth. In the models H  is 
perpendicular to tunnel axis and h  is in the direction of the tunnel.

Table 3: Rock parameters used in deriving inputs for the numerical analyses 

Parameter Value
Intact rock compressive strength, ci    200 MPa 
Geological strength index, GSI    60
Hoek-Brown rock constant, mi 33

Inputs for Phase2 and FLAC models 

3.7.1. Rock mass modulus 

The rock mass modulus was estimated using the simplified Hoek-Diederichs equation given 

below (Hoek and Diederichs, 2006). 

11/25751
2/1000 100 GSIDrm e

DE        (4) 

where Erm is the rock mass modulus, D is the disturbance factor and GSI is the geological 

strength index. A disturbance factor of 0.15 is assumed for the analyses. This gives a modulus 

of the blast-induced damaged zone of 14 GPa. The modulus of the undamaged rock mass is 20 

GPa according to Equation (4).

For the FLAC models the modulus of the damaged zone was linearly varied as illustrated in 

Figure 10. The calculated modulus of the damaged zone, ED, was assumed to be the value at 

tunnel boundary. The linear variation of modulus was implemented using a FISH program. 
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Deformation modulus 

Em

ED

Distance from tunnel boundary

Damaged zone

Undamaged zone 

Figure 10: Linear variation of modulus of the rock mass from the tunnel boundary and into the virgin 
rock in FLAC.

3.7.2. Rock mass strength parameters 

The rock mass strength parameters were determined via PFC modelling. This involved 

performing a series of numerical laboratory tests using PFC to obtain a failure envelope and 

subsequently the strength parameters from it. Saiang (2008) describes the procedure and the 

determination of the strength parameters through PFC modelling. The reason for determining 

the strength parameter values using PFC2D is the difficulty of determining the correct input 

values for the hard rock mass using the Hoek-Brown empirical equations (see for example 

Carter et al., 2007; Diederichs et al., 2007; Saiang, 2008). Table 4 shows the strength 

parameters for the damaged and undamaged rock masses. These parameters were used as 

inputs for the Phase2 and FLAC models. In the Phase2 models however, the strength 

properties of the damaged zone were not used since cracks were implemented to represent the 

damaged zone. 

Table 4: Strength parameters determined from the PFC models (Saiang, 2008) 

Values
Parameter

Undamaged rock mass Damaged rock mass 

Cohesion, c (MPa) 5.8 3.1

Friction, o) 32 31

Tension, t (MPa) 2.5 1.3

Dilation,  (o) 9 7
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Simulation method 

In the coupled FLAC-PFC2D model, the parallel model was applied to the synthetic rock mass, 

while the smooth joint model was applied to the cracks (that is within the PFC2D segment). In 

the FLAC segment the Mohr-Coulomb constitutive model was used. In the Phase2 and FLAC

models the Mohr-Coulomb model was used for simulating rock mass. Although Saiang (2008) 

concluded that the Mohr-Coulomb Strain-Softening model captured the behaviour of the 

brittle rock reasonably well, the Mohr-Coulomb is nevertheless used in the present analysis for 

the sake of consistency. This is because the Mohr-Coulomb Strain-Softening model is not 

found in Phase2.  The consistency in the constitutive model will also enable a fair comparison 

of the results from models. 

A 9 x 9 m horse-shoe shaped tunnel, similar to a large single track railway tunnel in Sweden, 

is chosen for the analyses.

4. Results

4.1. Coupled FLAC-PFC2D results 

The yielded or the failed zones in the coupled model were mapped as illustrated in Figure 11. 

Regions where the contacts between the particles have been broken but no actual fallouts 

occurred are also considered as failed and therefore mapped. Forces were tracked in order to 

observe the mechanisms that cause the failure. These mechanisms were either tension or 

compression. 

Table 5 shows the fallouts mapped from the coupled model at depths of 10, 100, 500 and 1000 

m. The results are for the models with the blast-induced damaged zone. For the purpose of 

comparing the behaviour, simulations were also performed at the same depths for the models 

without the damage zone. The results for these models are shown Table 6.
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(a)    (b)

Figure 11: (a) Sample of cracking and fallout in the PFC2D component of the coupled model in the 100 
m depth model and (b) failed zone mapped from (a).  

Table 5: Failed zones mapped from the FLAC-PFC2D coupled models for depths of 10, 100, 500 and 
1000 m – with the blast-induced damaged zone. 

Overburden 10 m 100 m 500 m 1000 m 

Failed zones 
mapped from 
coupled
model 

Maximum
depth of 
failure and 
failure 
mechanisms

Roof:
- < 1 cm 
- compressive 

shear
Wall:
- 5 cm 
- tension
Floor:
- < 1 cm 
- compressive 

shear

Roof:
- 17 cm 
- compressive 

shear
Wall:

- 24 cm 
- tension
Floor:

- 4 cm 
- compressive 

shear

Roof:
- 80 cm 
- compressive 

shear
Wall:
- 45 cm 
- tension
Floor:
- 11 cm 
- compressive 

shear

Roof:
- 102 cm 
- compressive 

shear
Wall:
- 63 cm 
- tension
Floor:
- 25 cm 
- compressive 

shear
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Table 6. Failed zones mapped from the FLAC-PFC2D coupled models for depths of 10, 100, 500 and 
1000 m – without the blast-induced damaged zone. 

Overburden 10 m 100 m 500 m 1000 m 

Failed zones 
mapped from 
coupled
model 

Maximum
depth of 
failure and 
failure 
mechanisms

Roof:
- < 1 cm 
- compressive 

shear
Wall:
- 3 cm 
- tension
Floor:
- < 1 cm 
- compressive 

shear

Roof:
- 15 cm 
- compressive 

shear
Wall:

- 20 cm 
- tension
Floor:

- 2 cm 
- compressive 

shear

Roof:
- 48 cm 
- compressive 

shear
Wall:
- 34 cm 
- tension
Floor:
- 8 cm 
- compressive 

shear

Roof:
- 80 cm 
- compressive 

shear
Wall:
- 52 cm 
- tension
Floor:
- 24 cm 
- compressive 

shear

4.2. Phase2 Results 

Figure 12 shows an example of failure mapping done in Phase2. The contours of 100% 

yielded elements were seen to be consistent with the FLAC-PFC2D coupled model failure 

mapping results in the walls. However, the yielding grows larger with depth in the roof and 

floor where high compressive stresses concentrate. This can be expected since the Phase2 (and 

also FLAC) models are perfectly plastic. Table 7 shows the results from the mapping of the 

100% yielded elements (symmetric models were constructed in Phase2 to save simulation 

time). In the walls (where tensile stresses were dominant) the failure is consistent with those 

of the coupled models. Note that, the term failure is used here since the elements have yielded 

both in tension and shear, that is 100% yield. 

Figure 13 shows the failure mechanisms within the blast-induced damaged zone. It was seen 

that, pockets of high tensile and compressive stresses developed around the blast-induced 

cracks. Compressive shear failure was dominant along the cracks that were open ended, while 

tensile failure was occurring at the tips of closed ended cracks (for the descriptions of open 

and closed ended cracks see Section 3.4). 
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(a)    (b) 

Figure 12: (a) Contour of the yielded elements in the 100 m depth model (b) mapped region of the 
100% yielded elements.   

Table 7: Failed zones mapped from the Phase2 models for depths of 10, 100, 500 and 1000 m. All 
models with damaged zone. 

Overburden 10 m 100 m 500 m 1000 m 

Failed zones 
mapped from 
Phase2 model 

Maximum
depth of 
failure and 
failure 
mechanisms

Roof:
- < 1 cm 
- compressive 

shear
Wall:
- 4 cm 
- tension
Floor:
- < 1 cm 
- compressive 

shear

Roof:
- 34 cm 
- compressive 

shear
Wall:

- 43 cm 
- tension
Floor:

- 30 cm 
- compressive 

shear

Roof:
- 100 cm 
- compressive 

shear
Wall:
- 45 cm 
- tension
Floor:

- 120 cm 
- compressive 

shear

Roof:
- 170 cm 
- compressive 

shear
Wall:
- 110 cm 
- tension
Floor:
- 180 cm 
- compressive 

shear
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Figure 13: Pockets of high tensile and compressive stresses develop around the radial cracks, thus 
inducing tensile and compressive shear failures. 

4.3. FLAC results 

In the FLAC analysis the regions where yielding occurred through volume straining were 

consistent with the failed regions mapped in the coupled models. It was observed earlier in 

Saiang (2008) that for the rock mass type simulated in this paper yielding begins at strain 

values of 0.05% to 0.06%. By contouring the volumetric strains at 0.05% intervals in FLAC

models revealed that strain concentrations occurred when the 0.05% value was exceeded. 

Contouring of the regions where this value was exceeded showed similar behaviour and 

consistency with the coupled FLAC-PFC2D models. This is illustrated by Figure 14 for 

example, which shows the volumetric strain concentration around the tunnel for the 100 m 

depth model and mapping of concentration in the areas where the volumetric strain exceeded 

0.05%. Table 8 shows the mapped regions where the volumetric strain has exceeded 0.05% 

for various overburdens simulated. 

FLAC models also show similar results to those of Phase2 models. That is, the yielding in 

walls (in this case due to volumetric straining) is consistent with those seen in coupled models. 

However, in the roof and the floor the yielding grows larger with increasing depth due high 

concentration of compressive stresses in these areas. As with Phase2 this can be expected 

since the perfectly plastic model is used in FLAC.
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(a)        (b) 

Figure 14: (a) Region where the incremental volumetric strain exceeded 0.05% and (b) contour of the 
region where the volumetric strain was exceeded. 

Table 8: Failed zones mapped from the FLAC coupled models for depths of 10, 100, 500 and 1000 m. 
The models have blast-induced damaged zone. 

Overburden 10 m 100 m 500 m 1000 m 

Failed zones 
mapped from 
FLAC model 

Maximum
depth of 
failure and 
failure 
mechanisms

Roof:
- < 1 cm 
- compressive 

shear
Wall:
- 8 cm 
- tension
Floor:
- 0 cm 
- compressive 

shear

Roof:
- 36 cm 
- compressive 

shear
Wall:

- 38 cm 
- tension
Floor:

- 32 cm 
- compressive 

shear

Roof:
- 96 cm 
- compressive 

shear
Wall:
- 40 cm 
- tension
Floor:
- 122 cm 
- compressive 

shear

Roof:
- 180 cm 
- compressive 

shear
Wall:
- 86 cm 
- tension
Floor:
- 200 cm 
- compressive 

shear

5. Discussions

The maximum depths of the failed regions mapped from the coupled model are shown in 

Figures 15 and 16, for the models with and without the blast-induced damaged zone 

respectively. In both cases the thickness of the failed zone increases with depth. The 
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thicknesses of the failed region in the models with damaged zone are slightly higher than 

those without damaged zone. The depths of the failed zones mapped in the coupled models are 

within the region generally observed fail in practice, where failed areas have been reported to 

be in the order of 10 to 70 cm. Figures 15 and 16 also show the shift in the instability from the 

walls at shallow depths to the roof at greater depths. Failures were observed to increase with 

the presence of the damaged zone, which are shown by Figures 17 and 18 for the wall and the 

roof.
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Figure 15: Maximum thickness of failure mapped for the wall, roof and floor from the coupled FLAC-
PFC2D model – with the damaged zone. 
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Figure 16: Maximum thickness of failure mapped for the wall, roof and floor from the coupled FLAC-
PFC2D model – without the damaged zone 
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Figure 17: Maximum thickness of failure in the wall mapped from the coupled FLAC-PFC2D models. 
The presence of the damaged zone increases the depth of failure 
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Figure 18: Maximum of thickness failure in the roof mapped from the coupled FLAC-PFC2D models. 
The presence of the damaged zone increases the depth of failure 

With increasing depth the failure behaviour also changes. At shallow depth, failure and fallout 

occurred mainly in the walls, as tensile failures. As the depth increased the failure shifted to 

the roof and to compression induced failures. The depth of the failed zone also increased in 
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the roof. Figures 17 and 18 show the cumulative depths of failure with increasing depth 

plotted on a lognormal scale. These figures indicate the shift in the instability from the walls at 

shallow depths to the roof at greater depths. 

Failure in the floor was less significant than in the roof and the wall. However, Phase2 and 

FLAC results showed otherwise. That is, the failure in the floor has approximately the same 

thickness as in the roof. A reason for this difference could be that the high stresses observed in 

the floor may have compressed and locked in the particles and the blast-induced cracks in the 

coupled FLAC-PFC2D models.  Furthermore the bond strengths of the particles may have been 

higher than the compressive stresses. On other hand continuum models cannot simulate failure 

and therefore the yielding mapped in the FLAC and Phase2 models may be not representative 

of ‘true’ failures. Furthermore, the FLAC and Phase2 models were based on a perfectly plastic 

constitutive model (i.e. Mohr-Coulomb), which therefore cannot simulate a brittle behaviour. 

There is a similarity in the behaviour observed in the tunnel wall for the numerical approaches 

used (i.e. FLAC-PFC2D coupled model, FLAC and Phase2). Comparing Tables 6, 7 and 8, it 

can be noticed that the thickness of failed zones and the general behaviour are similar for the 

three numerical approaches. This indicates that the brittle failure occurring in the wall is 

captured reasonably by all three approaches. The compression induced (shear) failures are 

predicted by greater amounts by FLAC and Phase2 compared to the FLAC-PFC2D coupled 

model, particularly in the roof and the floor. This can be expected as noted earlier that FLAC

and Phase2 are based on a perfectly plastic model.  

At depths up to 500 m failure and fallout was noticed to be influenced by the blast-induced 

cracks. Saw-tooth type of failure surfaces observed was noticed at these depths (see Figure 11 

(a) for example). This characteristic was not obvious in the models without the blast-induced 

cracks. In the 1000 m this characteristic vanished, thus indicating that in deep excavations the 

blast-induced cracks will have less influence on how the failure should occur.

The failure in the roof at 500 and 1000 m depths in the coupled FLAC-PFC2D model are 

‘church’ dome shaped (see Tables 4 and 5). This phenomenon has been reported in some deep 

underground excavations in Sweden. See for example Figure 19, which is a stress-induced 

church dome type failure observed in a deep underground mine in Sweden. Hence, the failure 

characteristic observed in the coupled model is not unusual in this respect. 
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Figure 19. The “church dome” roof profile from stress-induced failure in destressing experimental 
excavation in a deep underground mine in Sweden (from Borg, 1989). 

6. Conclusions

The behaviour of the blast-induced damaged was analysed using the continuum and the 

coupled continuum-discontinuum methods, with blast-induced cracks individually traced and 

implemented in these computer models. The following conclusions can be made from these 

analyses.

Blast-induced cracks were noted to influence the failure surface at shallow depths up to 

500 m in the coupled FLAC-PFC2D models. This was evidenced by the saw-tooth failure 

surfaces where failure propagated along the radial cracks and breaking off. However, at 

1000 m depth this behaviour vanished. This indicates that failure is less controlled by 

blast-induced cracks in deep excavations, where high stresses cause regional failure. The 

blast-induced damaged zone acts like a single continuum with reduced strength and 

modulus in deep excavations, while at shallow depths the behaviour of the damaged 

zone appears to be discrete.

Since the continuum methods do not model failure, the results from the FLAC-PFC2D

coupled model were used to identify the indicators for failure in the continuum models. 

The 100% yield elements in Phase2 and yield in volume in FLAC showed consistency to 

coupled model results at shallow depth, but not for deep excavations. In the walls where 

failure was occurring largely in tension all three numerical approaches (coupled FLAC-

PFC2D, Phase2 and FLAC) showed similar behaviour for yielding and failure. 

Tensile failure was dominant at depths less than 100 m, which mainly occurred in the 

tunnel walls. However, the dominant failure shifted to the roof and to a compressive 
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shear mode (according to the results coupled FLAC-PFC2D model results) for depths 

greater than 100 m. The maximum depth of failure also followed the same trend.
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Summary

A series of laboratory tests was performed on cemented shotcrete-rock joints to investigate the
strength and stiffness of the interfaces, while simulating field conditions as close as possible. The
direct shear test formed the core of the experimental work, while the tension and compression
tests were complementary. To simulate loading conditions experienced in practical cases the direct
shear tests were performed under fairly low normal stresses. In most practical cases when
shotcrete is used with rock bolts, the normal load on shotcrete lining seldom exceeds 0.2 to
0.5MPa. The direct shear test results show that, for such normal load range the shear strength is
determined by the bond strength for genuinely bonded shotcrete-rock interfaces. For higher
normal stresses (�n> 1.0MPa), which rarely exist at the shotcrete-rock interface, the shear
strength is largely influenced by friction resulting in the cohesive strength being less significant.
Assessment of the shear surface revealed that the steel fibres in the shotcrete appeared to con-
tribute significantly to the frictional component. The shear and normal stiffnesses of the interface
were also determined, which were in principal the stiffnesses of the bond. An interesting observa-
tion was the complex interaction at the interface and the mechanisms that controlled the peak
shear strength which depended on the surface roughness, the existence of natural flaws and the
normal load.

Keywords: Bonded shotcrete-rock joints, peak shear strength, bond strength, adhesion strength,
joint compressive strength, shear stiffness, normal stiffness.

1. Introduction

Shotcrete is gaining wide acceptance as surface rock support in both tunneling and

underground mining. The primary role of shotcrete, which perhaps is its most effective

role, is to prevent dilation of loose rock blocks and eventual fallouts, which if not

prevented could further lead to propagation of failure. The actual interaction between

the shotcrete and rock is quite complex. See for example Holmgren (1979, 1985,



1992), Stille (1992), Malmgren (2001) and Stacey (2002). However, the interaction or

for that matter the effectiveness of the shotcrete-rock interface is after all dependent

on the strength of the interface and its governing mechanical properties. The main

mechanical properties that affect the strength include stiffness, cohesion, adhesion

strength and friction. At a genuinely cemented interface the adhesion strength is very

important. External factors such as rock surface preparation and the geometry of the

rock surface on which the shotcrete is applied have been found to affect adhesion

strength quite significantly. Malmgren and Nordlund (2004) have shown that the

adhesion strength of shotcrete-rock interface at Kiirunavaara underground mine,

Sweden, was significantly increased when the rock surface was prepared by water-

jet scaling.

Some of the early studies on the strength of shotcrete-rock interfaces were by

Fernandez-Delgado et al. (1976) and Holmgren (1979). Since then a large and varied

number of tests have been performed, including field studies and observations. How-

ever, due to the complexities of shotcrete-rock interaction the various methods could

only provide specific data for simple ground conditions. The direct shear test is one

way of studying the strength of the interface and its mechanical properties. Thus this

study mainly focuses on direct shear test, with tension and compression tests being

complementary. The direct shear test was conducted under low normal loads to simu-

late field conditions as close as possible. For most practical cases where shotcrete

is used with rock bolts the normal load on shotcrete lining rarely exceeds

200–500 kN=m2 (0.2 to 0.5MPa).

Although no citations were made on past experimental work on the shear strength

of cemented shotcrete-rock joints by direct shear test method, a number of tests have

been conducted on non-cemented concrete-rock joints. For example, by Johnston and

Lam (1984), Lam and Johnston (1989), Kodikara and Johnston (1994), Seidel and

Haberfield (2002), and Changwoo et al. (2002). Cater and Ooi (1988) studied shear

hardening and softening behavior of genuinely cemented concrete-rock joints.

2. Test Samples

The initial preparation of the test samples was carried out at the Kiirunavaara under-

ground iron ore mine facilities, from where the samples were collected. One advan-

tage for preparing the samples at the mine site was that the shotcreting technique used

in the actual operation was used to prepare the test samples.

The rock samples mainly comprised magnetite iron ore and trachyte waste rock.

Magnetite is the principal iron ore mined at Kiirunavaara and trachyte is the waste

rock at the footwall side of the ore-body. The rock specimens collected were fresh and

taken directly from collapsed material from the roof and the walls. The average

uniaxial compressive strength of trachyte is 200MPa and of magnetite, 130MPa.

Surface roughness estimated in x and y directions, using Barton and Choubey’s

(1977) Joint Roughness Coefficient (JRC) Chart, ranged from 1 to 13 (see Fig. 1)

for the rock specimens collected. All magnetite surfaces registered JRC values from 1

to 3, along with 50% of the trachyte samples. The other 50% of the trachyte samples

registered JRC values from 9 to 13. Before shotcreting, the rock pieces were cleaned
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with water to achieve good adhesion and then placed inside wooden troughs and

shotcreted. The fibre reinforced shotcrete mixture used is shown in Table 1.

After curing for 28 days the test samples were extracted by coring. Coring was

chosen because it was easy to extract the test samples while minimizing disturbance to

Fig. 1. Roughness profiles and corresponding JRC values (after Barton and Choubey, 1977). JRC range for
the samples tested are shown in the dashed boxes

Table 1. Shotcrete mixture (wet-mix method)

Ingredient Ratio

Cement (kg=m3) 506
Silica (kg=m3) 20
Aggregate, dry weight (kg=m3) 1435
Steel fibre, Dramix 65=35 (kg=m3) 50
Slump (mm) 150
Water cement ratio (%) 38
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the joints. Figure 2 shows the type of specimens obtained for each test. The samples for

the direct shear tests were cored using 180mm inner diameter diamond drill bit, while

those for tensile and compression tests were extracted using 94mm inner diameter

diamond drill bit. The diametrical specifications for the specimens were predetermined

to comply with the laboratory test equipment and test method standards.

The final preparations of the test samples were done in the laboratory at Luleå

University of Technology. These preparations included edge preparation of the tensile

and compression test specimens, and molding of the direct shear test specimens in

cement grout. A typical final direct shear test sample, ready for testing is shown in

Fig. 3. The actual test specimen is encapsulated by a pre-mixed rapid hardening

concrete, capable of achieving its full strength within 7 days. These samples were

prepared inside stiff metal molds to conserve stiffness, shape, dimension and clean

finish. Circular clamps were used to center the specimens during molding so that the

joints coincide with the shear plane. The final dimensions of test blocks were

280mm� 280mm� 280mm with 10mm clearance around the joint to allow freedom

of shear and lateral displacements. The actual test surfaces were 180mm in diameter.

Fig. 2. Test samples. a) Direct shear test sample, b) tensile and compression test sample, c) shotcrete
compression test sample

Fig. 3. Direct shear test sample
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3. Experimentation

3.1 Direct Shear

A stiff servo controlled direct shear machine shown in Fig. 4a, which has a loading

capacity of 500 kN for both normal and shear forces, was used. It is controlled with

servo valves in both shear and normal directions. Designed and built at Luleå University

of Technology, the machine has the capacity to perform direct shear tests according to

ISRM suggested methods (e.g. ISRM, 1981). The shear machine has an overall dimen-

sion of 2.5m by 2.5m in width and height, with the width of the steel frame being two-

thirds the width of the shear box making the machine fairly stiff. Figure 4b shows the

Fig. 4. a. Luleå University of Technology’s stiff servo controlled direct shear machine. b. Principal
components of the direct shear machine, (0) stiff steel frame, (1) lower box, (2) upper box, (3) specimen

holder, (4) hydrostatic bearing, (5) spherical bearing, (6) & (7) hydraulic actuators, (8) bucker up
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principal components of this machine. This equipment has been in use since 1990 with

several master and doctoral research studies on rock joints being performed with it.

Prior to the actual tests a trial test was performed on 4 samples for sensitivity

evaluation and identification of suitable test conditions. This also included testing

for eccentricity, tilt and rotation of the sample inside the shear box. On the basis of

this test the normal load range was set at 1 to 40 kN, which corresponded to 0.04 to

1.57MPa for the sample diameter of 180mm. This normal load range was adequate to

avoid experimental uncertainties involving tilt and rotation and at the same time

simulate field conditions as close as possible. The shear displacement rate was set

at 0.1mm=min, which was enough to prevent uncontrolled displacements and failures.

The tests were performed under constant normal load conditions.

After mounting the samples inside the shear box, four LVDTs (BOFORS model

RAG 50) were prepared and glued systematically around the samples as shown in

Fig. 5 to monitor dilation. When ready for testing the normal load was raised steadily

to the required level and allowed to stabilize before applying the shear force. The

normal force was held constant while the shear was applied. Results recorded include

shear force (in kN), shear displacements (in mm) and normal displacements (in mm).

A total of 38 samples were tested after being sorted into 3 groups according to the

JRC values and rock type as shown in Table 2.

3.2 Joint Tensile Test

Tensile tests on shotcrete-rock joints were performed mainly to determine the adhesion

strength of the joints. A total of 3 shotcrete-trachyte and 4 shotcrete-magnetite samples

were tested using a Dartec low capacity (50 kN) servo controlled hydraulic testing

Table 2. Shotcrete-rock interface test categories

Category Joint type JRC value Number of samples

Group 1 Shotcrete-magnetite 1–3 20
Group 2 Shotcrete-trachyte 1–3 9
Group 3 Shotcrete-magnetite 9–13 9

Fig. 5. Experimental set-up. The LVDTs are systematically placed on the front and the back of the sample.
LVDTs 3 and 4 are at the back of the sample
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machine (Type RK) equipped with Dartec electronic system. Figure 6 shows the experi-

mental set up. The specimens were first cemented inside the spherical seating platens

and then locked into position for testing after the cement had hardened. Joint displace-

ments were measured using four Crack Opening Displacement (COD) gauges evenly

placed around the interface. The COD gauges (3541 series), manufactured by Epsilon

Technologies had the capacity to detect and measure displacements down to less than

0.1 mm. The distance between upper and lower clips where the COD gauges were

attached for measurements varied between 10 and 20mm for each test. To avoid uncon-

trolled failure the test was conducted with a displacement rate of 0.1 mm=s. The speci-
men was also monitored for comparison against joint closure measurements.

3.3 Joint Compression Test

The purpose of compression test on shotcrete-rock joints was to determine the joint

compressive strength and the joint normal stiffness in compression. These tests were

performed using an Instron servo controlled hydraulic testing machine, model number

1346, which is also equipped with Dartec electronic system for control and data

acquisition. To measure joint closure the four COD gauges were again evenly placed

around the interfaces akin to the setup in Fig. 6. The tests were controlled with a

displacement rate of 5 mm=s. Due to the sensitivity of the tests the overall specimens

were also monitored simultaneously and the experiments were stopped when initial

deformations were observed on the shotcrete. Shotcrete’s stiffness was approximately

half the stiffness of the rock, i.e. trachyte and magnetite.

3.4 Shotcrete Compression Test

The purpose of the shotcrete compression test was to determine the uniaxial compres-

sive strength of the shotcrete used in preparing the test samples for quality assurance.

Fig. 6. Experimental setup for joint tensile test. (1) Dartec hydraulic testing machine, (2) Dartec electronic
system and (3) enlarged view of the sample sandwiched between the loading platens
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A total of 12 shotcrete specimens were compressed using the same equipment used in

the joint compression test. The displacements were measured however via the stroke.

4. Test Results

4.1 Direct Shear

Since the major part of this study was devoted to the direct shear test, emphasis will be

primarily placed on direct shear test results.

4.1.1 Determination of Peak Shear Strength

Because of the nature of the test results it is necessary to explain how the peak values

for shear and residual strengths were obtained from the force-displacement plot.

Typically two types of observations were made which are shown in Figs. 7a and b.

Figure 7a represents the result of a joint with good adhesion. The shear stress was

observed to increase steeply until the bond (or the gluing) failed and at that point the

shear stress dropped sharply to a level where the displacement could be controlled at

the pre-set rate. Thereafter the shear stress increased again until a new peak was

attained and sliding was initiated.

Swedenborg (2001) also made similar observations when testing the shear strength

of fully grouted artificial planar joints. The two-stage shearing phenomenon was

mainly attributed to the low shear displacement rate and the low normal loads used,

besides the quality of interface adhesion. For this case the peak shear strength is

clearly attained at the stress level at which the bond failed, that is the bond strength.

The second peak was mainly due to friction on unbonded joint which was later used to

determine the peak friction angle. The residual shear strength is the residual stress

attained in the shearing of the unbonded joint at the second stage.

Figure 7b represents the result of joints with either poor adhesion or joints being

tested at higher normal stresses. Here the shear stress kept increasing until the peak

shear strength was attained and then the stress dropped to a residual value. In this case,

both the bond strength and friction contributed to the peak shear strength. There were

no clear indications of bond failure on the stress-displacement plots for such cases. On

the other hand, indications of bond failure were noted and recorded during the testing

process by visual and audible observations. Fortunately most of the bond failures

occurred with audible snaps. But whether these audible snaps indicated full or just

partial failures were difficult to verify. Interfaces that lost their bonding or adherence

during initial application of the normal loads were treated as having zero bond

strength.

Joints with JRC values of 9 to 13 generally showed strength characteristics repre-

sented by Fig. 7a, while joints with JRC values of 1 to 3 showed characteristics of both

Figs. 7a and b. The bond strengths were higher for the joints with JRC of 9 to 13 than

for joints with JRC of 1 to 3.

At this stage it is necessary to make clear that the term ‘bond strength’ will be used

throughout this paper to describe the strength of the bond between shotcrete and rock
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in direct shear, and ‘adhesion strength’ will be used to describe the strength of bond in

direct tension. This is mainly because of the different bond failure mechanisms

involved in the two tests which will be discussed later.

4.1.2 Results of the Trial Tests

Because the trial tests formed the basis for the actual tests it is necessary first to report

the results of the trial tests for subsequent comparison and discussion. These results are

shown in Table 3. The nature of the samples used in the trial tests needs commenting.

Firstly, the samples were cubical (200� 200� 200mm) compared to cylindrical in the

actual test. Secondly, the joints were created by pouring plain concrete (uniaxial

Fig. 7. a. Typical test result for a joint with good adhesion. The peak shear strength is equal to the bond
strength. b. Typical test result for a joint with either poor adhesion or joint tested at higher normal stress. The

peak shear strength is influenced by combination of bond strength and friction
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compressive strength¼ 40–45MPa) on the rock surface to create the interface com-

pared to shotcreting in the actual test samples. Thirdly, all sample preparations were

done in the laboratory, and the rock samples were all trachytes with JRC values of 1 to 3.

The significance of the trial test samples was that all the samples showed very good

adhesion which was later reflected by the reasonably high bond strength values when

tested, see Table 3. Furthermore, all the samples showed the shear behavior described

by Fig. 7a. Hence for the trial test the peak shear strengths were in principle the bond

strengths.

Sample #1 was first attempted at a normal load of 0.5 kN (0.013MPa) but was

observed to be unstable and therefore the normal load was raised to 1.0 kN

(0.025MPa), which was then observed to be relatively stable. Of the samples tested

sample #3 failed partially during initial application of the normal load. This sample

was remade and retested at 100 kN to evaluate the sensitivity of the LVDTs. The trial

tests also showed that tilt or rotation did not occur.

4.1.3 Test Results for Shotcrete-Rock Joints with JRC¼ 1–3

Test results for shotcrete-trachyte and shotcrete-magnetite joints with JRC of 1 to 3

were combined since the results were similar. Table 4 shows the test results for these

joints. The peak and residual strengths were determined using the procedures

described in section 4.1.1. The peaks corresponding to the stresses at which the bonds

failed, i.e. the bond strengths, are marked with asterisks (�). The shear stiffness (Ks)

values were calculated as secant stiffness from the peak shear strength.

Figure 8a shows the peak shear strengths for shotcrete-rock joints with JRC of 1 to

3. A distinction is made between the peaks corresponding to the bond strengths and

those resulting from combination of bond strength and friction. Although there is a

linear trend, a linear fit could not be done because the peaks attained were the result of

different failure mechanisms. As can be seen, at normal stresses less than 1.0MPa the

shear strength is mainly determined by the bond strength and beyond 1.0MPa it is

determined by a combination of bond strength and friction.

It is the shear strength at normal stresses less than 1.0MPa that is of interest to this

study because it has practical significance to shotcrete when it is used as surface rock

support. In most practical cases where shotcrete is used with rock bolts the usual or

perhaps the maximum normal stress seldom exceeds 0.2 to 0.5MPa. Therefore, the

shear strengths at normal stresses up to 1.0MPa are isolated and plotted in Fig. 8b.

Shear strengths that resulted from combined effect of bond strength and friction have

Table 3. Test results from the trial direct shear tests

Sample # Normal stress
(MPa)

Peak shear
strength (MPa)

Residual shear
strength (MPa)

1 0.03 2.03 0.06
2 0.25 1.98 0.11
3 1.25 1.67 0.69
4 2.50 2.15 1.70
#3 retest 2.50 2.11 1.68

Average: 2.07

284 D. Saiang et al.



been omitted since the failure mechanisms for these cases were quite complex, which

are discussed later in this paper.

By only showing the shear strengths with typical characteristics of Fig. 8b the

significance of the bond strengths is clearly seen. Thus, Fig. 8b shows that at genu-

inely cemented shotcrete-rock interfaces the shear strength is effectively determined

by the bond strength for the normal stresses anticipated in practical cases. There is a

notable scatter of the bond strengths though, which nevertheless reflects the quality of

adhesion between the shotcrete and the rock. A linear fit has been attempted but that

resulted in a correlation coefficient of 0.31, which is rather low. The phenomenon of

cohesion weakening and cohesion weakening – friction mobilization (Hajiabdolmajid

et al., 2003) may exist, but this could not be easily verified given the nature of the

results in this test. The best that could be done however, was to average the bond

strengths, which resulted in an average of 0.50MPa, with upper and lower bounds

approximately equal to 0.24 and 0.85MPa, respectively. These upper and lower

bounds are shown as dashed horizontal lines in Fig. 8b.

Figure 8c shows the plot of the residual strengths. The residual strength values

were obtained as described previously in section 4.1.1. From this figure the residual

Table 4. Summary of test results for shotcrete-magnetite joints with JRC¼ 1–3

Sample # Joint
type

JRC Normal stress
(MPa)

Peak shear
strength (MPa)

Residual strength
(MPa)

Shear stiffness,
Ks (MPa=mm)

58 S-Ma 1–3 0.03 0.18 0.00 0.29
5 S-Tb 3–3 0.03 0.24c 0.00 0.33d

65 S-M 1–3 0.11 0.18 0.00 0.23
39 S-T 1–1 0.13 0.11 0.00 0.19
51 S-M 1–3 0.23 0.42c 0.00 1.67d

36 S-T 1–1 0.23 0.34 0.29 0.65
33 S-M 1–3 0.27 0.28c 0.20 1.03d

52 S-M 3–3 0.29 0.69c 0.39 0.56d

32 S-T 1–1 0.31 0.35c 0.21 0.92d

53 S-M 1–3 0.33 0.35c 0.31 1.30d

31 S-T 1–1 0.35 0.42c 0.28 0.38d

57 S-M 1–3 0.42 0.35 0.33 0.40
6 S-T 3–3 0.42 0.71c 0.35 0.23d

69 S-M 1–3 0.48 0.61c 0.49 1.17d

62 S-M 1–3 0.54 0.85c 0.34 1.30d

66 S-M 1–3 0.62 0.63 0.50 0.90
37 S-T 1–1 0.62 0.90 0.49 1.50
61 S-M 1–3 0.82 0.57c 0.63 1.50d

38 S-T 1–1 0.82 1.15 0.66 0.73
59 S-M 1–3 0.90 0.79 0.63 0.58
64 S-M 1–3 1.21 1.21 1.02 2.10
34 S-T 1–1 1.21 1.14 0.92 2.13
56 S-M 1–3 1.41 1.53 1.06 2.20
63 S-M 1–3 2.00 1.81 1.44 3.50
54 S-M 1–3 2.39 2.12 1.76 2.25
68 S-M 1–3 3.57 3.07 2.40 2.88

a S-M: Shotcrete-magnetite joint.
b S-T: Shotcrete-trachyte joint.
c Peak corresponding to the bond strength, i.e. peak shear strength¼ bond strength.
d Shear stiffness¼ bond stiffness.
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friction angle determined is 35�. The peak friction angle determined by using the

secondary peaks, which occurred after the bonds had failed (see Fig. 7a), is 40�.
Figure 8d shows the plot of the shear stiffness. Thus the shear stiffness values are

essentially the stiffness of the bond between the shotcrete and the rock. As seen, there

is no clear relationship between the stiffness and the normal stress, therefore an

average value of 0.94MPa=mm was calculated for these interfaces for the given

normal stress range.

Fig. 8. a. Peak shear strength plot for shotcrete-rock interfaces with JRC¼ 1–3. b. Plot of peak shear
strengths corresponding to the bond strengths for shotcrete-rock interfaces for normal stresses less than

1.0MPa, JRC¼ 1–3
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4.1.4 Test Results for Shotcrete-Rock Joints with JRC¼ 9–13

The test results for shotcrete-rock joints with JRC of 9 to 13 (this group was mainly

shotcrete-trachyte) are shown in Table 5. As for interfaces with JRC of 1 to 3 the shear

strengths corresponding to the bond strengths are marked with asterisks (�). The
strength plots for this group of interfaces are shown in Figs. 9a to c. As before a

distinction is made between the peak shear strengths corresponding to only the bond

strengths and those resulting from combination of bond strength and friction in Fig. 9a.

In Fig. 9b the shear strengths corresponding to the bond strengths for normal stresses

less than 1.0MPa are shown. A similar observation as for interfaces with JRC of 1 to 3

Fig. 8. c. Residual shear strength plot for shotcrete-rock interfaces with JRC¼ 1–3. d. Shear stiffness plot
for shotcrete-rock interfaces with JRC¼ 1–3
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was made. That is, the bond strength could only be estimated with an average bounded

by lower and upper limits. This average is 1.37MPa and the upper and the lower

bounds are 1.12 and 1.85MPa respectively.

Figure 9c shows the residual strength plot for these interfaces. From this figure

the residual friction angle determined is 39.0�. The peak friction angle determined

in the same way as for interfaces with JRC¼ 1–3 was found to be 47�. Figure 9d

shows the shear stiffness plot for the interfaces whose shear strength corresponded

to the bond strength. Again no trend is seen and therefore an average stiffness of

1.3MPa=mm is calculated.

4.1.5 After-Test Shear Surface Assessment

After each test the shear surfaces were assessed for notable shearing patterns or

characteristics. Photographs were also taken for further reference with surface char-

acteristics of the test planes distinguishingly marked. The general observations can be

summarized as follows:

1. For the shotcrete-magnetite joints shearing mainly occurred on the magnetite

surfaces. This was evidenced by frequent plugging, chipping and crushing of the

magnetite surfaces.

2. For the shotcrete-trachyte joints shearing was mainly clean and frequently

occurred along the interface without significant chipping of the trachyte surfaces as

observed in magnetite.

3. The intensity of surface damage was more significant on magnetite surfaces

than on trachyte. The best explanation could be attributed to the hardness properties of

the two rock types.

4. Asperity shearing and over-riding were noticeable for shotcrete-trachyte joints

having JRC values of 9 to 13. Frequent polishing of shotcrete surfaces were observed

in areas of full contact between shotcrete and rock asperities. Remnants of cleanly

sheared shotcrete asperities, sometimes still glued to the rock surface were occasion-

ally found in rock valleys.

Table 5. Summary of test results for shotcrete-rock joints with JRC¼ 9–13

Sample # Joint
type

JRC Normal
stress (MPa)

Peak shear
strength (MPa)

Residual
strength (MPa)

Shear stiffness,
Ks (MPa=mm)

12 S-Ta 9–9 0.13 0.22 0.20 1.30
14 S-T 9–9 0.29 0.37 0.00 0.67
16 S-T 11–13 0.42 1.24b 0.00 1.26c

17 S-T 9–9 0.50 1.85b 0.49 1.20c

15 S-T 9–9 0.54 1.12b 0.75 1.19c

11 S-T 5–3 0.66 1.23b 0.55 1.10c

13 S-T 9–13 0.82 1.42b 0.94 1.80c

19 S-T 11–13 1.13 1.23 1.06 1.36

a S-T: Shotcrete-trachyte joints.
b Peak corresponding to bond strength, i.e. peak shear strength¼ bond strength.
c Shear stiffness¼ bond stiffness.
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5. Ripping through natural flaws in both trachyte and magnetite were significant in

cases where steel fibres penetrated the flaws. In two cases the peak shear strength was

achieved as a result of this tensile ripping. These results were omitted in the evaluation

as the failure process was complex.

6. The effects of steel fibres were clearly marked by considerable scratching,

peeling and often plugging of the rock surfaces, which appeared to depend on rock

surface hardness and inclination of the steel fibres with respect to the sliding plane.

The steel fibres angled perpendicular to sub-perpendicular in the direction of sliding

seemed to have pronounced effect.

Fig. 9. a. Peak shear strength plot for shotcrete-rock interfaces with JRC¼ 9–13. b. Plot of peak shear
strengths corresponding to the bond strengths for shotcrete-rock interfaces with JRC¼ 9–13
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4.2 Joint Tensile Test Results

The load at which two jointed pieces came apart was considered as the adhesion

strength of the joint tested. Table 6 shows the test results. Of the 7 samples tested

an average adhesion strength of 0.56MPa was obtained. As it can also be seen there is

a large scatter in the adhesion strengths, which reflects the quality of the adhesion.

Apart from adhesion strength determination the joint tensile stiffness values were also

determined for Kti (initial tensile stiffness), Ktt50 (tangential tensile stiffness at 50% of

peak stress) and Kst50 (secant tensile stiffness at 50% peak stress). These were mea-

sured as shown in Fig. 10. The magnitudes are 288MPa=mm for Kti, 251MPa=mm for

Fig. 9. c. Residual shear strength plot for shotcrete-rock interfaces having JRC¼ 9–13. d. Shear stiffness
plot for shotcrete-rock interfaces with JRC¼ 9–13
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Ktt50 and 261MPa=mm for Kst50. Note that in Fig. 10 the curves are spread out to some

extent. However, this pattern is not unusual for tensile tests of concrete (Noghabai,

1998). The crack will start and propagate from one point at the interface and therefore

the stiffness in the cracked area will decrease. Because of the high sensitivity of the

CODs it was possible to map the differences in stiffness over the interface.

4.3 Joint Compression Test Results

Figure 11a shows the typical joint compression plots obtained. Four curves are pro-

duced for joint deformation; each corresponds to the four CODs equally distanced

around interface to monitor joint deformation. It is not unusual to see some spread

because of the same reason stated earlier for the joint tensile test. Each joint closure

Table 6. Joint tensile test results for shotcrete-rock joints

Sample # Joint
type

Adhesion
strength (MPa)

Joint tensile stiffness

Kti (MPa=mm) Ktt50 (MPa=mm) Kts50 (MPa=mm)

71 S-Mb 0.89 216.3 111.7 148.3
72 S-M 0.35 468.6 576.7 460.5
73 S-M 0.29 187.4 187.4 181.3
79 S-M 0.30 158.6 75.7 100.0
21 S-Ta 0.70 328.0 268.9 305.0
22 S-T 1.21 468.6 370.7 432.1
23 S-T 0.16 187.4 168.8 200.0

Average: 0.56 288 251 261

a S-T: Shotcrete-trachyte joint.
b S-M: Shotcrete-magnetite joint.

Fig. 10. Stress-displacement plots from one shotcrete-rock interface tension test. Labeled (1) to (4) are
responses from the 4 CODs and labeled (ave) is the calculated average
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curve was isolated and analyzed as shown in Fig. 11b to obtain the joint compressive

strength (JCS) and normal stiffness (Kn) values. For a joint these values were averaged

and the results are shown in Table 7.

The JCS was determined as the strength corresponding to maximum joint closure.

Normal stiffness values were determined as initial normal stiffness, Kci, average

tangential normal stiffness, Ktc50, at 50% of JCS value and secant normal stiffness

at 50% of JCS, Kcs50. An average joint compressive strength (JCS) of 16.0MPa was

Fig. 11. a. Typical stress-displacement plot from a joint compression test. b. A typical joint compression
curve resulting from compression of shotcrete-rock joints. (a) Joint compressive strength (JCS). The joint is
assumed fully closed at this point. (b) Linearity indicating compression of intact material. (c) 50% of JCS,
tangent at this point on stress-displacement give Kct50 (tangent stiffness at 50% JCS) and Kcs50 (secant
stiffness at 50% JCS). (d) gradient of this line give Kni (initial normal stiffness). (e) the negative deflection

occurred when shotcrete failed and not due to joint closure (see Fig. 11a)
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obtained for the 4 samples tested. Average stiffness values for the samples were for

Kci, 100MPa=mm, for Ktc50 288MPa=mm and Ksc50, 182MPa=mm.

4.4. Shotcrete Compression Results

An average uniaxial compressive strength of 56.3MPa was obtained for the shotcrete

used in preparing the test samples. The average age of shotcrete was 50 days. For

many practical uses of shotcrete the uniaxial compressive strength of 30 to 60MPa is

acceptable. Thus the shotcrete used in this study is of fairly high strength. The

standard observed in testing and assessing the compressive strength of shotcrete

was the Svensk Standard SS 13 72 07 (1988).

5. Discussion

The reliability of the direct shear test can be compared to the trial test, which formed

the basis of the actual tests. The average bond strength of the trial tests is approxi-

mately four times the average bond strength of shotcrete-rock joints with JRC of 1 to 3

and 1.5 times the average bond strength of the shotcrete-rock interfaces with JRC of 9

to 13. This implies that the normal load selected on the basis of the trial test was

sufficient to avoid experimental uncertainties while simulating field conditions as

close as possible.

To assist in the discussion the strength and mechanical properties of the shotcrete-

rock interfaces are summarized in Table 8. The tensile and compressive strength

parameters for interfaces having JRC values of 1 to 3 are reported. It can be seen

that the average bond strength of the interfaces with JRC of 9 to 13 is more than 2.5

times the average bond strength of the interfaces with JRC of 1 to 3. The high average

bond strength observed for interfaces with JRC of 9 to 13 is believed to be due to the

failure mechanisms involved in attaining the peak strengths. It is believed that a

simultaneous failure of the bond and the shotcrete asperities may have resulted in

the high average bond strength.

After-test surface examination revealed cleanly sheared shotcrete asperities in rock

valleys, which appeared to have been sheared off simultaneously with bond failure.

Quite often some of the fractured shotcrete asperities were still cemented to rock

floors without being crushed during sliding. The consequence of shotcrete asperities

failing simultaneously with bond failure was that the shotcrete more or less had few to

Table 7. Joint compression test results for shotcrete-rock joints

Sample # Joint
type

Joint compressive
strength, JCS (MPa)

Joint normal stiffness

Kci (MPa=mm) Kct50 (MPa=mm) Kcs50 (MPa=mm)

2 S-T 19.0 96.7 211.8 237.5
3 S-T 15.0 101.6 369.2 187.5
75 S-M 16.0 100.0 400.0 162.0
76 S-M 14.0 100.0 171.4 140.3

Average: 16.0 100 288 182
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no asperities at all when sliding began. Hence, the peak friction angle (�p) was equal
to the residual friction angle (�r) for joints with JRC of 9 to 13. This complex failure

mechanism was not observed for interfaces with JRC of 1 to 3.

Although the shear strength at normal stress greater than 1.0MPa may not have

any practical significance the implication is clear. For these normal stresses it is seen

that the shear strength is markedly dominated by friction, resulting in cohesion being

less significant. As seen in Fig. 7a, this results in an impression that the peak shear

strengths could easily be approximated with a straight line, thus masking the signifi-

cance of cohesion unless separated. Perhaps the most serious consequence is that the

true cohesion can be considerably underestimated.

The friction angles are some percentage higher than the friction angles reported by

Barton (1988) for rock–rock joints at Kiirunavaara mine. This could be attributed to the

considerable contribution by the steel fibres to frictional component. After-test surface

examination revealed considerable amount of surface traction caused by steel fibres

during sliding, which were more pronounced for interfaces having higher JRC values.

In some cases steel fibres implanted inside rock flaws caused occasional localized

tensile ripping. The different intensities of surface damage in terms of scratching

and peeling caused by steel fibres, on the two rock types are probably attributed to

the hardness of the rocks and cleavage (especially in magnetite). Future work may be

required to investigate the role of steel fibres during shotcrete-rock interaction.

It was necessary to measure the values of normal stiffness (i.e. for Kc and Kt) at

normal stresses that are observed in practical cases when shotcrete is used with rock

bolts. Hence, the normal stiffness for both tensile and compression tests were calculated

as initial, secant stiffness and tangential stiffness. In the case of tensile tests the secant

and tangential stiffness were determined from 50% of the adhesion strength and for the

compression tests they were determined from 50% of the joint compressive strength.

In the case of the shear stiffness calculations they were determined as secant

stiffness values from the peak strengths. Since only the cases for normal stresses less

than or equal to 1.0MPa is considered, which represents practical cases, the Ks values

Table 8. Summary of strength properties for the shotcrete-rock joints tested

Parameter Value for JRC¼ 1–3 Value for JRC¼ 9–13

Joint shear bond strength 0.50MPa 1.37

Joint friction angles
Peak, �p 40� 47�
Residual, �r 35� 39�

Joint compressive strength, JCS 16.0MPa –
Joint adhesion strength 0.56MPa –

Joint compression stiffness
Kci 100MPa=mm –
Kct50 288MPa=mm –
Kcs50 182MPa=mm –

Joint tensile stiffness
Kti 288MPa=mm –
Ktt50 251MPa=mm –
Kts50 261MPa=mm –

Joint shear stiffness, Ks 0.94MPa=mm 1.3MPa=mm
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are essentially the stiffness of the bond without the frictional component. The Ks for

interfaces with JRC of 9 to 13 is the combined stiffness of the bond and the shotcrete

asperities, whereas for interfaces with JRC of 1 to 3 it is only the stiffness of the bond.

This also explains the difference in the Ks values for the two interface types.

The initial stiffness (Kci and Kti) values obtained in tensile and compression tests

vary by more than 100%. This was surprising, but after considering the mechanics

involved in the two tests it was concluded that there could be three explanations for

this. First, the bonding or the gluing may have had a negligible effect on the interface

strength behavior in compression. In tension, however, the gluing had a significant

influence on the strength behavior of the interface. Second, since shotcrete’s compres-

sive strength was more than three times lower than the compressive strength of the

rock, the rock asperities may have acted as indenters immediately upon loading, thus

punching through the shotcrete. Thirdly, it is not too unusual to observe low stiffness

in the initial stage of joint compression because the initial active contact area is small,

but progressively increases with loading. In tension however, the glue acts over a large

surface immediately upon loading. Response due to platen seating in this case could

not influence the COD responses because they were placed far from the loading ends.

The compressive strength of shotcrete-rock interface, i.e. JCS, turns out to be

approximately 27% of the compressive strength of shotcrete, which was the weaker

half of the test specimens. Thus it can be assumed that the JCS of shotcrete=rock
interfaces is within 25 to 30% of shotcrete’s compressive strength, which was 56.2MPa.

Several difficulties were encountered during the observation and analysis of the

results, chiefly because of the complex interaction and failure mechanisms involved.

The first of these difficulties came about when attempting to separate shear strength

corresponding to bond strength from those corresponding to combined bond strength

and frictional effects. Audible and visual observations were the key to some of the

decisions made. To keep the observations simple they were basically categorized into

one of two typical and clear-cut cases shown and discussed in section 4.1.1. Observa-

tions that involved concurrent tensile ripping through the rock flaws caused by steel

fibres, with no clear indication of shearing were omitted from the evaluation to avoid

introducing errors, which may result in determining incorrect values for the param-

eters investigated. The next difficulty was encountered in the observation and analysis

of interfaces with JRC of 9 to 13. Here, even the bond failure was complex partly

because of the concurrent bond and shotcrete asperities failure. Failure mechanisms

were more complex for this case because of the increased surface roughness. Clearly

defining the secondary peaks or in some cases residual stresses were made difficult by

the complex failure mechanisms.

6. Conclusions

� The shear strength of cemented shotcrete-rock interface is essentially the bond

strength. This is in the case of normal loads ð�n > 1:0MPaÞ generally observed

on shotcrete linings in practical cases.

� For higher normal stress ð�n > 1:0MPaÞ the frictional component is significant.

Steel fibres appear to contribute considerably to this component.
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� Since friction is more dominating than cohesion in the higher normal stress range

there is a risk of underestimating the cohesion quite significantly if the test is

performed under normal stresses that are rarely observed in practical cases.

� Interfaces with high JRC values have a tendency to develop higher bond strength

which is equal to the strength of bonding plus the strength of shotcrete asperities.

� The complex interaction and failure mechanisms that occur during shotcrete-rock

interaction were clearly observed at the laboratory scale.
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