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Abstract

The goals of structural design are fundamentally different when designing 
structures at normal temperature or when designing them in a fire situation. 
While structures are primarily designed for normal temperature situations 
considering the different design limit states, in the fire design situation, 
however, the already designed structure is assessed for its resistance in the fire 
design limit state. The assessment of the structure in the fire limit state may 
lead to either active or passive fire protection measures. The assessment of the 
structure in fire may be done in several different domains such as its structural 
resistance, integrity of structural components to prevent spread of fire and 
insulation properties of materials. The focus of the thesis presented here is on 
the structural resistance of steel structural members particularly steel beams 
and trusses in fire situations.

The Eurocodes permit designers to use either a simple prescriptive design 
procedure or a more complex performance based procedure for design of 
structures in fire. The prescriptive design is a simple choice regarding design of 
steel structures in fire due to their use of simple analytical equations; but 
through several studies it has been established that this approach might be 
conservative and in some situations it might not reflect the complexity of 
interaction between the heated structural members and its surrounding colder 
parts of the structure. The performance based approach has therefore been 
increasingly adopted in structural fire design, which, although more complex 
than the prescriptive approach, is closer to the real structural behaviour.

Through a performance based approach, this thesis aims to establish that steel 
structural members are able to offer structural resistance in fire situations that 
are much higher than would be expected from a prescriptive approach. Two 
different types of structural members such as steel beams in multi-storey 
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buildings and trusses in single storey buildings were considered here. It has 
been shown through extensive finite element analysis in both cases that actual 
resistance of these structural members in fire situations can exceed their 
primary resistance mechanism through flexure. Alternative load transfer 
mechanism through catenary action offers the added resistance at much higher 
temperatures than the conventional critical temperatures from prescriptive 
design. The thesis also proposes simplified calculation procedures that can be 
used to reasonably predict the structural resistance at elevated temperatures 
considering the catenary action.
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Sammanfattning

För dimensionering av bärverk för normala respektive förhöjda temperaturer 
tillämpas fundamentalt olika angreppssätt. Vid dimensionering för normala 
temperaturer utformas bärverket så att det har tillräcklig bärförmåga för att 
klara krav för olika gränstillstånd, medan man vid branddimensionering 
utvärderar det redan utformade bärverkets bärförmåga för brandlastfallet. 
Beroende på vilka slutsatser denna utvärdering av bärförmågan vid brand leder 
till kan aktiva eller passiva brandskyddande åtgärder behöva vidtas. 
Utvärderingen av bärverkets förmåga att motstå brand omfattar normalt flera 
olika områden såsom bärförmåga vid brand, brandspridning och materialens 
brandskyddsisolerande egenskaper. Denna avhandling fokuserar på 
bärförmågan för bärverk i stål utsatta för brand, och särskilt brandbelastade 
stålbalkar och stålfackverk. 

Eurokoderna medger att verifiering av stålbärverks bärförmåga vid brand görs 
med en föreskriven förenklad beräkningsmetod eller med en mer komplicerad 
funktionsbaserad metod. Den förenklade beräkningsmetoden är, på grund av att 
den är relativt enkel och rättfram, attraktiv, men flera tidigare studier har visat 
att denna metod kan ge konservativa resultat och även att den i vissa fall inte 
tar korrekt hänsyn till den interaktion mellan olika bärverksdelar som orsakas
av temperaturvariationer mellan individuella bärverkskomponenter och 
anslutande byggnadsverk. Detta har lett till ett ökat intresse för att tillämpa den 
mer komplicerade funktionsbaserade metoden för verifiering av stålbärverks 
bärförmåga vid brand, då denna metod på ett bättre sätt kan fånga bärverkets 
verkliga beteende i det brandbelastade tillståndet.

Den forskning som presenteras i denna avhandling visar att tillämpning av den 
funktionsbaserade metoden kan ge en betydligt högre karakteristisk bärförmåga 
i brandbelastat tillstånd än den bärförmåga som erhålls genom den förenklade 
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beräkningsmetoden. De slutsatser som redovisas baseras på studier av två 
typiska bärverkskomponenter i stål, balkar i flervåningsbyggnader och 
fackverk i envåningsbyggnader. Omfattande finita elementanalyser visar att om 
man tar hänsyn till andra ordningens effekter kan man tillgodoräkna sig en 
högre bärförmåga än den bärförmåga som erhålls genom den förenklade 
beräkningsmetoden. Alternativa lastfördelningar genom linverkan bidrar till att 
bärförmågan bibehålls vid betydligt högre temperaturer jämfört med den 
förenklade beräkningsmetoden. I avhandlingen föreslås även förenklade 
dimensioneringsmodeller som med rimlig tillförlitlighet kan användas för att 
beräkna bärförmågan vid förhöjda temperaturer med hänsyn tagen till bidraget 
från linverkan.
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Abbreviations

Latin capital letters
A Cross section area [mm2]

Am/V Section factor [-]

E Modulus of elasticity [GPa]

E [GPa]

Efi,d Design fire load [-]

F Axial force [kN]

Time step [sec]

Change in temperature [°C]

Nfi,Ed Axial force in beam [kN]

K Axial support stiffness at beam support [kNm-1]

H Height of ceiling [m]

L Beam span length [m]

Lh Distance from the flame axis [m]
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Lf Flame height [m]

Q Heat release rate HRR [kWh-1]

Qc Convective part of HRR [kWh-1]

QH
* Non-dimensional HRR [-]

Mfi,Ed Design bending moment in fire situation [kNm]

Mfi,t,rd Design bending resistance in fire situation [kNm]

Rfi,d,t Resistance at limiting temperature [-]

Ce Exposure coefficient [-]

Ct Thermal coefficient [-]

Latin small letters

z Height along flame axis [mm]

z0 Virtual origin of flame axis [mm]

ksh Correction factor for shadow effect [-]

ca Specific heat of steel [kJ°/C/kg]

cp Specific heat of protection material [kJ°/C/kg]

hnet Net heat flux [Wm-2]

hnet,c Net heat flux convective [Wm-2]

hnet,r Net heat flux radiative [Wm-2]

fy Yield strength [MPa]

fp, Proportional limit stress [MPa]
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f Proportional limit stress [MPa]

dp Thickness of fire protection [mm]

we Wind pressure [kNm-2]

qp Peak wind pressure [kNm-2]

cpe Pressure coefficient for external pressure [-]

s Snow load design value [kNm-2]

sk Snow load characteristic value [kNm-2]

q Distributed load [kNm-1]

k Yield strength reduction factor [-]

kE Elastic modulus reduction factor [-]

Greek small letters

a Density of steel [kgm-3]

p Density of protection material [kgm-3]

T Thermal strain [-]

True True strain [-]

nom nominal strain [-]

1 Load combination factor leading variable [-]

2 Load combination factor frequent value [-]

M1 Partial safety factor [-]

M2 Partial safety factor [-]
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Coefficient of thermal expansion [°C-1]

T thermal stress [MPa]

True True stress [MPa]

nom nominal stress [MPa]

g Gas temperature [°C]

m Steel temperature [°C]

r Radiation temperature [°C]

a,cr Critical steel temperature [°C]

conn Connection temperature [°C]

beam beam temperature [°C]

a,t steel temperature [°C]

c Convection coefficient [-]

0 Stephen Boltzmann constant [-]

m Surface emissivity [-]

Configuration factor [-]

p Thermal conductivity of fire protection [Wm-1K-1]

µ0 Utilization factor [-]

Deflection [mm]

fi Buckling Reduction factor [-]

Non-dimensional slenderness [-]
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Non-dimensional slenderness in fire [-]





Introduction

19

1 INTRODUCTION

1.1 Background

There is a fundamental difference between the goals of designing structures at 
room temperature and at elevated temperatures in fire. At room temperature it 
is always required that the structure is able to resist the most unfavourable load 
combination (read ultimate limit state), whereas aspects related to excessive 
deflections and vibrations etc. are taken care of by the serviceability limit state 
design. A structure exposed to fire on the other hand poses a particular 
accidental design situation with its own set of load combinations according to 
the design codes. The distinguishing feature of design of structures in fire from 
other design situations is the importance of time as a parameter. The structure
is required, in most instances, to be able to perform its function in a fire 
situation up to a specified design time period. The criterion for the failure of 
structures in fire can range from the actual collapse of the structure to a 
predefined value of displacement but the main aim is always to ensure the safe 
evacuation of all occupants in a fire situation.

The other important issue that needs to be considered is that the fire design 
situation is not a primary design situation i.e. structures are always designed 
for design limit states at room temperature. The fire design limit state is only 
checked after the structure has already been designed. The structure is then 
assessed as being safe or unsafe in the fire design limit state and then measures 
are taken accordingly to make it safe. These measures conventionally consist 
of introducing either active measures such as sprinklers or passive measures 
such as fire protection of the load bearing structural members.
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The mechanical properties of material of structures degrade when exposed to 
fire and the extent of this degradation depends on the material type. The 
conventional procedures for fire safety usually require delaying of this 
degradation of the material through different fire protection measures, hence 
keeping the structure safe for the design period. The aspect that gets 
overlooked is the robustness that the structure can exhibit in fire when 
considered in its interaction with the surrounding cold structure. The 
robustness of steel structural members is the main focus of the thesis presented 
here with an aim to prove its reliability on to improve the structural safety in 
fire and if possible reduce costs incurred through fire protection.

Steel structures are extensively used in construction for many reasons such as 
their high strength, fast construction processes and the aesthetic appeal due to 
reduced member cross sections. The drawback of structural steel as a material 
when compared to other construction materials, such as concrete and timber, is 
its rapid loss of strength and stiffness in fire. This shortcoming of steel 
structures is usually overcome through application of fire protection, which 
adds to the overall construction costs. In recent years research has been focused 
on the performance based approach towards the behaviour of steel structures in 
fire. The aim of these researches has been to demonstrate the robustness of 
steel structures in fire and to prove their ability to withstand fire action beyond 
the limit imposed by conventional design procedures. The work presented here 
is also one such effort where through numerical and experimental methods 
simplified analytical tools for design of steel structures in fire are proposed.

1.2 Aim, scope and limitations

The work presented here in this thesis was carried out with an aim to expand 
the current knowledge in the field of performance based design of steel 
structures in fire situations. This was carried out through both experimental 
studies and finite element analyses and then based on their results, simplified 
hand calculation procedures were proposed for the design of steel structural 
members such as steel beams and trusses.

The focus of the work presented here has been on the behaviour of horizontal 
structural members such as steel beams and steel trusses. The steel beam 
behaviour has been studied considering its interaction with the surrounding 
supporting structure, outside the fire compartment, through connections that 
provide a high level of rotational capacity. The beams have been considered 
fully exposed to fire along their complete span length, therefore assuming 
uniform temperature distribution. Previous studies on the restrained steel beam 
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focused mainly on the beam bending moment resistance only until the beam 
transitions into catenary phase, whereas the calculation procedure presented 
here includes the connection moment resistance as well into the analysis, 
which provides additional resistance. Trusses on the other hand have been 
studied under the influence of local fires, which is realistic based on the fact 
that trusses are mostly used in large industrial and storage halls where spans 
are very large and existence of a full compartment fire is very unlikely. A 
simplified analytical procedure has also been presented for a truss, which 
differentiates from similar previous studies due to the inclusion of a local fire 
in the analysis.

The thesis presented here focusses only on the behaviour of the steel beam and 
trusses and any interaction with the supported slab through shear connectors 
that might produce a composite action, particularly in the case of steel beams, 
has not been considered here. The steel beam has been assumed to be exposed 
to a standard ISO-834 fire in the hand calculation procedure, but it could be 
equally used with a natural fire curve. The truss on the other hand is exposed 
only to localized fire conditions. The finite element models are based on results 
from a very limited set of tests carried out on steel beams. In the case of trusses 
reliance is only made on numerical modelling due to the fact that laboratory 
testing of this scale, particularly full scale industrial halls, is an expensive and 
time consuming endeavour.

1.3 Objectives and research questions

The main objective of the work presented in this thesis was to expand the 
existing knowledge in the particular field of performance based design of steel 
structures in fire situations. The goal was to understand the so called ‘real’ 
behaviour of steel structures in fire situations through FE analyses and fire tests 
and propose new design procedures that takes into account this real behaviour. 
The main contribution of the author was the description and analysis of the 
behaviour of steel beams and trusses exposed to fire and then based on this, 
proposal of simplified design tools. The main research questions answered by 
this work can be summarized as follows.

1. What are the benefits gained by considering the ’real performance’ of steel 
beams in multi-storey structures exposed to fire compared to the prescriptive 
design approaches from the Eurocode?

2. Is finite element modeling of steel beams in fire a suitable analytical tool to 
fully understand its ‘real performance’ and is it able to reproduce the 
behaviour observed in fire tests?
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3. The trusses in single storey industrial halls in Sweden are either fire protected 
or not depending on the individual interpretation of the rules. This issue of 
interpretation needs to be settled by focusing on the ‘real performance’ of 
these buildings in fire. How much does this ‘real resistance’ differentiate from 
the prescriptive design?

4. Is finite element analysis a suitable tool for the analysis of the ‘real 
performance’ of single storey buildings in fire situations? What are the pros 
and cons?

5. Is it possible to derive simplified analytical procedures based on their ‘real 
performance’ for designing steel beams and trusses in fire situations that can 
be easily adopted as design tools?

1.4 Outline of the thesis

Chapter 1 describes a short background of the field of study covered in the 
thesis followed by the description of the need for performing this study. This 
chapter also describes the aims, objectives, limitations and a set of research 
questions formulated. Finally the publications by the author of the thesis are 
also listed.

Chapter 2 gives a brief overview of the field of structure fire design. The 
aspects related to material behaviour at elevated temperatures to the different 
aspects of the process of the structural design are explained. The fundamental 
different between the design approaches adopted in the simple calculation 
models from Eurocode and the more global structural design using 
performance based approach is briefly described.

Chapter 3 provides a detailed description of the behaviour of steel beams in 
sub-frames exposed to elevated temperatures. A detailed description of the FE 
models, test results and a proposed analytical procedure are provided.

Chapter 4 covers the 3D behaviour of single storey steel buildings subjected to 
localized fires. A description of the FE model, the results from analysis and 
finally a step wise calculation procedure for design resistance at catenary stage 
is described.

Chapter 5 contains a brief discussion, brief answers to the research questions 
formulated and a list of main conclusions.

Annex A provides the details of axial forces through the truss members in the 
truss from the case study measured from the FE model.
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Annex B provides details of the design of the two longer span trusses used in 
the parametric study.

Annex C provides comparison between the results from the FE analysis of the 
sub-frame model and the corresponding data from the fire tests covered in 
chapter 3.

Appendix contains all the Journal articles contained in this thesis.

1.5 List of publications
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2 INTRODUCTION TO STRUCTURAL FIRE 
DESIGN

2.1 Basics of material behaviour in fire

The structural behaviour in fire is strongly influenced by how the material, 
from which it is made, responds to the fire action. The material is influenced 
by fire action by undergoing thermal expansion and also simultaneously 
undergoes degradation in its mechanical properties. These aspects of the 
material behaviour in fire are explained in details below.

2.1.1 Thermal expansion

Most structural materials undergo thermal expansion when exposed to heating. 
The thermal expansion produced in a structural member for a given rise in 
temperature is a function of its physical dimensions i.e., length, width etc. and
a material property called the coefficient of thermal expansion. Eq. 2.1 Shows
this relationship.

T T [2-1]

Where

Is the coefficient of thermal expansion

T Is the change in temperature

T Is the thermal strain expressed as T
o

L
L



analysis of catenary effect in steel beams and trusses exposed to fire

28

L Is the change in length due to thermal expansion

oL Is the original length before thermal action

Any restraint to the thermal expansion will induce stresses in the structure 
termed as thermal stresses. These stresses acts together with the mechanical 
stresses induced by the other loadings and may cause significant variation to 
the stress distribution across a structural member. Normal thermal stresses for a 
fully constrained structural member exposed uniformly from all sides to heat is 
given by the equation below.

T TE E T [2-2]

If there is a temperature gradient through the cross section of a structural 
member due to non-uniform heating, then the thermal stress induced will not 
be uniform. The stress distribution across the member cross section will be 
complex combination of the stress induced mechanical loadings and the non-
uniform thermal stresses.

In reality, however the restraint against thermal expansion will hardly ever be 
absolute, instead there will be some flexible restraint producing thermal 
stresses that will depend on the stiffness of the restraint.

2.1.2 Material degradation

Most structural materials undergo degradation of their mechanical strength and 
stiffness with increasing temperature. Structural steel undergoes reduction in 
its yield strength and modulus of elasticity as its temperature increase. A 
slightly modified stress-strain relationship is used for steel at elevated 
temperature than that at room temperature. EN 1993-1-2 proposes two 
different models that describe the stress-strain behaviour of structural steel at 
elevated temperatures [1]. The first model describes a tri-linear stress-strain 
model that disregards any post yield hardening shown in Figure 2-1, whereas 
the second model shown in Figure 2-2 considers some level of post yield 
hardening up to 400°C. The different parameters describing the stress-strain 
relationship i.e., the yield strength, Young’s modulus, the proportional limit 
and the ultimate strength are determined from their values at room temperature 
through multiplication with reduction factors from Eurocode [1].
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Figure 2-1: Stress-strain relationship for carbon steel at elevated temperature without 
post yield hardening [1]

Figure 2-2: Stress-strain relationship for carbon steel at elevated temperature with 
post yield hardening [1]

2.2 Design approaches from Eurocode

Structural fire safety design can be carried in one of two different ways 
according to the Eurocodes. The first way consists of single member analysis 
where the structural member is analysed in isolation from the rest of the 
structure. The other more advanced approach is utilize the performance based 
design, which entails consideration of the structure as a whole taking into 
account any interaction between the fire exposed parts and cold parts of the 
structure. These two approaches are described briefly as follows.
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2.2.1 Single member design

The fire parts of Eurocode provide tools for the design of single structural 
members such as a single column, beam or slab etc. for fire safety design. This 
is a prescriptive approach that is utilized to fulfil the fire resistance requirement 
when exposed to a standard fire i.e., ISO 834 standard fire. The requirements 
for standard fire resistance are generally provided in the fire safety regulations 
of a country and are binding as a legal requirement. The requirement can be 
expressed as time required for fulfilling certain functions of mechanical 
resistance, separation and insulation etc. as shown in Figure 2-3 .

Figure 2-3: Fire safety requirement classification criteria [2]

The mechanical resistance of a structural member can be calculated based on 
the simplified equations from Eurocodes for steel structures and using the 
prescriptive tabulated data for steel-concrete composite or concrete structural 
members. The disadvantage of such prescriptive approach could be that they 
can be conservative when viewed through the overall structural performance in 
fire. Their application is usually restricted to simple building structures.

2.2.2 Performance based design

This approach provides an alternative to the prescriptive approach discussed 
above. The aim of performance based approach is to satisfy well defined fire 
safety objectives by ensuring that the required corresponding performance 
criteria are met. The analysis is carried out based on well-established fire 
engineering principles to assess the global structural response to a fire 
situation. This approach provides the designer the ability to study the real 
structural response exposed to a realistic fire scenario and not just the nominal 
standard fire. It also incorporates interaction of the fire exposed parts of the 
structure with the unexposed colder parts, which brings forth structural 



Introduction to structural fire design

31

behaviour that would not be observed when studying the structural members in 
isolation.

Advanced calculation tools such as finite element analysis would be required 
for performance based analysis and design of structures. Application of 
performance based design approach is usually subject to the approval of fire 
safety regulatory authority.

2.3 Fire Models

The type of fire that a structure will be exposed to will greatly determine what 
level of temperatures can be expected in the structural members. Fire 
modelling is therefore a very important aspect of structural fire engineering, 
which entails that the most realistic fire scenario be used in the design process. 
The prescriptive approach of structural fire design commonly uses the standard 
fire curve as the design fire, this however might be unrealistic in most 
situations and a design fire that gives the most realistic temperature prediction 
must be used. Two levels of fire modelling might be used depending on the 
stage of fire development, size of compartment and fire load etc. described in 
the Table 2-1 below and discussed in detail as follows.

Table 2-1: Fire models at different levels

Levels of Models Localised fire Generalized fire

Simplified model Hasemi model 
Heskestad model Parametric fires

Zone models 2-zone model 1-zone model

Field model CFD CFD

2.3.1 Nominal temperature-time curves

These are analytical functions that give temperature as a function of time. 
These are conventional and arbitrary functions and do not represent real fires. 
These nominal fire curves are used in prescriptive design approaches as a 
regulatory requirement. Three different nominal temperature-time curves have 
been proposed by Eurocode 1[3], provided here below with their mathematical 
expressions.
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The standard fire curve or alternatively the ISO 834 curve is the nominal 
temperature-time curve that has been used in the standard fire tests for rating of 
structural and separating elements. The standard fire represents a fully 
developed fire in a compartment i.e., same temperature everywhere in the 
compartment. This model is independent of the parameters of the fire 
compartment such as ventilation, size of compartment or thermal properties of 
the boundaries. The mathematical expression for the standard fire curve is 
given below in Eq. 2.3

g 1020 345log (8 1)t [2-3]

g’ is the gas temperature in the compartment and time‘t’.

Other types of nominal fire curves proposed by Eurocode 1 briefly described 
below:

External time-temperature curve: used for fire exposure of external walls such 
as facades.

0.32 3.8
g 20 660(1 0.687 0.313 )t te e [2-4]

Hydrocarbon time-temperature curve: used for fires produced from a 
hydrocarbon source.

0.167 2.5
g 20 1080(1 0.325 0.675 )t te e [2-5]

Out of the three different nominal fire models described above, it is the 
standard ISO fire model which is extensively used in the prescriptive design of 
the load bearing structural members of building structures.

2.3.2 Parametric temperature-time curves

Annex A of Eurocode 1 [3] provides details of parametric temperature-time 
curves. These are analytical functions that give the gas temperature in a 
compartment as a function of time and also adjusted for the different 
parameters that affect fire in a compartment such as thermal properties of the 
compartment boundaries (walls, ceiling, floor), ventilation i.e., openings in the 
walls and fire load density. The application of parametric curves is limited to 
compartment size of up to 500 m2 of floor area, no openings in the roof and a 
maximum ceiling height of 4 m. The size limitation of the fire compartment 
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size puts this fire model unusable for large compartments such as single storey 
industrial halls.

2.3.3 Zone models

The temperature is evaluated in zone models based on differential equations 
that express the mass and energy balance of a fire compartment [4]. The same 
parameters influencing the temperature development in parametric fire models 
also affect the temperature development in zone models. The difference being 
that while the parameters such as the openings in the walls and the heat 
absorptions in the boundary walls of a fire compartment are represented by a 
lumped parameter, respectively; in zone models, however, each opening as 
well as the heat absorption and emission of each boundary wall can be 
represented individually. For zone models the quantity of fuel is required as 
input along with the heat release rate RHR and also the mass loss rate.

The compartment in zone models is divided into several zones, hence the name 
‘zone model’. In a pre-flashover situation the compartment is usually split into 
two zones i.e., the bottom cold zone and the top hot zone with all the 
combustion gases and heat. At a certain point the model transitions from a two 
zone model into a one zone model i.e., the post-flashover stage. The 
temperature at this stage is assumed to be uniform over the whole 
compartment.

2.3.4 Localised fire models

Whenever a fire starts in any typical building structures, the fire is always local 
and later on, depending on the size of the compartment and the available fuel, 
it may transition from a localised fire to a fully developed fire due to flashover. 
Localised fires can be significant in situations where they are directly 
impacting on certain structural members that are crucial for the overall stability 
of the building structure such as a column. It becomes clear from this 
discussion that the position of the localised fire is very significant with respect 
to the effect it will have on the structure. The types of buildings that are most 
likely to have localised fires without any flashovers are large span single storey 
industrial/storage buildings.

Annex C of Eurocode 1 has proposed two localised fire models that are based 
on the vertical height of the flame produced as a result of the localised fire. In 
case of the localised fire in which the flame is not impacting on the ceiling, see 
Figure 2-4 [3], the height of the flame is given by Eq. 2.6
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2/51.02 0.0148fL D Q [2-6]

Where D is the diameter of the fire and Q is the heat release rate.

Figure 2-4: localised fire in which the flame is not impacting the ceiling of the 
compartment [3]

The temperature in the plume along the vertical flame axis is given by Eq. 2.7
for the situation when the flame is not impacting the compartment ceiling.

2/3 5/3
z c 020 0.25 ( ) 900Q z z [2-7]

Where Qc is the convective part of the heat release rate, z is the height long the 
flame axis and z0 is the virtual origin of the flame axis.

In case the flame is impacting the ceiling, the fire model shown in figure must 
be used. This localized fire model is limited to situations where the total fire 
diameter is limited to 10 meters maximum and the rate of heat release is not 
higher than 50 kW/m2.



Introduction to structural fire design

35

Figure 2-5: Localised fire model for a situation when the flame is impacting the 
ceiling

The horizontal flame at the level of the ceiling is calculated from Eq. 2.8

*
h H2.9 ( )0.33L H Q H [2-8]

Where QH
*is the non-dimensional heat release rate and H is the height of the 

ceiling.

This model is applicable for calculation of heat flux received by the steel 
surfaces at the level of the ceiling; however, not all surfaces of the steel beam 
will be at this level, for example the bottom chord of a truss beam [4].

2.3.5 CFD Models

In Computational Fluid Dynamics (CFD) models the fire compartment is 
divided into a large number of finite cells, for each one of which the Navier-
Stokes equations are solved. Such models provide detailed analyses of the 
distribution of temperature and many other variables throughout the fire 
compartment. Several CFD softwares such as FDS (Fire Dynamics Simulator) 
from the National Institute of Standards and Testing NIST are used to perform 
such analyses.

2.4 Thermal Analysis

The fire models described in the previous sections gives us the temperature-
time relationship of the gas surrounding the structural member. The 
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temperature increase in the fire exposed structural member will depend on 
several things including the thermal properties of the material, thermal 
properties of the fire protection material if any and also its cross sectional 
dimensions. Steel structural members are typically composed of thin plates or 
sheets and considering them together with very good heat conduction 
properties of steel, it can assumed justifiably that steel members will have 
uniform temperature distribution throughout. Temperature gradients will; 
however have to be considered when a steel member is partially protected from 
fire as would be the case in composite members.

2.4.1 Unprotected steel members

According to EN 1993-1-2 [1], for an equivalent uniform temperature 
distribution across an unprotected steel member, the increase in temperature for 
time 2.9

m
a,t sh net

a a

/A Vk h t
c

[2-9]

Where ksh is the correction factor for shadow effect, Am/V is the section factor 
for unprotected steel member, ca a is the density of steel 
and hnet is the net heat flux per unit area.

The net heat flux is the sum of two distinct fluxes i.e., the convective flux and 
the radiative flux given in Eq. 2.10 and Eq. 2.11 respectively.

net,c c g m( )h [2-10]

c g m is the 
steel surface temperature.

4
net,r 0 m r m(( 273) ( 273)4)h [2-11]

0 m

r is the radiation temperature, which 
g.

c are taken from 25 W/m2K for standard fire 
to 50 W/m2

m for steel members 
and steel-concrete composite members is taken as 0.7.
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2.4.2 Protected steel members

According to EN 1993-1-2 for an insulated steel member the increase in 
temperature for a uniform temperature distribution across a section for a time 

2.12

g,t a,t /10P P
a,t g,t

p a a

( )/ ( 1)
(1 / 3)

A V t e
d c

[2-12]

In which 

p p
p p

a a

/
c

d A V
c

Where dp is the thickness of the protection, cp is the specific heat of the 
p p is 

the density of the fire protection.

The material properties for protection materials at elevated temperatures are 
determined from tests in standard fire conditions. It can be seen from Eq. 2.12 
that in the present case of protected steel member the rise in steel temperature 
depends on the protected section factor Ap/V. The insulation can be in several 
different forms such as a bounding box enclosing the steel profile or it can 
follow the contour of the cross section of the beam. This approach however 
does not cover fire protections such as intumescent paints [5].

2.5 Structural Analysis

To analyse the resistance of structural members it must first be established 
what level of the structure will be considered in this analysis. The different 
approached used for analysing structural members in fire situation are 
summarised in table. It can be seen from that table that for single isolated 
members simplified calculation models are available from design codes such as 
EN 1993-1-2, whereas for global structural analysis advanced calculation 
models have to be used. In the following sections each of these approaches will 
be briefly discussed.

Table 2-2: Analytical models at different level of structural idealization

Analysis type Tabulated data Simple calculation Advanced 
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models calculation model

Member analysis Not needed for steel 
structures Yes Yes

Sub-structure analysis No Yes (if available) Yes

Global structure 
analysis No No Yes

2.5.1 Member analysis

For member resistance analysis of steel structures exposed to fire, simple 
calculation models are available in EN 1993-1-2 [1]. The proposed approach 
from EN 1993-1-2 can either be the calculation of the ‘critical temperature’ i.e. 
the resistance in the temperature domain or to use the simple design equations 
to calculate the mechanical resistance at a particular elevated temperature level. 
In each case the assumption is that the temperature is the same all across the 
member cross section.

The critical temperature is that temperature at which the design resistance of a 
structural member, due to degradation of the material strength, becomes equal 
to the design load acting on the structural member in fire situation. The
implication in this method is that the resistance is proportional to the material 
strength i.e. no instability is encountered before. The term that is of interest for 
calculation of the critical temperature is the ‘degree of utilization’ µ0 given by 
Eq. 2.13

fi,d
0

fi,d,0

E
R

[2-13]

Where Efi,d is the design effect of actions in fire situation and Rfi,d,0 is the design 
resistance of a structural member using design equations for fire situation at 
time t = 0. The typical values for this ratio range from 0.4 to 0.7 for most 
practical design situations. Knowing the degree of utilization factor µ0, the 
critical temperature can be calculated from Eq. 2.14

a,cr 3.833
0

139.19ln 1 482
0.9674

[2-14]
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For structural members such as columns and beam that are susceptible to 
lateral torsional buckling, the critical temperature may not be calculated 
directly using Eq. 3.1. The reason for this is the fact that critical temperature is 
not only proportional to the material strength but also the reduction factor due 
to buckling. An iterative approach is adopted for such situations to determine 
the appropriate reduction factor at elevated temperature.

The alternative approach is to design a structural member in the so called 
‘strength domain’ i.e. the resistance of a structural member is calculated at a
given temperature using the simple design equations from EN 1993-1-2 and 
compared to the design load acting on the structure. The load bearing function 
of the structure has to be ensured through Eq. 2.15

fi,d fi,d,tE R [2-15]

Where Rfi,d,t is the design resistance from the simple calculation models at time 
duration ‘t’ of standard fire exposure. These simple calculation models are 
similar to the calculation models at room temperature from EN 1993-1-1, 
except for the fact that the reduction of the material properties at elevated 
temperatures are taken into account.

2.5.2 Global structure analysis

According to EN 1993-1-2 if a global structural analysis is carried out in fire 
situation, the relevant failure mode, the temperature dependent material 
properties and also indirection actions produced should be taken into account 
[1]. The interaction between a fire exposed member and the unexposed 
members in a structure can give rise to very significant effects. These effects 
can either be beneficial by way of additional resistance in fire situation or can 
also be detrimental by causing stability problems such as disproportionate 
collapse. Advanced tools such as finite element analysis are required for 
analysing the global behaviour of structures in fire.

Another term associated with global structural analysis in fire situation is the 
‘performance base approach’ towards the design of structures in fire. The idea 
behind the performance based approach is to study the ‘real performance’ of 
structures in fire using ‘realistic fire’ scenarios as opposed to the prescriptive 
approach of design single members in isolation exposed to a standard ISO fire. 
The aim should be to first specify what the performance requirements are with 
respect to fire safety and then to develop solutions that satisfy those 
requirements based on sound engineering and scientific principles [6]. The 
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study presented here in this thesis is an example of performance based 
approach based on global structural analysis using advanced calculation tools 
such as ABAQUS the details of which are presented in the coming chapters.
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3 ANALYSIS OF CATENARY ACTION IN STEEL 
BEAMS

3.1 Introduction

3.1.1 background

The prescriptive design procedures according to EN 1993-1-2 [1] for single 
member design require that the structural member resist the design load in fire 
for the required design period without taking into account any interaction with 
the surrounding structure. Tests conducted on real structures such as the 
Cardington tests [7] and observations made from fire accidents such as the 
collapse of world trade centre (WTC) [8], buildings have shown that the 
interaction of a structural member exposed to fire with its surroundings can 
have a very significant impact on its response. The new approach to design of 
structures in fire should, therefore include this aspect of interaction between 
the structural member and its surroundings. This requires an extensive study of 
how this interaction takes place, which signifies the importance of the 
connections between the structural member and the supporting structure.
Another important aspect relates to the way the structural member will affect 
the surrounding structure due to the restrained thermal expansion and the 
resultant deformation and forces that are produced at elevated temperatures.

The focus of the study presented here is on the response of a steel beam to fire 
action that is restrained by the surrounding structure through the connections. 
The aim is to study the level of forces and deformations produced in the beam 
as a result of the surrounding restraints.

The study presented here was part of a joint European project “COMPFIRE-
Design of composite joints for improved fire robustness”, RFSR-CT-2009-
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00021 [9]. The overall objective of the project was to develop a comprehensive 
component based design methodology for joints to composite columns for 
improved fire robustness. The part of the project presented here relates to the 
fire testing and simulation of sub-frames in order to study the global behaviour 
of structures in fire.

3.1.2 State of the art

The design assumption of simple calculation models that structural members 
are isolated in their response to fire is not true for real structural frames. The 
structural member inevitably interacts with its surrounding cold structure when 
exposed to fire and this interaction can completely alter its response than if it is 
considered in isolation. A structural frame is a redundant system and the 
internal forces and stresses in any structural element of the frame cannot be 
computed from the equilibrium equations alone but also depend on the relative 
stiffness of the adjacent parts. The difference between the determinate system 
of an isolated structural member and the indeterminate system of a highly 
redundant structural frame is determined from the collapse conditions for each. 
Isolated structural member will collapse when the limit is reach in any of the 
domains as discussed in earlier. In a redundant structure, however, alternative 
paths will enable the structural frame to resist the load after a single structural 
member has collapsed. Large deformations may be produced in a redundant 
structure but still be able to carry the imposed loads, which implies that the 
failure criterion must be defined in a different way in such a case. Several 
researchers have dealt with this issue with regards to the behaviour of steel 
beams in fire situation as discussed below.

Sub-frames in fire:

One of the first experimental investigations on the effect of restraints on beams 
in fire situation was performed at the University of Manchester by Liu et al 
[10]. A series of tests were performed on sub-frame assemblies in the form of a 
‘Rugby goalpost’ as shown in Figure 3-1. The particular concern of the test 
program was to study the effect of axial restraint on the catenary action 
produced at higher temperatures in the steel beams and the extent to which it 
could delay the ‘run-away’ deflection. The catenary action also reduces the rate 
at which the run-away of the beam deflection takes place. The research 
concluded that in the absence of any intrinsic need to limit the deflections the 
failure criterion for fire limit state should be formulated. The catenary action is 
active at very high deflections and could still maintain the structural integrity at 
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higher temperatures than the conventional critical temperature for structural 
members [10].

Figure 3-1: Sub-frame testing assembly setup [10]

Fire testing is important but very expensive therefore several researchers have 
relied on numerical simulations for extensive analyses. Yin and Wang 
performed a numerical study of large deflection behaviour of restrained steel 
beams at elevated temperature using ABAQUS [11]. The focus of their 
research was to study the effect of variation of different parameters such as 
axial and rotational restraints, beam spans, temperature distributions, load 
levels and lateral torsional buckling on the catenary force developed in the 
beam at high temperatures. In order to validate their numerical models they 
used the data from the tests conducted by Liu et al [10]. From their simulations 
they established the importance of catenary action in the beam at very high 
temperatures to resist the applied loads. They observed that different beam 
spans showed similar deflections for the same applied load. The reason for this 
has been attributed to the fact that at high temperatures the axial force in the 
beam approaches the axial capacity of the beam and in order to remain in 
equilibrium, in the absence of any bending moment resistance, the product of 
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mid-span deflection and the axial catenary force should be equal to the applied 
bending moment as shown below.

eF M [3-1]

An important aspect of catenary action in a structure is the extent of the 
demand it puts on the adjacent structure. It was determined that higher 
flexibility of the axial restraint reduces the catenary force and decreases the 
vertical mid-span deflection and vice versa. It was suggested that an optimum 
value for axial stiffness is important which could give acceptable levels of mid-
span deflections as well as not over burden the adjacent structure with 
excessive catenary force. The rotational restraints at the supports, on the other 
hand, were shown to have very little effect on the beam behaviour at high 
temperatures during the catenary action. Similarly it was observed that in the 
absence of any lateral restraint, the beam would undergo lateral torsional 
buckling at lower temperatures, but its impact on the catenary action is only up 
to the extent that it causes the beam to go into catenary action at a lower 
temperature than a laterally restrained beam [11].

In an experimental investigation by Li and Guo [12], the performance of 
restrained steel beam under both heating and cooling was studied. The 
response of the steel beam to heating was observed to be very similar to what 
has been discussed in the previous studies. One particularly interesting 
observation was the increasing tensile force during the cooling phase. The axial 
tensile force increases during cooling due to the restrained contraction of the 
beam, which was observed to be higher for higher axial stiffness.

In a study performed by Gillie, M. [13] an example problem of a single beam 
subjected to increasing temperature and uniform loading is presented as a 
benchmark. Simplified material models and temperature-time relationships
were used to simplify the interpretation of the results. The aim of the study was 
to demonstrate the complexity of the response of a structural member exposed 
to fire in a real structure and how different it is from the assumptions made in 
standard fire tests of single isolated members.

The standard fire tests consider the structural member to be statically 
determinate whereas in reality there is high degree of redundancy. This in 
combination with the time variation of stresses and material properties, thermal 
expansion and second order effects due to large deflections produce a highly 
complex response. It was observed that the axial forces increase rapidly in the 
beginning under increasing temperature and against restraining supports, 
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proportional to the axial restraints stiffnesses. As the beam undergoes buckling 
it starts to increasingly deflect laterally and the compressive force is released. 
At further higher temperatures the beam starts to lose its strength and stiffness 
which produces large deflections in the beam. Large deflections produce 
permanent deformations in the beam due to the plastic straining and as the 
beam starts to cool down it contracts and produces residual tensile stresses 
which are almost half the tensile capacity of the beam. This is observed even 
for small axial restraints. The consideration of these forces is important for the 
design of connections since the connection failure could be a serious issue as it 
could lead to a sudden collapse. This questions the assumptions of the standard 
fire tests of ignoring the axial restraint to the structural member, as it could 
prove to be very unsafe for design of members in redundant frames [13].

Full scale fires:

The investigation of the world trade center (WTC) towers revealed that high 
temperatures lead to buckling of diagonals of the floor trusses near the 
supports, which eventually led to sagging of the floors. The sagging of the 
floor produced tensile forces which then pulled the exterior walls inward thus 
redistributing the loads from the exterior walls to other parts such as the core 
columns. This redistribution of loads to the already heated core columns led to 
their buckling and eventual collapse [8]. Similarly, in building 7 of the world 
trade center, the investigation revealed that thermal expansion of secondary 
beams connected to a non-composite girder lead to its unseating from its 
support, which resulted in a progressive collapse of the whole building [8].
These real life events serve as examples how, in some cases, the interaction 
between different structural members in fire situation can lead to unforeseen 
consequences.

There are also other cases of full scale fires where the beneficial effects of 
interaction between structural members have been observed. The Braodgate 
building fire in the UK is one such case, where a major fire broke out in an 
under construction building. The investigation by Steel Construction Institute 
(SCI) [14] revealed that despite the extensive damage, the structure was able to 
survive the fire and effectively redistribute the loads from the damaged 
components to other parts of the structural frame. The beneficial effects of 
redistribution of load in steel structures in fires have also been observed in the 
Cardington tests. The Cardington fire tests were a series of tests carried out on 
an 8-storey frame built at the BRE test facility in Cardington UK. These tests 
were part of a collaborative European research programme aimed at 
understanding and developing numerical analysis procedures to better describe 
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the response of structural steel frames to fire attacks [7]. The building was 
designed as a modern office building and a series of different tests were 
conducted on it to determine the different aspects of its response to fire. The 
structure was allowed to deform considerably more than would be allowed in 
standard fire tests. The reason for doing so was to determine the ability of the 
structure to redistribute the load when one or more member loses their strength 
and stiffness. In one of the tests a beam supported by columns at the two ends 
was heated with a furnace at temperatures up to 800-900°C. It was observed 
that the deflections produced in the beam were at the same level as would be 
produced in a standard fire tests at a lower temperature of around 700°C. This 
indicated that the ‘runaway’ of the beam had been considerably delayed due to 
the restrains offered by the supports and a catenary force was produced in the 
beam [7].

3.2 Laboratory tests on sub-frames

The tests data presented here were conducted as part of the COMPFIRE project 
funded by the Research Fund for Coal and Steel (RFCS) [9]. The objective of 
this project was to study to develop a comprehensive component-based 
methodology for composite joints in fire. Fire tests were conducted on 
composite joint components, isolated composite joints, composite structural 
sub-assemblies and demonstration structures.

The objective of the tests conducted on structural sub-frames was to provide 
experimental data on the interaction between the composite joint and the 
surrounding structural components such as beams and columns during the 
entire fire exposure duration. It was intended to observe how the connection 
will respond to the different phases of the beam behaviour such as bending, 
axial compression due to restrained thermal expansion, yielding and buckling 
and catenary action. The tests on sub-assemblies were carried out at the 
University of Coimbra [9].

Table 3-1 provides the details of the tests conducted at University of Coimbra. 
The tests were conducted at both ambient temperature and elevated 
temperatures with two different temperature-time relationships including a 
cooling phase. The elevated temperature tests are only listed here.
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Table 3-1: Sub-frame tests

Test no Temperature Column section Beam section Reverse channel

TC-4 Fire1 + cooling SHS 250x10 IPE 300 U 200x90x10

TC-5 Fire 2 + cooling SHS 250x10 IPE 300 U 200x90x10

TC-6 Fire 1 + cooling SHS 250x10 IPE 300 U 200x90x8

TC-7 Fire 1+ cooling SHS 250x10 IPE 300 U 200x90x12

The sub-frame is composed of two concrete filled tubular (CFT) columns 
supporting a steel beam with an IPE profile. The connections between the 
beam and columns formed using a reverse channel. The columns are 3525 mm 
tall and the beam has a 5000 mm long span [9].

The reverse channel connections are formed by bolting the web of the reverse 
channel cut from a hollow tubular section to the end-plate of the steel beam 
and welding the legs to the face of the column as shown in Figure 3-2.

Figure 3-2: Reverse channel joint to a square CFT column [9]
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3.3 Finite element model

The sub-frames described above were modelled in ABAQUS using C3D8 
brick elements as shown in the Figure 3-3. The symmetry of the sub-frame is 
utilized, hence only half the sub-frame is modelled here.

Figure 3-3: Finite element model of the sub-frame and connection close-up

3.3.1 Material model

Tensile test data is always based on the coupon test results. This data is based 
on the nominal dimensions of the coupon; but in reality the Poisson effect will 
produce difference between the so called ‘true stress’ in the material and what 
is obtained from nominal dimensions of the coupon tests. To use the true stress 
and the corresponding true strain in the FE model, using the nominal data, 
following equations are used for this purpose.

true nomln(1 ) [3-2]

true nom nom(1 ) [3-3]

3.3.2 Element type

All parts of the assembly have been modelled using solid (continuum) element 
C3D8R, which is a first order reduced integration 8 node brick element. In first 
order elements the strain operator provides a constant volumetric strain 
throughout the element and prevents ‘mesh locking’ when the material can be 
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assumed to be approximately incompressible. Reduced integration elements 
use lower order integration to calculate element stiffness matrix, which reduces 
the computation time. The drawback associated with first order reduced 
integration element like C3D8R is that they are prone to ‘Hourglassing’. The 
reason for this drawback is due to the fact that these elements have only one 
integration point and the deformation of these elements can be in such a 
manner that the strain calculated at these integration points is zero. This could 
lead to uncontrolled distortion of the mesh. However, in Abaqus first order 
reduced integration elements have ‘hourglass controls’, which if used with 
finer mesh can solve the problem of hourglassing. The other solution could be 
to use fully integrated solid (continuum) elements such as C3D8, which do not 
have any problem of hourglassing. These elements, however, may develop 
shear locking when subjected to bending, which is due to the so called 
‘parasitic shear’. The response of these elements can become very stiff 
especially if their thickness is of the same order as of the wall thickness. This 
problem can be overcome by using incompatibility mode elements such as 
C3D8I which, in addition to the standard displacement degrees of freedom, 
also have incompatible deformation modes added internally. This eliminates 
the parasitic shear responsible for the stiff response of the first order fully 
integrated elements in bending [15].

3.3.3 Analysis steps

The analysis is performed in a three step procedure i.e.

Step-1: Pre-tension of the bolts to initialize all contact surfaces shown in 
Figure 3-3.
Step-2: loads are applied to the beams of the sub-frame at the same location 
and magnitude as done in the laboratory tests
Step-3: Temperature is applied as Pre-defined field in the model using an 
amplitude curve that follows that temperature vs time relationship from the 
tests data

3.3.4 Boundary conditions

The bottom of the columns are restrained from translation in all axes but 
allowed rotate about the cross-sectional axes as was done in the tests. The 
columns are prevented from rotation about their own longitudinal axis. The 
same boundary conditions are applied to the top of the columns except that the 
longitudinal translation is not constrained. At the free end of the beam shown 
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in Figure 3-3, a symmetry boundary condition is used reflecting the symmetry 
of the sub-frame across the midspan section.

3.4 Comparison between FEA and Tests

Figure 3-4 shows the deformation of the beam to column connection region of 
test TC-4. The finite element model and the test show very similar deformation 
behaviour. The beam’s bottom flange undergoes local buckling at very high 
temperatures due to high compressive stresses and also the web of the beam 
undergoes shear buckling due to loss of strength a high temperatures. A small 
gap is observed between the end-plate and the reverse channel at the bottom 
both in the finite element model and the test. This small gap is due to the 
contraction of the beam during the cooling phase. The top of the end plate is 
also showing identical permanent deformation.

Left support Right support

Finite element model
Figure 3-4: deformation of the connection region
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Test TC-4 has been chosen here as an example to show how the test results 
compare to the FE model results. Figure 3-5 shows how the variation of axial 
force in the beam with respect to the bottom flange temperature measured at 
the left and right supports of the beam, compares to the same obtained from the 
FE analysis. The finite element result for the maximum compressive axial 
force and the maximum tensile axial force in the beam after cooling are slightly 
higher than the test results. However, the temperature at which the compressive 
axial force of the beam changes to tensile axial force i.e. the catenary stage is 
very closely captured by the finite element simulation.

Figure 3-5: Axial force vs. temperature (Test TC-4)

It can be seen from Figure 3-6 that most models exhibit very identical 
behaviours as initially in all the tests the beam undergoes compression due to 
expansion against the axial restraint offered by the columns. At certain 
temperature the beam in each case undergoes significant loss in both strength 
and stiffness and undergoes considerable deflection at an increased pace. At 
this point the beam enters the catenary stage and starts to exert tensile force on 
the supporting columns through the connections. The reason for the different 
behaviour observed in TC-5 is due to the fact that the temperature applied is 
lower than the other models and therefore the beam starts to cool before it 
could reach its critical temperature and move into the catenary stage. TC-5 also 
exhibits some tensile force eventually at a lower temperature due to the 
contraction taking place in it during cooling, which is resisted at the supports. 
TC-4 is observed to have the highest tensile force in the catenary stage before 
the cooling begins this is due to the highest temperature applied to this model.
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Figure 3-6: Axial force vs. temperature in FE Models (TC-4 to TC-7)

The variation of the midspan deflection of the beam with respect to the 
temperature in TC-4 has been shown in. The observed behaviour is very 
identical to the test results. The beam contracts during cooling phase which 
causes the midspan deflection to reduce from its maximum value at the highest 
temperature. This is due to the ‘reverse bowing’ of the beam as the beam cools 
down with the hottest parts contracting the most.

Figure 3-7: midspan deflection as function of the bottom flange temperature

Annex C shows the comparison between FE-models and the test results for the 
sub-frame models in Table 3-1.
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3.5 Analytical procedure

3.5.1 Introduction

Figure 3-8 shows the axial force-vs-temperature curve of the beam. Under fire 
exposure the beam is initially compressed due restrained expansion. Later as 
the beam is heated further, the material strength and stiffness is considerable 
reduced causing the beam to deflect and release the initial compression and 
transition into the tensile phase. The beam at this stage behaves like a catenary 
resisting part of the applied load. An analytical procedure should enable the 
designer to predict the level of the axial force and deflection of the beam 
during fire exposure.

Figure 3-8: General variation of the axial force in a restrained steel beam in fire

The procedure presented here is based on a concept presented by Wang et al.
[6]. The original method proposes calculating three transition points on the 
axial force-vs-temperature curve. These points are the maximum compressive 
force (1), zero axial force (2) and maximum tensile force (4) Figure 3-8. These 
points are joined together by straight lines to get the approximate axial force-
vs-temperature curve.

3.5.2 Proposed Novel Approach

To obtain a better approximation of the curve, the proposed procedure has four 
transition points instead, which are calculated and then joined together forming 
the broken line in Figure 3-8. This approach provides a comparatively better 
approximation of the axial force vs temperature relationship of the beam due to 
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its extra transition point 3 and consideration of the residual bending moment 
resistance from point 2 to point 3. The details of the procedure are described as 
follows.

Maximum compressive force

The first transition point (1) on the axial force vs. temperature curve of a 
restrained steel beam is the maximum compressive force developed due to the 
beams’ restrained thermal expansion. The maximum compressive force is 
determined by considering its interaction to the bending moment produced by 
the imposed loading on the beam. The interaction equation from Eurocode 3 
part 1-2 has been considered in the analytical procedure presented here [1].
Increasing temperature will reduce the modulus of elasticity and yield strength 
of steel, which implies that an iterative procedure will be adopted to calculate 
the maximum compressive force and the temperature at which it will be 
achieved. Figure 3-9 shows a schematic diagram of the procedure used for this 
purpose.

Figure 3-9: Schematic diagram of the calculation of maximum compressive force

The assumptions considered in the calculation shown in Figure 3-9 are as 
follows:

Axial force in the beam is calculated from the equation taken from Usmani et al. 
[16]:
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1fi,Ed
E AN E A T
KL

[3-4]

The stiffness ‘K’ in Eq. 3.4 above is the stiffness of the support.
The deflection of the beam is assumed to be elastic during this initial phase. 
The beam is assumed to be restrained from lateral torsional buckling. 

3.5.3 Zero axial force

The first phase of the axial force-temperature curve concludes at point (1). As 
the temperature increases, further the compressive force in the beam reduces 
until it becomes zero, i.e. point (2) on the curve shown in Figure 3-8. From 
equilibrium, the imposed load is resisted only through flexural bending 
resistance up to point (2). At this point, the bending moment resistance of the 
beam is exactly equal to the bending moment from the imposed loading.

The temperature at point (2) is determined from the yield strength of the steel 
using condition of equality between the moment resistance and the imposed 
loads as shown in Figure 3-10.

Figure 3-10: Limiting Temperature for the Bending Moment Resistance of the Beam

The calculation shown in Figure 3-10 is based on following assumptions:

The bending moment resistance of the beam is directly proportional to the yield 
strength of the steel material, disregarding lateral torsional instability.
The beam is assumed to be simply supported.

The temperature at point (2) corresponds to the conventional limiting 
temperature of a steel beam according to Eurocode 3 part 1-2 [1].
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If a semi-rigid connection is considered, then its strength and stiffness must be 
used. These will vary with increasing temperature, which must be taken into 
account. The Initial stiffness and strength of the connection are directly 
proportional to the modulus reduction factor kE, and the yield strength 
reduction factor ky, , respectively, according to EN 1993-1-2 [1].

A modified procedure is thus used to calculate point (2), described in Figure 
3-12. This procedure would also introduce the connection temperature into the 
calculation. Generally, the beam temperature at midspan is higher than the 
connection temperature due to the concentration of mass at the connection. An 
equation from Annex D of EN 1993-1-2 has been used here to determine the 
connection temperature shown below as Eq. 3.5 [1].

0 88 1 0 3conn beam. . h / D [3-5]

The temperature of an unprotected steel beam subjected to a standard fire (ISO 
834) is determined using Eq. 3.6 below, from EN 1993-1-2 [1].

m
beam sh net

a a

A Vk h t
c

[3-6]

The steel beam with an IPE 300 profile and the connection temperature with 
increasing time, when uniformly exposed to a standard ISO 834 fire, is shown 
in Figure 3-11.

Figure 3-11: Temperature-vs-time Curves
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As a first approximation, the reduction factor ky,conn is calculated using the 
beam temperature at point (2) according to Figure 3-10. This value of ky,conn is 
the starting value in the loop shown in Figure 3-12. Once the loop gives 
repeating values of ky,conn, it is terminated and the last value of beam 
temperature in the loop is taken as point (2) on the curve. 

Figure 3-12: Calculation of the Reduction Factor for the Connection

The midspan deflection of the beam at this point is calculated using the 
deflection profile proposed by Dwaikat and Kodur, described in Figure 3-13
[17].

Figure 3-13: Deflection Profile of the Beam during Catenary Phase

3.5.4 Maximum tensile force

As the temperature increases beyond point (2) calculated above, it is evident 
that the bending moment resistance of the beam is insufficient to resist the 
imposed loading. A simply supported beam would undergo runaway deflection 
at this point. However, a restrained beam would develop an additional 
resistance through the tensile axial force in the beam resisted at the supports 
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through a catenary action. The bending moment resistance of the beam will 
progressively decrease with corresponding increase in catenary action as the 
temperature increases. The limit to the catenary action in the beam is imposed 
by the beams tensile capacity.

The midspan deflection of the beam in the catenary phase is also calculated 
using Eq. 3.7 based on profile in Figure 3-13.

2 2

2 2
L TL L [3-7]

The catenary phase can be divided into two distinct phases, i.e. without 
interaction between catenary force and residual bending moment and with 
interaction between them.

The boundary between these two phases is at point (3) in Figure 3-8,
determined by calculating the axial force and bending moment resistance for 
each temperature increment beyond point (2) on the curve. The criteria for no 
interaction between the axial force and bending moment is checked at each 
increment and continued if satisfied. The last increment that satisfies this 
condition is the point from which onwards the catenary force will interact with 
the bending moment resistance. This calculation procedure can be easily 
understood through the schematic diagram of Figure 3-14.
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Figure 3-14: Schematic Diagram of the Calculation of Temperature during the 
Catenary Phase up to which there is no Interaction between the Axial 

Force and the Bending Moment Resistance

Last point (4) on the curve is determined by assuming that the bending moment 
resistance is zero and catenary action is solely responsible for resisting the 
imposed load. The catenary force is equal to the tensile capacity of the beam at 
this point; beyond this point the beam undergoes runaway deflection.
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4 SINGLE STOREY INDUSTRIAL/STORAGE 
BUILDINGS IN FIRE

4.1 Introduction

4.1.1 State of the art

The single storey buildings used for commercial purposes consist of large 
opens spans, which extensively employ structural steel as the construction
material. The fire safety objectives of these structures with regards to the 
structural resistance are comparatively easily met when compared to multi-
storey buildings [5]. The simple approach towards design of single storey 
buildings is to use the prescriptive design approach according to Eurocode [1];
however, this approach has been shown to be very conservative and might not 
consider the reserve resistance that might be present. Many European fire 
safety regulations are now adopting the alternative approach of using the 
performance based approach instead of the prescriptive design [5]. Several 
studies have been carried out using the performance base approach to design 
single storey buildings that offer sufficient resistance that fulfils the 
requirements from fire regulations. Some of these studies are described as 
follows.

The most crucial concern with regards to structural behaviour of single storey 
buildings in fire is its collapse mechanism. The requirements from fire safety 
regulations are to prevent any dangerous failure types i.e. collapse of the 
structure towards outside or any disproportionate collapse resulting from 
progressive collapse of the structure. Moss et al [18], have described in their 
study the fire behaviour of steel portal frame buildings at elevated 
temperatures. The study was performed using a three dimensional finite 
element model of portal frame structures with different support conditions at 
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the base of columns. Different parameters such as restraints from walls,
severity of fire and concrete encasement of the columns were studied with 
regards to their effect on the structures mechanical response to fire. The study 
recommended that some level of fixity at the column base level is required to 
ensure that the structure will undergo an acceptable collapse mechanism in fire 
situation. A literature review is performed by Stern-Gottfried and Rein [19];
where they describe in detail the status of research done on the topic of 
travelling fires. It has been proposed that in large open span buildings, such as 
single storey industrial halls, there are no all-encompassing fully developed 
fire scenarios. Instead, it is proposed, these fires burn over a limited area 
burning all the fuel located there and then move onwards as ‘travelling fires’. 
The structural fire design models are based on the assumption of fully 
developed fires throughout the fire compartment, which are not suited to the 
localized ‘travelling fire’ scenario proposed in this study [19]. This proposition 
is completely in accordance with the proposed scenario of a single storey 
building subjected to localized fire scenario presented here in this thesis. In 
part II of their study Stern-Gottfried and Rein [20], have shown that localized 
fire can be that cover only around 10% of the floor area can produce 
temperatures equivalent to 106 min of standard fire exposure and 
approximately 200°C hotter than those calculated using parametric time-
temperature curves from Eurocode [1]. This indicates that localized fires can 
be equally problematic if not more with regards to the mechanical response of 
the structure depending on where it is located.

A European project supported by the Research Fund for Coal and Steel (RFCS) 
covered the structural resistance of single storey and low rise buildings 
exposed to fire [21]. The project aimed at demonstrating that when considering 
the full 3D behaviour of the structure in fire situation, these structures can offer 
excessive structural resistance. The objective of this project was to show the 
safety of these structures with regards to ‘non-progressive collapse’ and a 
‘non-dangerous failure’. The motivation for the project was due to the stringent 
requirements put on steel structures for single storey buildings with respect to 
their resistance in fire design situation by the regulation in many European 
countries. These requirements could only be met when costly passive or active 
fire protection measures are adopted, which puts steel as a structural material at 
a disadvantage with respect to other materials such as concrete and timber. The 
project aim to show through a risk assessment method that single storey 
industrial halls possess enough resistance to not require any fire protection 
measures to fulfil the regulatory requirements [21]. The study carried out in the 
project consisted of dynamic modelling approach in order to avoid the 
numerical problems associated with static FE analysis at elevated temperatures. 
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The fire model used was however, the standard ISO fire model curve (ISO 
834). The study proposed new fire resistance requirements for single storey 
buildings exposed to fire as reference for future regulations, summarized 
below.

Structural resistance: Atleast R15 or based on risk assessment
Preventing dangerous failure mechanisms

o Disproportionate collapse (progressive collapse)
o Dangerous failure type (collapse towards outside)

Integrity of partition and wall elements

The thesis presented here has also adopted the dynamic FE analysis approach 
due to its ability to model whole range of the structural behaviour from low to
very high temperatures, which cannot be done using static FE analysis. The 
focus in the thesis presented here is however only on the structural resistance at 
elevated temperatures. The fire model adopted in the thesis is localized fire 
model different from the ISO fire model used in the project [21] described 
above.

In another study Choi et al [22], have shown that the trusses exposed to fire,
when restrained at their ends from horizontal movement, undergo transition 
from bending action to catenary action. They also observed progressive 
buckling of the compressive web members of the truss in the high shear region. 
The fire model, however, used in this study was the ISO standard fire model. 
The thesis presented here also proposes alternative load carrying mechanisms 
through catenary behaviour, however, when exposed to localized fire models. 
The difference is also in the fact that the study presented by Choi et al 
considers truss members in multi-storey buildings where the horizontal 
restraint can be significant; whereas for single storey industrial halls the 
horizontal restraint is very low, however, when considered together with the 
stabilizing effect of the envelop of the building including the roof and wall, it 
can be shown to possess significant restraint in fire situations.

The stabilizing effect of roof and walls on the main load carrying structural 
frames of single storey industrial halls has been the subject of many studies 
before. Wind braces are generally provided along the short and long sides of 
single storey buildings to stabilize them against lateral forces generated by 
wind loads. These wind loads act on the wall panels, which in turn transfer 
these loads to the main load carrying frames.  In many cases these frames 
consist of simply supported columns at their bases, which do not provide the 
requisite stability, hence wind loads are transferred via horizontal bracing 
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through the roof to the end walls. It has been shown that corrugated steel roof 
sheeting has enough in-plane stiffness to transmit these loads to the end walls. 
The mechanism through which it performs this function is called the stressed 
skin diaphragm action. Höglund [23], has described in detail how the roof can 
be designed for the stressed skin diaphragm action to be able to transfer wind 
loads to the wind bracing. It is recommended that the roof sheeting is properly 
fastened to the primary load bearing structure i.e. the top chords of the trusses 
or purlins, if present. This mechanism can be relied upon as a valid load 
transfer path as is has been confirmed by tests and experience [23]. The study 
presented in this thesis also relies on the in-plane strength and stiffness of the 
corrugated roof sheeting for transfer of load through the alternate catenary 
mechanism at elevated temperatures as described later.

The walls in the single storey buildings, under consideration here in this study, 
are generally made of sandwich panels. These sandwich panels consist of thin 
steel sheet faces enclosing an insulated core made of either expanded 
polystyrene (EPS) or Rock wool [24], [25]. A study performed by Hedman-
Petursson [24], as part of a doctoral dissertation, describes how these sandwich 
panel wall elements can be used to stabilize the columns against lateral 
buckling. The sandwich panels used as wall elements possess significant in-
plane stiffness, which makes them reliable for providing stability to the 
supporting columns of the main load bearing structural frame. In the FE model 
presented in the study in this thesis also uses wall panels with connection 
strength details according to the work done by Hedman- Petursson [24]. This 
has been done to show that stabilizing effect of the sandwich wall panels can 
also be useful in fire situations.

Other researchers such as Ilveskoski and Olli [26], proposes that the sandwich 
wall panel can totally or partially replace the traditional wind bracing used in 
single storey buildings. Janushevskis et al [27] propose an optimized solution 
for the roof sheeting utilizing the stressed skin behaviour at room temperature.

4.1.2 Regulatory requirements

The Swedish building regulations from Boverket (BFS 2011:26), BBR [28],
recommends that single storey buildings in occupancy class 2B or 2C, should 
be classified as building class Br2. The categories for building classification 
according to these building regulations are described below.

Br0 – Requiring very high protection
Br1 – Requiring high protection
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Br2 – Requiring moderate protection
Br3 – Requiring low protection

The individual members in a building are assigned a fire safety class based on 
relevant building class according to Boverket’s regulations [28], and also the 
relevant safety class according to the Swedish national annex, EKS [29]. Table 
4-1 shows how this classification looks like for buildings in class Br2.

Table 4-1: Fire safety class in Building class Br2 [28]

Fire Safety 
class

Examples of Structural elements in a Br2 Building

1 Certain structural elements in safety class 1, eaves, non-bearing interior 
walls, canopies or balconies without a common structural element.

Structural elements belonging to the buildings main structural system and 
for which a collapse cannot lead to a progressive collapse in the fire load 
case. Examples include lattices, columns, which in the event of collapse 
affect a limited area.

2 -

3 Structural elements belonging to the buildings main structural system and 
for which a collapse my lead to a progressive collapse in the fire load case.

Landings and flights of stairs that serve as escape routes and are located 
below the top basement level.

4 -

5 Structural elements belonging to the buildings main structural system that 
are located below the top basement level.

In the case study described later the columns have been designed as fire safety 
class 3 requiring fire resistance class R30 according to the Swedish national 
annex to the Eurocode, EKS [29] due to the risk of its failure leading towards a
progressive collapse. The trusses are designed as belonging to fire safety class 
1 due to no presumed risk of progressive collapse, requiring fire resistance 
class R0. However, according to the Swedish national annex EKS [29], if the 
fire affection area and the resulting damage area is limited to a certain area
after 30 mins, as shown in Figure 4-1, then all structure members can be 
attributed to fire safety class 1.
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Figure 4-1: Fire affected area and adjacent area after 30 mins of fire

4.2 Case study

The single storey industrial building, considered as a case study, is a 
commonly used construction in Sweden for commercial purposes as
departmental stores frequented by large number of people. The building frame 
consists of steel trusses supported by steel columns acting as the primary load 
bearing structure. The building envelop consists of corrugated steel sheet as a 
roof and sandwich panels as walls. There is some ambiguity regarding the 
interpretation of the regulations from Boverket’s BBR [28], described above 
with regards to these single storey industrial buildings. The general 
requirements are to design the load bearing structural members as fire safety 
class 3 but due to certain exceptions, as explained above, this requirement is 
not fulfilled in certain cases; as a result many designers use fire safety class 1 
for the roof structure. An estimation of real resistance of these structures to 
realistic fire scenarios is therefore imperative.

4.3 Prescriptive design approach

A single truss exposed to an ISO 834 standard fire is analysed here to 
determine its design resistance according to the prescriptive approach from EN 
1993-1-2 [1] for a single member design in standard fire.

4.3.1 Design load in fire situation

According to EN 1991-1-2 [30] the design effect of actions Efi,d,t for a fire 
exposed structure is obtained by combining the mechanical loads in accordance 
with the accidental design situation from EN 1990 [31]. The structure under 
consideration has been designed for the loads shown in the Table 4-2.
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Table 4-2: Design loads on the structure

Load type Permanent actions
Gk [kN/m2]

Wind pressure
qk [kN/m2]

Snow load sk
[kN/m2]

Characteristic 
value 1.0 0.82 2.0

The combination of actions for accidental design situation according to EN 
1990 [31] is given below.

d,f k,j d 1,1 2,1 k,1 2,i k,i
1 1

(  or )i
j i

E G P A Q Q [4-1]

Where

Gk,j is the permanent action, P is the pre-stressing force, Ad is the indirect 
action in fire situation, Qk,1 is the leading variable action and Qk,i are the 
accompanying variable actions. 1,1 and 2,1 are the combination factors for 
frequent value and the quasi-permanent value of the leading variable action, 
respectively and  the choice between the two will depend on the relevant 
accidental design situation. 2,i are the quasi-permanent value of the 
accompanying variable actions.

The two variable actions in the present case are wind load and snow load and 
the total design loads in fire situation, depending on which ever is chosen as 
the leading action, are calculated as follows.

The wind pressure acting on external surface, we, is calculated from eq. 4.2
according to EN 1990-1-4 [32].

e p e pe( )w q z c [4-2]

Where qp is the peak wind pressure, ze is the reference height for external 
pressure and cpe is the pressure coefficient for external pressure.

Similarly the design value of the snow load acting on the structure is calculated 
according to the EN 1990-1-3 [33] using eq. 4.3.
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i e t ks C C s [4-3]

Where µi is the snow load shape coefficient, sk is the characteristic value of the 
snow load on ground, Ce is the exposure coefficient and Ct is the thermal 
coefficient.

Using the characteristic values from Table 4-2 the design values of the loads 
are calculated from eq. 4.2 for wind load and eq. 4.3 for snow load summarized 
in Table 4-3.

Table 4-3: Design values for wind and snow load

Wind load (wk) [kN/m2] Snow load (s) [kN/m2]

cpe,10 [EN 1991-1-4] 0.2 -

µi [EN 1991-1-3] - 0.8

Ce [EN 1991-1-3] - 0.8

Ct [EN 1991-1-3] - 1.0

Design value 0.164 1.28

[29]
and the load combinations obtained for both cases of choosing either snow load 
or wind load as the leading variable action, are summarized in Table 4-4. Load 
combination with snow load as the leading variable action is the critical of the 
two as a higher total load is obtained as a result.

Table 4-4: Load combinations

Permanent action 
[kN/m2]

Wind load 
[kN/m2]

Snow load 
[kN/m2]

Total 
[kN/m2]

1 - 0.2 0.4

2 - 0.0 0.2
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Load 
combination 1 
[snow load]

1.0 0.0 0.512 1.512

Load 
combination 2 
[wind load]

1.0 0.0328 0.256 1.289

4.3.2 Design resistance of truss members

The truss is no longer able to perform its function when the most critical 
component of the truss fails under increasing temperature due to fire exposure
and under actions produced by the design load in fire situation described in 
previous section. The design time period required to produce this failure can be 
calculated in two different ways; either through calculating the critical 
temperature for each truss components or through calculation of the design 
resistance of each component and compared to the applied load on each 
component.

This calculation has been performed here for a single truss from the given 
industrial building. The first step of the analysis is to calculate the forces 
through the different components of the truss for the applied design load in a 
fire situation as described below.

The truss is assumed to be simply supported at the two ends with a pin at one 
end and a roller at the other. The forces produced in the truss components as a 
result of the applied loading in fire design situation are indicated in figure and 
the most critical components of each cross section type are summarized in 
Table 4-5 and Table 4-6.

Figure 4-2: Axial forces across the truss components
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According to the simplified calculation method from EN 1993-1-2 the load 
bearing function of a steel member is maintained for a duration t if the 
following inequality is satisfied.

fi,d d,fi,tE R [4-4]

Where Efi,d is the design effect of actions for the fire design situation described 
previously and Rd,fi,t is the corresponding design resistance for the steel 
member after duration t in fire exposed conditions.

For tension members with uniform temperature a the cross sectional resistance 
is obtained from eq. 4.5.

M1
fi,

M,fi

N k N [4-5]

Where, k is the reduction factor for yield strength of steel at temperature a ,
NRd is the design cross sectional resistance in tension at room temperature 
according to EN 1993-1-1 [34] and M1 and Mfi are the partial safety factors for 
material at room temperature and elevated temperature respectively. 
Rearranging eq. 4.5 gives eq. 4.6, which gives the yield strength reduction 
factor k in terms of the utilization of the structural member with respect to its 
design cross sectional capacity at room temperature.

fi,
y,

M1
Rd

M,fi

N
k

N
[4-6]

The utilization factor is related to the critical temperature as shown previously 
in Eq. 2.14, which can be used to calculate the critical temperature cr. Direct 
application of Eq. 2.14 is only valid when there is no instability, which is the 
case for tension members.

For compression members instability due to flexural buckling can be an issue, 
which prevents direct application of Eq. 2.14 since the utilization of the 
member is undetermined due to unknown reduction factor. The reduction 
factor in turn depends on the temperature, which entails that an iterative 
procedure must be adopted to calculate the critical temperature as described
below.
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The buckling resistance of a compression member is obtained from eq. 4.7 
according to EN 1993-1-2 [1].

y,
b,fi,t,Rd fi

M,fi

Ak f
N [4-7]

Where, fi is the reduction factor due flexural buckling in fire design situation 
and its value is calculated from eq. 4.8.

2 2

1
fi [4-8]

Where, 20.5 1 and 
y

2350.65
f

The non-dimensional slenderness at elevated temperature a is calculated 
from eq. 4.9.

0.5

y,

E,

k
k

[4-9]

Where, y,

E,

1.2
k
k

which enables the iterations to converge rapidly. Table 

4-5 and Table 4-6 summarize all the result from the calculation of the critical 
temperature for truss components.

Table 4-5: Critical temperatures for the elements in tension

Element Section
SHS

NEd
[kN]

NRd
[kN] o

cr
[ ]

D1 75x5 118.35 497.000 0.238 698.694

D3 66x5 73.51 433.100 0.170 749.670

D5 46x4 30.8 238.560 0.129 790.791



analysis of catenary effect in steel beams and trusses exposed to fire

72

BC 120x5 269.17 816.500 0.330 649.448

Table 4-6: Critical temperatures for the elements in compression

Element Section
SHS

NEd
[kN]

NRd
[kN]

Lb
[m] µo k cr

[ ]

D2 75x5 -94.6 497 2.133 0.41 0.19 0.47 601.16

D4 66x5 -53.32 433.1 2.133 0.31 0.12 0.40 628.13

D6 46x4 -10.87 238.56 2.133 0.12 0.05 0.39 633.76

TC 114x6 -261.21 920.16 1.5 0.87 0.28 0.32 660.54

V 50x4 -14.21 261.28 1.5183 0.37 0.05 0.15 770.44

4.4 Finite element model

A three dimensional model of the single storey buildings were created in the 
Finite element software ABAQUS [35]. The challenging aspect of modelling 
steel structures in fire is the excessive softening of the material at elevated
temperatures especially beyond 600°C, which causes numerical problems and 
failure of convergence when using static solver of ABAQUS. This presented a 
problem since to show the structural robustness in fire situations much higher 
temperatures were needed. This was overcome by using the dynamic solver 
ABAQUS/explicit instead, which solves for the dynamic equilibrium of the 
finite elements. To analyse essentially static problems such as the single storey 
building in fire using a dynamic solver like ABAQUS/explicit is to perform a 
quasi-static analysis. 

The ABAQUS/explicit performs a dynamic procedure and solves for the 
dynamic equilibrium, which means that inertial forces can be significant. The 
aim of a quasi-static analysis is to keep the influence of these inertial forces at 
a minimum. It is computationally very expensive to perform this analysis in its 
natural time period therefore for an economic analysis the speed of the process 
is artificially increased, which can be done through one of the following two 
ways.
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Increased loading rates
Mass scaling

In the first ‘Increased loading rates’ method the rate at which the load is 
applied is increased, which increases the material strain rates in the simulation 
which is not significant if the material is rate insensitive. ‘Mass scaling’ 
method allows for artificially increasing material density to increase the stable 
time increment. Both these methods essentially achieve the same effect of 
enabling the simulation to complete in fewer increments [36]. In this study the 
‘mass scaling method’ was adopted for performing the simulations in 
ABAQUS/explicit. A quasi-static procedure is also enabled if the loadings or 
actions are applied in a smooth and gradual manner, which is achieved by 
using a ‘SMOOTH STEP’ amplitude curve in ABAQUS. All actions i.e. load
and temperature increases were applied in the model using the ‘SMOOTH 
STEP’ amplitude curve shown in the Figure 4-3 [15].

Figure 4-3: ‘Smooth step’ amplitude curve

Another important aspect that can help to evaluate if the simulation is properly 
quasi-static is the energy balance equation. The kinetic energy of the model 
should not exceed a small percentage of its internal energy through most of the 
quasi-static analysis. Figure 4-4 shows variation of the internal energy and 
kinetic energy for one of the models used in the study. It can be seen that for 
most of the duration of the analysis the kinetic energy is a very small 
percentage of the internal energy, hence the quasi-static response.
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Figure 4-4: Energy balance of the whole model

The different aspects of the finite element model are described in detail as 
follows.

4.4.1 Element type

The model is created using the reduced integration shell element S4R from the 
element library of ABAQUS. The reason for choosing shell elements is due to 
the fact that most structural components i.e. the truss members, columns, 
connection components and wall panels are made of thin walled steel 
members. It was also aimed to show that the stressed skin diaphragm action 
can play a significant role in adding robustness to the structural behaviour in 
fire situations, hence modelling the structure using shell elements as shown in 
the figure.
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Figure 4-5: 3D view of one of the models

4.4.2 Analysis procedure

The analysis is performed in a two-step procedure i.e. design load for a fire 
design situation calculated previously in this chapter is applied to the model 
followed by the heating step, where temperature increase is applied. As 
discussed previously ‘mass scaling’ was chosen as the method to use for 
obtaining a quasi-static procedure and the target time increment that was 
obtained via trial and error that gave economical solution was 1×10-6. The 
same scaling definitions were used for both steps of the analysis.

4.4.3 Material model

The stress-vs-strain model for structural steel at elevated temperatures from EN 
1993-1-2 [1], shown in figure, is used in the FE model. The nominal values for 
strength and elastic modulus are used for the steel grade S355, which is the 
steel grade of the main load bearing structure. At elevated temperatures the 
reduction in material properties are according to the reduction factors from EN 
1993-1-2 [1].
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Figure 4-6: Trilinear stress strain model for structural steel at elevated temperatures

4.4.4 Load application and boundary conditions

The load is applied as a pressure load on the corrugated sheeting with 
magnitude that corresponds to the design load in fire situation as discussed 
above. The column bases are assumed as pinned allowing rotation about the 
cross sectional axes but all translations and longitudinal axis rotation are 
constrained. Brace members are provided at the end frames in order to prevent 
unstable rigid-body motion during the analysis as shown in Figure 4-5.

4.4.5 Temperature application

The predefined field application in ABAQUS is used for applying increasing 
temperature as a ‘predefined field’ input in the heating step to the model.

4.4.6 Fasteners

The roof sheeting and the wall panels shown in Figure 4-5, are connected to 
the main load bearing structures i.e. the top chords of the truss and the columns 
through connector elements in ABAQUS as the fastening components. These 
connector elements have been assigned temperature dependent strength 
according to calculation on typical connection screws.

4.5 FE-Analysis results

Figure shows the deformed shape of the heated truss exposed to a localized fire 
at midspan. The deformed shape of the truss shows that the truss acquires the 
shape of a catenary at elevated temperatures, which indicates some 
redistribution of the load from the primary load transfer path. Figure shows the 
midspan deflection as a function of the maximum measured temperature at the 
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bottom flange at midspan. It again confirms what could be seen in figure that 
truss has a stable response, after the initial failure of the truss in flexure at 
approximately 600°C, lasting well beyond 800°C.

Figure 4-7: Deformed shape of the FE model

Figure 4-8: Midspan deflection as a function of increasing bottom flange temperature

The fire exposed truss at the midspan will undergo variation of forces through 
its members. These forces are calculated based on the axial normal stress level 
calculated from the finite element model. The complete data of the axial forces 
measured through the different truss members is provided in Annex A. Figure 
4-9 shows the identification of the different truss members whose member 
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forces have been calculated. Only half the truss members are analysed 
assuming that symmetric behaviour is expected due to midspan location of the 
fire.

Figure 4-9: Identification tags of the different truss members

Figure 4-10 shows the variation of forces through the different members of the 
truss with increasing temperature at the midspan. It shows that the compressive 
force through the top chord increases initially with increasing temperature up 
until about 600°C, which is expected under restrained thermal expansion. At 
this point the increased compressive force is enough to cause buckling of the 
top chord as seen in Figure 4-11 whose strength and stiffness has already 
reduced due to elevated temperature. Immediately after midspan buckling of 
the top chord the compressive forces through the top chord members suddenly 
reduce considerably i.e. for TC-5 and TC-6 the drop in axial force level is 
approximately 67% to 70%. The variation of axial forces through the diagonals 
and the bottom chords are seen to be much more gradual than the top chord as 
seen in Figure 4-10. The vertical member near the support more or less has a 
consistent load level, whereas the load level through the vertical members 
further closer to midspan undergo reduction of their compressive axial forces 
and in case of V-3 even transitioning into tensile behaviour.
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Figure 4-10: Variation of axial forces through the different components of the truss

Figure 4-11: Buckling of the top chord of the truss at approximately 600°C

To analyse the load level carried by the truss at elevated temperatures the 
reaction force at the column base is taken from the finite element model as 
shown in the Figure 4-13. It can be seen that the vertical reaction force at one 
of the column base remains close to half the design load acting on the truss 
through the roof of around 86 kN until around 600°C. The situation, however 
changes after further heating takes place and the top chord of the truss 
undergoes failure consequently causing a phase of relatively rapid reduction of 
vertical reaction at column base with increasing temperature. This phase of 
rapid reduction lasts up to approximately 790°C when a relatively stable point 
is reached where the vertical reaction remains stable at around 45 to 50 kN. 
This stable phase lasts until the structural collapse takes place at around 878°C 
under excessive tensile yielding of the bottom chord as shown in Figure 4-12.
This stabilization of the load carried by the truss is also evident from the 
variation of axial forces through the diagonal members and the bottom chord 
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members as seen in Figure 4-10. There is a brief period for approximately the 
same temperature range where these axial forces are stabilizing from the initial 
relatively rapid reduction. It can also be seen that this stabilization is much 
more pronounced if the diagonal members are further away from the midspan 
as seen in the case of BC-1 and D-1.

The discussion above indicates that the truss, even though has no longer the 
flexural resistance to carry the design load due to buckling of the top chord but 
still possess residual capacity to carry approximately half that load through 
other mechanism. The mechanism that enables the truss to carry the load is 
discussed below.

Figure 4-12: Plastic strain distribution showing yielding of bottom chord at midspan
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Figure 4-13: Vertical reaction force measured at the supporting column base

The only mechanism that can be thought of as being able to carry the load, post 
buckling failure of its top chord, is the catenary action through. Figure 4-14
shows how this catenary profile might be imagined. This assumption is 
supported by the fact that the truss undergoes considerable deflection at 
midspan and simultaneously the tensile axial forces, mainly through the bottom 
chord and the diagonal D-1 at the support remain at significant level. This will 
also further be established through the mathematical expression for the tensile 
catenary force through the truss and its comparison the finite element model 
result as follows.

4.6 Hand calculation model

In this section a simplified hand calculation procedure is proposed that can be 
used to predict the post truss failure capacity of the roof to carry the load 
through its catenary action together by the truss and roof sheeting.

4.6.1 Truss as a catenary
Figure 4-14 shows the deformed shape of the truss just before the ultimate 
failure defined by the runaway deflection of Figure 4-8. The shape of the truss 
can be seen as a sort of pseudo-catenary. The tensile axial forces through the 
bottom chord and the diagonal members near the support with large deflection 
at midspan support this assumption that the truss acts like a catenary.
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Figure 4-14: Catenary profile of the truss in fire

The assumption of the truss catenary action must be verified by comparing 
results from the FE model to theoretical models of catenary. The parameters of 
interest with regards to a catenary are shown in Figure 4-14 and described 
below.

Distributed load qt

Catenary tensile force Ft

Span length L
Length of catenary profile S

The mathematical expression that relates Ft to S, qt
4.10

2 2
t 4

8
qF S [4-10]

through the mathematical expressions give in eq.4.11 and eq.4.12, respectively.

t

t

2
2

F q LS Sinh
q F

[4-11]
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t
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1
2

F q LCosh
q F

[4-12]

The axial tensile force through the bottom chord from FE analysis at midspan 
should correspond to the tensile force through a catenary calculated 
theoretically using eq. 4.10 to eq. 4.12. It is not known beforehand what level 
of the load will be transferred through the catenary action of the truss; therefore 
catenary calculations are performed for different load levels for comparison i.e. 
at 25%, 50%, 75% and 100% of the load carried by the truss before the 
catenary phase. Figure 4-15 shows the theoretically obtained catenary force Ft

to eq. 4.12.

The broken red line seen in the graph in Figure 4-15 is the tensile axial force 
measured from the FE-model as a function of the catenary sag at the midspan 
of the truss. It can be seen that the curve from the FE model is approaching the 
theoretical curve for 50% load level and then diverging as the structure 
undergoes ultimate collapse.

Figure 4-15: Comparison between theoretical and FE model results

Figure 4-16 shows the tensile axial force across the bottom chord of the truss at 
midspan from the FE-model compared to the theoretically calculated bottom 
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chord tensile resistance as function of increasing temperature. It can be clearly 
seen that the axial force through the bottom chord is closely following the 
bottom chord tensile capacity with increasing temperature of the bottom chord. 
At a certain point beyond 850°C it can be seen that there is sudden drop in 
force indicating ultimate collapse of the structure.

Figure 4-16: Axial force through bottom chord

4.6.2 Contribution from Roof
The previous discussion shows that the truss has a secondary role to play as a 
catenary after its failure as a flexure member. However, the level of load 
transferred by the truss through this catenary action does not account for 100% 
of the load it was carrying as a flexure member. It is proposed here that the 
roof structure made of corrugated steel sheeting is responsible for transferring
the remaining load during the catenary phase of the truss. The load is 
transferred, in a direction perpendicular to the span of the heated truss, to the 
adjacent cold trusses on both its sides. The roof is also heated together with the 
truss at the midspan, but there are also regions of the roof further away from 
the midspan that are not affected by the fire as much; therefore at a much lower 
temperature. It is proposed here that the roof transfers the remaining load 
through both bending moment resistance as well as through catenary action 
depending on the temperature level as explained below.

The roof is assumed to be split into horizontal strips each of one meter width as 
shown in Figure 4-17. It can be seen that the temperature varies from one 
segment to the next one, which will affect the bending moment resistance of 
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these segments as shown in Table 4-7. The bending moment resistance of each 
segment is taken from the Lindab catalogue design specifications for LTP 115 
[25]. It can also be calculated according to the following eq. 4.13 to eq. 4.15 
from EN 1993-1-3 [37] and EN 1993-1-2 [1].

If the effective section modulus Weff is less than the gross elastic section 
modulus Wel

eff yb
c,Rd

M0

W f
M [4-13]

If the effective section modulus Weff is equal to the gross elastic section 
modulus Wel

e max
yb el pl el

e0
c,Rd

M0

( )4 1f W W W
M [4-14]

At elevated temperatures

M0
fi,t,Rd y,

M,fi

M k M [4-15]

Figure 4-17: Roof segments in perpendicular direction to the heated truss
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Table 4-7: Bending moment resistance of roof segments and their corresponding 
temperature

Roof segment Temperature [°C] Reduction factor
k

Bending Moment resistance 
Mfi,t,Rd [kNm]

R-1 876 0.072 1.17

R-2 876 0.072 1.17

R-3 589 0.504 8.20

R-4 466 0.85 13.83

R-5 380 1 16.28

R-6 318 1 16.28

R-7 270 1 16.28

R-8 270 1 16.28

R-9 270 1 16.28

R10 270 1 16.28

The applied bending moment on each roof segment should be compared to the 
available bending moment resistance. The roof is subjected to a uniform 
pressure load of 1.512 kN/m2. The load carried by the truss is transferred from 
the part of the roof half way to the adjacent trusses i.e. 3 meters on both sides. 
The load carried by the truss as catenary is changing once it transitions into the 
catenary phase, also indicated from Figure 4-15. We can take an arbitrary point 
on the temperature range, where the truss acting as catenary, and calculated the 
corresponding load transferred via the roof compared to its resistance. As an 
example taking the temperature point 850°C on Figure 4-16 where the catenary 
force through the truss is approximately 80 kN and the corresponding 
proportion of the design load in fire carried by the truss catenary at this stage is 
approximately 50%, according Figure 4-16. The remaining load is assumed to 
be transferred to the adjacent trusses through the roof sheeting. The bending 
moment to which each roof segment is subjected has been shown in Figure 
4-18. The span length of the roof segment extends from the adjacent truss on 
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one side of the heated truss to the one on its other side i.e. 12 meters. The load
on the central 6 meters span is reduced by half representing the load transferred 
by the truss catenary.

Figure 4-18: Bending moment diagram for applied moment on each roof segment

Comparison between the applied moment and resistance of the roof segments
from Table 4-7, shows that for some segments i.e. R-1 and R-2 the bending 
moment resistance is negligible; whereas for others such as R-5 to R-10 the 
bending moment resistance is approximately equal to the applied moment. For 
R-3 and R-4 the bending moment resistance is less than the applied moment 
but not negligible. It is proposed here that the applied moment in excess of the 
bending moment resistance of each roof segment, denoted here as Mcat, is 
transferred through catenary action of the roof segment. The cut view of the 
roof in Figure 4-19 shows the catenary shape of the roof segments at midspan. 
Maximum midspan deflection of the truss at midspan can be taken as the 
catenary sag for segments R-1 and R-2 to calculate the catenary tensile force 
Ft; For the segments away from the midspan, linear interpolation can be used to 
calculate the catenary sag as shown in Figure 4-20. Catenary calculation is 
performed for each roof segment for which the bending moment resistance is 
not sufficient to resist the applied moment. The catenary force Ft in each 
segment is compared to the design resistance i.e. the tensile strength N of 
the roof segment and the bearing strength of the connection between the roof 
segment and the top chord the adjacent trusses given in eq. 4.16 and eq. 4.17
below.

The tensile strength of each roof segment is calculated from eq. 4.16 from EN 
1993-1-2 [1].
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M0
fi,

Mfi

N k N [4-16]

Connection strength depends on the bearing strength per fasteners and the 
number of fasteners per roof segment width. The fasteners are located at the 
troughs of the roof sheeting generally one or two per trough. If n denotes the 
number of fasteners per roof segment width then eq. 0.11 gives the design 
bearing resistance of the connection.

t,conn b,RdN n F [4-17]

Where Fb,Rd is the bearing strength per fastener.

Figure 4-19: Catenary profile of the roof at midspan
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Figure 4-20: Catenary sag for the roof segments

For the given temperature distribution in Table 4-7, and using maximum 
midspan deflection just before the runaway deflection from Figure 4-8, as the
catenary sag for midspan segments of the roof, Table 4-8 gives us the 
maximum catenary tensile force in each roof segment. In the FE model a single 
fastener was used per trough with a bearing resistance of 2.5 kN for a single 
fastener. The tensile resistance of the highest temperature roof segment is 
approximately 35 kN, which is higher than the tensile catenary forces for each 
segment. The bearing resistance of the connection per roof segment is 4 × 2.5 
kN = 10 kN, less than the catenary force for segments at the midspan R-1 to R-
3. This results in connection bearing failure for the midspan roof segments 
leading to the ultimate failure of the structure as evident from Figure 4-21.

Table 4-8: Roof catenary calculation

Segments Mcat [kNm] qcat [kN/m] XRn [m] Rn [mm] Ft [kN]

R-1 17.10 0.95 9.56 949.95 18.15

R-2 17.10 0.95 8.56 850.58 20.23

R-3 10.06 0.56 7.56 751.22 13.47

R-4 4.35 0.24 6.56 651.85 6.71

R-5 1.99 0.11 5.56 552.48 3.61
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R-6 1.99 0.11 4.56 453.11 4.40

R-7 1.99 0.11 3.56 353.75 5.63

R-8 1.99 0.11 2.56 254.38 7.83

R-9 1.99 0.11 1.56 155.01 12.84

R-10 1.99 0.11 0.56 55.65 13.90

Figure 4-21: connection bearing failure between roof and adjacent truss top chord

4.6.3 Summary of the proposed calculation procedure
The simplified hand calculation procedure proposed here can be used to predict 
the behaviour of the truss at elevated temperature exposed to a localized fire at 
the midspan. The procedure is described here as a series of steps as follows.

Step 1: Assuming the axial force through the bottom chord to be equal to 
tensile axial force capacity of the bottom chord from theoretical calculation. 
This assumption is based on Figure 4-16.

Step 2: Relationship between the catenary sag and the increasing temperature
is derived. Following from the assumption of step 1, the level of force through 
the bottom chord is known; but the corresponding catenary sag is unknown, 
which is difficult to derive due to the unknown load level transferred by the 
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truss catenary since it is changing with changing temperature as seen in Figure 
4-15.

Since there is no theoretical formulation that can be used to derive such a 
relationship, therefore results from FE-model are used. Three different span 
lengths of trusses were used in a parametric study, their midspan deflection-vs-
temperature curves are shown in Figure 4-22. The equations of the linear trend-
lines can be seen to be very similar. Eq4.18. based on average of these three 
equations is adopted here as the relationship between midspan deflection and 
increasing temperature in the catenary stage. It is assumed that this equation 
can be used for any span length since it is based on results from three different 
span lengths.

3.4 1875y x [4-18]

Where x represents the temperature in [°C] and y represents the midspan 
deflection in [mm].

Figure 4-22: Three different truss spans midspan deflection vs temperature of bottom 
chord

The eq. 4.18
and the tensile force through bottom chord, shown here in Figure 4-23. It 
shows the comparison between theoretical curve and the corresponding 
relationship from the FE-model. The results are very close, which implies that 
the theoretical curve can also be used, instead in Figure 4-15.

y = -3.4699x + 2026.9

y = -3.2036x + 1768.8
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Figure 4-23: Catenary force vs catenary sag

Step 3: Figure 4-24 shows the theoretical curve compared to the catenary 
curves for different load levels. At different temperature levels the bottom 
chord axial force can be checked through the graph from Figure 4-24 as to how 
much of the design load is being transferred through the truss catenary action.

Figure 4-24: Catenary force vs catenary sag

Step 4: For the calculated truss catenary load check the corresponding load 
transferred by the roof and its resistance, which can be summarized by Figure 
4-25.
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Figure 4-25: Calculation scheme to check the resistance of the roof segments

The procedure can be repeated for several different temperature levels at the 
midspan or it could also be used only for one maximum midspan deflection 
level specified as the performance criterion.

4.7 Results from parametric study

The effect of different parameters on the response of the single storey building 
subjected to localized fire was studied using FE analysis. The different 
parameters that were considered are as follows.

Column height
Rotational stiffness of connection at truss supports
Fire location
Span length of truss
Fastener strength between roof and truss chords.
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4.7.1 Height of column

Figure 4-26 shows the maximum deflection from the FE models as function of 
maximum bottom flange temperature. The temperature distribution used in 
both cases is the same; although the localized fire model considered in this 
study uses height as one parameter, the aim was only to see the sensitivity of 
the mechanical response to column height. The column heights are seen to 
have very little effect on the mechanical response of the structure under 
localized fire conditions.

Figure 4-26:Maximum deflection of heated truss, fire at midspan (L), near support (R)

4.7.2 Connection stiffness

Three different connection rotational stiffness levels were considered in this 
study to see how that affects the overall mechanical response of the truss to 
localized fire at midspan location. Figure 4-27 shows the three different 
connection details, where the semi-rigid connection has a 10 mm thick 
endplate welded to the ends of the top chords. For the moment resisting 
connection two 10 mm thick plates are added in the longitudinal direction to 
enable continuity over the connection region from one span to the next. The 
simply supported connection is assumed by reducing the thickness of the top 
chord endplates to 5 mm thickness. The deformed shapes of the connection 
region at elevated temperatures can also be seen in Figure 4-27 superimposed 
on to the undeformed shape. The rigid connection is magnified five times the 
actual deformation, to observe how the connection behaves. The simple 
connection is seen to have very little rotational resistance due to the very thin 
endplate. Figure 4-28 shows the comparison between all three cases; it can be 
seen that there is a sudden drop in the case with simple connection, which 
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indicates the failure of the plates to hold the top chord evident from the 
unstable deformation in Figure 4-27 (top-right). The moment resisting 
connection has somewhat similar behaviour as the semi-rigid connection 
initially until it slightly diverges. The analysis was not completed due to a 
numerical error but it is suspected that the divergence will only last until a 
plastic hinge is formed in the truss near the connection region of the moment 
resisting connection.

Figure 4-27: Deformed shapes of the connection regions: Semi-rigid (top-left), simple 
(top-right), moment resisting (bottom).
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Figure 4-28: midspan deflection as function of maximum bottom chord temperature

4.7.3 Fire location

Two different fire location scenarios were considered i.e. fire at midspan and 
fire located near support. Figure 4-29 shows the comparison between these two 
different scenarios regarding the maximum deflection observed as function of 
maximum bottom flange temperature. In the midspan fire scenario it can be 
seen that deflection level remains comparatively small for a long temperature 
range until it undergoes ‘runaway deflection’, which can be attributed to the 
catenary effect in the truss. However, in the support fire scenario there is 
relatively rapid increase of deflection until the structure reaches ultimate 
collapse. This shows that support fire scenario leads to relatively more sudden 
failure.
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Figure 4-29: Maximum deflection as function of bottom flange temperature

4.7.4 Span length of truss

The span length of the truss in the case study described above is 19.12 meters; 
along with this span length two other span lengths i.e. 22.3 meters and 26.58 
meters were also modelled. For this purpose the trusses for these two longer 
spans had to be designed, whose details are provided in Annex B. The two 
spans were designed for optimum structural performance. Figure 4-30 shows 
the comparison between the midspan deflections for the three different spans 
as function of the maximum bottom chord temperature. For all three span 
lengths the midspan deflection follows a very similar behaviour under midspan 
localized fire situation. The ultimate failure as ‘runaway deflection’ is seen to 
occur at approximately the same temperature level of the bottom chord.
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Figure 4-30: Midspan deflection as function of maximum bottom flange temperature

4.7.5 Fastener strength

Two different connection strengths were used for the connection between the 
roof sheeting and the top chords of the trusses. In the first model it was 
assumed that one fastener is used per trough of the roof sheeting; whereas in 
the second it was assumed that two fasteners were used. Figure 4-31 shows 
how the deformed shape looks like the ultimate failure stage. The connection at 
the midspan comes apart due to high pulling force due to the catenary action 
through the roof, which does not happen when two fasteners are assumed to be 
present per trough. Figure 4-32 shows the comparison between the midspan 
deflections for both cases with midspan fire scenario, which clearly 
corresponds to the observation from Figure 4-31, i.e. higher deflection is 
observed for the case with one fastener at ultimate failure due to failure of the 
connection caused by the roof catenary at midspan length.

Figure 4-31: deformed shape at ultimate failure: one fastener (L), two fasteners (R)
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Figure 4-32: Midspan deflection as function of maximum bottom flange temperature

The other comparison was made for the support fire scenario where two 
different models with different connection strengths between the roof and the 
adjacent colder trusses were considered. In the first case it was assumed that 
the one fastener was used per trough; whereas in the second case one fastener 
every other trough was assumed. Figure 4-33 shows the deformed shape 
superimposed onto the undeformed shape of the models for comparison. It can 
be seen that a stronger connection between the roof and adjacent trusses can 
lead to pulling in of the adjacent trusses as seen in Figure 4-33 (Top); whereas 
weaker connection limits this pulling effect, seen in Figure 4-33 (bottom). This 
leads to an important conclusion that stronger roof to top chord connection 
may be desirable for midspan fire scenario but in case of support fire scenario 
it can produced undesirable ultimate failure scenario such as a disproportionate 
collapse of the structure.
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Figure 4-33: deformed shape for support fire scenario: first case (top), second case 
(bottom)
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5 DISCUSSION AND CONCLUSIONS

5.1 Discussion

The Doctoral thesis presented here includes five journal papers in the field of 
structural fire engineering. The findings of the study presented here are mostly 
based on finite element analysis of structural members such as steel beams and 
trusses. In the case of steel beams some experimental data was also available 
that was utilized for the calibration of the models. The hypothesis on which the 
thesis is based is that prescriptive design in the form of simple analytical 
equations from Eurocodes for structural members such as beams and trusses 
might be either too conservative or not reflective of the real behaviour of these 
structures in fire situations. It is further proposed that adopting the performance 
based design approach for design of steel beams and trusses in fire might be 
more economical and offer a better approximation of their real behaviour in 
fire situations.

The performance based approach in structural fire engineering is based on the 
idea of improving structural safety through application of scientific and 
engineering principles. The disadvantage steel structures have over other 
structural materials such as timber and concrete is its rapid loss of strength and 
stiffness in fire. The prescriptive design approach for single member design 
always puts demands on the structural members with regards fire protection 
measures; precisely due to the fact that there is no appreciation of any reserve 
resistance that might be present. The performance based approach on the other 
hand will take into account the interaction of the structural member with the 
surrounding structures. This interaction can be beneficial as in the case of 
beams and trusses it can give rise to alternative load transfer mechanisms at 
very high temperatures through catenary action.
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The research questions formulated in the introduction are addressed as follows.

What are the benefits gained by considering the ’real performance’ of 
steel beams in multi-storey structures exposed to fire compared to the 
prescriptive design approach from the Eurocode?

It has been observed from FE analysis of the steel beams that the critical 
temperature calculated from the prescriptive design equations from Eurocode 
does not represent the actual mechanical failure of the beam. Instead the beam, 
although undergoes extensive midspan deflection, still maintains its stability 
and continues to transfer the load via the alternative mechanism of catenary 
action. The critical temperature from the prescriptive design equations for the 
typical design load levels in fire situations of 40 – 60% range from 620°C to 
554°C. However, from the FE analysis results such as shown in the Appended 
Paper III, it can be seen if the connection can provide the required rotation 
capacity and axial strength the, the catenary action through the steel beam will 
transfer the loads up to temperatures around 800°C. 

Is finite element modeling of steel beams in fire a suitable analytical tool to 
fully understand its ‘real performance’ and is it able to reproduce the 
behaviour observed in fire tests?

The FE modeling of steel structures at elevated temperatures is very 
challenging due to the softening of the steel due to excessive loss of strength 
and stiffness. This happens rather rapidly in the temperature range beyond 
600°C, which creates a challenge in terms of the numerical convergence in 
static analysis due to the rapid, almost dynamic response. In the case of the 
steel beam sub-frame model this issues was overcome through the use of 
‘artificial damping’ of the model in ABAQUS. The ‘dissipated energy fraction’ 
option was chosen in Abaqus to calculate the damping factor and the value was 
chosen on trial and error basis. An appropriate value of the ‘dissipated energy 
fraction’ is selected by keeping the ratio between dissipated energy and the 
total strain energy below 5%. Comparison between the results from the FE 
models and the test results shown in Paper I and Paper II indicate that the 
model is able to predict the real response to a reasonable extent.

The trusses in single storey industrial halls in Sweden are either fire 
protected or not depending on the individual interpretation of the rules. 
This issue of interpretation needs to be settled by focusing on the ‘real 
performance’ of these buildings in fire. How much does this ‘real
resistance’ differentiate from the prescriptive design?
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The prescriptive design approach from Eurocode, when considering single 
member design, gives a critical temperature of 643°C as discussed in Paper IV. 
This critical temperature corresponds to the failure of the top chord of the truss 
due restrained thermal expansion combined with loss of strength and stiffness. 
The analysis of the 3D behaviour of the truss from the FE-model, however, 
revealed that truss together with the roof sheeting continue to maintain the 
design loads for much higher temperatures than the critical temperature of 
643°C. The catenary action, both through the truss and through the roof 
together with the bending resistance of the parts of roof not heated can 
maintain the stability of the structure for temperatures beyond 800°C. In the 
models described in Paper IV and Paper V it can be seen that the ‘runaway 
deflection’ is observed to happen around 860°C steel temperature, which 
corresponds to 34 minutes of standard ISO 834 fire.

Is finite element analysis a suitable tool for the analysis of the ‘real 
performance’ of single storey buildings in fire situations? What are the 
pros and cons?

The proplem with FE modeling of steel structures, as described earlier, is their 
rapid loss of strength and stiffness at elevated temperatures. The structural 
behaviour in fire is essentially a static problem and should be analyzed as such; 
but the material softening at elevated temperatures creates many convergence 
issues in static analysis. It is therefore almost impossible to observe structural 
behaviour in static analysis such as in ABAQUS/standard implicit in much 
higher temperature range. In order to study the response of the structure at 
much higher temperatures and possibly observe the ultimate failure of the 
structure, a dynamic analysis procedure was adopted through the 
ABAQUS/explicit analysis. The dynamic effects are kept at a minimum by 
using certain tools that keeps the analysis as a sort of quasi-static analysis. The 
advantage of this was that the structural behaviour at much higher temperatures 
of around 800°C to 900°C was possible to be observed and also enabling to 
observe actual failure modes. In the absence of experimental data on actual 
collapse of single storey structures that could be used to validate the FE model, 
however, the results from the FE analysis can be open to interpretation. 
Nonetheless they provide a first step towards better understanding of the actual 
behaviour.

Is it possible to derive simplified analytical procedures based on their ‘real 
performance’ for designing steel beams and trusses in fire situations that 
can be easily adopted as design tools?
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In both cases of the steel beam and the trusses, the FE analyses clearly show 
that the catenary behaviour is responsible for added resistance in fire situations 
beyond the critical temperatures calculated from prescriptive equations. The 
force and displacement calculations from the FE models are utilized to derive 
simplified calculation models based on equilibrium of the applied loads and the 
design resistances as described in Paper III and Paper IV. These calculation 
models can be used as analytical tools to predict the behaviour of the beams 
and trusses in the catenary stage in fire design situations.

Following are the main conclusions from the thesis presented here.

1. The quasi-static analysis in ABAQUS can be satisfactorily employed to model 
fire exposed steel structures i.e. using ‘artificial damping’ in the static model 
of the steel beam to undo any dynamic forces or using artificial adjustment of 
the loading rates in the dynamic (ABAQUS/explicit) model of the single 
storey building.

2. The proposed calculation procedure for the catenary behaviour of the steel 
beam at elevated temperatures predicts the actual behaviour in terms of 
maximum deflection and the axial force through the beam with a better 
approximation; with the maximum difference of the catenary force calculated 
to that from one of the FE models being 24%.

3. The consideration of the 3D behaviour of the single storey buildings in fire 
situations using FE analysis show that these structures exhibit ‘runaway’ 
deflections at temperature levels around 860°C, which corresponds to more 
than 30 minutes of standard ISO 834 fire exposure.

4. The catenary action in truss of a single storey building is observed for a 
localized fire scenario at the midspan location. This is observed through the 
formation of hinge at the midspan due to buckling of top chord but the rate of 
increase of deflection still remains with respect to increasing temperature until 
the runaway deflection is reached at 860°C

5. In the localized fire near support the roof catenary can lead to a 
disproportionate failure mode by pulling in of the adjacent frames, which 
indicates that this particular fire scenario is more dangerous than the midspan 
fire scenario.

6. Fasteners between the roof sheeting and the top chords of the trusses play an 
important role for transferring catenary forces through the roof to the adjacent 
truss not directly exposed to fire. For midspan fire scenario higher strength is 
suitable; whereas for support fire scenario low fastener strength will limit the 
failure by not pulling in the adjacent frames.
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Annex

A. Variation of Axial forces in truss at different temperature levels

B. Design of truss for different spans

C. Tests and FE-Model comparison





Annex

111

A VARIATION OF AXIAL FORCES IN TRUSS AT 
DIFFERENT TEMPERATURE LEVELS

Figure A 1: The truss components identification tags
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Table A 1: Truss member forces at different temperatures

Truss 
membe

r

Axial 
stress 

[N/mm2

]

T(+), 
C(-)

Cross 
sectio
n area 
[mm2]

Axial Force [kN] T(+), C(-)

20°
C

525°
C

604°
C

677°
C

741°
C

794°
C

834°
C

862°
C

878°
C

885°
C

TC-1 -37 2643 -97.8 -141.4 -144.0 -46.3 -33.0 -16.9 -16.3 -16.4 -26.4 -92.2

TC-2 -32 2643 -84.6 -143.2 -133.5 -36.5 -14.5 -15.9 -27.8 -21.9 0.5 -11.9

TC-3 -79 2643 -
208.8 -251 -253.7 -132.2 -128.2 -42.8 -43.9 -15.3 23.8 -43.6

TC-4 -83.5 2643 -
220.7 -265.6 -251.1 -97.0 -44.9 -54.7 -60.0 -54.7 -14.8 -92.5

TC-5 -106 2643 -280 -313.2 -318.5 -107.0 -54.2 -38.3 -34.9 -4.0 15.9 30.4

TC-6 -105.5 2643 -
278.8 -322.4 -311.9 -124.2 -62.1 -11.4 -7.1 4.2 47.3 14.5

D-1 90 1310 117.9 104.8 100.9 95.6 76.4 59.0 60.3 59.3 51.1 43.2

D-2 -69 1310 -90.4 -87.8 -85.2 -70.2 -53.4 -43.6 -41.7 -39.3 -26.2 -22.9

D-3 60 1210 72.6 62.9 60.5 46.6 30.7 14.9 9.6 8.5 -9.9 -13.2

D-4 -44 1210 -53.2 -49.6 -47.2 -35.1 -21.2 -10.2 -4.0 -0.7 10.9 4.4

D-5 40 695 27.8 21.5 22.2 7.2 -2.1 -4.9 -10.8 -12.3 -20.9 -10.3

D-6 -16 695 -
11.12 -9.38 -7.3 -12.9 -13.2 1.5 4.3 6.3 14.2 6.7

V-1 -27 695 -
18.76 -12.37 -12.2 -15.8 -13.7 -14.6 -13.1 -10.6 -11.3 -6.0

V-2 -19 695 -13.2 -8.34 -8.3 -7.0 -5.6 -4.0 -4.4 -3.3 -3.6 -4.5

V-3 -19 695 -13.2 -9.03 -12.4 0.8 -0.5 -3.6 -0.6 0.4 5.4 10.1

BC-1 72 2236 161 153.4 147.6 127.5 100.6 81.6 74.9 87.2 42.5 35.8

BC-2 116 2236 260 234.3 228.1 187.6 140.2 102.9 84.5 76.7 34.0 20.3

BC-3 129 2236 288 257 247.3 202.6 144.2 100.6 83.4 69.3 10.1 7.8
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B DESIGN OF TRUSS FOR DIFFERENT SPANS

The effect on span length of the truss on its behaviour in fire is studied by 
designing two different span lengths for the truss other than the case study. The 
span length of the truss in the case study was 19.121 m.

Since trusses generally give an economical solution for spans over 20 m, 
therefore the span length designed will be higher than the case study. The 
recommended span to depth ratio for trusses is in the range from 10 to 15, 
which in the case study is 19.121 m/1.674 m = 11.42. It is aimed to keep this 
ratio for the designed trusses within or close to the recommended range.

B.1 Design of Truss 1

Figure shows the designed truss profile. The length of the truss from the case 
study is increased by 3187 mm or by adding one more panel to the span. The 
span to depth ratio is 22.308 m/1.674 m= 13.32, which is within the range 10 to 
15. The depth of the truss and the angle between the diagonal and the 
horizontal chords is kept the same.

Figure B 1: Truss 1 with span length 22.3 meters
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The truss will be designed for the ultimate limit state design loads same as in 
the case study.

Design loads:

Permanent load: k 21kNG
m

, Wind load: k 20.164 kNw
m

,

Snow load: 21.28 kNs
m

Partial safety factor for safety class 2 buildings: d 0.91

Load combinations ultimate limit state (EN 1990):

STR-A: d,1 d k d s,0 d k w,0 21.35 1.5 1.5 2.519 kNE G s w
m

STR-B:

d,2 d k d k 21.2 1.5 1.316 kNE G w
m

d,3 d k d 21.2 1.5 2.839 kNE G s
m

d,4 d k d s,0 d k 21.2 1.5 2.539 kNE G s w
m

d,5 d k d d k w,0 21.2 1.5 2.906 kNE G s w
m

The structural analysis is performed for the truss for all three cases i.e. the case 
study and the two trusses designed here, assuming simply supported boundary 
conditions subjected to the design load Ed,5 above. Figures and tables for the 
analysis data and design cross section for the different component of the trusses 
are given below.
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Figure B 2: Truss from the case study

Table B 1: Results from structural analysis and comparison to design resistance for 
the truss from the Case study

Truss 
member

Axial Force 
F [kN]

T(+), C(-)

Cross section 
profile

Length
[mm]

Design 
resistance NRd

[kN]

EN 1993-1-1

Ratio

F/NRd

TC-1 -145.5 SHS 120x6 1593 880.6 0.165

TC-2 -145.5 SHS 120x6 1593 880.6 0.165

TC-3 -357.2 SHS 120x6 1593 880.6 0.405

TC-4 -357.2 SHS 120x6 1593 880.6 0.405

TC-5 -462.9 SHS 120x6 1593 880.6 0.525

TC-6 -462.9 SHS 120x6 1593 880.6 0.525

D-1 211 SHS 80x5 2310 500.6 0.421

D-2 -172.6 SHS 80x5 2310 332.0 0.519

D-3 134.2 SHS 70x5 2310 429.6 0.312

D-4 -95.8 SHS 70x5 2310 238.3 0.401

D-5 57.4 SHS 50x4 2310 246.7 0.232

D-6 -19.1 SHS 50x4 2310 79.0 0.241

V-1 -27.8 SHS 50x4 1674 132.9 0.209
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V-2 -27.8 SHS 50x4 1674 132.9 0.209

V-3 -27.8 SHS 50x4 1674 132.9 0.209

BC-1 264.6 SHS 120x5 3187 784.6 0.337

BC-2 423.2 SHS 120x5 3187 784.6 0.539

BC-3 476.0 SHS 120x5 3187 784.6 0.606

Figure B 3: Truss-1

Table B 2: Results from structural analysis and comparison to design resistance for 
Truss-1

Truss member

Axial Force F
[kN]

T(+), C(-)

Cross section
profile

Design 
resistance NRd

[kN]

EN 1993-1-1

Ratio

F/NRd

TC-1 -171.9 SHS 120x8.8 1116.4 0.142188

TC-2 -171.9 SHS 120x8.8 1116.4 0.142188

TC-3 -436.3 SHS 120x8.8 1116.4 0.360887

TC-4 -436.3 SHS 120x8.8 1116.4 0.360887

TC-5 -594.8 SHS 120x8.8 1116.4 0.491991

TC-6 -594.8 SHS 120x8.8 1116.4 0.491991
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TC-7 -647.4 SHS 120x8.8 865.5 0.693559

D-1 249 SHS 80x5 500.6 0.497453

D-2 -210.9 SHS 80x5 332.0 0.635279

D-3 172.5 SHS 70x5 429.6 0.401583

D-4 -134.1 SHS 70x5 238.3 0.562624

D-5 95.7 SHS 50x4 246.7 0.387881

D-6 -57.3 SHS 50x4 79.0 0.725548

D-7 18.9 SHS 50x4 246.7 0.076604

V-1 -27.8 SHS 50x4 132.9 0.209185

V-2 -27.8 SHS 50x4 132.9 0.209185

V-3 -27.8 SHS 50x4 132.9 0.209185

BC-1 317.3 SHS 120x7.1 938.3 0.294693

BC-2 528.8 SHS 120x7.1 938.3 0.491123

BC-3 634.4 SHS 120x7.1 938.3 0.5892

B.2 Design of Truss 2

Figure B 4: Truss-2
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Table B 3: Results from structural analysis and comparison to design resistance for 
Truss-2

Truss 
member

Axial Force 
F [kN]

T(+), C(-)

Cross section 
profile

Length 
[mm]

Design 
resistance NRd

[kN]

EN 1993-1-1

Ratio

F/NRd

TC-1 -189.6 SHS 140x8 1820 1335.3 0.141993

TC-2 -189.6 SHS 140x8 1820 1335.3 0.141993

TC-3 -480.9 SHS 140x8 1820 1335.3 0.360149

TC-4 -480.9 SHS 140x8 1820 1335.3 0.360149

TC-5 -655.2 SHS 140x8 1820 1335.3 0.490683

TC-6 -655.2 SHS 140x8 1820 1335.3 0.490683

TC-7 -712.4 SHS 140x8 1820 1049.8 0.678616

D-1 280 SHS 90x6 2685 681.6 0.410798

D-2 -236.4 SHS 90x6 2685 436.0 0.542153

D-3 193.2 SHS 80x6 2685 597.5 0.323366

D-4 -150.1 SHS 80x6 2685 324.2 0.463037

D-5 106.9 SHS 60x5 2685 367.8 0.290663

D-6 -63.7 SHS 60x5 2685 123.7 0.515103

D-7 20.5 SHS 60x5 2685 367.8 0.05574

V-1 -31.7 SHS 60x5 1974 201.9 0.156985

V-2 -31.7 SHS 60x5 1974 201.9 0.156985

V-3 -31.7 SHS 60x5 1974 201.9 0.156985

BC-1 349.9 SHS 140x6.3 3715 1147.7 0.304867

BC-2 582.7 SHS 140x6.3 3715 1147.7 0.507704



Annex

119

BC-3 698.5 SHS 140x6.3 3715 1147.7 0.608601
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C TESTS AND FE-MODEL COMPARISON

Following are the results from comparison between FE-Models and the test 
results for the sub-frame tests described in chapter 3.

-200

-150

-100

-50

0

50

100

150

200

0 200 400 600 800 1000 1200

Ax
ia

l F
or

ce
 [k

N
]

Temperature [°C]

Test (Left) Test (Right) FEM

-500

-450

-400

-350

-300

-250

-200

-150

-100

-50

0
0 200 400 600 800 1000 1200

D
ef

le
ct

io
n 

[m
m

]

Temperature [°C]

TC-4_FEM TC-4_Test

-150

-100

-50

0

50

100

0 100 200 300 400 500 600 700 800 900 1000

D
ef

le
ct

io
n 

[m
m

]

Temperature [°C]

TC-5_Test(L) TC-5_Test(R) TC-5_FEM

-500

-450

-400

-350

-300

-250

-200

-150

-100

-50

0
0 100 200 300 400 500 600 700 800 900 1000

D
ef

le
ct

io
n 

[m
m

]

Temperature [°C]

TC-5_Test TC-5_FEM



analysis of catenary effect in steel beams and trusses exposed to fire

122

-150

-100

-50

0

50

100

150

200

0 200 400 600 800 1000 1200Ax
ia

l F
or

ce
 [k

N
]

Temperature [°C]

TC-6_Test(L) TC-6_Test(R) TC-6_FEM

-500

-450

-400

-350

-300

-250

-200

-150

-100

-50

0
0 200 400 600 800 1000 1200

D
ef

le
ct

io
n 

[m
m

]

Temperature [°C]

TC-6_Test TC-6_FEM

-150

-100

-50

0

50

100

150

200

250

0 100 200 300 400 500 600 700 800 900 1000

Ax
ia

l F
or

ce
 [k

N
]

Temperature [°C]

TC-7_Test(L) TC-7_Test(R) TC-7_FEM

-400

-350

-300

-250

-200

-150

-100

-50

0
0 100 200 300 400 500 600 700 800 900 1000

D
ef

le
ct

io
n 

[m
m

]

Temperature [°C]

TC-7_FEM TC-7_Test



Annex

123

APPENDIX

The appendix consist of all the Published and Submitted Journal articles as 
follows:





Paper I: 

Numerical Study of Steel Beams in Sub-frame Assembly: 
Validation of Existing Hand Calculation Procedures 

Authors: 

Naveed Iqbal, Tim Heistermann, Milan Veljkovic, Fernanda Lopes, Aldina 
Santiago, Luis Simoes da Silva 

Published in: 

Journal of Structural Fire Engineering 

ISSN 2040-2317 

Vol. 6, Number 2, June 2015 





Volume 6 · Number 2 · 2015

Numerical Study of Steel Beams in 
Sub-frame Assembly Validation of Existing

Hand Calculation Procedures
Naveed Iqbala*, Tim Heistermanna, Milan Veljkovica, Fernanda Lopesb, Aldina Santiagob and

Luis Simões da Silvab

aLuleå University of Technology, Division of Structural and Construction Engineering, 
Luleå, Sweden

bUniversity of Coimbra, Department of Civil Engineering, Coimbra, Portugal
Email addresses: naveed.iqbal@ltu.se*, tim.heistermann@ltu.se, milan.veljkovic@ltu.se,

fernanda@dec.uc.pt, adina@dec.uc.pt, luisss@dec.uc.pt

ABSTRACT
The design methods currently proposed by the codes prescribe the strength assessment of
structures to be based on their strength limit state. These design methods can be applied
to isolated steel members to determine their design strengthin fire. The real response of
a structural member is, however, more complex due to the thermal expansion and the
presence of restraints against this expansion by the surrounding structure. It is therefore
imperative to study the response of a structural member at high temperature in a way
which includes its interaction with its surroundings. This paper focus on the numerical
investigation of steel beams in structural frames connected to concrete filled tubular
(CFT) columns through reverse channel connections and comparison to hand calculation
procedures. Finite element models (FEM) of the sub-frames were validated against fire
tests conducted on sub-frames and then their results were compared to the proposed
simplified hand calculation procedures (HCM).

Keywords: structural fire design, Abaqus, sub-frames, restrained thermal expansion,
catenary action, runaway deflection, artificial damping

1. INTRODUCTION
1.1. Background
The fundamental aim of structural fire engineering is to design structures that are able to maintain
adequate stability for certain duration of the fire. The prescriptive approach towards structural fire
engineering, according to the design codes, places emphasis on the ability of individual structural
elements to maintain stability and resist the applied loading in a fire situation. Wang et al (Wang et al,
2013) have described how the implicit assumptions of the prescriptive approach i.e. loss of structural
stability and design resistance of individual members cannot be entirely relied upon in real building
fires. The redundancy of the structure always ensures that there are alternative load transfer paths
available if a single structural member loses its stability in a fire situation. Similarly, the design fire
resistance of an individual structural member is based on the loading and boundary conditions at
ambient temperature, which most often is not the case in real buildings.

In a structural frame a beam can be axially and rotationally restrained at the supports. These restraints
are of finite magnitudes and play a very important role with regards to how the beam will behave when
exposed to fire. In compartment fires the beams inside the compartment are exposed to higher temperatures
than its surroundings, thus their interaction with their surrounding determines their behaviour. The
interaction of a beam with its surrounding through the axial and rotational restraints and the thermal
degradation of the material properties together, determine the beams behaviour to elevated temperatures.

Corresponding author’s Phone: +46 (0)920 492198, +46 (0)762 319523 
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The current design codes prescribe that the fire resistance of structural members should be based on
their critical temperature or their strength limit state (Eurocode-3, 2004). These conventional design
procedures are based on the assumption that structural members are essentially isolated in their
response to fire load. However, in reality, they constitute a part of a structural frame and their response
depends heavily on the way they interact with the surrounding structure.

1.2. State of the Art
A number of studies investigated the behaviour of restrained steel beams. These studies have been
carried out both at the level of sub-frames, where a single beam is supported by columns at each end
and exposed to fire, and also on full scale fires in test buildings and real fire accidents.The
Cardington fire tests were a series of tests carried out on an 8-storey frame built at the BRE test
facility in Cardington UK. The building was designed as a modern office building and a series of
different tests were conducted on it to determine the different aspects of its response to fire. In one
of the tests a beam supported by columns at each end was heated with a furnace at temperatures up
to 800-900°C. It was observed that the deflections produced in the beam were at the same level as
would be produced in a standard fire tests at a lower temperature of around 700°C. This indicated
that the ‘runaway’ of the beam had been considerably delayed due to the restrains offered by the
supports as a catenary force was produced in the beam (Kirby, 1997). The Broad-gate building fire
was a major fire in an under construction multi-storey steel framed building in London, UK. It was
observed that despite the extensive damage, the Broad-gate building structure was able to survive the
fire and effectively redistribute the loads from the damaged components to other parts of the
structural frame (SCI, 1991).

One of the first experimental investigations on the effect of restraints on beams in fire situation was
performed at the University of Manchester by Liu et al (Liu et al, 2002). They concluded from their
work that in the absence of any intrinsic need to limit the deflections, the failure criterion for fire limit
state should be formulated. The catenary action is active at very high deflections and could still
maintain the structural integrity at higher temperatures than the conventional critical temperature for
structural members. Fire tests, though an important requirement to fully understand the restrained
thermal response of structural members, are very expensive and therefore not feasible to be
extensively used. Numerical simulation is an alternative which has been adopted for extensive studies
in this regards. Yin and Wang performed a numerical study of large deflection behaviour of restrained
steel beams at elevated temperature using Abaqus (Yin and Wang, 2004). The focus of their research
was to study the effect of variation of different parameters such as axial and rotational restraints, beam
spans, temperature distributions, load levels and lateral torsional buckling on the catenary force
developed in the beam at high temperatures. From their simulations they established the importance
of catenary action in the beam at very high temperatures to resist the applied loads. They observed that
different beam spans showed similar deflections for the same applied load. The reason for this has
been attributed to the fact that at high temperatures the axial force in the beam approaches the axial
capacity of the beam and in order to remain in equilibrium, in the absence of any bending moment
resistance, the product of mid-span deflection and the axial catenary force should be equal to the
applied bending moment (Yin and Wang, 2004). It has also been demonstrated through fire tests on
sub-frames and through finite element simulations that beams can exert significant axial forces on the
surrounding structure through the connections (Dai et al, 2010). In a study Santiago et al performed 
a numerical parametric study on the behaviour of a steel sub-frame exposed to natural fire conditions
which among other findings; also highlight the importance of the end restraints to the steel beam with
respect to the redistribution of forces in a fire situation (Santiago et al, 2008).

An important aspect of catenary action in a structure is the extent of the demand it puts on the
adjacent structure. It is understood that higher flexibility of the axial restraint reduces the catenary force
and decreases the vertical mid-span deflection and vice versa. Yin and Wang suggested that an optimum
value for axial stiffness is important which could give acceptable levels of mid-span deflections as well
as not over burden the adjacent structure with excessive catenary force (Yin and Wang, 2004).
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From the above discussion, it can be deduced that temperature dependent variation in the axial force
and vertical deflection are important design parameters forof a restrained steel beam. These parameters
can either be determined through laboratory fire tests or through finite element analysis based on
calibrated finite element models. Fire tests are very time consuming as well as expensive and finite
element analysis may not be suitable for simple design application due to their complexity. It is
therefore imperative to develop simplified design procedures that can easily describe the restrained
behaviour of steel beams in fire. Several attempts have been made in this regard such as the simplified
hand calculation procedure proposed by Yin and Wang (Yin and Wang, 2005) for the analysis of
catenary action in steel beams at elevated temperatures. Dwaikat and Kodur (Dwaikat and Kodur, 2010)
have also proposed a performance based methodology for design of restrained steel beams at elevated
temperature. In both cases the authors have attempted to verify their proposed methods through
comparison to results from finite element analysis. In the present study the results from these analytical
design procedures are compared to results from finite element analysis to further establish their
applicability for the design of restrained steel beams at elevated temperatures.

2. TEST PROGRAM
The fire tests presented here were conducted as part of the COMPFIRE project funded by the Research
Fund for Coal and Steel (RFCS) (da Silva et al, 2012). The objective of this project was to study to
develop a comprehensive component-based methodology for composite joints in fire. Fire tests were
conducted on composite joint components, isolated composite joints, composite structural sub-
assemblies and demonstration structures.

The objective of the tests conducted on structural sub-assemblies was to provide experimental data
on the interaction between the composite joint and the surrounding structural components such as
beams and columns during the entire fire exposure duration. It was intended to observe how the
connection responds to the different phases of the beam behaviour such as bending, axial compression
due to restrained thermal expansion, yielding and buckling and catenary action. The tests on sub-
assemblies were carried out at the University of Coimbra and at the University of Manchester, both of
whom were partners in the project. Following sections will describe the details of the tests that have
been used for validation of the FE models.

2.1. Test Details
The tests were conducted at both ambient temperature and elevated temperatures with two different
temperature-time relationships including a cooling phase. Table 1 shows the details of the test details
concerning dimensions and temperature regime.

The sub-frame is composed of two concrete filled tubular (CFT) columns supporting a steel beam
with an IPE profile. The connections between the beam and columns formed using a reverse channel.
The columns are 3525 mm tall and the beam has a 5000 mm long span.
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Table 1. Test setups used for comparison between FEM and HCM

Test no Temperature Column section Beam section Reverse channel
TC-1 Ambient CHS 244.5 × 10 IPE 300 U 200 × 135 × 8
TC-2 Ambient SHS 250 × 10 IPE 300 U 200 × 90 × 8
TC-3 Ambient SHS 250 × 10 IPE 300 U 200 × 90 × 10
TC-4 Fire1 + cooling SHS 250 × 10 IPE 300 U 200 × 90 × 10
TC-5 Fire 2 + cooling SHS 250 × 10 IPE 300 U 200 × 90 × 10
TC-6 Fire 1 + cooling SHS 250 × 10 IPE 300 U 200 × 90 × 8
TC-7 Fire 1+ cooling SHS 250 × 10 IPE 300 U 200 × 90 × 12
TM-1 ISO 824 CHS 244.5 × 8 UB 178 × 102 × 19 Channel/UK SHS 180 × 180 × 42.7
TM-2 ISO 824 SHS 250 × 8 UB 178 × 102 × 19 Channel/UK SHS 180 × 180 × 42.7
TM-3 ISO 824 SHS 250 × 8 UB 178 × 102 × 19 Channel/UK SHS 180 × 180 × 42.7



The reverse channel connections are formed by bolting the web of the reverse channel cut from a
hollow tubular section to the end-plate of the steel beam and welding the legs to the face of the column.

2.1.1. Loading Mechanism
The load on the beam was applied through a pair of reinforced concrete blocks (700 mm × 700 mm ×
900 mm) fixed at the two ends of a steel beam of cross section profile HEA 100 and grade S275. The
beam is placed transversally on the top flange of the beam in the sub-frame at one third the beam span
distance from the support. Exactly identical pair of concrete blocks are also used to apply the load at
the one third distance from the other support. The total weight of each pair of concrete blocks and the
steel beam was 21.5 kN. These loads represented the applied fire load on the sub-frame and were
maintained for the whole duration of heating and cooling.

2.1.2. Heating Mechanism
Heat was applied to the beam by flexible ceramic pad heaters which are capable of 1050°C working
temperatures. The ceramic pads were applied to the web and lower flange of the beam and the
connection components i.e. the end plates and the reverse channel. The beam top flange and the
columns were not heated directly. The beam and connection region was wrapped in ceramic fibre
blanket and the top flange was left without insulation to simulate the heat sink effect of 
concrete slab.

2.1.3. Test Measurements
The measurements during the tests were carried out by a number of displacement transducers, load
cells and thermocouples fixed at different location of the sub-frame. The load cells fixed the top and
bottom support of each column measures the horizontal force exerted by the beam on the column
through the connection. The sum of these forces gives the total axial force in the beam during
heating. A displacement transducer at the midspan measures the midspan deflection of the beam. The
temperature variation during the heating is recorded at different locations along the beam span
through a number of thermocouples. At each measurement point along the beam span the
temperature is measured through the depth of the beam cross section by fixing thermocouples at the
top flange, the middle of the web and the bottom flange. The temperature of the connection region
is measure by fixing a number of thermocouples at different locations on the reverse channel, 
end-plates and the bolts.

The results obtained from these measurements are used to create the finite element model and also
to make comparison between the tests and the finite element analysis. The temperatures measured at
the different locations of the beam span are applied in the finite element model at their respective
locations as a predefined temperature field in the finite element model. The variation of the temperature
with time measured from the thermocouples is also adopted by using it as an amplitude curve in Abaqus
and then associating it with the predefined temperature field.

3. FINITE ELEMENT MODEL (FEM)
3.1. Mesh
Figure 1 shows how the different parts and regions of the model are meshed. The region round the holes
is partitioned in such a manner that facilitates the refinement of the mesh in this region. This is done in
order to evenly distribute the contact pressure in the area around the hole between the bolt head and
reverse channel on one side, and the nut and the end-plate on the other.

The sub-frame models consist of a single I-Profile beam supported by two concrete filled tubular
columns. The connection between the beam and columns consists of a reverse channel shown in
Figure 2, which has been shown to have greater rotational capacity at elevated temperatures
(Heistermann et al, 2011). Since the test setup is symmetrical about the vertical axis through the 
mid-span of the beam, only half the setup has been modelled in order to save computation time.

Journal of Structural Fire Engineering

126 Numerical Study of Steel Beams in Sub-frame Assembly Validation of Existing 
Hand Calculation Procedures



Volume 6 · Number 2 · 2015

Steel beam

Bolt hole Bolt 

Column

Figure 1. Mesh of the different parts and regions.

Figure 2. Reverse channel connection.
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3.2. Material Properties
An elasto-plastic stress vs. strain model without hardening for steel S355 at elevated temperature has
been adopted for all steel parts of the FE model (Eurocode-3, 2004). Temperature reduction factors are
used to input the temperature dependent material properties. Thermal expansion has also been
incorporated into the material model. Following eqns (1-2) relate nominal stresses and nominal strains
to true stresses and true strains in Abaqus (Abaqus, 2012).

(1)

(2)

3.3. Contact Interactions
Application of small contact pressure for initializing contact between the contact surfaces can prevent
any problems of convergence during the analysis. Small bolt load using the ‘Adjust bolt length’ option
is applied for this purpose. Endplate-Channel, bolt head-Channel, bolt nut-endplate and bolt shank-bolt
hole inner surface are the different contact pairs created in the model.

3.4. Element Type
The FE model has been created using solid (continuum) element C3D8R, which is a first order reduced
integration 8 node brick element. Reduced integration elements use lower order integration to calculate
element stiffness matrix, which reduces the computation time. The drawback of first order reduced
integration element like C3D8R is that they are prone to ‘Hourglassing’. However, in Abaqus first order
reduced integration elements have ‘hourglass controls’, which if used with finer mesh can solve the
problem of hourglassing (Abaqus, 2012).

3.5. Numerical Procedure
A static general procedure is performed in the following steps.
• Pretensioning of Bolts
• Load: 40-60% of the bending moment capacity at ambient temperature as 4 point load.
• Heat: uniform Heat is applied as predefined field according to standard fire curve (ISO 834)

3.6. Boundary Conditions
The top end of the column is free to translate longitudinally but restrained from lateral translations
whereas the bottom end has all translations restrained. Both ends are free to rotate except about the
longitudinal axis. At the free end of the beam a symmetry boundary condition along the longitudinal
(z-axis) is defined to simulate the symmetry as discussed earlier.

3.7. Pseudo Damping of the Model
Convergence problems in the FE model can be taken care of by using artificial damping. The ratio of
the dissipated energy to the total strain energy should be kept below10% and also the support reaction
forces should be checked against the applied load to prevent over damping of the model (Dai et al,
2010).

3.8. Sensitivity Analysis
A sensitivity analysis of the sub-frame model was also performed to determine the optimum mesh size.
The results of the analyses were observed to be most sensitive to changes in the mesh size of the
connection region due to the excessive deformation happening in this region at elevated temperatures.
A total of four elements through the thickness of the endplate and the web of the reverse channel was
an optimum solution.

= +ln(1 )true nom

= +(1 )true nom nom
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4. HAND CALCULATION METHOD (HCM)
A simplified hand calculation procedure has been proposed by Yin and Wang to describe the catenary
action in beam at elevated temperatures (Yin and Wang, 2005). Although the method was primarily
intended to describe the behaviour of a restrained steel beam at the catenary stage, it could as well be
applied throughout the temperature range. The original method presented in (Yin and Wang, 2005) uses
an iterative approach to describe the behaviour of the beam in the second (elasto-plastic) and third
(catenary) stage. An alternative approach has also been proposed by Wang et al (Wang et al, 2013) that
further simplifies the calculation in the second and third stage. The hand calculation procedure adopted
here in this study has also taken into account this simplification. The general methodology of the
procedure is based on the equilibrium of the steel beam at all temperatures as shown in eqn (3).

(3)

4.1. Deflection Profile
The deflection profile due to imposed loads on a beam with complete end rotational restraints at the
supports should fit a fourth order polynomial given below (Yin and Wang, 2005).

(4)

Where:
δm, max is the maximum midspan deflection due to imposed loads

For zero rotational restraints the deflection profile of the beam for concentrated loads should mirror
the shape of its free bending moment diagram. For flexible rotational restraints the deflection profile is
obtained from linear interpolation between full rotational restraints and zero rotational restraints as
shown belowin eqn (5) (Yin and Wang, 2005).

(5)

The degree of end rotational restraint cf is defined as the ratio of the rotational stiffness at supports
to the beam bending stiffness.

4.2. Axial Force
Initially, as the temperature increases, the beam expands against the axial restraints offered by the
supporting columns. This restrained expansion produces axial compressive force in the beam shown by
eqn (6) (Yin and Wang, 2005). The first component in the bracket represents the contraction at the
supports due to the vertical deflection of the beam, whereas the second component is the thermal
expansion. The axial force is either compressive or tensile depending on the value of the sum in the
bracket i.e. negative or positive, respectively.

(6)

Where:K´a effective axial support stiffness
Cf coefficient derived from the deflection profile of the beam
δm mid-span deflection due to mechanical load
L span length of the beam
α coefficient of linear thermal expansion
ΔT increase in temperature
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The compressive force in the beam decreases with increasing temperature until it reaches zero. The
temperature at which the axial force is zero is the same as the conventional limiting temperature based
on the bending resistance of the beam. At this point the applied load is only resisted by the beam bending
resistance only. As the temperature increase further the beam starts increasingly deflect more and the
shortening of the distance between the beam ends due to curvature, exceeds the thermal expansion for
the first time. This leads to axial tensile force in the beam which partially resists the applied load through
catenary action. The axial tensile force continues to increase until it reaches the axial tensile force
capacity of the cross section. Wang et al has proposed a simplified linear relationship to describe the axial
force-temperature relationship in a restrained beam as shown in Figure 3 (Wang et al, 2013).

The proposed linear relationship is obtained by determining the three points identified in Figure 3.
The first point corresponds to the point of maximum axial compressive force in the beam discussed
above. The second point corresponds to the conventional limiting temperature of the beam and zero
axial force. These two points are joined together by a straight line, which is then extended up to the
axial force yield limit line to obtain the third point.

4.3. Midspan Deflection
During the elastic phase before the cross section yields, the midspan deflection of the beam is obtained
from the equilibrium equation, shown in eqn (3), through an iteration process. The midspan deflection
is relatively small during the elastic phase but starts to increase excessively after yielding happens. The
midspan deflection corresponding to maximum catenary force is obtained by the following
compatibility equation proposed by Dwaikat and Kodur (Dwaikat and Kodur, 2011).

(7)

Where: L´ deformed length of the beam
δ axial deformation of the beam

= +
L L

2 2c
2

2 2
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In the elasto-plastic phase the midspan deflection at any temperature can be obtained through linear
interpolation as shown in eqn (8).

(8)

Where: Δy midspan deflection at yield point
Ty temperature at yield point
Tc temperature at maximum catenary force

5. VALIDATION OF FE MODELS
The tests setups with reverse channel connections described in section 2.1 have all been modelled in
the study presented here. The data that have been used here for the purpose of comparison between the
tests and the finite element analysis include the failure mode observed, the variation of axial force in
the beam against the bottom flange temperature and the variation in the midspan deflection against the
bottom flange temperature.

Figure 4 shows the deformation of the beam to column connection region of test TC-4. The finite
element model and the test show very similar deformation behaviour. The beam’s bottom flange
undergoes local buckling at very high temperatures due to high compressive stresses and also the web
of the beam undergoes shear buckling due to loss of strength a high temperatures. A small gap is
observed between the end-plate and the reverse channel at the bottom both in the finite element model
and the test. This small gap is due to the contraction of the beam during the cooling phase. The top of
the end plate is also showing identical permanent deformation.

= + ×
T T

T T( )y
c y

c y
y
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Figure 4. Comparison in deformation between the one of the test and FE Model.
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5.1. Axial Force
Test TC-4 has been chosen here as an example to show how the test results compare to the finite
element analysis. Figure 5 shows how the variation of axial force in the beam with respect to the bottom
flange temperature measured at the left and right supports of the beam, compares to the same obtained
from the finite element analysis. The finite element result for the maximum compressive axial force and
the maximum tensile axial force in the beam after cooling are slightly higher than the test results.
However, the temperature at which the compressive axial force of the beam changes to tensile axial
force i.e. the catenary stage is very closely captured by the finite element simulation.

The difference between the finite element model and the test in the cooling phase could be attributed
to the fact that in the finite element model the column is at the ambient temperature; hence the axial
restraint stiffness is constant and higher than the test where the column might be at higher temperature
due to conduction from the heated parts. Figure 6 shows the ratio between the maximum axial
compressive forces to the beam resistance in compression at ambient temperature for both Tests and
FE-models. Figure 7 shows the same for the maximum tensile force in the beam after cooling has taken
place. The maximum compressive forces in the finite element model of the tests are very close to the
test result. The tensile force comparison, however, shows some scatter as many tests results do not
closely match the finite element results.

5.2. Midspan Deflection
The variation of the midspan deflection of the beam with respect to the temperature variation in test
TC-4 has been shown in Figure 8. The observed behaviour is very identical between the test results and
the finite element analysis. The deflection of the beam starts to show a ‘runaway’ behaviour at
temperature which is very closely matched between the test and the finite element model. This is
precisely the temperature at which the axial force in the beam changes from compressive to tensile
force as the beam starts to transit into the catenary stage and resists the applied load partially through
the catenary action in the beam.
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Figure 6. Ratio of maximum compressive force to axial resistance (compressive) at 20°C.

Figure 7. Ratio of maximum tensile force to axial resistance (tensile) at 20°C.

The maximum deflection observed in the finite element model is about 10% lower than the test
result, which could also be attributed to the reduced stiffness in the column during the tests at high
temperature. The beam contracts during cooling phase which causes the midspan deflection to reduce
from its maximum value at the highest temperature. This is due to the ‘reverse bowing’ of the beam as
the beam cools down with the hottest parts contracting the most. Figure 9 shows the maximum midspan
deflection for each model compared to the corresponding test result. It shows that the test results for
the midspan deflection are higher than the corresponding result for the finite element models.
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6. COMPARISON BETWEEN FEM AND HCM
The finite element models discussed in section 2 have been shown to have matched the real sub-
frame behaviour in fire to reasonable extent. The same models have been used here in this section to
make comparison between finite element analysis and the results from hand calculation procedures
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for the same sub-frame models. The purpose in doing so is to see how well the hand calculation
procedure can match the results from finite element models which have been validated against real
fire tests on sub-frames.

6.1. Details of the FE Models Used for Comparison
The two different Sub-frame test setups discussed in section 2 have also been used here to compare the
results between the FE-Analysis and the hand calculation procedure. The different test setups with their
dimensions have been summarised in Table 2. A concentrated four point loading has been applied on
all the models. The load levels applied on the beam 0.4 and 0.6 times the bending resistance of the beam
at ambient temperature considering simple supports. Both uniform temperature distribution and
temperature gradient through the beam cross section depth have been considered.

Table 3 shows the list of all the example FE models that will be used for comparison between 
FE-analysis and hand calculation method. A uniform temperature distribution has been used in all these
models.

6.2. Axial Force
Figure 10 shows the comparison between the variation of axial force with increasing temperature,
obtained from the hand calculation model and the finite element model for Model-1 of Table 3. The
result shows that the hand calculation procedure is fairly accurate in predicting the axial stiffness at the
supports and maximum compressive force were developed due to the beams restrained thermal
expansion. The maximum tensile force predicted by the hand calculation model is higher than the finite
element result, which is expected since the hand calculation model does not consider any bending
stiffness in the beam at the maximum catenary stage. However, in the finite element model, there is still
some bending stiffness which accounts for some of the reduction in the beams axial catenary force at
the catenary stage.

Figure 11 shows the ratio of the maximum compressive force from the hand calculation procedure
to the maximum compressive force from the finite element analysis. Similarly Figure 12 shows the

Volume 6 · Number 2 · 2015

Table 2. Test setups used for comparison between FEM and HCM

Sub-frame setup Column Beam Connection Beam span [m]
Setup 1 SHS 250 × 8 UB 178 × 102 × 19 UK SHS 180 × 42.7 2
Setup 2 SHS 250 × 10 IPE300 U200 × 90 × 10 5
Setup 3 SHS 250 × 10 IPE300 U200 × 90 × 8 5
Setup 4 SHS 250 × 10 IPE300 U200 × 90 × 12 5

Table 3. List of all the example FE models used for comparison to HCM

Example Sub-frame Setup Load level
Model 1 Setup 1 0.4
Model 3 Setup 1 0.6
Model 5 Setup 2 0.4
Model 7 Setup 2 0.6
Model 9 Setup 3 0.4
Model 11 Setup 3 0.6
Model 13 Setup 4 0.4
Model 15 Setup 4 0.6
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Figure 10. Axial force vs temperature in Model 01.
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same for the maximum tensile force. It can be seen that the hand calculation model is quite accurate in
its prediction of the maximum compressive force, but slightly more conservative in predicting the
maximum tensile force in all the models as discussed above. Figure 13 and Figure 14 show the same
for the load level of 0.6.
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6.3. Midspan Deflection
Figure 15 shows the variation of the midspan deflection of the beam with increasing temperature for
the hand calculation procedure as well as for the finite element modelling for Model 01. The
comparison shows that the hand calculation method gives a good approximation of the variation of the
midspan deflection with temperature, particularly at relatively lower temperatures. At very high
temperatures, when the beam is in the catenary stage, the results are observed to be diverging.
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7. DISCUSSION
7.1. FE-Modelling of Sub-frames
The sub-frame setups that have been modelled were subject to very large global deflections at elevated
temperatures and also changing of the axial force of the beam from compression to tension in a very
rapid manner. This particular behaviour was challenging in terms of numerical convergence and
although it is essentially a static problem, it was susceptible to unstable behaviour. This was
successfully overcome by using automatic stabilization in Abaqus, which uses ‘artificial damping’ to
prevent local instability of the model. The ‘dissipated energy fraction’ option was chosen in Abaqus to
calculate the damping factor and the value was chosen on trial and error basis. An appropriate value of
the ‘dissipated energy fraction’ is selected by keeping the ratio between dissipated energy and the total
strain energy below 5%. The other check on the appropriateness of the level of damping is done by
comparing the applied loads to the reaction forces at the supports.

Figure 16 shows how the reaction force measured at the support varies with respect to the applied
load. The applied load in this case is 21.5 kN on the sub-frame model TC-6 of Table 1. The ‘dissipated
energy fraction’ value used was 0.0002.

7.2. Validation of Hand Calculation Procedure
The paper presents a validation of the hand calculation procedure proposed by Yin and Wang in their
publications (Yin and Wang, 2005). This is done by using the finite element models validated against
test data as the validation examples. Each model is subjected to uniform temperature and temperature
gradient through the depth of the cross section each separately loaded with 0.4 and 0.6 times the cross
sectional bending moment capacity of the beam at ambient temperature, which is applied as
concentrated four point load. The supports consisting of the reverse channel connection and supporting
columns provide finite axial and rotational restraint stiffness to the beam.

The rotational and axial stiffness of the restraints to the beam measured from the finite element
model at elevated temperature and then used in the hand calculation procedure as input. These could
also be calculated using available hand calculation procedure; the results from the comparison with
finite element models show this to be valid.

The maximum axial tensile force proposed by the hand calculation procedure is higher than the finite
element result at the catenary stage. This is due to the fact that the beam will still have some bending
moment resistance in the finite element model whereas the assumption in the hand calculation
procedure is that the only resistance mechanism is due to catenary action in the beam.
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In their validation examples, the authors used either full axial restraint with different levels of
rotational restraint or different levels of axial restraint with no rotational restraints for their comparison.
It must be emphasised here that the study presented here has used a sub-frame model in which the beam
has flexible, rotational and axial restraints at the supports simultaneously.

8. CONCLUSIONS
• The automatic stabilization feature of Abaqus has been observed to be a useful tool to deal with

unstable behaviour of steel beams at elevated temperatures due to excessive loss of strength and
stiffness, given that the difference between finite element modelling and FEM is less than 5% to 10%.

• A proposed simplified hand calculation procedure for restrained steel beams has been compared and
validated against results from calibrated finite element models. The HCM predicts the maximum
compressive forces to within 5% to 10% and the maximum tensile forces to within 10% to 20%.

• In addition to verifying the proposed hand calculation procedure, the study presented here also
adds further in terms of its applicability to general case of simultaneous flexible axial and
rotational restraints
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ABSTRACT
The most commonly built single storey buildings for commercial purposes in Sweden are 
made of steel structures consisting of steel trusses supported by steel tubular columns as the 
main load bearing system. The building envelop consist of corrugated steel sheeting and walls 
made of sandwich panels. The fire regulations for these types of buildings generally require 
that at least 30 min of fire resistance time for the main load bearing structural components. 
However, some ambiguity regarding the interpretation of the rules persists, which results in 
many cases with the trusses having not been provided with any fire protection. The study 
presented here intended to analyse the ‘real performance’ of these types of buildings in 
localized fire situations and propose a simplified design procedure that can satisfactorily 
predict the behaviour of the structure subjected to localized fire. An extensive finite element 
analysis was performed for this purpose.

Keywords: structural fire design, catenary action, FE-analysis, performance based design, 
single storey buildings, hand calculation model

1 INTRODUCTION

1.1 State of the art
Single storey structures can be designed for the fire situation in one of two ways i.e. the 
prescriptive approach or a performance based approach according to Eurocodes [1] [2]. The 
prescriptive approach requires that all structural elements should be checked for their 
resistance when exposed to the ISO-834 standard fire. The designers are therefore required to 
ensure that the structural element maintains its function for the design period under standard 
fire conditions. This approach, though an easy one, could be quite conservative and overlooks 
aspects of redundancy in the structure.

A performance based approach takes into consideration the real performance of a structure 
when exposed to fire. This approach will take into consideration aspects such as the natural 
fire conditions that the structure will be exposed as opposed to the standard fire ISO-834 used 
in prescriptive design. It also takes into consideration the overall structure response to fire 
taking into account interaction between the heated structural elements and the cold parts of 
the structure. Several researchers have delved into the performance based design approach for 
structural fire design and have established that this approach offers design tools that can offer 
much higher resistance of structures to fire than prescriptive design.

There is always inbuilt redundancy in structures when designed for normal temperatures,
which can be useful when considering the structural behaviour at elevated temperatures.
Moss et al through a finite element simulation study using SAFIR program have proposed 
certain design recommendations regarding the column base fixity to ensure an acceptable 
failure mode of the structure that prevents side sway [3]. Choi et al in their study of long-span 



composite truss systems have demonstrated a transition in load-carrying mechanism from 
flexure to catenary action once the most critical web members fail when exposed to fire [4]. A
Research Fund for Coal and Steel (RFCS) project regarding fire safety of industrial halls and 
low rise buildings focuses on the hidden resistance of such structures when considered in its 
3D behaviour [5]. The aim of this project was to demonstrate the safety of these structures in 
fire with regards to “non-progressive collapse” and a “dangerous failure type”. The aim was 
motivated by the fact that recent fire regulations in many European countries had put strict 
fire safety requirements on single storey buildings, which essentially put steel structures at a 
disadvantage due to requirement of passive fire protection measures. A risk assessment 
technique was adopted to show that these structures have sufficient resistance in the absence 
of passive fire protection measures[5]. The objective of the project was to study brittle failure, 
progressive collapse and partial outward failure of the façade elements in single storey 
structures from 3D simulation softwares such as ABAQUS to ensure safety of the firemen as 
they are the most likely to be exposed to danger in such structures [5]. The fire model used in 
this study was the nominal ISO standard fire curve, which was used to calculate the 
temperature in the exposed structural members according to the simple calculation model of 
EN 1993-1-2. The thermal and mechanical properties of structural steel at elevated 
temperatures were also taken from EN 1993-1-2. The simulation modelling was performed 
using dynamic approach, which enabled the analysis to proceed beyond local failure of the 
structural members and allowing for the observation of complete failure mechanism. This was 
important since real failure time could be observed rather than conservative approach of 
considering local failure mechanism in the structure as the failure of the whole structure [5].
The study proposes new fire resistance requirements for single storey buildings as a reference 
for future regulations given below [5].

Structural Stability: R15 or fire rating based on risk assessment
Safe failure modes

o No outward collapse of main frames of the structure
o No progressive collapse of the structure

Satisfaction of the integrity condition of the partition elements regarding their 
structural behaviour

The aim of the research presented here is to show that the single storey industrial/storage 
buildings, with unprotected simply supported truss beams supported by fire protected columns 
and corrugated steel sheet roofing and sandwich panel walls are significantly robust with 
regards to their resistance in fire situations. The focus of the work presented here is to show 
that when exposed to a localized fire these buildings possess enough redundancy to survive 
the fire actions for durations much higher than would be otherwise estimated from 
prescriptive design. A simplified calculation model is proposed based on the results from FE 
analysis to enable designers to estimate their real resistance in design fire situations.

The study is based on the redistribution of the load from the primary load transfer path, which 
is no longer available in case of fire. The truss when heated up to its conventional critical 
temperature it will not be able to transfer load through flexure action, instead the load is 
redistributed partially through the truss and partially through the roof to the adjacent colder 
parts of the structure through catenary action. The roof sheeting in single storey buildings are 
not designed as the primary load bearing structure; however their significance has been 
highlighted by many researches with regards to the stability they can provide to the overall 
structure. The conventional way of stabilising an industrial/storage building in Sweden is to 
provide bracings at the ends and the middle of the long sides as shown in[6]. The lateral loads 
such as wind loads are transferred to the wind bracings through the trapezoidal corrugated
steel sheeting as a stressed skin diaphragm. Höglund [6] discusses detailed calculation of the 
mechanism of stabilisation through the stressed skin action, focussing on the structures 
stabilisation against wind load.



Figure 1-1: Open plan buildings stabilized through wind bracings in the end walls and long walls and trapezoidal 
sheeting in the roof [6]

The stressed skin action of the profiled steel sheeting can be very effective provided that the 
sheeting is properly fastened to the secondary and primary structural members. This 
mechanism can be relied upon as a valid load transfer path as it has been confirmed by tests 
and practical experience [6]. The mechanism through which the stressed skin action is utilized 
to transfer wind load to the bracing is described in[6]. It can be seen that the roof as a whole 
i.e. the profile sheeting and the edge beams acts as deep beam, where the edge beams at the 
long edges resist the compressive and tensile forces respectively, whereas the roof sheeting 
acting as the web resists all the shear force as seen by the shear panel at the end in[6].

Figure 1-2: stressed skin action through the roof of the building [6]

The walls in single storey buildings are made of sandwich wall elements that consist of thin 
steel sheet faces, with an insulating core made of either expanded polystyrene (EPS) or Rock 
wool as shown in Figure 1-3 [7] [8].  These sandwich wall elements possess significant in-
plane strength and stiffness and can provide sufficient stability to the columns of the building. 
A doctoral thesis work carried out by Hedman-Petursson [8] provides a detailed analysis of 
the level of stability provided by sandwich wall elements against the lateral and lateral-
torsional buckling of the columns. An experimental study was done with an aim to 
demonstrate the restraining ability of wall elements. The width of these wall elements are 
normally up to 1140 mm and lengths can go up to 14 m [8]. The connection between the wall 
elements and the steel columns consist of screws drilled through the thickness of the element 
with a diameter of 5.5 mm normally using one screw at each corner of the wall element. The 
horizontal connection between the wall elements usually has no mechanical fastenings, which 
make the wall flexible within its plane due to relative slip between the wall elements. The 
wall structure can also be designed as the bracing of the building and if done so it can provide 
full restraint situations to columns. This can be helped by fastening together the horizontal 
wall elements using rivets at ends as shown in Figure 1-3 [8].



Figure 1-3: Details of sandwich wall panel and its connections [8]

The lateral displacement of columns will induce in-plane deformation in the wall elements as 
shown in Figure 1-4 [8]. It shows that there are three main contributions towards the in-plane 
deformation of the wall. The force transmitted through the connection into the wall are 
relatively small; therefore the function of the wall with respect to in-plane deformation will 
rely on the connection between column and wall and also the horizontal joints between wall 
elements. The sandwich wall element itself will remain stable without buckling given the low 
level of the load transferred through the connection and comparatively stiff in-plane 
characteristics of sandwich wall elements [8].

Figure 1-4: Contributions to in-plane deformation of wall elements [8]

The tests were conducted on a shear frame shown in Figure 1-5 to determine the connection 
characteristics in the lateral direction. The symbols representing the forces through the 
connections in different directions are also shown in Figure 1-5 and Figure 1-6 shows the 
load-displacement curve obtained per connection in lateral direction.



c)

Figure 1-5: a) With no shear connectors between wall elements b) with shear connections c) force diagram [8]

Figure 1-6: Connection characteristics in lateral direction [8]

In other works done in this regards, Ilveskoski has also proposed that the sandwich panel 
diaphragms can be used to totally or partially replace traditional bracing in single storey portal 
frame structures [9]. This is presented as a very cost effective solution compared to the 
prevailing practice. An optimized solution for the roof sheeting utilizing the stressed skin 
behaviour was proposed by Janushevskis et al [10].

1.2 Method and limitations
Single storey structures that are used for constructing open span halls for industrial/storage 
purposes have large open areas, which mean that the consideration of a fully developed fire 
engulfing the whole compartment at once is rather unrealistic. It is therefore proposed that a 
more realistic approach towards design of these structures in fire is to consider a localized fire 
that consumes the fuel and one location and then shifts to other locations as a travelling fire 
[11]. It is important to use a fire model that can realistically predict the expected temperatures 
from a localized fire, which can then be used to predict the mechanical response of the 
structure. A proposed fire model for localized fire from Sandström et al has been used here in 
this study [12] as the design fire, which proposes a methodology for calculating the 
temperatures in both the top and bottom chords of a truss beam for a localized fire. The 
structural response to the proposed localized fire is then studied using finite element 
modelling as will be discussed later.



Through this study it is being proposed here that the single storey buildings when studied with 
a realistic fire scenario of a localized fire has higher reserve resistance beyond what would be 
expected from the prescriptive design. When the primary load carrying structural member i.e. 
the truss beam fails due to the effects of local fire, alternate load carrying mechanisms will be 
activated mainly through the catenary action through truss and roof.

The limitation of the study presented here can be summarized as shown below.

A localized fire scenario is considered
The subject of the study are single storey buildings, most commonly used in Sweden, 
consisting of steel truss members supported by steel columns, enveloped by 
corrugated steel sheeting as roof and sandwich panel elements are walls. 
A simplified hand calculation model is proposed for design verification of these 
structures subjected to design load in fire situation
The study is based on results from the analysis of the 3D FE model of a single storey 
building 
The proposed calculation method is only applicable for calculation of mechanical 
resistance of these structures subjected to localised fire at midspan location of a load 
bearing truss member.

2 STRUCTURAL DETAILS
The structure used as a case study is an actual building in the southern part of Sweden and the 
reason it has been chosen is due to the fact that it is the most typical type of construction for 
large scale industrial/storage buildings in Sweden [13]. Some details of the structure are 
provided below.

2.1 Truss and columns
The building itself is very large therefore modelling the whole structure will be 
computationally very expensive and time consuming, hence only part of the building is 
modelled. The dimensions of the structural components in the FE model are the same as they
have been used in the building and no separate design is carried out. Figure 2-1 shows the 3D 
view of the industrial building used as the case study

Figure 2-1: Isometric view of the industrial building considered with the region highlighted being modelled

The span length of the Truss is 19 meters and the column height is 10 meters and the distance 
between adjacent frames is 6 meters. The supporting columns are made of square hollow 
section columns (SHS) supporting a truss beam made of SHS profiles details of which are 



provided in Table 2-1. Figure 2-2 shows the structural details of the supporting columns and 
the all the truss members.

Figure 2-2: Structural details of the truss being studied

Table 2-1: Cross section of truss members

Member Top chord 
(TC)

Bottom 
chord (BC)

Vertical 
(V)

Diagonal 
(D1)

Diagonal 
(D2)

Diagonal 
(D3)

Cross 
section SHS 114x6 SHS 120x5 SHS 50x4 SHS 75x5 SHS 66x5 SHS 46x4

2.2 Roof and wall details
The typical envelope of single storey industrial/storage buildings in Sweden consist of 
profiled steel sheeting. The roof is typically constructed from corrugated steel sheeting 
connected either directly to the top chords of the truss beams or to the purlins. Here in this 
study it is assumed that the roof made of corrugated steel sheeting is directly connected to the 
top chords of the trusses. No data was available regarding the actual roof sheeting used in the 
building used in the case study; therefore a corrugated steel sheet profile is chosen from the 
catalogue of a manufacturer Lindab [7] based on the design requirement. Figure 2-3 shows the 
cross section profile of corrugated steel sheeting chosen here for this study.

Figure 2-3: corrugated steel sheet profile

The roof sheeting selection is based on the Swedish National Annex requirement of snow 
zone 2 for a span of 6 meter as seen here from the catalogue shown in Figure 2-4. The roofing 
is made of galvanized steel of grade S355.



Figure 2-4: Allowable span length based on the snow zone [7]

The walls for such buildings are typically made of sandwich panels consisting of two thin 
steel sheets enclosing an insulation material as discussed previously. The walls are 
considerably stiff with respect to their in-plane behaviour and generally the connections 
between the columns and the wall sandwich panel elements are the components that will 
determine the lateral strength and stiffness as discussed in the introduction. This fact is 
utilized while creating the FE model as will be described later.

2.3 Fasteners

2.3.1 Room temperature resistance
The roof and wall panels are connected to the supporting primary load bearing structure
through fasteners. The role of fasteners is very important in the redistribution of loading from 
the heated primary load bearing. Generally the self-tapping screws are used for connections 
between the corrugated roof sheeting and the supporting trusses. There is no available data 
regarding the fastener details from the given case study therefore typical dimensions for the 
fasteners have been used to calculate their resistance according to EN 1993-1-3 [14] shown 
here in Table 2-2.

Table 2-2: Pull through resistance of fasteners

Screw 
diameter 

(d) 
[mm]

Washer 
diameter 

(dw)
[mm]

suction 
pressure 

coefficient 
(Cp,10

=Cpi,10+Cpe,10)

Suction force per 
unit length of 

truss 
(wsuc=qw,keCp,10)

[kN/m]

Pull through 
resistance per 

fastener 
(Fp,rd,static=dwtfu M2)

[kN]

Number 
of 

Fasteners 
per meter 
length (n)

Design 
resistance 

against 
pull 

through 
(Fw,suc,rd)
[kN/m]

4.8 12 -0.9 -4.482 2.203 3 7 (OK)



The tensile, bearing and shear resistance of the same fastener is provided in Table 2-3. It can 
be seen in the discussion later that for the catenary action through the roof sheeting the 
bearing resistance of the connection is critical; whereas pull through resistance is critical
when it comes to the connection failure in the direction of its axis.

Table 2-3: Resistances of the fastener between roof sheeting and truss

Screw diameter (d) [mm]
Tensile resistance

(Ft,rd = k2fuAs/ M2) [kN]

Shear resistance

(Fv,rd = vfuAs M2) [kN]

Bearing resistance

(Fb,rd btfu M2) [kN]

4.8 6.60 3.66 2.49

2.3.2 Elevated temperature resistance
At elevated temperatures the resistance of the fasteners will decrease since it is a function of 
the ultimate strength fu of the plate, which will decrease correspondingly as the temperature 
increases.

The pull through strength at elevated temperature is calculated from the following Eq.

w u,
p,rd,static,

M2

d t f
F (0.1)

The bearing resistance at elevated temperature is calculated from the following Eq.

b,rd,
M2

dF t f (0.2)

Temperature dependent fastener resistances have been used in the FE model to simulate 
realistic connection between the roof and the trusses wherever heated.

2.4 Design load in fire situation
The design load in fire situation used in the FE model is given in Table 2-4.

Table 2-4: Characteristic and design values of the different loads acting on the structure
Permanent load (Gk) Snow load (sk) Wind load (wk)

Characteristic value 1 kN/m2 2 kN/m2 -

Exposure coefficient 
(snow load) Ce

- 0.8 -

Thermal Coefficient 
(snow load) Ct

- 1.0 -

Shape Coefficient 
(snow load) µ

- 0.8 -

Basic wind velocity 
pressure qb

- - 0.82 kN/m2

External pressure 
coefficient (wind 
load) Cpe

- - 0.2

Design value 1 kN/m2 1.28 kN/m2 0.164 kN/m2



Table 2-5 shows the design load combination used in the FE model as the design load in fire 
situation based on design coefficients from the Swedish national annex [15]. The load 
combinations for fire design situations are according to EN 1991-1-2 [16].

Table 2-5: Load combinations in fire design situation
Permanent load Snow load Wind load Total load

0 1 2 - 0.7, 0.4, 0.2 0.3, 0.2, 0.0 -

Design value 1 kN/m2 1.28 kN/m2 0.164 kN/m2 -

Frequent 1 x
q)

- 0.512 kN/m2 0.032 kN/m2 -

Quasi-permanent 
2 x q)

- 0.256 kN/m2 0.000 kN/m2 -

Load combination 1 1 kN/m2 0.512 kN/m2 0.000 kN/m2 1.512 kN/m2

Load combination 2 1 kN/m2 0.256 kN/m2 0.032 kN/m2 1.289 kN/m2

3 FINITE ELEMENT MODEL
A full scale finite element model of the single storey building was created in the software 
ABAQUS [17]. The model consisted of five parallel frames consisting of columns supporting 
the trusses and enveloped by corrugated steel sheeting roof and sandwich wall elements as 
shown in Figure 3-1 for two spans and Figure 3-2 for three spans. The model was created 
using shell S4R elements of ABAQUS.

Figure 3-1: 3D view of the FE model with two spans



Figure 3-2: 3D view of the FE model with three spans

The reason behind creating a detailed model with multiple spans and frames was to ensure 
boundary conditions that are as realistic as would be possible in an FE model. The details of 
the model are described as follows.

3.1 Type of analysis
A quasi-static analysis is performed using the ABAQUS/explicit solver since static analysis 
using ABAQUS/implicit solver was running into several numerical problems at very high 
temperatures due to excessive material non-linearity. To perform quasi-static analysis it must 
be ensured that the analysis is performed in such a way that the dynamic forces are kept at a 
minimum. This can be achieved in a couple of different ways in ABAQUS i.e. either through 
increase loading rates or through mass scaling. The increase loading rates technique consists 
of artificially reducing the time scale of the process by increasing the loading rate on the other 
hand mass scaling requires artificially increasing the material density. The mass scaling 
technique was adopted for the analysis in the present case.

The goal of the analysis is to perform the analysis in the shortest possible time and at the same 
time keep the inertial forces at insignificant levels. Using a smooth step amplitude curve in 
the analysis step can help achieve this purpose, which allows ABAQUS to ramp up the load 
gradually to its maximum value and also to ramp down in a similar fashion to prevent 
significant acceleration. The energy balance of the model can provide an important clue with 
regards to the performance of the model as quasi-static analysis. Figure 3-3 shows the 
comparison between the total internal energy and the kinetic energy of the model, which 
clearly shows that the kinetic energy remains at rather insignificant levels throughout the 
analysis period, hence the quasi-static analysis.



Figure 3-3: Energy profile of the FE model in the two analyses steps

3.2 Material model
The stress-strain model used for the FE analysis is based on the proposed tri-linear stress-
strain model for structural steel at elevated temperatures according to EN 1993-1-2 [2] and 
shown here in Figure 3-4. Nominal material properties for S355 are taken from EN 1993-1-1
[14] for the primary structural members such as the columns and truss components and 
material strength for the corrugated steel sheeting are taken from the catalogue of 
manufacturer [7]. Reduction factors for material properties at elevated temperature are taken 
from EN 1993-1-2 as well and also used for the heated roof sheeting material [2].

Figure 3-4: Trilinear stress strain relationship for carbon steel at elevated temperatures.

3.3 Boundary conditions

3.3.1 Column base
In the column base are generally welded to a base plate which is then bolted to a foundation 
structure. The most realistic assumption about this column base would a support that partially 
constrains moment and fully constrains translation. In the FE model a very conservative 
approach is adopted by not constraining any moment at the base of the column except the 
rotation about the longitudinal axis of the column to prevent instability. The translations in all 
three directions are also constrained.

3.3.2 Bracing
The frame system under consideration is essentially simply supported truss members that are 
supported by columns which are not fixed at the base. This arrangement will be unstable in 
the absence of any bracing system. In the direction along the truss members bracing is 
achieved by means of a bracing member supporting the end frames as seen in Figure 3-1 and 
Figure 3-2. In the direction perpendicular to the truss members the stability is provided by the 
envelope of the structure composed of the corrugated roof sheeting and the wall panels again 
as seen in Figure 3-1 and Figure 3-2.

-1000

0

1000

2000

3000

4000

5000

6000

0 0.2 0.4 0.6 0.8 1

En
er

gy
 [k

N
m

m
]

Step 1

Total Internal energy

Kinetic energy

-50000

0

50000

100000

150000

200000

250000

300000

350000

1 1.2 1.4 1.6 1.8 2

En
er

gy
 [k

N
m

m
]

Step 2

Total internal energy

kinetic energy



3.4 Fasteners

3.4.1 Roof to top chord of truss
Connector elements in ABAQUS have been used to model the fasteners connecting the roof 
to the top chords of the trusses as shown in Figure 3-5. The properties assigned to the 
connectors include the strength of the fasteners in lateral direction as well as longitudinal 
direction according to section 2.3. The assigned properties are also temperature dependent, 
hence reduced according to the reduction factors from EN 1993-1-2 [2] with increasing
temperature.

Figure 3-5: Fasteners between the roof and top chords of trusses (one connector per trough)

3.4.2 Wall elements to columns
As was discussed in the introduction, the wall elements are made of sandwich elements that 
are approximately one meter wide, therefore multiple elements have to be used per wall in the 
length direction as can be seen in Figure 3-1 and Figure 3-2. The length of the wall elements 
can extend up to 14 meters [8] but here in the FE model a conservative approach is adopted 
by using length of the wall element only from one frame to the next and using a fastener at 
each corner of the element as seen in figure. There are no connections between the wall 
elements in the horizontal direction to prevent relative slip between these. The connections 
between the wall elements and the columns are modelled using the same ABAQUS connector 
elements as for the roof fasteners. The strength assigned to these connectors is according to 
the experimental results from work done by Hedman-Petursson [8]. The wall elements are 
sufficiently stiff in their plane, which means that the connections between the columns and 
wall elements are critical with respect to any lateral force.



Figure 3-6: Wall elements extending from frame to frame with fasteners at each corner

3.5 Analysis procedure
The analysis is composed of a two-step procedure i.e. step1: Load application and Step2: 
heating of the structure. The load remains constant during the heating step, hence any 
mechanical response of the structure is due to the increasing temperature and the consequent 
changes in material properties and thermal expansion.

3.6 Load application
The load is applied on the roof as a pressure load in order to simulate the realistic situation of 
distributed load acting on the roof. The load is applied during the loading step of the analysis 
with ‘smooth step’ amplitude curve as discussed previously to minimize dynamic effects of 
load.

3.7 Temperature application
Temperature is applied as a predefined field in the model. The magnitude of temperature is 
maximum at the midspan and reduces as the distance from midspan increase according to the 
localized fire model discussed previously. Temperature zones are thus created, each having a 
maximum temperature level based on the localized fire model. The temperature is applied in 
the heating step again using the ‘smooth step’ amplitude curve in ABAQUS to minimize any 
dynamic effects.

4 RESULTS FROM FE ANALYSIS
The deformed shape of the FE model with temperature distribution from heating due to 
localized fire at midspan can be seen in Figure 4-1 and Figure 4-2. The catenary shape of the 
truss is quite clear from both Figure 4-1 and Figure 4-2, which indicates that some 
redistribution of loading will take place from the primary load transfer path i.e. the flexure 
action of the heated truss to an alternative load transfer path enabled through the catenary 
behaviour of the truss and also through the roof. 



Figure 4-1: Deformed shape of the FE model with two spans

Figure 4-2: Deformed shape of the FE model with three spans

The manner in which the midspan deflection of the heated truss changes with increasing 
temperature would provide an understanding on how the structural response evolves during 
the heating process. Figure 4-3 shows the midspan deflection of the heated truss as a function 
of the maximum temperature measured at the bottom flange i.e. at the midspan since it is 
exposed to localized fire at the midspan. Three different phases in the evolution of midspan 
deflection during the heating process can be observed from Figure 4-3 i.e. initial phase up to 
approximately 600°C when there is no significantly large deflection in the truss; second phase 
when the midspan deflection starts to increase rapidly with increasing temperature beyond 
600°C; Final phase of failure of the truss when the deflection exhibits a ‘runaway’ behaviour 
beyond 800°C.

The initial phase lasts up to the point when the truss fails due to its inability to carry the load 
through flexure action, which until this point was its primary function. The failure is most 
likely due to the buckling of the top chord under compression at midspan due to insufficient 
buckling resistance at elevated temperature. The buckling of the top chord can be seen in 
Figure 4-4. This initiates the second phase which transitions the truss from its primary 
function of carrying the design load through flexure action to role as partially carrying the 
load through catenary action. As will be discussed below in later sections the design load is 



carried through this alternate mechanism partially through the truss and partially through the 
roof until ultimate failure happens evident form the ‘runaway’ deflection.

Figure 4-3: Midspan deflection as a function of increasing temperature

Figure 4-4: Buckling of Top chord at elevated temperature

Figure 4-5 shows the different components of the truss members. Figure 4-6 shows the 
variation of the axial force through these components as a function of maximum temperature 
at the bottom flange. The axial compressive forces through the top chord components are seen 
to be increasing initially due to restrained thermal expansion followed by a relatively sudden 
reduction in their magnitude around the 600°C mark. This sudden reduction in compressive 
forces through top chord corresponds to the buckling failure of the top chord as discussed 
above. The axial tensile forces through the bottom chord components, however, are seen to be 
undergoing a comparatively gradual reduction in their magnitude. Similarly the axial forces 
through the diagonal members, both compressive and tensile are also seen to be undergoing a 
gradual reduction with increasing temperature. The axial compressive force through the 
vertical members V-2 and V-3 reduce with increasing temperature, which in case of V-3 even 
transitions into tension at very high temperatures; whereas the force through V-1 remains 
more or less steady.

An important aspect that is noted, about the axial tensile force through the bottom chord 
components and also through the diagonal members, is that there is a brief steady period 
around the 800°C mark. This indicates that there is an alternative load transfer mechanism at 
work through the catenary action through the truss that provides some stability before ultimate
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failure. The goal here is to describe this alternative load transfer path and propose an 
analytical procedure that can reasonably predict it.

Figure 4-5: Truss member components

Figure 4-6: Axial force through the truss member components

5 HAND CALCULATION MODEL

5.1 Prescriptive design
The prescriptive design approach for structures in fire generally requires the evaluation of the 
resistance of a structural member in isolation. In the present case for example it would require 
that the truss member resistance for certain duration of standard fire exposure be calculated 
and compared to the design load in fire situation. As an isolated structure member the truss 
can only carry load through its flexural action and failure would occur if it fails to perform 
this function. For uniform temperature distribution, which is typically the case for steel 
structures, the ‘critical temperature’ method of design is adopted for prescriptive design. The 
simplified design equations from EN 1993-1-2 [2] can be used to calculate structural member 
resistance at elevated temperature for this purpose. The structural collapse occurs once the 
design resistance of a structural member becomes equal to the design value of the relevant 
effects of actions in fire design situation [18]. The temperature at which this collapse occurs is 
known as the critical temperature and it is related to the utilization factor µo of the structural 
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member i.e. the ratio between the applied load in fire design situation to the design resistance 
of the structural member at room temperature. It is expressed as shown in eq. 0.3. 

a,cr 3.833
0

139.19ln 1 482
0.9674

(0.3)

For the given truss subjected to the design load in fire situation Table 5-1 gives the critical
temperature for each of the truss member components, their corresponding utilization factor
and the time to failure under standard fire exposure. If the fire is localized at the midspan, as it 
is the case here, then it becomes obvious that top chord members TC-5 and TC-6 are the most 
critical at 643°C. This is corresponds to the buckling failure of the top chord at midspan as 
discussed earlier while discussing the results from the FE analysis.

Table 5-1: Critical temperatures and time to failure under ISO fire exposure for the truss components

Member Cross 
section

Axial 
force NEd

[kN]

Resistance 
NRd,20°C 

[kN]

µo=NEd/NRd,20°

C

Critical 

[°C]

Time 
[min]

TC-1 SHS 120x6 -75.16 -736.00 0.102 826 27.0

TC-2 SHS 120x6 -75.16 -736.00 0.102 826 27.0

TC-3 SHS 120x6 -184.49 -685.00 0.269 680 10.1

TC-4 SHS 120x6 -184.49 -685.00 0.269 680 10.1

TC-5 SHS 120x6 -239.15 -694.00 0.345 643 7.9

TC-6 SHS 120x6 -239.15 -694.00 0.345 643 7.9

D-1 SHS 80x5 108.99 500.55 0.218 712 12.6

D-2 SHS 80x5 -89.17 -193.00 0.462 597 5.8

D-3 SHS 70x5 69.35 429.55 0.161 757 17.0

D-4 SHS 70x5 -49.54 -159.00 0.312 658 8.7

D-5 SHS 50x5 29.72 246.73 0.120 801 22.9

D-6 SHS 50x5 -9.90 -40.00 0.248 695 11.2

V-1 SHS 50x5 -14.35 70.00 -0.205 722 13.4

V-2 SHS 50x5 -14.35 70.00 -0.205 722 13.4

V-3 SHS 50x5 -14.35 70.00 -0.205 722 13.4

BC-1 SHS 120x5 136.66 784.55 0.174 745 15.7

BC-2 SHS 120x5 218.65 784.55 0.279 674 9.8

BC-3 SHS 120x5 245.98 784.55 0.314 657 8.7

5.2 Performance based design
A performance criterion that can be used for evaluation of structural failure is necessary for 
application of the performance based design. The study presented here aims to establish the 
ability of single storey buildings in fire design situations to sustain the design loads for much 



longer durations than would be expected from the prescriptive approach. The ability of the 
structure to sustain the load beyond the conventional limit requires the following

Redistribution of the load from primary load transfer path (Truss flexure action)
Stable response of the secondary load transfer path (Truss and roof catenary action)

The redistribution of the load from the primary load transfer path is evident from the fact that 
the structure maintains is stability even after the truss is no longer able to transfer load 
through flexure action as discussed in the FE analysis results. The stable response in the 
present situation can be seen as the rate of change of midspan deflection of the truss once it 
transitions into the secondary load transfer phase (catenary phase). Figure 4-3 clearly shows 
this as the midspan deflection increases relatively rapidly in the second phase but still 
maintains stability until it reaches the so called ‘runaway phase’. In fire design situations such 
large deflections would not be a problem provided the structure remains stable. It is with this 
background that the midspan deflection of the heated truss will be used here as the 
performance criterion for the calculation procedure described as follows.

5.2.1 Truss as a catenary
Figure 5-1 shows the deformed shape of the truss just before the ultimate failure defined by 
the runaway deflection of Figure 4-3. The shape of the truss can be seen as a sort of pseudo-
catenary. The tensile axial forces through the bottom chord and the diagonal members near 
the support with large deflection at midspan support this assumption that the truss acts like a 
catenary.

Figure 5-1: Catenary profile of the truss in fire

The assumption of the truss catenary action must be verified by comparing results from the 
FE model to theoretical models of catenary. The parameters of interest with regards to a 
catenary are shown in Figure 5-1 and described below.

Distributed load qt
Catenary tensile force Ft
Span length L
Length of catenary profile S

The mathematical expression that relates Ft to S, qt



2 2
t 4

8
qF S (0.4)

mathematical expressions give in eq.0.5 and eq.0.6, respectively.

t

t

2
2

F q LS Sinh
q F

(0.5)

t

t

1
2

F q LCosh
q F

(0.6)

The axial tensile force through the bottom chord from FE analysis at midspan should 
correspond to the tensile force through a catenary calculated theoretically using eq. 0.4 to eq. 
0.6. It is not known beforehand what level of the load will be transferred through the catenary 
action of the truss therefore catenary calculations are performed for different load levels for 
comparison i.e. at 25%, 50%, 75% and 100% of the load carried by the truss before the 
catenary phase. Figure 5-2 shows the theoretically obtained catenary force Ft as a function of 

The broken red line seen in the graph in Figure 5-2 is the tensile axial force measured from 
the FE-model as a function of the catenary sag at the midspan of the truss. It can be seen that 
the curve from the FE model is approaching the theoretical curve for 50% load level and then 
diverging as the structure undergoes ultimate collapse.

Figure 5-2: Comparison between theoretical and FE model results

Figure 5-3 shows the tensile axial force across the bottom chord of the truss at midspan 
measured from the FE-model compared to the theoretically calculated bottom chord tensile 
resistance as function of increasing temperature. It is clearly seen that the axial force through 
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the bottom chord is closely following the bottom chord tensile capacity with increasing 
temperature of the bottom chord. At a certain point beyond 850°C it can be seen that there is 
sudden drop in force indicating ultimate collapse of the structure.

Figure 5-3: Axial force through bottom chord

5.2.2 Contribution from Roof
The previous discussion shows that the truss has a secondary role to play as a catenary after 
its failure as a flexure member. However, the level of load transmitted by the truss through 
this catenary action does not account for 100% of the load it was carrying as a flexure 
member. It is proposed here that the roof structure made of corrugated steel sheeting is 
responsible for transmitting the remaining load during the catenary phase of the truss. The 
load is transferred, in a direction perpendicular to the span of the heated truss, to the adjacent 
cold trusses on both its sides. The roof is also heated together with the truss at the midspan, 
but there are also regions of the roof further away from the midspan that are not affected by 
the fire as much and are at much lower temperature. It is proposed here that the roof transmits 
the remaining load through both bending moment resistance as well as through catenary 
action depending on the temperature level as explained below.

The roof is assumed to be split into horizontal strips each of one meter width as shown in 
Figure 5-4. It can be seen that the temperature varies from one segment to the next one, which 
will affect the bending moment resistance of these segments as shown in Table 5-2. The 
bending moment resistance of each segment is taken for LTP 115 profile from the design 
specifications provided in the Lindab catalogue [7]. It can, however, be calculated according 
to the following eq. 0.7 to eq. 0.9 from EN 1993-1-3 [19] and EN 1993-1-2 [2].

If the effective section modulus Weff is less than the gross elastic section modulus Wel

eff yb
c,Rd

M0

W f
M (0.7)

If the effective section modulus Weff is equal to the gross elastic section modulus Wel

e max
yb el pl el

e0
c,Rd

M0

( )4 1f W W W
M (0.8)
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At elevated temperatures

M0
fi,t,Rd y,

M,fi

M k M (0.9)

Figure 5-4: Roof segments in perpendicular direction to the longitudinal direction of heated truss

Table 5-2: Bending moment resistance of roof segments corresponding to their temperature
Roof segment Temperature [°C] Reduction factor

k
Bending Moment resistance 

Mfi,t,Rd [kNm]

R-1 876 0.072 1.17

R-2 876 0.072 1.17

R-3 589 0.504 8.20

R-4 466 0.85 13.83

R-5 380 1 16.28

R-6 318 1 16.28

R-7 270 1 16.28

R-8 270 1 16.28

R-9 270 1 16.28

R10 270 1 16.28

The applied bending moment on each roof segment should be calculated for comparison to 
the available bending moment resistance. The roof is subjected to a uniform pressure load of 
1.512 kN/m2. Part of that load, in the catchment area of the heated truss, which is 3 meters on 
both its sides, is now transmitted via the catenary action of the truss. If we assume that the 
truss catenary carries approximately 50% of that load as discussed previously, then the 
capacity of the roof to carry the remaining load must be checked. The bending moment 



diagram obtained for the applied bending moment for each roof segment is as shown in Figure 
5-5. The span length is now two times the distance between the frames i.e. 12 meters.

Figure 5-5: Bending moment diagram for applied moment on each roof segment

If the applied bending moment is compared to the bending moment resistance of the roof 
segments from Table 5-2, it can be seen that for some segments i.e. R-1 and R-2 the bending 
moment resistance is almost negligible; whereas for others such as R-5 to R-10 the bending 
moment resistance is approximately equal to the applied moment. For R-3 and R-4 the 
bending moment resistance is less than the applied moment but still not significant. It is 
proposed here that the applied bending moment in excess of the bending moment resistance of 
each roof segment, denoted here as Mcat, is transferred through catenary action of the roof 
segment. The cut view of the roof in Figure 5-6 shows the catenary shape of the roof 
segments at midspan. Maximum midspan deflection can be used for the segments R-1 and R-

tenary tensile force Ft; For the remaining segments a 
linearly reducing catenary sag can be used depending on distance from midspan as shown in 
Figure 5-7. Catenary calculation for each segment can be performed to check the level of 
catenary force Ft compared to the design resistance in terms of the tensile strength N of 
the roof segment and the bearing strength of the connection between the roof segment and the 
top chord the adjacent cold trusses given in eq. 0.10 and eq. 0.11 below.

From EN 1993-1-2:

M0
fi,

Mfi

N k N (0.10)

Connection strength depends on the bearing strength per fasteners and the number of fasteners 
per meter length or per roof segment width. The fasteners are located at the troughs of the 
roof sheeting generally one or two per trough. If n denotes the number of fasteners per roof 
segment width then eq. 0.11 gives the design bearing resistance of the connection.

t,conn b,RdN n F (0.11)

Where Fb,Rd is the bearing strength per fastener discussed above.



Figure 5-6: Catenary profile of the roof at midspan

Figure 5-7: Catenary sag for the roof segments

For the given temperature distribution in Table 5-2, and using maximum midspan deflection 
from the truss catenary calculation as the catenary sag for midspan segments of the roof, table 
gives us the maximum catenary tensile force in each roof segment. In the FE model a single 
fastener was used per trough with a beraing according to section 2.3 for a single fastener. The 
tensile axial strength of highest temperature roof segment is approximately 35 kN, which is 
not a problem. The connection bearing strength per roof segment is only 4 × 2.5 kN=10 kN, 
which is exceeded by the tensile catenary force for segments at the midspan R-1 to R-3. This 
results in failure ultimate failure of the structure as also evident from Figure 5-8.

Table 5-3: Roof catenary calculation

Segments Mcat [kNm] qcat [kN/m] XRn [m] Rn [mm] Ft [kN]

R-1 17.10 0.95 9.56 949.95 18.15

R-2 17.10 0.95 8.56 850.58 20.23

R-3 10.06 0.56 7.56 751.22 13.47

R-4 4.35 0.24 6.56 651.85 6.71

R-5 1.99 0.11 5.56 552.48 3.61

R-6 1.99 0.11 4.56 453.11 4.40



R-7 1.99 0.11 3.56 353.75 5.63

R-8 1.99 0.11 2.56 254.38 7.83

R-9 1.99 0.11 1.56 155.01 12.84

R-10 1.99 0.11 0.56 55.65 13.90

Figure 5-8: connection bearing failure between roof and adjacent truss top chord

5.2.3 Summary of the proposed calculation procedure
The simplified hand calculation procedure proposed here can be used to predict the behaviour 
of the truss at elevated temperature exposed to a localized fire at the midspan. The procedure 
is described here as a series of steps as follows.

Step 1: Assuming the axial force through the bottom chord to be equal to tensile axial force 
resistance of the bottom chord from theoretical calculation. This assumption is based on 
Figure 5-3.

Step 2: Derive relation between the bottom chord tensile axial force and the increasing 
temperature. Since there is no theoretical formulation that can be used to derive such a 
relationship, therefore results from FE-model are used. Three different span lengths of trusses 
were used as parametric study, describe more in detail in part 2 of this article, their midspan 
deflection-vs-temperature curves are shown in Figure 5-9. The equations of the linear trend-
lines can be seen to be very similar. Eq. based on average of these three equations is adopted 
here as the relationship between midspan deflection and increasing temperature in the 
catenary stage. It is assumed that this equation can be used for any span length since it is 
based on results from three different span lengths.

3.4 1875y x (0.12)

Where x represents the temperature in [°C] and y represents the midspan deflection in [mm].



Figure 5-9: Three different truss spans midspan deflection vs temperature of bottom chord

The eq. 0.12 is used to further derive relationshi
force through bottom chord, show here in Figure 5-10. It shows how the comparison between 
just derived theoretical curve and the corresponding relationship from the FE-model. The 
results are very close, which implies that the theoretical curve can also be used, instead in
Figure 5-2.

Figure 5-10: Catenary force vs catenary sag

Step 3: Figure 5-11 shows the theoretical curve compared to the catenary curves for different 
load levels. At different temperature levels the bottom chord axial force can be checked 
through the graph from Figure 5-11 as to how much of the design load is being transferred 
through the truss catenary action.
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Figure 5-11: Catenary force vs catenary sag

Step 4: For the calculated truss catenary load check the corresponding load transmitted by the 
roof and its resistance, which can be summarized by Figure 5-13.

Figure 5-12: Calculation scheme to check the resistance of the roof segments

The procedure can be repeated for several different temperature levels at the midspan or it
could also be used only for one maximum midspan deflection level specified as the 
performance criterion.

6 DISCUSSION AND CONCLUSIONS
The study presented in this paper is based on numerical analysis of single storey 
industrial/storage halls using finite element modelling. The results from the study provide an 
overview of how the structure behaves when a load bearing truss is exposed to a localized fire 
in these structures. The conventional approach of designing structural members in isolation 
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exposed to nominal standard fire curve seems conservative when looking at the results from 
this study. 

Large industrial/storage halls have very large open areas, which imply that a fully developed 
fire or any nominal fire model such as standard fire is not adequate for such buildings. 
Localized fires are what should be realistically expected in such structures, which requires 
that the mechanical response of the structure to such localized fires be adequately studied. 
This study aimed at achieving this purpose of fully understanding the structural behaviour in 
the localized fire at midspan location of a load bearing truss member.

A simplified hand calculation approach was proposed which takes into account the resistance 
of the structure at temperature levels much higher than obtained through only using the 
prescriptive approach. Alternative load paths were identified at elevated temperatures and 
calculation procedures to determine the capacity of these alternative load paths were 
proposed. Such a simplified calculation procedure would enable a designer to check the 
design resistance of the structure for localized fire and make adjustments to the design if 
required to enable the structure to provide the required fire resistance.

For the study presented in this paper following conclusions can be drawn.

Single storey structures offer significantly higher resistance to localized fires when 
compared to prescriptive design approach, Figure 4-3, Table 5-1.
Roof and wall structures provide sufficient stability to the frame structure of the single 
storey building in fire situations, since the columns were modelled as hinged at the 
bottom, Section 3.3.
The alternative load paths through the truss catenary and the roof structure transfers 
the load previously transferred only through the flexure action of the truss, section 5.2.
The assumption of truss catenary action is supported by FE model result comparison 
to theoretical calculation, Figure 5-2.
The proposed hand calculation procedure predicts the bearing failure of the connection 
between the roof and top chords of adjacent trusses, which is supported observation 
from the FE model, Table 5-3, Figure 5-8.
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ABSTRACT
The most commonly built single storey buildings for commercial purposes in Sweden are 
made of steel structures consisting of steel trusses supported by steel tubular columns as the 
main load bearing system. The building envelop consist of corrugated steel sheeting and walls 
made of sandwich panels. The fire regulations for these types of buildings generally require 
that at least 30 min of fire resistance time for the main load bearing structural components. 
However, some ambiguity regarding the interpretation of the rules persists, which results in 
many cases with the trusses having not been provided with any fire protection. The study 
presented here intended to analyse the ‘real performance’ of these types of buildings in 
localized fire situations along with the effect of variation of different parameters. An 
extensive finite element analysis was performed for this purpose. 

Keywords: structural fire design, catenary action, FE-analysis, performance based design, 
single storey buildings

1 INTRODUCTION

1.1 State of the art
Structural steel is widely used in the building industry due to its high strength and stiffness
and the aesthetic possibilities it can offer due to slender structural members. In particular 
structural steel is the most preferred solution when long open spans are required as in single 
storey industrial/storage buildings. A significant number of single storey buildings in Sweden 
for commercial use are constructed from steel using steel trusses supported by steel columns 
as the main load carrying structure and building envelop made of corrugated steel sheeting as 
roof and sandwich panels in the wall. The disadvantage that steel supposedly has when 
compared to other construction material, is its ability to significantly lose its strength and 
stiffness at elevated temperatures. From the perspective of fire safety requirements, structural 
steel are requires costly fire safety measures that might not be required at the same level for 
other materials such as timber and concrete. However, if the fire safety of such buildings in 
not looked at through the narrow view of the prescriptive design approaches but instead a 
more realistic performance based approach is adopted, it can be shown that steel structures 
can offer much higher resistance.

The fire part of Eurocodes EN 1993-1-2 [1] for steel structures provides the option of either 
using the prescriptive design approach to meet fire safety requirements from the National 
regulations or use more complex analysis of the structure to meet fire safety objectives 
through a performance based approach. Few researches have dealt with the application of 
performance base design approach for single storey steel buildings that will be briefly 
discussed here. A European project on fire safety of industrial halls and low-rise buildings 
aims to prove that single storey steel buildings can offer adequate resistance in fire without 



requiring any passive fire protection measures [2]. In this project dynamic FE analysis was 
used to model the structural behaviour beyond the local instabilities, which created problem in 
the case of static FE analysis. This enabled the model to calculate the structural behaviour 
until complete collapse takes place. The aim was to assess the non-progressive collapse 
behaviour at very high temperatures, which is needed to ensure that failure of the structure 
does not constitute dangers to the fire fighters. The study also proposes simplified calculation 
models, based on the results from the FE analysis, to ensure that the occupants and fire 
fighters are safe. This calculation model is offered as an alternative to the prescriptive design 
approach under ISO fire.

The subject of this European project [2] included both portal framed and lattice beam 
structures. The structural mechanical response of the structural frame in fire situation was 
studied in two phases i.e. the expansion phase followed by the collapsing phase of the 
structure. The expansion phase gives the total thermal expansion generated in the portal beam 
or the lattice beam as a result of heating and then compared to a design criterion for this 
outward expansion. The collapsing phase of the structure occurs after the portal beam or 
lattice beam fails under compression of the expansion phase. The beam transitions into a 
catenary and starts pulling the supporting structure inwards; this inward pulling deformation 
is also calculated for comparison to a design criteria. These deformations are of interest with 
regards to the stability of the structure during fire exposure against a dangerous failure mode 
i.e. outward failure of the supporting structure and also a progressive failure of the structure.
The integrity of the partition elements are also crucial in this regards; therefore
recommendations were provided as a result of this project for the stability of façade elements,
fire walls and bracing systems [2].

1.2 Limitations and objective
This paper presents results from a parametric study performed on single storey steel buildings 
exposed to localized fires. The aim of this study is to show how different parameters such as 
span lengths of the truss, column height, fastener strength and location of localized fire affect 
the structural response to fire. The results for different span lengths of the trusses are also 
compared to the hand calculation model proposed in another article from the same authors [3].
The study is based on an actual single storey building used commercially; therefore actual 
dimensions of the structural members are used in one of the models identified as the case 
study. It is important first of all to identify the fire safety class definition of these buildings 
and the corresponding fire safety requirements as discussed below.

1.2.1 fire Safety class
According to the Swedish national annex to the Eurocodes EKS 9 [1], structural elements are 
classified into several fire safety classes depending on the risk of personal injury as a result of 
the collapse of a structural element. These fire safety classes are provided in Table:

Table 1-1: Fire Safety class definition

Fire Safety class Risk of personal injury due to collapse of structural element

1 Insignificant

2 Slight

3 Moderate

4 Large

5 Very large



The Swedish building regulations, provided in the Boverket’s Building Regulations (BFS 
2011:26), BBR [2], provides guidance on the factors that must be considered while deciding 
the fire safety class of a building. According to these regulations all buildings must be divided 
into three classes based on the required protection i.e.

Br0 – Buildings with very high protection requirement
Br1 – Buildings with high protection requirement
Br2 – Buildings with moderate protection requirement
Br3 – Buildings with low protection requirement

The building class (Br0 – Br3) and also the Safety class (Safety class 1 – 3) [1] of the building 
for normal situations will help in the specification of the fire safety class of a structural 
member in a building. As an example the fire safety classification for structural members in 
building class Br2, according to EKS 9 is provided in Table [1].

Table 1-2: Fire safety class in Br2 building class

Fire Safety 
class

Examples of Structural elements in a Br2 Building

1 Certain structural elements in safety class 1, eaves, non-bearing interior 
walls, canopies or balconies without a common structural element.

Structural elements belonging to the buildings main structural system and 
for which a collapse cannot lead to a progressive collapse in the fire load 
case. Examples include lattices, columns, which in the event of collapse 
affect a limited area.

2 -

3 Structural elements belonging to the buildings main structural system and 
for which a collapse my lead to a progressive collapse in the fire load
case.

Landings and flights of stairs that serve as escape routes and are located 
below the top basement level.

4 -

5 Structural elements belonging to the buildings main structural system that 
are located below the top basement level.

The Swedish building regulations BBR suggest a building class Br2 for single storey 
buildings if they have places of assembly in occupancy classes 2B or 2C on or under the 
ground floor [2]. The industrial/storage building being considered here in this study falls 
under this category and if the structural member in this building class leads to a progressive 
collapse then according to Table the fire safety class 3 should be used. The only exception to 
this is that if the damage area is limited to that shown in figure for structural collapse after 30 
minutes [1].



Figure 1-1: Fire affected area and adjacent area [1]

The building is classified as Br2 with occupational class 2B according to the Swedish 
building regulations BBR [2]. In the case study under consideration in this article, the 
columns have been designed as fire safety class 3 and the trusses as fire safety class 1. Table 
shows the requirements for structural fire resistance according EKS 9 [1].

Table 1-3: Fire resistance class with respect to bearing capacity

Fire Safety 
class

Fire resistance class

2 2 F>1600MJ/m2

1 0 0 0

2 R15 R15 R15

3 R30 R30 R30

4 R60 R120(R90*) R180(R120*)

5 R90(R60*) R180(R120*) R240(R180*)
*Sprinkler system installed

1.3 Objectives
The main objective of the study presented here is to evaluate the resistance of the type of 
single storey industrial buildings that are typically built Sweden for commercial purposes. The 
results of the study are based on results from FE analysis of models of a single storey building 
used as a case study described below. The aim is to use realistic boundary conditions in the 
FE model subjected to the most realistic fire scenario that such buildings are expected to be 
subjected to. The buildings are assumed to be subjected to localized fire scenarios since such 
large buildings are very unlikely to have fully developed fires initially, therefore it is logical 
to study their mechanical response under localized fire. It is also important to study their 
response in localized fire since any mechanical failure at this stage would make studying the
response under fully developed fire useless. The localized fire model used in the study is one 
proposed by Sandström et al described in detail later in the article. The objectives of the study 
can be summarized as follows.

Assessment of mechanical resistance of single storey buildings from FE analysis
Localized fire scenarios
Study effect of different parameters i.e. location of fire, span lengths etc.
Comparison to prescriptive design approach



2 CASE STUDY
The single storey industrial building, considered as a case study here, is a very common type 
of construction for these kinds of buildings. These buildings are most often used as large 
departmental stores visited by people in large numbers. The interpretation of the rules 
regarding fire safety from Boverket’s BBR [4] for single storey industrial buildings is an issue 
under debate in Sweden [5]. The general requirement is that the load bearing parts of the 
structure should be designed as at least fire safety class 3 i.e. fire resistance class R30. This 
requirement has been shown to be not fulfilled in some cases as discussed by Hägg and 
Andreas in their study [6]. Further still there are certain exceptions in the rules that allow the 
designers to neglect fire protection of the structural members in the roof i.e. design the roof as 
fire safety class 1, as in the case study presented here. This means that a very large number of 
these buildings are constructed in Sweden without an passive fire protection of the roof 
members i.e. trusses and the roof sheeting [7].

The structural details of the single storey building have been provided in the companion 
article discussed previously and will not be repeated here. The design load in fire situation to 
which the truss members are subjected to have been summarized below.

Design values of the wind and snow load are summarized in Table 2-1.

Table 2-1: Design value for wind and snow load

Wind load (wk) [kN/m2] Snow load (s) [kN/m2]

cpe,10 [EN 1991-1-4] 0.2 -

µi [EN 1991-1-3] - 0.8

Ce [EN 1991-1-3] - 0.8

Ct [EN 1991-1-3] - 1.0

Design value 0.164 1.28

The different load combinations in fire design situation from EN 1990 [8] are summarized in
Table 2-2 [9] and 
both cases of choosing either snow load or the wind load as the leading variable actions are 
considered. It can be seen that the case with snow load as the leading variable action is the 
one adopted as the design load combination.

Table 2-2: load combination in fire design situation

Permanent action 
[kN/m2]

Wind load 
[kN/m2]

Snow load 
[kN/m2]

Total 
[kN/m2]

1 - 0.2 0.4

2 - 0.0 0.2

Load 
combination 1 
[snow load]

1.0 0.0 0.512 1.512

Load 
combination 2 
[wind load]

1.0 0.0328 0.256 1.289



3 FINITE ELEMENT MODEL
The FE model of the single storey building is created using shell elements S4R from the 
software ABAQUS [10] shown in Figure 3-1. A quasi-static analysis of the model is 
performed using the ABAQUS/explicit solver due to the inability of static analysis of implicit 
solver to model unstable behaviour of the structure at elevated temperatures. Details of the FE 
model have been provided in much more detail in the companion article; whereas only a brief 
description is provided as follows.

Figure 3-1: 3D view of the FE model of the single storey building

3.1 Analysis procedure
The analysis is performed as a two-step procedure i.e. the loading step followed by the 
heating step.

Loading: The design load described above is applied as a pressure load on the roof 
sheeting of the model.
Heating: The temperature distribution obtained from the localized fire model 
described later in this article is applied as predefined temperature field to the heated 
truss and the roof.

To minimize any dynamic effects from the load application in the first analysis step or during 
the heating of the second analysis step, ‘smooth-step’ amplitude curve is used [11]. The 
function of the smooth-step amplitude curve is to soften the rate of increase and also the rate 
of decrease of any type of action. Figure 3-1 shows how the smooth-step curve slope 
approaches zero both at the beginning and the end of the step [11].

Figure 3-2: Smooth-step amplitude curve



3.2 Boundary conditions
The columns are assumed to be hinged at the bases, which means only translation in all three 
axes are constrained allowing free rotation about both axes of the column cross section. The 
rotation about the longitudinal axis of the column is constrained to prevent unstable rigid 
body rotation of the column about its own axis. The stability of the model in the longitudinal 
direction of the trusses is provided by brace members as shown in Figure 3-1. In the 
transverse direction of the frame, however, the stability comes only through the building 
envelop i.e. the roof sheeting and the wall as seen in Figure 3-1.

3.3 Load application
The loading is applied on the roof sheeting as a pressure load in the first analysis step. The 
pressure load magnitude is according to the design load in fire situation described above. The 
aim was to simulate the realistic situation of a distributed load over the whole roof instead of 
applied load directly to the truss top chord. The load is, however eventually transferred to the 
truss through the interaction via fasteners described in detail in part 1 of this study.

3.4 Heating
The heating produced as a result of the localized fire, calculated from the localized fire model 
described later in this article, is applied as a temperature distribution through the truss and the 
roof. The predefined field input is used in ABAQUS to apply the temperature increase in the 
model. The applied load remains constant during this heating step thus any mechanical 
response produced during heating is due to thermal expansion and loss of material and 
strength and stiffness.

4 LOCALIZED FIRE MODEL

4.1 Fire properties
The fire model used in this study to model the heating of steel elements are the model 
presented by Sandström et al [12]This model is based on the experiments performed in 
Trondheim 2015 [13] and provides a description of the thermal exposure for the upper and 
lower chord at mid span of a steel truss. In this study, this is extrapolated in the sensitivity 
study for heating at the support, an assumption that is made based on the similarities of truss 
temperature gradient with distance from the plume central axis observed in the different
experiments in Trondheim. The total heat release rate used in this study is 15 MW located at 
floor level both for the fire at mid span and for the fire at the support. For both fires, a fire 
diameter of 2.77 meters is used and the assumed fuel is the same is in the Trondheim 
experiments, n-Heptane.

4.2 Steel in fire
For this study, the steel is assumed to have no thermal inertia, i.e. the steel assumes the 
temperature of the thermal exposing temperature instantaneous. This is onerous for the truss 
in comparison the steel sheet but gives a reasonable prediction of the temperature distribution 
in the steel.

5 RESULTS OF PARAMETRIC STUDY
A number of different parameters were varied in this study to see their effect on the behaviour 
of the single storey building in fire. These parameters are listed as follows.

Height of column/building
Connection stiffness at truss supports
Location of fire



Span length of truss
Strength of fasteners between roof and truss chord

The parametric study was performed using the FE model and the details of the results from 
the analysis are presented as follows.

5.1 Height of column
Two different column heights were used to see how it affects the overall mechanical response 
of the single storey building subjected to localized fire at midspan and near support. The two
different heights used were 6 m and 8 m. Figure 5-1 shows the maximum deflection of the 
heated truss with respect to the increasing temperature of the bottom flange. It can be seen 
that the column height will have very little effect on the mechanical response if the fire is 
located near the support; for the midspan fire location, however, it can be seen that shorter
column height of 6 m will be slightly more unstable than the longer height of 8 m. The fire 
model described previously includes height of the building as one of the parameters to 
determine the temperature distribution; here in this study, however, the same temperature 
distribution is used for both heights for the sake of analysing the sensitivity to column height 
only.

Figure 5-1: Maximum deflection of heated truss, localized fire at midspan (L), near support (R)

5.2 Connection stiffness at truss supports
Three different connection rotational stiffness levels were considered in this study to see how 
that affects the overall mechanical response of the truss to localized fire at midspan location. 
Figure 4-27 shows the three different connection details, where the semi-rigid connection has 
a 10 mm thick endplate welded to the ends of the top chords. For the moment resisting 
connection two 10 mm thick plates are added in the longitudinal direction to enable continuity 
over the connection region from one span to the next. The simply supported connection is 
assumed by reducing the thickness of the top chord endplates to 5 mm thickness. The 
deformed shapes of the connection region at elevated temperatures can also be seen in Figure 
4-27 superimposed on to the undeformed shape. The rigid connection is magnified five times
the actual deformation, to observe how the connection behaves. The simple connection is seen
to have very little rotational resistance due to the very thin endplate. Figure 4-28 shows the
comparison between all three cases; it can be seen that there is a sudden drop in the case with
simple connection, which indicates the failure of the plates to hold the top chord evident from
the unstable deformation in Figure 4-27 (top-right). The moment resisting connection has
somewhat similar behaviour as the semi-rigid connection initially until it slightly diverges.
The analysis was not completed due to a numerical error but it is suspected that the
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divergence will only last until a plastic hinge is formed in the truss near the connection region 
of the moment resisting connection.

Figure 5-2: Deformed shapes of the connection regions: Semi-rigid (top-left), simple (top-right), moment 
resisting (bottom).

Figure 5-3: midspan deflection as function of maximum bottom chord temperature

5.3 Location of fire
The fire model considered in this study is a localized fire model, which means that the 
location of the fire can be an important parameter with regards to the mechanical response of 
the building. Two different scenarios for the location of the localized fire are considered i.e. 
fire located at the midspan and the other with fire located near the support of the truss. Figure 
5-2 shows how the two different fire scenarios compare with each other. It can be seen that 
the mechanical response of the building is more stable when the fire is located at the midspan, 
compared to its response to fire located near the support. Figure 5-3 shows the deformed 
shape superimposed on the undeformed shape of the building with localized fire near support 
during the collapse stage. It can be seen that the load redistribution from the truss causes the 
pulling in of the adjacent frames through the roof catenary action. Figure 5-4 shows the same 
for the midspan located fire; where again it can be seen that the redistribution of the load 
causes some pulling in of the adjacent frames through the roof catenary. The truss is also acts 
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as a catenary in midspan fire case transmitting some of the load as discussed in detail in part 1 
of this publication.

Figure 5-4: Maximum deflection of the truss with respect to maximum bottom flange temperature

Figure 5-5: Ultimate collapse of the single storey building with fire near support
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Figure 5-6: Ultimate collapse of the single storey building with fire at midspan

5.4 Span length of truss
Two different span lengths other than the length from the case study were considered in the 
study. These two trusses were designed for the same design load in fire situation. Table 5-1
provides a summary of the geometric data for all three cases i.e. the case study and the two 
designed trusses, according to Figure 5-5. There are seven panels separated by the vertical 
members in the truss from the case study; whereas an additional panel is added for both 
Truss-1 and Truss-2 (the designed trusses). The recommended truss span length to its depth 
ratio is 10 to 15 for good structural performance. For the case study this ratio is 19.121
m/1.674 m = 11.42; whereas for the designed trusses the ratio was kept within the 
recommended range i.e. 22.308 m/1.674 m= 13.32 for Truss-1 and 26.580 m/1.974 m= 13.46 
for Truss-2. For the designed trusses, Truss-1 and Truss-2, the cross sections of the different 
components of the trusses i.e. the top chord, bottom chord, diagonals and vertical members 
were designed based on similar ratio to the case study, between applied load through a 
member calculated from structural analysis to the design resistance of that member.

Figure 5-7: Truss member components

Table 5-1: Geometric details of the three trusses
Truss Case study Truss-1 Truss-2

Span length [m] 19.12 22.30 26.85

Top chord [mm] SHS 120x6 SHS 120x8.8 SHS 140x8



Bottom chord [mm] SHS 120x5 SHS 120x7.1 SHS 140x6.3

Diag. D-1,D-2 [mm] SHS 80x5 SHS 80x5 SHS 90x6

Diag. D-3,D-4 [mm] SHS 70x5 SHS 70x5 SHS 80x6

Diag. D-5,D-6 [mm] SHS 50x4 SHS 50x4 SHS 60x5

Diag D-7 [mm] - SHS 50x4 SHS 60x5

Vertical [mm] SHS 50x4 SHS 50x4 SHS 60x5

Figure 5-6 shows the comparison between the midspan deflections of the truss as a function of 
the maximum bottom flange temperature for all the three different truss spans. It can be seen 
that all three spans display a similar behaviour with regards to their response to localized fire 
at midspan. For all three spans the there is an initial period of small deflections up to 
approximately 600°C; at this point the truss fails as a flexure member and the load carrying 
mechanism transitions from flexure to an alternative mechanism through catenary action of 
truss and roof explained in detail in part 1 of this article.

Figure 5-8: Midspan deflection as a function of the bottom flange temperature

Figure 5-7 shows the variation of the axial tensile force through the bottom chord with 
increasing temperature for Truss-1 and Truss-2. It clearly shows that the tensile axial force 
through the bottom chord closely follows the slope of the cross sectional tensile resistance of 
the bottom chord member as function of increasing temperature in the temperature range 
indicated. This indicates that as the temperature increases the axial force through the bottom 
chord correspondingly decreases; whereas its magnitude is approximately close to the tensile 
resistance of the bottom chord section at that particular temperature.

-1600

-1400

-1200

-1000

-800

-600

-400

-200

0
0 200 400 600 800 1000

De
fle

ct
io

n 
[m

m
]

Temperature [°C]

Case study

Truss-1

Truss-2



Figure 5-9: Axial force through bottom chord, Truss-1 (R), Truss-2 (L)

Figure 5-8 shows the axial tensile force through the bottom chord measured from the FE-
model compared to the theoretical curves for different load levels transferred via catenary 
action as described in detail in part 1 of this article. The curves for both Trusses show that 
there are step-wise regions where the truss acts as a catenary, transmitting a percentage of the 
load; this percentage can be calculated through interpolation between the theoretical curves. 
Between the step-wise regions of the curves there are sudden drop of the tensile force from 
one step to the next clearly seen in Figure 5-8, which indicates the percentage of the load 
transferred via truss catenary is reduced; finally in the case of Truss-2 it can be seen that the 
force magnitude is very low in the last step, which corresponds to tensile force even lower 
than the tensile resistance of the cross section as seen in Figure 5-7 for Truss-2. This indicates 
yielding of the bottom chord and the ultimate failure as the runaway deflection of Figure 5-6.

Figure 5-10: Catenary force as a function of the catenary sag, Truss-1 (L), Truss-2 (R)

5.5 Fastener strength
The corrugated roof sheeting is connection either directly to the top chords of the supporting 
trusses or to the purlins, if present. In the study presented here it is assumed that the roof 
sheeting is directly connected to the top chords of the trusses. The connection between the 
roof sheeting and truss chord consists of fasteners, usually self-drilling screws that are fixed at 
a minimum one fastener per trough of the roof sheeting as shown in Table 5-2 [14]. In the FE 
models a feature in ABAQUS has been used that enables the user to use discrete fasteners 
between two attached surfaces. The pull-out and bearing strength of typical fastener 
dimensions were used in the model for these fasteners assuming two cases of either using one 
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or two fasteners per trough. The fastener strength calculation details are provided in part 1 of 
this article.

Table 5-2: Minimum number of fasteners required [14]
Location No. of Fasteners

Sheet to edge beam c/c 500 mm

Free end of sheet, deep profile hw  > 50 mm and bd > 
200 mm

One fastener per trough if there are two grooves,
otherwise two

One fastener per trough

Intermediate support, deep profile hw  > 50 mm and 
bd > 200 mm

One fastener per trough

One fastener every other trough

Intermediate support at end overlap One fastener per trough

Figure 5-9 shows the midspan deflection of these two cases as function of the maximum 
bottom flange temperature. It shows that in the case with two fasteners per trough the 
response of the building to localized midspan fire is more stable than the one with only one 
fastener; whereas the ultimate failure happens at approximately the same temperature level for 
both case, the deflection level at which this happens is lower in the case of two fastener per 
trough. The effect of fastener strength can also be seen from Figure 5-10 where a comparison 
between the two cases shows how the connection comes apart for the case with one fastener 
per trough due to the tensile pull exerted by the catenary effect through the roof at midspan.
This explains why the deflection level is higher for the case with one fastener as shown in 
Figure 5-9 for the same temperature level.

Figure 5-11: Midspan deflection as function of maximum bottom flange temperature
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Figure 5-12: deformed shape of the heated truss and roof at ultimate state, one fastener (L), two fasteners (R)

The other comparison was made for the support fire scenario where two different models with 
different connection strengths between the roof and the adjacent colder trusses were 
considered. In the first case it was assumed that the one fastener was used per trough; whereas 
in the second case one fastener every other trough was assumed. Figure 5-13 shows the 
deformed shape superimposed onto the undeformed shape of the models for comparison. It 
can be seen that a stronger connection between the roof and adjacent trusses can lead to 
pulling in of the adjacent trusses as seen in Figure 5-13 (Top); whereas weaker connection 
limits this pulling effect, seen in Figure 5-13 (bottom). This leads to an important conclusion 
that stronger roof to top chord connection may be desirable for midspan fire scenario but in 
case of support fire scenario it can produced undesirable ultimate failure scenario such as a 
disproportionate collapse of the structure.

Figure 5-13: deformed shape in the support fire scenario: first case (top), second case (bottom)



6 DISCUSSION AND CONCLUSIONS
The study presented here uses numerical modelling to analyse the behaviour of single storey 
buildings exposed to localized fires and the effect of varying different parameters on it. It has 
become sufficiently clear that the consideration of overall response of the structure to 
localized fire offers much more robustness, compared to single member analysis using the 
prescriptive approach. The interaction between the heated truss and roof structure and the 
surrounding colder parts of the structure enables the single storey building, subjected to 
design loads in fire situations, to maintain its stability for much longer than time needed for 
the truss to reach its limit state in fire as a flexural member. Following conclusions can be 
drawn from the study presented here.

The height of column/building is comparatively more significant for midspan fire than 
it is for the support fire scenario.
The thickness of the endplate of the truss top chord plays a significant role with 
regards to the deflection behaviour of the truss for midspan fire.
Moment resisting connection can add some reduction in the midspan deflection but it 
is suspected that it will last only until a plastic hinge is formed near the connection.
Different spans lengths of the trusses behave similarly to localized midspan fire with 
regards to midspan deflection but longer spans will have higher catenary forces.
The fasteners between the roof sheeting and the top chords of the trusses are seen as 
playing a significant role by transferring the catenary forces through the roof sheeting 
to the adjacent trusses.
In the case of support fire scenario strong fastener connections may lead to 
disproportionate collapse of the structure through the roof catenary pulling in of the 
adjacent frames.
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