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PREFACE 

In November 2013, I was granted a Ph.D. student position in the Division of Structural 
and Construction Engineering, Luleå University of Technology (LTU). The goal was to 
finalise an industrial doctoral project started at Trinity College Dublin (TCD) and 
Rambøll Danmark A/S. However, after a couple of months (with a licentiate thesis 
prepared for defence) my academic direction changed. At that time, I was asked to plan, 
prepare and execute an experimental programme in which a bridge was to be tested to 
failure within four months. The intention was to use the results from the test to develop 
and calibrate methods for bridge assessment.  

At the end of February, I started the project with the first site visit to the bridge in a 
snowy and -10ºC Kiruna, the northernmost city of Sweden. Five months later, the 
experimental investigation was completed, including strengthening using two different 
techniques, two pre-loading schedules, two failure tests, two series of non-destructive 
tests for evaluating residual prestress forces and collection of material samples for 
laboratory testing. This was an intense, challenging and, at the same time, exciting and 
definitely unforgettable, start of the journey towards the dissertation. The outcomes from 
it have been summarised in this thesis. 

There are numerous people to acknowledge for the work presented in this thesis. First 
of all, I gratefully acknowledge my principal supervisor Prof. Björn Täljsten and my 
assistant supervisors Dr Gabriel Sas, Dr Thomas Blanksvärd and Dr Lars Bernspång at 
LTU. I am pleased that you gave me the freedom to choose my own direction in the 
project and develop my independence. At the same time, you were always supportive 
and gave me valuable advice throughout the Ph.D. studies. 

In most doctoral projects in structural engineering, experimental studies are carried out 
on very simplified structures rather than highly complex full-scale structures. From the 
perspective of the Ph.D. student, this is totally understandable, since he/she wants to 
complete the project on time. Well, this thesis is almost on time, although it involved 
several full-scale experiments. It should be pointed out that the final result is a product 
of teamwork and all of the contributors are gratefully thanked. Mr Georg Danielsson, 
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Mr Håkan Johansson, Mr Roger Lindfors, Mr Erik Andersson, Mr Lars Åström, Mr Ulf 
Stenman and Mr Mats Petersson at CompLab are acknowledged for their expertise and 
involvement as research engineers, which were crucial for the success of the experiments. 
Mr Kurt Bergström and Mr Karl-Erik Nilsson at Internordisk Spännarmering, Dr Reza 
Haghani and Prof. Mohammad Al-Emrani at Chalmers University of Technology, and 
Mr Simon Dahlberg at Strong Solution are thanked for their flexible and hard work on 
site. Mr Tony Nordqvist at LKAB, Mr Patrik Larsson at LTU and Dr Thomas Blanksvärd 
at LTU did commendable jobs as project manager, project coordinator, and budget 
manager, respectively. For valuable inputs during the establishment of the experimental 
programme, I want to thank Dr Anders Carolin at Trafikverket, Prof. Mikael Hallgren 
at Tyréns, Dr Mario Plos at Chalmers University of Technology, Prof. Håkan Sundqvist 
at the Royal Institute of Technology, Dr Oskar Larsson at Lund University’s Faculty of 
Engineering, Mr Ola Enochsson, Prof. Peter Collin and Dr Ulf Ohlsson at LTU, Prof. 
Yongming Tu at Southeast University, Dr Tore Lundmark at Ramböll Sverige AB, and 
Dr Hans Henrik Christensen at Rambøll Danmark A/S. Finally, Dr Jonny Nilimaa at 
LTU is particularly acknowledged for his strenuous work during the preparation and 
execution of the experiments. He is also thanked for preparing world-class skis during 
my thesis writing. The small details can make big differences. 

My colleagues at the Division of Structural and Fire Engineering at LTU are thanked for 
their support during the doctoral project and their contributions to an enjoyable work 
environment. In particular, I appreciate the good collaboration and great time I had with 
Dr Cosmin Popescu, Mr Cristian Sabau, Mr Jens Häggström and Dr Jonny Nilimaa. I 
also want to thank Dr Martin Nilsson (Head of the Division of Structural and Fire 
Engineering) and Prof. Andrzej Cwirzen (Structural Engineering Chairholder) for their 
support of my research, Prof. Mats Emborg for providing me motivation and energy and 
Ms Carina Hannu for her kindness and wider perspective that ranged beyond the 
outcome of the research. 

At the end of the project, I spent four months at Queensland University of Technology 
(QUT), including visits to the University of Newcastle (UON) and TCD. I am very 
grateful for the invitations from Prof. Tommy Chan at QUT, Prof. Mark Stewart at 
UON and Dr Alan O’Connor at TCD, who also contributed to numerous interesting 
and wide-ranging discussions. I also need to express my gratitude to the Ph.D. students 
Mr Hans Moravej and Mr Amir Pooyan Afghari at QUT, who helped me to have a 
stunning time in Brisbane. 

During the work underlying the thesis, numerous people have made important 
contributions through their technical expertise. Special thanks in this respect are due to 
Dr Anders Bennitz at WSP Sverige AB, Prof. Drahomír Novák at Brno University of 
Technology and Dr Dobromil Pryl at ervenka Consulting for gladly sharing their 
experience. I also appreciate the collaboration with Dr Mario Plos and Mr Jiangpeng Shu 
at Chalmers University of Technology. 

I am eternally grateful for the endless inspiration, enthusiasm and support from Prof. 
Lennart Elfgren at LTU. He inspired me to take the step from an M.Sc. degree to Ph.D. 
studies. He contributed to fruitful discussions when designing the experimental 
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programme, he was enthusiastic about my ideas for testing and energised me to do all the 
hard work at the bridge site in Kiruna. After the field tests, he shared his 50 years of 
experience in the field of concrete research to help me to solve problems that arose, write 
scientific publications, formulate ideas for future research, write applications for funds, 
and so on. 

Finally, I want to express my gratitude to family and friends for supporting me all through 
my life and through the Ph.D. studies. 

 

Luleå, May 2017 
Niklas Bagge 
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SUMMARY 

Assessing existing bridges is an important task in the sustainable management of 
infrastructure. In practice, structural bridge assessments are usually conducted using 
traditional and standardised methods, despite knowledge that these methods often 
provide conservative estimates. In addition, more advanced methods are available, such 
as nonlinear finite element (FE) analysis, that are used for research purposes and can 
simulate the structural behaviour of bridges more accurately. Therefore, it would be 
useful to develop practical and reliable procedures for refined assessments using these 
advanced techniques. 

Focusing on the ultimate load-carrying capacity of existing concrete bridges, this thesis 
presents a procedure for structural assessments. The fundamental idea is to improve the 
assessment successively, as necessary to predict bridges’ structural behaviour adequately. 
The procedure involves a multi-level assessment strategy with four levels of structural 
analysis, and an integrated framework for safety verification. At the initial level (Level 1) 
of the multi-level strategy, traditional standardised methods are used, no failures are 
covered implicitly in the structural analysis and action effects are verified using local 
resistances calculated using analytical models. In the subsequent enhanced levels (Levels 
2 – 4), nonlinear FE analysis is used for stepwise integration of the verification of flexural, 
shear-related and anchorage failures into the structural analysis. The framework for safety 
verifications includes partial safety factor (PSF), global resistance safety factor (GRSF) and 
full probabilistic methods. Within each of these groups, verifications of desired safety 
margins can be conducted with varying degrees of complexity. 

To demonstrate and evaluate the proposed structural assessment procedure, comparative 
studies have been carried out, based on full-scale tests of a prestressed concrete bridge. 
This was the Kiruna Bridge, located in the northernmost city in Sweden, which was due 
for demolition as part of a city transformation project, necessitated by large ground 
deformations caused by the large nearby mine. Thus, it was available for destructive 
experimental investigation within the doctoral project presented in this thesis. The bridge 
had five continuous spans, was 121.5 m long and consisted of three parallel girders with 
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a connecting slab at the top. Both the girders and slab were tested to failure to investigate 
their structural behaviour and load-carrying capacity. Non-destructive and destructive 
tests were also applied to determine the residual prestress forces in the bridge girders and 
investigate the in situ applicability of methods developed for this purpose. The so-called 
saw-cut method and decompression-load method were used after refinement to enable 
their application to structures of such complexity. The variation of the experimentally 
determined residual prestress forces was remarkably high, depending on the section 
investigated. There were also high degrees of uncertainty in estimated values, and thus 
are only regarded as indications of the residual prestress force. 

Level 1 analysis of the multi-level assessment strategy consistently underestimated 
capacity, relative to the test results, and did not provide accurate predictions of the shear-
related failure observed in the test. With linear FE analysis and local resistance models 
defined by the European standard, Eurocode 2, the load-carrying capacity was 
underestimated by 32 % for the bridge girder and 55 % for the bridge deck slab. At the 
enhanced level of structural analysis (Level 3), nonlinear FE analyses predicted the 
capacities with less than 2 % deviation from the test results and correctly predicted the 
failure mode. However, for existing bridges there are many uncertainties, for instance, 
the FE simulations were sensitive to the level of residual prestressing, boundary 
conditions and assumed material parameters. To accurately take these aspects into 
account, bridge-specific information is crucial. 

The complete structural assessment procedure, combining the multi-level strategy and 
safety verification framework, was evaluated in a case study. Experiences from the 
previous comparative studies were used in an assessment of the Kiruna Bridge following 
the Swedish assessment code. The initial assessment at Level 1 of the multi-level strategy 
and safety verification, using the PSF method, indicated that the shear capacity of one of 
the girders was critical. The most adverse load case (a combination of permanent loads, 
prestressing and variable traffic loads) was further investigated through enhanced 
structural analyses implicitly accounting for flexural and shear-related failures (Level 3). 
Nonlinear FE analysis and safety evaluation using the PSF method, several variants of the 
GRSF method and the full probabilistic analysis for resistance indicated that the permitted 
axle load for the critical classification vehicle could be 5.6 – 6.5 times higher than the 
limit obtained from the initial assessment at Level 1. However, the study also indicated 
that the model uncertainty was not fully considered in these values. The model 
uncertainty was shown to have strong effects on the safety verification and (thus) 
permissible axle loads. The case study also highlighted the need for a strategy for 
successively improving structural analysis to improve understanding of bridges’ structural 
behaviour. The refined analysis indicated a complex failure mode, with yielding of the 
stirrups in the bridge girders and transverse flexural reinforcement in the bridge deck slab, 
but with a final shear failure of the slab. It would be impossible to capture such 
complexity in a traditional standardised assessment, which (as mentioned) indicated that 
the shear capacity of the girder limited permissible axle loads. However, nonlinear FE 
analyses are computationally demanding, and numerous modelling choices are required. 
Besides a strategy for rationally improving the analysis and helping analysts to focus on 
critical aspects, detailed guidelines for nonlinear FE analysis should be applied to reduce 
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the analyst-dependent variability of results and (thus) the model uncertainty. Clearly, to 
ensure the validity of bridge assessment methods under in situ conditions, their 
evaluations should include in situ tests. This thesis presents outcomes of such tests, thereby 
highlighting important aspects for future improvements in the assessment of existing 
bridges. 

Keywords: Anchorage, carbon fibre reinforced polymers, concrete, existing bridges, 
finite element analysis, flexure, full-scale test, load-carrying capacity, residual prestress 
force, punching, safety verification, shear, structural assessment, structural behaviour. 
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SAMMANFATTNING 

Bedömning av befintliga broar, så kallade bärighetsutredningar, är en viktig uppgift i 
strävan efter en hållbar infrastrukturförvaltning. Bärighetsutredningar utförs vanligtvis 
med traditionella och standardiserade metoder, även om dessa ofta leder till konservativa 
uppskattningar. Det finns mer avancerade metoder, såsom icke-linjär finita element (FE) 
analys, vilka mest används i forskningssyften och kan simulera det strukturella beteendet 
av broar mer korrekt. Därför skulle det vara användbart att utveckla praktiska och 
tillförlitliga procedurer för förfinad bedömning genom tillämpning av mer avancerade 
metoder. 

Denna avhandling presenterar en procedur för bärighetsberäkning av befintliga 
betongbroar med fokus på lastkapacitet. Den grundläggande idéen är att stegvis förfina 
analysen, och på så sätt förutsäga broars strukturella beteende på ett korrekt sätt. 
Proceduren omfattar en flerstegstrategi för bedömning på fyra nivåer av strukturanalys 
samt ett integrerat ramverk för säkerhetsverifiering. På den första nivån (Nivå 1) i 
flerstegstrategin används traditionella och standardiserade metoder, inga brott täcks direkt 
i strukturanalysen, och lasteffekterna kontrolleras utifrån lokal bärförmåga beräknad med 
analytiska modeller. I de efterföljande förbättrade nivåerna (Nivåer 2 – 4) används icke-
linjär FE analys för att stegvis integrera kontroll av böjbrott, skjuvrelaterat brott och 
förankringsbrott i strukturanalysen. Ramverket för säkerhetsverifiering inkluderar 
metoder baserat på partialsäkerhetsfaktorer (PSF) och globalsäkerhetsfaktorer för 
bärförmåga (GRSF) samt kompletta probabilistiska analyser. Inom respektive grupp kan 
den önskvärda säkerhetsmarginalen kontrolleras genom varierande grad av komplexitet. 

För att demonstrera och utvärdera den föreslagen proceduren för bärighetsberäkning, har 
ett fullskaleförsök av en spännbetongbro studerats. Försöksobjektet avsåg 
Gruvvägsviadukten i Kiruna, vilken skulle rivas som en del av ett 
stadsomvandlingsprojekt, till följd av stora markdeformationer orsakade av gruvdrift. 
Därigenom var bron tillgänglig för förstörande experimentella studier inom det 
doktorandprojekt som presenterats i denna avhandling. Bron hade fem kontinuerliga 
spann, var 121,5 m lång, och bestod av tre parallella huvudbalkar med en 
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sammankopplande brobaneplatta i överkant. Både balkarna och plattan provades till brott 
för att undersöka dess strukturella beteende och bärförmåga. Icke-förstörande och 
förstörande provning användes också för att bestämma den kvarvarande spännkraften i 
brobalkarna, samt för att undersöka kända metoder utvecklade för detta syfte. Den så 
kallade saw-cut-metoden respektive dekompressionslastmetoden har vidareutveckladats 
för att ta hänsyn till konstruktionens komplexitet, varefter de tillämpandes och 
utvärderades. Den experimentellt bestämda spännkraften varierade anmärkningsvärt 
mycket mellan de olika snitt som undersöktes. Det var även en hög grad av osäkerhet 
förenat med de uppskattade värdena, och därmed betraktas de endast som en indikation 
på den kvarvarande spännkraften. 

Analys på Nivå 1 enligt flerstegsstrategin för strukturanalys, innebar att bärförmågan 
underskattades jämfört med erhållna testresultat. Det skjuvrelaterade brott som ägde rum 
i försöken kunde inte heller reflekteras på ett korrekt sätt. Med linjär FE-analys och lokala 
bärförmågemodeller enligt europastandarden, Eurokod 2, underskattades lastkapaciteten 
med 32 % för brobalkarna och 55 % för brobaneplattan. Strukturanalys genomfördes 
sedan på förbättrad nivå (Nivå 3) med hjälp av icke-linjär FE-analys. Denna förfining 
ledde till att avvikelsen blev mindre än 2 % från testresultaten och den aktuella 
brottmekanismen simulerades med god precision för både huvudbalkarna och 
brobaneplattan. Däremot förekommer en stor mängd osäkerheter i samband med 
bedömning av befintliga broar, och FE-simuleringarna påvisade ett betydande beroende 
av antagna spännkrafter, randvillkor och materialegenskaper. För att ta hänsyn till dessa 
på ett korrekt sätt är brospecifik information avgörande. 

En fallstudie har genomförts i syfte att utvärdera den kompletta proceduren för 
bärighetsberäkning, där flerstegsstrategin och ramverket för säkerhetsverifiering 
kombineras. Erfarenheter från tidigare studier användes i en bärighetsutredning av 
Gruvvägsviadukten i enlighet med den svenska normen för befintliga broar. Den 
inledande bedömningen på Nivå 1 enligt flerstegsstrategin för strukturanalys och 
säkerhetsverifiering med PSF-metoden, indikerade att skjuvkapaciteten var kritisk för en 
av huvudbalkarna. Det mest ogynnsamma lastfallet (en kombination av permanenta laster, 
förspänning och variabla trafiklaster) undersöktes vidare genom en förbättrad 
strukturanalys som direkt tar hänsyn till böjbrott och skjuvrelaterade brott (Nivå 3). Icke-
linjär FE analys och säkerhetsutvärdering med PSF-metoden, olika varianter av GRSF-
metoden samt fullständig probabilistisk analys för bärförmåga, indikerade en tillåten 
axellast 5,6 – 6,5 gånger högre än vad den inledande bärighetsberäkningen på Nivå 1 
antydde för den kritiska uppsättningen av klassningsfordon. Studien påvisade dock att 
modellosäkerheten inte var fullständigt beaktad i dessa värden. Samtidigt är detta en faktor 
med betydande inverkan på säkerhetsverifieringen och således de axellaster som kan 
tillåtas. Fallstudien belyste även behovet av en strategi för succesivt förbättrad 
strukturanalys, för att på så sätt gynna en ökad förståelse av broars strukturella beteende. 
Den förfinade analysen påvisade ett komplext brottförlopp med flytning av byglarna i 
huvudbalkarna samt i den tvärgående böjarmeringen i brobaneplattan, men med ett 
slutligt skjuvbrott i plattan. Denna komplexitet skulle inte vara möjlig att reflektera i en 
traditionell och standardiserad analys, vilken (som nämnts) i detta fall antydde att 
tvärkraftskapaciteten begränsade den tillåtna axellasten. Icke-linjära FE-analyser är 
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beräkningsmässigt krävande och ett stort antal modelleringsantaganden krävs. Utöver en 
strategi för att förbättra analysen på ett rationellt sätt samt underlätta för analytiker att 
fokusera på kritiska aspekter, erfordras detaljerade riktlinjer för icke-linjär FE-analys. 
Sådana riktlinjer bör användas för att reducera spridningen i erhållna resultat beroende på 
vem som gör analysen, och därmed också minska modellosäkerheten. Vidare bör 
metoder ämnade för bärighetsutredningar av broar, utvärderas utifrån experimentella 
försök genomförda under verkliga förhållanden. Därigenom säkerställs metodernas 
giltighet och applicerbarhet under verkliga förhållanden. Denna avhandling presenterar 
resultatet från sådana försök, och viktiga aspekter belyses i syfte att främja förbättrade 
bärighetsutredningar i framtiden. 

Nyckelord: Förankring, kolfiberarmerade kompositer, betong, befintliga broar, finita 
elementanalys, böjning, fullskaleförsök, lastbärförmåga, kvarvarande spännkraft, 
genomstansning, säkerhetsverifiering, skjuvning, bärighetsutredning, strukturbeteende. 
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NOTATION 

Roman letters 

e natural logarithm (e = 2.71) 

eP eccentricity of prestress force 

fck characteristic value of the concrete compressive strength 

fck,is characteristic value of the in situ concrete compressive strength 

fck,upgr characteristic value of the upgraded concrete compressive strength 

fcm,is average value of the in situ concrete compressive strength

fp0.2k characteristic value of the prestressed reinforcing steel 0.2 % proof strength 

ftk characteristic value of the reinforcing steel tensile strength 

ftk,is characteristic value of the in situ reinforcing steel tensile strength 

ftm,is average value of the in situ reinforcing steel tensile strength 

fyk characteristic value of the reinforcing steel yield strength 

fyk,is characteristic value of the in situ reinforcing steel yield strength 

fym,is average value of the in situ reinforcing steel yield strength

k wobble friction coefficient

x distance from active tendon end to section of determining the prestress force 

y position of neutral axis

A cross-sectional area 

Ec concrete modulus of elasticity 

Eck characteristic value of the concrete modulus of elasticity 
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Eck,is characteristic value of the in situ concrete modulus of elasticity 

Eck,upgr characteristic value of the upgraded concrete modulus of elasticity 

Ecm,is average value of the in situ concrete modulus of elasticity 

G permanent load 

I second moment of inertia 

MG moment due to permanent load

MQ moment due to variable load 

MR secondary moment due to restraint forces

P prestress force 

P0 prestress force at the active tendon end before anchorage 

Px prestress force taking into account prestress losses due to friction 

Q variable load 

R resistance 

Rd design value of the resistance 

Rm average value of the resistance 

S action 

Greek letters 

cumulative angle change 

reliability index

t target reliability index

G partial safety factor of permanent load 

M partial safety factor of material

P partial safety factor of prestressing

Q partial safety factor of variable load

R global safety factor of resistance  

Rd model uncertainty factor 

cr creep strain 

uk characteristic value of the reinforcing steel strain at peak stress

uk,is characteristic value of the in situ reinforcing steel strain at peak stress
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um,is average value of the in situ reinforcing steel strain at peak stress

μ friction coefficient

stress 

creep coefficient 

reinforcement bar diameter 

Abbreviations 

BBT Program for Research and Innovation for Civil Structures in the Transport 
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CSCT Critical Shear Crack Theory 

CFRP Carbon Fibre Reinforced Polymer 

CTH Chalmers University of Technology 

DIC Digital Image Correlation 

ECOV Estimation of Coefficient of Variance 

FE Finite Element 

GRSF Global Resistance Safety Factor 

KTH Royal Institute of Technology 

LKAB Loussavaara-Kiirunavaara AB 

LTH Lund University, Faculty of Engineering 

LTU Luleå University of Technology 

NSM Near-Surface-Mounted 
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PSF Partial Safety Factor 
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Chapter 1 

INTRODUCTION 

Don't limit your challenges, challenge your limits! 

- Jerry Dunn 

1.1 Background 

In the pursuit of a sustainable society (as defined by the 2005 World Summit on Social 
Development), our assets should be used and managed in an efficient way. As part of the 
transport infrastructure, the bridge network plays an important role and, in order to meet 
current and future demands, more optimised management strategies are therefore 
required. As bridges age and their structure deteriorates, traffic intensities, speeds and 
loads continue to increase. Thus, there is an ever-growing need for assessment, 
inspection, monitoring, repair, strengthening, replacements and tools to support 
decisions to produce the optimal solutions to such issues. This is a global problem. In 
Europe, 1 500 bridges have been identified as needing strengthening, with 4 500 bridges 
and 3 000 bridge decks needing to be replaced out of about 276 000 railway bridges 
(MAINLINE 2013). In the United States, there are about 600 000 highway bridges, of 
which 10.5 % have been classified as structurally deficient and 13.9 % have been classed 
as functionally obsolete (U.S. Department of Transportation 2016). These issues have 
been highlighted in project reports from BRIME (2001), COST-345 (2004), SAMARIS 
(2006) and SB (2007a). There is also increased interest in the existing transport 
infrastructure in Sweden, with SEK 289 billion (EUR 30 billion) proposed to be spent 
on measures over the period 2018 – 2029, equating to around half the transport 
infrastructure budget (Löfven & Johansson 2016). 

For assessment of existing concrete bridges, there are guidelines and codes that support 
the analyst estimating the performance. Some examples are provided by AASTO (2011), 
CSA S6 (2014), HA (2001), SIA 269/2 (2011) and TDOK 2013:0267 (2016). In practice, 
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the bridge assessment usually follows traditional and standardised approaches for 
determining the load-carrying capacity. These approaches involve linear structural 
analysis with verification of action effects using local resistance models. In research, more 
advanced methods are commonly used. However, application of these methods are rare 
in bridge assessment, although many studies have shown that the standard methods 
produce imprecise, often too conservative, estimates of load-carrying capacities (Cladera 
& Marí 2007; Cladera et al. 2016; Lantsoght et al. 2016; Muttoni 2008). It is difficult to 
predict the load-carrying capacity accurately, particularly that associated with shear and 
punching. In order to assess the structural behaviour and load-carrying capacity of 
existing concrete bridges more precisely, refined methods should be used. Here, it is also 
important to take into account the current bridge conditions, including aspects such as 
geometry, material properties and eventual degradation or damage, along with boundary 
conditions and loads (Cruz et al. 2010; Karoumi et al. 2005; Kumar 2008; Lundgren 
2007). In order to predict the actual structural response, nonlinear finite element (FE) 
analysis has been identified as the method with greatest potential (SB-LRA 2007). There 
are many examples of its use in research projects to analyse existing concrete bridges; for 
example, Huria et al. (1993), Plos (2002), Song et al. (2002), Broo et al. (2007), Schlune 
(2011), Puurula et al. (2015) and Šomodíková et al. (2016). These studies have revealed 
significant variability in the modelling procedure and provided limited guidelines for 
proceeding rationally from a traditional and standardised analysis to more complex 
routines, based on nonlinear FE analysis. 

Bridge assessment is a complex task and, due to its nature, it is not possible to verify the 
methods to be used completely (Oreskes et al. 1994). Thus, to ensure that methods and 
strategies applied are as reliable as possible they should be continuously examined in the 
pursuit of confirmation (and refinement). Such examination should include experimental 
tests with permutations of materials and conditions that the methods are intended to 
cover in practice. At service-load levels, the particular bridge being assessed can be 
investigated to calibrate the method used. Examples of model-updating studies include 
work by Brownjohn et al. (2003),  et al. (2007), Sanayei et al. (2012), Goulet 
and Smith (2013), Matos et al. (2013) and Jang and Smyth (2017). Other Swedish 
examples, where field measurements have been useful for improving understanding of 
the structural behaviour of existing bridges, include work by Täljsten and Hejll (2007), 
Täljsten et al. (2007), Karoumi and Andersson (2007), Leander et al. (2010), Nilimaa 
(2015), Wang et al. (2016) and Häggström (2016). However, in order to examine 
ultimate-load level analysis methods, destructive testing is required, since the presence of 
nonlinearities lead to responses that are not necessarily representative for loads higher 
than service-loads. For existing bridges to be kept in service, destructive testing is 
undesirable and previous experience has to be used. Undoubtedly, small-scale laboratory 
experiments are most commonly used for examination of methods to determine load-
carrying capacity, although the conditions are not necessarily fully representative of those 
for actual bridges. In addition to the differences in conditions, real-world assessment has 
to take into account a higher degree of uncertainty, which is partly or fully eliminated in 
controlled laboratory environments. In order to ensure more realistic conditions and 
better understand the structural behaviour of concrete bridges, numerous large-scale 
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laboratory tests have been carried out. Some examples have been described by 
Bouwkamp et al. (1974), Scordelis et al. (1977), Paulsson et al. (1996), Roschke and 
Pruski (2000), Vaz Rodrigues et al. (2008), Nilimaa et al. (2012) and Amir et al. (2016). 
Even these studies involve simplifications, so full-scale in situ tests can be valuable for 
development and examination of assessment methods. However, full-scale experiments 
are costly, challenging and (consequently) relatively rare. To date, most full-scale failure 
tests of concrete bridges have focused on the moment capacity and, for this, theoretical 
analyses generally produce consistent estimates. As also shown in laboratory studies, 
predicting shear and punching capacities is more challenging, and they cannot always be 
accurately estimated using models provided by codes. Full-scale studies of shear-related 
failures have been described by Burdette and Goodpasture (1974), Weder (1977), 
Pedersen et al. (1980), Plos et al. (1990), Aktan et al. (1992), Täljsten (1994), Azizinamini 
et al. (1994a); Azizinamini et al. (1994b), Statens Vegvesen (1998), Haritos et al. (2000), 
Pressley et al. (2004) and Puurula (2012), where the type of failure was incorrectly 
predicted in more than half of the tests. Moreover, reinforced concrete bridges are subject 
to full-scale tests considerably more frequently than prestressed concrete bridges. 
Prestressed concrete structures also involve uncertainties associated with the residual 
prestress force, which is important to investigate thoroughly for in situ structures. A 
review of failure tests of concrete bridges has been presented in Paper VII, including 
discussion about the learning outcomes from these studies. 

As described above, it appears that a strategy supporting engineers to improve the 
accuracy of bridge assessments is needed so that bridges’ structural behaviour can be better 
understood and their load-carrying capacity more precisely predicted. Clearly, the shear 
and punching behaviours of concrete structures are still not fully understood, even after 
more than a century of research. Consequently, examination of such a strategy should 
primarily focus on these mechanisms. Utilising outcomes from full-scale bridge failure 
tests for such an examination should have several advantages. First, there would be 
representative bridge conditions so it would be possible to highlight important aspects 
for future assessment, which might be eliminated in controlled laboratory environments. 
Second, examination based on full-scale structures might indicate the feasibility of 
applying the advanced methods to more complex structures in practice. The importance 
of providing engineers with these kind of guidelines, with proven practical applicability 
and supporting the engineer in making appropriate assumptions based on research, has 
been summarised by Golder (1948): 

“There are two approaches to a natural problem. They are the approach of the pure 
scientist and that of the engineer. The pure scientist is interested only in the truth. 
For him there is only one answer – the right one – no matter how long it takes to get 
it. For the engineer, on the other hand, there are many possible answers, all of which 
are compromises between truth and time, for the engineer must have the answer now; 
his answer must be sufficient for a given purpose, even if not true. For this reason an 
engineer must make assumptions – assumptions which in some cases he knows to be 
not strictly correct – but which will enable him to arrive at an answer which is 
sufficiently true for the immediate purpose.” 
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1.2 Aim 

The primary aim of the research presented in this thesis was to develop, evaluate and 
demonstrate, a procedure for the structural assessment of existing concrete bridges. The 
procedure had to be practically applicable to common types of concrete bridges and 
provide engineers with tools to improve understanding of the bridges’ structural 
behaviour. It also had to facilitate more accurate assessment than traditional and 
standardised methods provide. A sub-aim of the research project was to provide a method 
for estimating the residual prestress forces in concrete bridges.  

1.3 Hypothesis and research questions 

The hypothesis used to guide the work underlying the thesis was: 

More accurate understanding of structural behavior and load-carrying capacity can be 
obtained by more detailed assessment of concrete bridges. 

The following research questions were formulated to further guide the scientific work: 

I. Is it feasible to apply nonlinear FE analysis to structural assessment of existing 
concrete bridges? If so, how should the analysis be carried out to ensure reliable results? 

II. How can residual forces in prestressed concrete bridges be assessed using in situ 
measurements? 

III. What procedures should be applied in in situ bridge tests to examine and improve 
methods for assessing existing concrete bridges? 

1.4 Limitations 

Since bridge assessment is a very wide research field, the following limitations have been 
applied in the research and hence this doctoral thesis: 

- The most common types of bridge superstructures are covered by the 
procedure to be developed further. Therefore, superstructures composed of 
systems of beams and/or slabs have been taken into account, but other 
elements that may be present (for instance, various substructures or arched 
structures) have been excluded. 

- The focus is on the structural behaviour and load-carrying capacity under 
static loading of existing concrete bridges. Therefore, aspects associated with 
service-load levels are not included, along with those associated with 
dynamic loading. Predefined loads are considered, but methods for 
determining actual loads on the focal structures are only briefly discussed. 

- Effects of physical, chemical and biological degradation processes are not 
accounted for, so this work applies to existing bridges with negligible 
degradation. 
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- The study of safety verification was carried out without consideration of the 
system reliability. Moreover, spatial variability was ignored. 

- Existing methods to determine the residual prestress forces in concrete 
members were applied and evaluated in tests on a concrete bridge. 
However, the study was limited to one non-destructive and one destructive 
method, which were selected due to their expected applicability to the 
actual structure. 

- Evaluations of the proposed assessment methods were based solely on results 
from full-scale tests of one specific prestressed concrete girder bridge. 

1.5 Scientific approach 

The general approach adopted for scientific studies at the Division of Structural and Fire 
Engineering at Luleå University of Technology is a straightforward procedure comprised 
of the following four steps: (1) state hypothesis, (2) review literature, (3) formulate 
research questions and (4) address research questions using an appropriate theoretical and 
experimental framework. However, a modified approach was adopted due to time 
constraints of the in situ experimental work planned to be the basis of the doctoral project. 
First, a hypothesis for the research project was stated and a broad literature review was 
carried out to identify current knowledge and needs in the research field. From this stage, 
research questions were formulated to support the design of the experimental programme 
and the subsequent work in the project. After the experiments, a thorough literature 
review was carried out relating to different parts of the project and new, more specific, 
research questions were formulated underlying the same initial hypothesis. The research 
was part of a project addressing a broader set of research questions. 

The main findings from the initial literature review related to the work presented in this 
thesis were that: 

- Shear behaviour of concrete structures is not fully understood and there are 
difficulties in predicting their shear capacity accurately. 

- In many cases, the load-carrying capacity of existing concrete bridges is 
considerably higher than indicated by standard assessment methods, 
especially for statically indeterminate structures. 

- Methods for estimating the load-carrying capacity of a bridge have mostly 
been developed and tested based on small-scale and/or large-scale 
laboratory experiments, with full-scale in situ experiments rarely being used. 

- The residual prestress force is usually unknown for existing concrete bridges 
although it is an important parameter for understanding their structural 
behaviour. 

From these findings, an experimental programme was designed and carried out on site 
on a prestressed concrete bridge (Paper I). Both non-destructive and destructive methods 
for experimental determination of the residual prestress forces were used for evaluation 
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of these methods. The intention was to reduce the associated uncertainties for further 
bridge assessment. However, previous applications and examinations were based on less 
complex structural elements and, consequently, this study revealed a need for further 
development of the methods as the complexity increases. Thus, this further development 
became essential for this study on prestress forces (Paper II). 

The experiments also indicated considerably higher load-carrying capacities than 
predicted in standard analyses prior to tests. However, a further literature review revealed 
a lack of clear recommendations for proceeding from an assessment based on traditional 
standard procedures, to improved analyses, better reflecting the structural responses. A 
strategy for successively improved structural analysis and calculation of the load-carrying 
capacity was developed for bridge decks composed of systems of beams and/or slabs 
(Paper III). It was also demonstrated and tested based on the outcomes of failure tests of 
the bridge girders (Papers III – IV) and the bridge deck slab (Paper V). For the nonlinear 
FE analysis, a predefined strategy was applied and existing guidelines were followed. The 
model was updated to enable it to simulate the responses of the tested bridge. In this 
process, critical aspects and necessary improvements were identified. 

In addition to the analysis of the load-carrying capacity, both handling of existing 
uncertainties and verification of the structural safety play a crucial role in the bridge 
assessment. Methods used for the safety verification must be compatible with, and 
complement, the other load-carrying capacity analyses. Therefore, a complete procedure 
was formulated, describing the available opportunities for improved analysis. Due to the 
importance of practical applicability, it was also demonstrated in a case study where 
gradually more complex bridge assessment methods were applied (Paper VI). 

1.6 Outline of the thesis 

The thesis is composed of six chapters providing the reader an extensive summary of the 
scientific work further described in seven appended papers that have been published in, 
or submitted to, scientific journals (Papers I – VII). The contents of the chapters and 
papers are briefly described below: 

Chapter 1 introduces the background and the research objectives. The contents and 
scientific approach are also summarised. 

Chapter 2 describes a procedure for assessing the load-carrying capacity of concrete 
bridges based on gradually improved information and analysis. The focus is mainly on 
the analysis using a multi-level structural assessment strategy, in which concepts of safety 
verification have been integrated. 

Chapter 3 describes methods for theoretical and experimental determination of residual 
prestress forces in concrete structures. Both non-destructive and destructive experimental 
methods are explained. 

Chapter 4 describes field tests of a prestressed concrete bridge, including the 
experimental programme, instrumentation and results. 
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Chapter 5 summarises the results from the investigations of the assessment methods 
based on the field tests. 

Chapter 6 concludes the thesis with a description of the findings related to the 
formulated objectives, hypothesis and research questions, and gives suggestions for future 
research. 

Paper I describes a full-scale test of a 55-year-old prestressed concrete bridge, including 
details of the instrumentation, measurements and test programme. The programme 
included strengthening with two systems based on CFRP, failure loading of the bridge’s 
girders and slab, non-destructive and destructive determination of residual prestress 
forces, and material tests of concrete and reinforcing steel. 

Paper II describes non-destructive and destructive methods for determination of residual 
prestress forces in prestressed concrete structures. For each method category, one method 
was further developed for in situ application and applied to a prestressed concrete girder 
bridge. The methods were also compared to a theoretical method for determination of 
residual prestress forces.  

Paper III describes the development of a multi-level strategy for structural assessment of 
concrete bridges. At the initial level, the load-carrying capacity is given by verification 
of action effects using a comparison to local resistances calculated using analytical models. 
At the subsequent enhanced levels, the verification of flexural, shear-related and 
anchorage failures are stepwise integrated into the structural analysis. In Paper III, the 
initial level of structural analysis was used and investigated, based on failure-tested girders 
from a prestressed concrete bridge. 

Paper IV describes the examination of the enhanced levels of the multi-level assessment 
strategy developed for Paper III. Nonlinear FE analyses were carried out and guidelines 
for this kind of analysis for concrete structures were applied and investigated.  

Paper V describes the results from a bridge deck slab tested to failure, involving 
theoretical evaluation based on a multi-level strategy adopted for structural analysis of 
concrete slabs. The paper includes studies on the influence of simplified modelling 
choices, load position and arching action, and shear force distribution. 

Paper VI describes a complete procedure for assessment of the load-carrying capacity of 
concrete bridges, involving a multi-level strategy for structural analysis combined with 
concepts for verification of structural safety. The procedure has been demonstrated and 
investigated using a case study in which a prestressed concrete bridge was assessed. Here, 
the knowledge gathered from the failure testing was used as a basis for the investigation. 

Paper VII is a review of concrete bridges tested to failure. The purposes, procedures 
and results are presented and learning outcomes from the tests are discussed. 
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Chapter 2 

ASSESSMENT PROCEDURE 

Combining nonlinear structural analysis and probabilistic safety evaluation 
for bridge assessment could massively cut costs in Sweden! 

- Ib Enevoldsen 

2.1 Assessment approach 

Assessing bridges in attempts to identify the optimal sustainable solutions is far from 
straightforward, so it can be useful to follow a predefined systematic approach. One such 
approach is illustrated by the flow-chart in Figure 2.1. The requirement for a bridge 
assessment is usually associated with doubts arising from changing specifications for the 
structure, deterioration and damage, or reconstruction. In initial assessment of a bridge, 
traditional and standardised methods are used, similar to those used when designing the 
new structure. If the requirements of the bridge are not proven to be fulfilled by the 
initial assessment, different available and technically feasible options must be identified. 
To find the most sustainable solution, economic, societal and environmental aspects 
should be taken into consideration with an acceptable level of safety for the user 
(Ellingwood & Lee 2016). As suggested in Figure 2.1, a risk-based decision-making 
process, taking into account the above-mentioned aspects, should be followed in the 
assessment (Bocchini et al. 2013; Safi 2013), either leading to the bridge being kept in 
service or demolished and replaced. A similar assessment approach, based on three 
different assessment levels depending on the complexity of the methods involved, has 
also been proposed in SB (2007b), UIC 778-4R (2009), ISO 2394 (2015) and Paulsson 
et al. (1996). However, the approach in Figure 2.1 highlights the importance of risk-
based decision-making throughout the assessment process in order to find the most 
sustainable solution from the available options. 

If the initial assessment cannot demonstrate that actual requirements are fulfilled, there is 
a range of further measures to take into consideration. They can be categorised as: 
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- Enhanced assessment. 

- Redefined use of the bridge. 

- Intensified inspection and monitoring. 

- Repair and/or strengthening. 

- Demolition and replacement. 

The enhanced assessment involves improvements to the assessment with regard to 
updated information and/or analysis. Informative improvements for model updating can 
be provided by inspection, monitoring, evaluation of site-specific loads and testing (e.g. 

 

Figure 2.1: Approach for assessment of existing bridges. 
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material testing and proof loading). Thus, the current state of the bridge is further 
investigated to improve knowledge about, for instance, the actual materials, geometry, 
possible degradation and defects, residual prestressing, loading conditions and boundary 
conditions. In order to improve the analysis, refined structural analysis and local resistance 
models can be used. Moreover, refined concepts for verification of the structural safety 
can also be useful (e.g. probabilistic analysis). Successive improvements with an increasing 
level of complexity are fundamental elements of the enhanced assessment, together with 
other available measures (see the loop-like procedure in Figure 2.1 with risk-based 
decision-making). Consequently, several steps at the enhanced level may be needed to 
meet the requirements. The successive improvements proposed are based on causes of 
uncertainty identified in the assessment, mainly focusing on those of highest relevance. 
Moreover, to provide reliable results both informative and analysis-oriented 
improvements may be needed, since (for instance) only refining the analysis will not 
necessarily provide a more accurate and reliable representation of the assessed bridge. 

2.2 Multi-level structural assessment strategy 

Structural analysis has a crucial role in bridge assessment. To support rational 
improvements of this analysis, a multi-level strategy (see Figure 2.2) has been developed 
and examined in this project (see Papers III – IV). By gradually increasing the complexity 
of the assessment, the structural responses and load-carrying capacity can be more 
accurately estimated. This methodology is an extension of the strategy developed for 
bridge deck slabs by Plos et al. (2016). The extended strategy is intended to be applicable 
to more complex concrete superstructures, composed of systems of beams and slabs. Four 
levels, representing different complexities of the analysis, are defined based on the types 
of failures that can be verified implicitly by the structural analysis. At the initial level 
(Level 1), no failures are covered by the structural analysis and the action effects are 
verified using local resistance models estimating the cross-sectional capacity. Examples of 
local resistance models are American (ACI 318 2014), Canadian (CSA A23.3 2014) and 
European (SS-EN 1992-1-1 2005) design codes, Model Code 2010 (fib 2013) or other 
national regulations. At the subsequent levels (Levels 2 – 4), called enhanced levels, 
flexural, shear-related and anchorage failures are integrated stepwise into the structural 
analysis. This leads to a one-step verification procedure at Level 4 that captures the main 
failure modes that can be expected. Thus, the initial level (Level 1) is similar to the 
traditional, commonly used approaches for structural analysis. At the enhanced levels 
(Levels 2 – 4), nonlinearities are taken into account using nonlinear FE analyses with 
different complexities, depending on the level of approximation.  

It is important to see the proposed multi-level strategy in the context of the general 
assessment approach (see Figure 2.1), meaning that the improvement of the structural 
analysis should be weighed against other options. When increasing the complexity of the 
structural analysis, the general recommendation is that more detailed information about 
the particular bridge (i.e. actual materials, geometry, degradation and defects, residual 
prestressing, loading conditions, boundary conditions etc.) should be incorporated in the 
analysis. Furthermore, the local resistance models applied should be at a similar level of 
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accuracy, as well as the concept used for verification of the structural safety. The safety 
verification requires special attention at the enhanced levels of structural analysis, as 
detailed in Section 2.3. 

At Level 1, the structural analysis is used to determine the distribution of internal forces 
and moments for a specific loading. For analysis in 2D, beam and frame analyses are 
commonly applied methods and for increased complexity of the structure, FE models 
can be used for a more detailed representation. Using the FE method to determine the 
action effects also enables rational handling of numerous load combinations, which is 
advantageous in bridge assessment. The FE method is widely used for modelling concrete 
structures, for instance, as described in Pacoste et al. (2012), Rombach (2011), and fib 
(2008). Regardless of which methods are used for structural analysis, linear structural 
behaviour is typically assumed for analysing the flow of the action effects to be verified 
in the load-carrying capacity calculation. This is a simplification, as a redistribution of 
internal forces and moments can be expected, relative to the linear solution, in reality. 
In order to enable better representation of the structural behaviour at the initial level of 
structural analysis, three sublevels have been defined. The linear elastic analysis (Level 
1A) is complemented by linear elastic analysis with limited redistribution (Level 1B) and 

Figure 2.2: Multi-level strategy for structural analysis of concrete bridge superstructures. 
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plastic analysis (Level 1C), utilising well-established procedures. For instance, methods 
for linear elastic analysis with limited redistribution are provided by American (ACI 318 
2014), Canadian (CSA A23.3 2014) and European (SS-EN 1992-1-1 2005) design codes. 
Commonly-used plastic methods include the plastic analysis of continuous beams and 
one-way slabs (fib 2013), the strip method for slabs (Hillerborg 1996), the yield line 
method for slabs (Johansen 1972) and strut and tie method applied independently to the 
structural member (fib 2011). 

Structural analysis at Level 1 should always be used as the initial analysis. If the 
requirements of the structure are not fulfilled, critical load cases can be further 
investigated at the enhanced level, thereby taking into account nonlinearities associated 
with materials, and possibly both geometry and boundary conditions. Successive 
improvements are important as the higher levels of analysis are more computationally 
demanding. Consequently, it would be too time-consuming to investigate all the relevant 
load cases in a bridge assessment using enhanced structural analysis. Moreover, the 
previous analysis can be useful for making suitable modelling choices (see Section 5.2). 
For structural analysis at enhanced levels, the FE method is a powerful tool. However, 
depending on the idealisations of the structure, different types of failures can be captured 
by the structural analysis. Since modelling choices affect computational demands, it is 
useful to define several levels of approximation for the enhanced structural analysis. At 
Level 2, the same types of finite element can be used as for FE analysis at Level 1, but 
upgraded with nonlinear properties. In order to represent a bridge structure in 3D, beam 
elements can generally be used for beams and columns, and shell elements for walls and 
slabs. Alternatively, beam elements can be used to combine several elements, for instance, 
systems of beams and slabs in a superstructure. The reinforcement should be included in 
the FE analysis at Level 2 to simulate the structural behaviour accurately and calculate 
the load-carrying capacity related to flexure. At this level, a perfect bond can be assumed 
between the reinforcement and the surrounding concrete. With these idealisations, 
flexural failures can be implicitly verified in the structural analysis. However, shear-
related and anchorage failures are not covered and need to be explicitly checked using 
local resistance models. 

At Level 3, stricter modelling of the structural system is required in order to capture both 
flexure and shear-related failures in the structural analysis. This means that the types of 
finite elements need to be more carefully chosen, so they can fully reflect the shear 
responses. Shell elements can be used for structural parts where in-plane shear is of 
interest; continuum elements are needed where there is out-of-plane shear. In relation 
to the previous level of approximation, this means that beam elements should be 
upgraded to shell elements and shell elements should be upgraded to continuum elements 
if out-of-plane shear needs to be accounted for. However, these are general 
recommendations, and the features of the finite elements implemented in the specific 
software used for the analysis need to be considered. As with the previous level of 
approximation, the reinforcement is modelled with perfect bonding to the surrounding 
concrete, using either embedded or individual elements. Thus, anchorage failure is the 
only main type of failure that needs to be checked separately using local resistance models. 
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In order to provide a one-step procedure with all the main failures captured by the 
structural analysis, the interface between the reinforcement and the surrounding concrete 
needs to be modelled. At Level 4, the assumption of a perfect bond (as at previous levels) 
cannot be made, and instead the interface is represented by a model of bond-slip 
behaviour. This bond-slip behaviour is usually modelled using separate finite elements 
for the reinforcement, rather than considering it as embedded in the surrounding 
elements representing the concrete. Apart from the modelling of the concrete and its 
interface, the same configuration of finite elements can be used as at the previous level. 
The anchorage capacity can also be taken into account with different detailing. Such an 
approach for successively improved analysis of the anchorage capacity has been proposed 
by Tahershamsi (2016), and this can be incorporated in the multi-level structural 
assessment strategy. 

FE analysis is a powerful tool that can be used at various levels of approximation. 
However, numerous modelling choices must be made by the analyst. The multi-level 
strategy provides general recommendations for rationally improving the structural 
analysis gradually, thus highlighting important aspects to be taken into account. As a 
complement, more detailed guidelines are preferably used to minimise the analyst-
dependent variability of the results and thus obtain more reliable estimates. Such 
guidelines should describe modelling choices regarding material properties and 
constitutive models, finite element discretisation, boundary conditions and loads, and 
solution methods. For linear FE analysis of concrete structures, recommendations are, for 
instance, provided by Pacoste et al. (2012), Rombach (2011), and fib (2008), and for 
nonlinear FE analysis by Broo et al. (2008), fib (2008), Rijkswaterstaat (2012, 2016) and 
Malm (2016). These are general in their content so, for specific commercial software 
applicable for nonlinear FE analysis, recommendations are also given by ABAQUS 
(2012), ANSYS (2013), ATENA (2016) and DIANA (2015). However, to avoid limiting 
the analysis to specific software, guidelines developed for bridge assessment should be 
based on available modelling choices that are well-established and accepted in the 
research community. 

2.3 Safety verification 

Structural assessment should be accompanied by a verification of the desired safety 
margin. In accordance with the principles discussed above, it can be carried out using 
various levels of sophistication (Casas & Wisniewski 2013; fib 2013; O'Brien et al. 2005). 
At the same time, it should be adapted to the information available about the bridge and 
the analysis used for determination of the capacity (i.e. the appropriate level in the multi-
level structural assessment strategy). The general condition for verification of the 
structural capacity can be expressed thus: 

 QPGSR ,,  (1) 

where R is the resistance and S is the action of permanent loads (G), prestressing (P), and 
variable loads (Q). Since structures are undoubtedly associated with uncertainties, it is 



Assessment procedure 

43 

necessary to make this verification so that a desired level of safety is ensured, as defined 
by an acceptable failure probability. The choice of safety level is an important issue for 
any bridge assessment and so it should be related to the specific bridge. Current 
information about the bridge along with economic, environmental and societal risks are 
aspects that should be taken into account when defining the safety level (Melchers 2001; 
Stewart et al. 2001; Sykora et al. 2017). 

A framework adapted to the multi-level strategy (see Figure 2.3) has been proposed in 
this project for successive improvement and increasing complexity of safety verification 
(see Paper VI). Thus, a complete procedure is provided for improved analyses within 
enhanced assessment (see the general assessment approach in Figure 2.1). The framework 
for safety verification is based on the safety concepts of partial safety factor (PSF), global 
resistance safety factor (GRSF) and full probabilistic methods. Structural analysis at the 
initial level (Level 1) is combined with the PSF method or full probabilistic analysis, 
which are well-established for this type of analysis, see for instance Enochsson et al. 
(2002) and Carlsson et al. (2008). At enhanced levels of structural analysis (Levels 2 – 4), 
the purpose is to analyse the structural behaviour more accurately and, thus, estimate the 
load-carrying capacity more precisely. To do this, average material properties should be 
used for nonlinear FE analysis at these levels. Specifically, because of this, the GRSF 
method has been developed, since the PSF method involves reductions of material 
properties. However, the GRSF method is not as well-established and thoroughly tested 
as the PSF method. Therefore, the PSF method could be useful even at the enhanced 
levels. Moreover, due to the paucity of evaluations of nonlinear structural analyses, the 
fib Model Code 2010 (fib 2013) recommends verification of the structural safety using 
methods from at least two of the groups shown in Figure 2.3. 

 

Figure 2.3: Framework for successively improved safety verification adapted to the multi-
level structural assessment strategy for concrete bridges. 

1. Partial safety factor 

a. Standard PSF method 
b. PSF method updated with bridge-

specific information 

2. Global resistance safety factor
a. Standard GRSF method
b. ECOV method
c. Improved ECOV method

3. Full probabilistic analysis
a. Probabilistic analysis of resistance
b. Probabilistic analysis of resistance 

and actions
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The general principle in safety verification is to separate uncertainties from their 
occurrence. For instance, the PSF method gives partial safety factors for materials ( M), 
permanent load ( G), prestressing ( P) and variable loads ( Q). Based on probabilistic 
methods, these partial safety factors are calibrated in order to ensure a chosen safety 
margin, and selected in such way that a wide range of different bridges are covered by 
the factors derived. Consequently, it can be useful to update the partial safety factors 
specified in assessment codes using information about the specific bridge being assessed. 
Such a probability-based calibration procedure has, for instance, been described by 
Melchers (1999) and Nowak and Collins (2012). 

The GRSF approach was developed to enable more accurate material modelling for 
nonlinear analysis (Henriques et al. 2002; König et al. 1997; Six 2001). The method is 
also proposed for nonlinear FE analysis in bridge design in accordance with the European 
standard (SS-EN 10080 2005). As with the PSF method, the GRSF method is based on 
partial safety factors applied to the actions. However, global resistance factors are applied 
to the structural resistance, instead of partial safety factors for material properties, as in 
the PSF method. The design value of the structural resistance, Rd, can be expressed as: 

 
RRd

m
d

RR  (2) 

where Rm is the average value of the structural resistance, Rd is the model uncertainty 
factor and R is the global resistance factor. Suggested values according to the Model 
Code 2010 (fib 2013) are Rd = 1.06 and R = 1.20. Refined methods have been 
developed to determine the global resistance factor more rationally and avoid risks of 
overestimating the load-carrying capacity noted in studies of shear-related failures using 
the factors stated above (Schlune et al. 2011, 2012). Based on two separate FE analysis, 
assuming average and characteristic values of material properties, respectively, ervenka 
and ervenka (2007) proposed a so-called estimation of coefficient of variance (ECOV) 
method to derive a representative value for the global resistance factor. The method also 
enables direct incorporation of the level of failure probability in the calculation of the 
global resistance factor. This approach has been further developed by Schlune et al. 
(2011) to include uncertainties associated with geometry and model uncertainties more 
rationally (here referred to as the Improved ECOV method). This improved formulation 
of the ECOV method also allows separate investigations of different parameters 
(particularly material properties) with reduced values, and not necessarily all reduced at 
the same time as in the ECOV method. In addition to the above-mentioned GRSF 
methods, several variants have been developed. For instance, Allaix et al. (2007) proposed 
a method based on Monte-Carlo simulations. Since nonlinear FE analysis is 
computationally demanding and numerous analyses would not be feasible for bridge 
assessment, this method is excluded from the proposed framework for safety verification. 

Full probabilistic analysis coupled with nonlinear FE analysis can be considered the most 
accurate procedure to assess the load-carrying capacity of bridges (Casas & Wisniewski 
2013; ervenka 2013). Using full probabilistic analysis, the uncertainties are taken into 
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account in a more rational way to verify the desired safety level, in comparison to the 
use of partial or global resistance safety factors. However, the method also requires 
bridge-specific information about stochastic distributions of, for instance, material 
properties, geometry, and loading. The probabilistic safety verification follows the limit 
state function in Equation (1) with the safety margin being checked as follows: 

 t  (3) 

where  is the reliability index, and t is the target reliability index defined for a certain 
reference period and acceptable probability of failure. For the use of full probabilistic 
analysis in combination with nonlinear FE analysis, the Model Code 2010 (fib 2013) 
suggests a simplified procedure to reduce the large computational demands associated 
with such analyses. As with the ECOV methods, a reliability index can be assigned only 
to the resistance side and actions can be taken into account using partial safety factors. 
Thus, the probabilistic analysis focuses on the structural resistance and the actions are 
considered to be deterministic. More sophisticated modelling with randomisation of both 
resistance and actions is possible, but primarily applicable in the initial level of structural 
analysis. 

The proposed procedure for bridge assessment, involving both the multi-level structural 
assessment strategy and framework for safety verification, was demonstrated and 
examined, as described in Paper VI. The procedure for successively improved information 
and analysis was also discussed based on experiences from full-scale failure tests. This 
study is summarised in Section 5.4. 

 





 

47 

Chapter 3 

RESIDUAL PRESTRESS FORCE 

Research is what I’m doing when I don’t know what I’m doing. 

- Werner von Braun 

3.1 Introduction 

When assessing prestressed concrete bridges, it is essential to take the current condition 
of the prestressing system into account. For instance, the quality of reinforcement 
protection (e.g. grout), steel corrosion and residual prestress force are all aspects that are 
crucial and require special attention (SB-LRA 2007). The residual prestress force 
influences the structural response both at the service-load and ultimate-load levels. By 
preventing cracks or limiting their formation, prestressing also reduces environmental 
exposure and, consequently, has a favourable impact on structures in harsh environments. 
However, there are often many uncertainties associated with the residual prestress force, 
especially after a longer time in service and, therefore, it can be useful to calibrate 
theoretically-based methods using experimental data from the assessed structure. 

3.2 Theoretical methods 

Theoretical quantification of residual prestress forces should take into account the losses 
both occurring before and after transferring the prestress forces to the concrete, so-called 
pre-transfer and post-transfer losses. This procedure is usually standardised, see for 
example, ACI 318 (2014) and SS-EN 1992-1-1 (2005). Pre-transfer losses relate to losses 
due to friction and elastic shortening of concrete whereas losses due to slippage, concrete 
shrinkage and creep and steel relaxation are classified as post-transfer losses (O'Brien et 
al. 2012). Different prestressing techniques exist, pre-tensioning and post-tensioning, 
classified as the time of prestressing in relation to concrete casting. These involve different 
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properties with regard to the calculation of prestress losses; this section focuses on the 
post-tensioning technique. 

In order to determine the prestress force taking into account friction losses at post-
tensioning and eventual slippage of a tendon arising from intended curvature and 
unintended angle changes (wobble), Equation (4) can be used: 

 kx
x ePP 0  (4) 

where Px is the actual prestress force taking into account friction losses, P0 is the prestress 
force at the anchorage device, e is the natural logarithm (e = 2.71), μ is the friction 
coefficient between the strands and the surrounding duct,  is the cumulative angle 
change from the tendon end to the section that the prestress force is being determined 
for, k is the wobble friction coefficient between the strands and the duct, and x is the 
distance from the tendon end to the section that the prestress force is being determined 
for; see for example, Leonhardt (1964). The usual procedure is to compensate for the 
elastic shortening when post-tensioning the tendons, thus avoiding associated losses. 

The time-dependent losses have a high degree of uncertainty and, in practice, the 
mechanisms taking place in the structure are quantified using a simplified approach (fib 
2013). The shrinkage of concrete is commonly approximated using a constant strain 
applied to the concrete with the magnitude depending on the environmental conditions. 
In contrast, steel relaxation and concrete creep are stress-dependent phenomena and the 
corresponding strains are determined from the permanent loads acting on the structure. 
For relaxation, the prestress loss can be derived directly from the stress level in the 
prestressed steel, and for concrete creep, the prestress loss can be calculated from the 
creep strain, cr, using:  

 
c

cr E
 (5) 

where  is the stress, Ec is the modulus of elasticity and  is the creep coefficient in the 
concrete; see for example, Svensk Byggtjänst (1990). This is a simplified way of 
estimating the time-dependent effects, with more precise methods of analysing the 
variations over time. For instance, Bazant and Baweja (2000) proposed a so-called cross-
sectional approach to simulate the behaviour of the concrete through time increments. 
It is possible to simulate the shrinkage and creep development of concrete, and associated 
prestress losses, with the use of more detailed information about the concrete and also 
with respect to the construction procedure and use of the structure. 

3.3 Overview of test methods 

Test methods should be used in order to determine the residual prestress forces more 
accurately than is achievable by theoretical estimates. For this purpose, there is a range 
of methods that can be used, through both non-destructive and destructive tests. 
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Examples of non-destructive and destructive methods are given in Figure 3.1. In fact, 
the non-destructive methods described often cause minor, local damage and the impact 
on the structure can be negligible if then repaired properly. The principles of these are 
briefly summarised below: 

- Exposed strand method: The prestress force is derived based on 
calibrated data and the response of an exposed and laterally loaded strand 
(Civjan et al. 1998). 

- Drilled hole method: The prestress force is calculated from the 
development of strains measured around a hole drilled adjacent to the 
prestressed reinforcement (Azizinamini et al. 1996). 

- Saw-cut method: The prestress force is calculated from the response of 
a concrete block when introducing saw-cuts adjacent to the prestress 
reinforcement to isolate the block from the acting forces (Kukay et al. 
2010). 

- Crack moment method: The prestress force is calculated based on the 
external load required to cause the first crack and the tensile properties of 
the concrete (Garber et al. 2015). 

- Decompression-load method: The prestress force is calculated from 
the external load leading to reopening of existing cracks and, thus, 
eliminating the uncertainties associated with the tensile properties which 
are present in the crack moment method (Garber et al. 2015). 

- Strand-cutting method: The prestress force is calculated from the 
development of strains measured when an exposed strand is cut (Halsey & 
Miller 1996). 

When assessing existing bridges, the destructive methods are not always suitable and non-
destructive methods are preferable. However, destructive methods can be valuable for 
examination of other methods (e.g. methods shown in Figure 3.1) when permanent 
damage to the structure is acceptable. 

3.4 Saw-cut method 

Due to its expected applicability to full-scale bridge members reinforced with post-
tensioned tendons, the saw-cut method was further investigated in the underlying work 
to this thesis. The method was developed by Kukay (2008) and experimental studies 
examining such methods showed acceptably accurate estimates of the residual prestress 
force. However, the experiments were carried out on simply supported beams with pre-
tensioned strands with constant eccentricity, both rectangular beams produced in the 
laboratory and I-shaped girders taken from a bridge under reconstruction (Kukay et al. 
2010; Kukay 2008), and there have been no additional studies on more complex 
structural members.  
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The principle of the method is to measure the development of longitudinal strain at the 
surface (top or bottom) of a member when a block of concrete is isolated from the loads 
acting on it. The isolation is carried out gradually by introducing transverse saw-cuts on 
each side of the position of measured strains and the concrete block is regarded as isolated 
when increasing the depth of saw-cuts does not cause further changes in the strains at the 
measured surface. Based on the current action effects (i.e. associated with prestress force, 
restraint force, dead load and external applied load), Navier’s formula can be used to 
quantify the residual prestress force at the position of the isolated concrete block. The 
axial stresses in the section is given by Equation (6): 
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where  is the longitudinal concrete stress at the surface, P is the prestress force, A is the 
cross-sectional area, eP is the eccentricity of the prestress force, y is the distance to the 
neutral axis from the monitored surface, I is the cross-sectional second moment of inertia, 
MR is the secondary moments due to restraint forces, MG is the moment due to permanent 
loads and MQ is the moment due to variable loads. In the case of a statically indeterminate 
structure and the presence of a secondary moment, the procedure for determining the 
prestress force is iterative, in contrast to the original formulation of the method assuming 
a statically determinate structure (i.e. MR excluded). 

Figure 3.1: Methods to determine residual prestress force P in concrete members
experimentally: (a) exposed strand method, (b) drilled hole method, (c) saw-cut method,
(d) crack moment method, (e) decompression-load method, and (f) strand cutting method;
redrawn from Bagge et al. (2017). 
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The original version of the saw-cut method requires full isolation of the concrete block, 
which is not always possible when assessing existing structures. For instance, non-
prestressed reinforcement can be located too close to the concrete surface, thus limiting 
the possible depth of the saw-cuts to avoid permanent damage. In such situations, as 
proposed in Paper II, the experimental test can be simulated using FE analysis. Thus, the 
residual prestress force can be quantified based on the response observed in the test, rather 
than the strain measured at full isolation. The development of the strains, as a function 
of the saw-cut depth, is followed and compared between the experiment and the 
simulation, while the modelled prestress force is iteratively updated until there is a 
consistent response. The saw-cutting can be simulated in the FE model by gradually 
removing FE elements corresponding to the saw-cuts in the experiments (see Figure 3.2). 
Therefore, using this method, it is possible to avoid damage to the structure which might 
be difficult to repair. 

 

Figure 3.2: A part of an FE model for simulation of the strain distribution as saw-cuts 
are introduced transversally at the base of a concrete beam (Bagge et al. 2017). 

3.5 Decompression-load method 

In order to provide comparative results and, thus, examine the saw-cut method, 
destructive test methods are useful. Among the destructive methods briefly described 
above, the crack moment and the decompression-load tests can, potentially, be directly 
incorporated into an experimental programme of full-scale bridge tests (see Section 4.2). 
However, the crack moment test is sensitive to the tensile properties of concrete, which 
are difficult to determine precisely. Moreover, mapping the crack formation is necessary 
and this can present practical difficulties due to the size of the structure. In order to detect 
cracks, digital image correlation (DIC) techniques can be useful, but still the size issue 
remains. Using the decompression-load method, all of these difficulties can be avoided. 

As with the saw-cut method, Navier’s formula as shown in Equation (6) can be used to 
quantify the residual prestress force. By measuring either the opening of an existing crack 
or the concrete strains beside it, the load at which the crack reopens (i.e. no normal stress 
in the crack) can be determined. Initially, for loading when the crack remains closed, a 
linear and rather stiff load-displacement (or load-strain) response is present. As the crack 
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reopens, the behaviour drastically changes and the stiffness reduces. This change in the 
response is used to identify the decompression-load for calculating the corresponding 
prestress force. 

When using the decompression-load method, the depth of the compression zone of the 
cracked concrete is one parameter that has a significant impact on the outcome. At the 
same time, the compression depth of the actual section can be uncertain due to nonlinear 
strain distributions and the lack of reliable measurements, for example see Nilimaa et al. 
(2015). To overcome this, an alternative version of the method has been proposed in 
Paper II. Instead of the theoretical approach based on Equation (3), nonlinear FE analysis 
can be used to simulate the test procedure. First, the loading history is simulated in order 
to introduce the crack which will be experimentally investigated. Then it is possible to 
determine iteratively the prestress force that results in a simulated decompression-load 
similar to the one obtained from the measurements on the actual structure. 
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Chapter 4 

FULL-SCALE TESTS 

If you want to finalise your Ph.D. project on time you should 
carry out your experimental studies on simple structures! 

- Craig Cowled 

4.1 Bridge description 

In order to develop and appraise bridge assessment methods, full-scale in situ tests of an 
existing concrete girder bridge, the Kiruna Bridge, were planned, carried out and 
evaluated during the project presented in this thesis. The bridge, located in Kiruna in the 
north of Sweden, and constructed in 1959, carried two lanes of road traffic until it was 
taken out of service at the end of 2013 (see Figure 4.1). Mining activities adjacent to the 
city have caused large ground deformations. A city transformation project was initiated 
to move Kiruna, including the infrastructure, to new safe areas unaffected by these 
ground deformations. Since 2006, the Kiruna Bridge had been monitored, in order to 
ensure its structural safety and keep it in service. With the exceptions of some older 

 

Figure 4.1: View of the Kiruna Bridge from the north. 
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cracks, assumed to have occurred at the time of construction, no damage associated with 
the ground deformation was identified (Bagge et al. 2015; Enochsson et al. 2011). 

The Kiruna Bridge was a continuous five-span structure with a total length of 121.5 m 
(see Figure 4.2). The superstructure, 15.6 m wide, consisted of three longitudinal 
prestressed girders connected with a reinforced concrete slab at the top which had 
integrated curbs at each side. It was inclined longitudinally and transversally, and was also 
partly curved longitudinally. Due to the length of the bridge, the superstructure was 
segmentally cast-in-place and prestressed using a BBRV post-tensioning system. First, 
the central segment was cast and prestressed from each end, followed by the outer 
segments prestressed from either abutment. For the west segment, four tendons were 
used for each girder, while six tendons were used in the other segments. Each tendon 
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Figure 4.2: Geometry of the Kiruna Bridge. 
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consisted of 32 strands of 6 mm diameter. At the abutments, the superstructure was 
supported on bearings while reinforced concrete columns, with a joint at the base, 
formed the intermediate supports. 

Further details about the bridge geometry and reinforcement are given in the original 
construction drawings in Appendix A. However, as revealed at inspection, it should be 
noted that the girders were produced as straight elements between the supports, although 
they were supposed to be curved in some parts of the bridge. Moreover, deviations from 
the vertical positions of the post-tensioned tendons were revealed in some sections, 
indicated by measurements on a girder segment taken from the bridge after demolition 
(see Paper II). Apart from this, only minor deviations of the actual bridge geometry and 
reinforcement positions have been identified in relation to original construction 
drawings. 

4.2 Experimental programme 

An experimental programme was designed to investigate the structural behaviour and 
load-carrying capacity of the Kiruna Bridge. In situ failure tests of bridges are rarely used 
for development and examination of assessment methods, although such tests are essential 
to ensure the methods’ validity. This is not surprising because full-scale tests are 
challenging and require substantial amounts of resources. There are organisational and 
safety issues to address and there can be difficulties in terms of loading, measurements 
and sometimes limited accessibility to the structural elements that should be investigated. 
Moreover, such tests are expensive and may be constrained by various factors, for instance 
requirements to complete assessments within a tightly limited timeframe. In this case, to 
investigate the girders’ shear capacity, the tests mainly focused on span 2 (see Figure 4.2). 
This was partly to reduce risks of interfering with traffic, and meet a stipulation of the 
Swedish Transport Administration that traffic had to be allowed to pass under span 5 
during the tests. In addition, accessibility under span 2 was good. 

One objective of the full-scale study was to evaluate the function of two separate carbon 
fibre reinforced polymer (CFRP) strengthening systems bonded to the concrete. Both 
systems were bonded, with a thixotropic epoxy adhesive as the bonding agent, at the 
soffit of the girders in span 2. Three near-surface-mounted (NSM) CFRP 10 × 10 mm2 
rods were installed in sawn grooves on the central girder, three 1.4 × 80 mm2 prestressed 
CFRP laminates were used on the south girder and the north girder remained 
unstrengthened (see Figure 4.4). A prestress force of 100 kN was applied using stressing 
devices at the end of the laminates, which also served as temporary mechanical anchors 
while the epoxy was curing. Details about the strengthening and evaluation of the 
strengthening effects have been reported by Nilimaa et al. (2015) and Nilimaa (2015). 

The complete experimental programme (see Paper I) for investigating the bridge was 
organised in the following, chronological phases, which are summarised in Sections 4.3 – 
4.8: 

- Phase 1: Non-destructive tests using the saw-cut method to determine 
the residual prestress forces of tendons in span 2 (May 27 – 28, 2014). 
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- Phase 2: Preloading test of the unstrengthened bridge girders for 
investigation of the structural behaviour and to determine the residual 
prestress forces of tendons in span 2 using the decompression-load method 
(June 15 – 16, 2014). 

- Phase 3: Preloading test of the strengthened bridge girders for 
investigation of the structural behaviour and the performance of the 
strengthening (June 25, 2014). 

- Phase 4: Failure test of the south and central bridge girders to investigate 
the failure mechanism and load-carrying capacity (June 26, 2014). 

- Phase 5: Failure test of the bridge deck slab for investigation of the failure 
mechanism and load-carrying capacity (June 27, 2014). 

- Phase 6: Non-destructive tests using the saw-cut method to determine 
the residual prestress forces of tendons in spans 1 – 3 (June 27, 2014 and 
August 25, 2014). 

- Phase 7: Material tests of concrete and reinforcing steel (December 2014 
to February 2015). 

Since this thesis mainly focuses on the load-carrying capacity and structural behaviour at 
failure, the rationale, planning, execution and results of the failure tests in Phases 5 and 6 
are described in the following sections. Evaluations of residual prestress forces (Phases 1, 
2 and 6) and material properties (Phase 7) are crucial aspects for analysing a bridge at 
ultimate-load levels, and thus also described. 

The planning, preparation and execution of the in situ tests of the Kiruna Bridge are 
summarised in the Gantt chart in Figure 4.3. Several conditions strongly constrained the 
three phases and overall process. After the bridge’s closure in October 2013, the first 
visions for full-scale tests were formulated at Luleå University of Technology and the 
financial possibilities were investigated. In mid-February 2014, the economic framework 
was defined and access to the bridge and testing of it was permitted by the owner (LKAB). 
Since the bridge’s demolition was part of a large city transformation project, a condition 
was to complete the site work not later than June (within 20 weeks). The low 
temperatures associated with the high-latitude climate also posed challenges during 
preparations for the tests. The planning of the tests was initiated with a broad literature 
review and collection of available information about the bridge, for pre-analysis of its 
structural behaviour and prediction of its load-carrying capacity. Analysis using standard 
calculations yielded ambiguous predictions of failure modes, so the bridge’s behaviour 
was further investigated with 2D nonlinear FE analyses. Designs of the test set-ups, 
loading systems and measurements were based on outcomes of these analyses. The 
strengthening system was then designed in detail, and steel beams for distributing the 
load to the bridge superstructure were designed and produced. Other equipment, for 
instance measuring equipment (strain gauges etc.), was also ordered. Due to the extent 
of the project, external contractors were needed and their coordination was an important 
part of the planning. This work also involved risk analyses and educational elements to 
provide a safe work environment. 
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For recycling and to avoid problems associated with potentially limited accessibility after 
the failure tests, removal of snow from the superstructure was followed by removal of 
pavement. Then, the loading system and sensors for monitoring the bridge during the 
tests were installed in parallel. The design of the tests and measurements was slightly 
updated and fixed during this part of the process. As previously summarised, the 
experimental programme was conducted and tests at the bridge site finished in the 
beginning of July 2014 with some complementary work just before and during 
demolition. Excluding the demolition, the work carried out as illustrated in Figure 4.3 
corresponded to about 5000 – 6000 man-hours of work. 

 

Figure 4.3: Gantt chart of the planning, preparation and execution of in situ tests of the
Kiruna Bridge. 
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4.3 Loading system and measurements 

A system of hydraulic jacks, connected to bedrock-anchored wires, was used to apply 
external loading to the bridge (see Paper I). Each jack had a capacity of about 7.0 MN. 
The loads produced by the jacks were distributed through steel beams and load 
distribution plates to the desired locations on top of the bridge deck slab. In the 
preloading tests (Phases 2 – 3 of the experimental programme) and the failure test of the 
girders (Phase 4), the same test set-up was used. This set-up consisted of four hydraulic 
jacks and two transversally aligned load distribution beams applying loads centrically on 
the girders in midspan 2 (see Figure 4.4a). In the subsequent failure test of the bridge 
deck slab (Phase 5), the northernmost hydraulic jack (Jack 1) and load distribution beam 
were reused; however, the beam was rotated around the jack to give a longitudinal 
alignment in order to apply the load on the slab adjacent to the north girder (see Figure 
4-4b). The slab was subjected to two loads with a centre-to-centre distance of 2.0 m. 

A measuring programme was designed to monitor the structural behaviour of the 
superstructure in the preloading schedules and subsequent failure tests. The equipment 
installed is summarised below (see Paper I): 

- Oil pressure: Measured with oil pressure sensors attached to each 
hydraulic jack (4 sensors). 

- Vertical displacement: Measured with draw-wire sensors between the 
base of each girder and the ground at midspans 1 – 3, and between the 
base of the cross-beam, adjacent to the column, and the basement at 
supports 2 – 3 (13 sensors). 

- Horizontal displacement: Measured longitudinally and transversally 
with a Noptel displacement sensor on the cantilever slab adjacent to the 
south column at support 3 and longitudinally with linear displacement 
sensors at the base of the exterior girders at support 6 (3 sensors). 

- Crack opening: Measured with crack-opening displacement sensors at 
major cracks on the girder at the mid-region of span 2 (3 sensors). 

- Curvature: Measured with a curvature rig having 5 linear displacement 
sensors placed on top of the slab above the central girder centrically at 
supports 2 – 3, and mounted at the base of the central girder at midspan 
2 (15 sensors). 

- Concrete strain: Measured with vertically aligned strain gauges at the 
base of the columns at supports 2 – 3 (24 sensors). 

- Longitudinal reinforcing steel strains: Measured with strain gauges 
on three levels (base, top and intermediate) of each girder in the mid-
region of span 2 and the adjacent support regions (39 sensors). 

- Vertical reinforcing steel strains: Measured with strain gauges on 
three stirrups west of midspan 2 on the south girder; see Figure 4.8d (9 
sensors). 
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- CFRP rod strains: Measured with strain gauges in the mid-region of span 
2 and the overlapping zone 4.5 m west of the midspan (14 sensors). 

- CFRP laminate strains: Measured with strain gauges in the midspan region 
and at the anchorage zone (10 sensors). 

- Temperatures: Measured with temperature wires on each girder and the 
bridge deck slab in midspan 2 (8 wires). 

These measurements, with up to 141 sensors, were carried out primarily as part of the 
preloading schedules and the failure test of the girders, but with some changes for the 
crack-opening measurements. The oil pressure and the concrete strains in the columns 
were measured to calculate the externally applied loads and estimate the reaction forces 
at the adjacent supports, respectively. Together with measurements of displacements and 
strains in the longitudinal reinforcement, these measurements were expected to capture 
general structural responses. In order to evaluate the performance of the strengthening 
systems, for instance, strains around the anchorage and overlapping zones were measured 
to assess their behaviour. Prior to the tests, pre-analyses of the bridge indicated that the 
shear capacity may be critical for the load-carrying capacity of the girders. Based on these 

 

Figure 4.4: Loading system for applying external loads to bridge superstructure: (a) set-
up for loading of girders, and (b) set-up for loading of slab.
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findings, the strain measurements were carried out on the south girder. In addition, a 
DIC (digital image correlation) technique was used in the failure test of the girders (Phase 
4) to capture displacements and strains over an area, theoretically, of 1050 × 880 mm2. 
The measurements were carried out on the lower part of the south girder with the centre 
2.0 west of the midspan (see Figure 4.8f). The tests were also recorded using a set of 
video cameras. In the failure test of the bridge deck slab (Phase 6), non-functioning 
sensors were removed and some sensor positions were changed. The new measurements 
consisted of bridge deck slab deflections at the points of external loading and curvatures 
of the top surface of the slab adjacent to the loading system. 

4.4 Non-destructive testing of residual prestress forces 

Documentation of the prestressing system of the Kiruna Bridge was limited and, for 
instance, the prestress forces applied at construction were unknown. This is a common 
type of problem in assessment of existing bridges, highlighting the importance of non-
destructive methods to collect information about their structure. To determine the 
residual prestress force, the non-destructive saw-cut method (see Section 3.4 and Paper II) 
was applied in tests of the bridge girders in spans 1 – 3. Tests were carried out in four 
sections (see Figure 4.2) with the following locations and girders investigated: 

- Section A: Located one tenth span length east of midspan 1 on each girder. 

- Section B: Located one tenth span length west of midspan 2 on each girder. 

- Section C: Located in midspan 2 on north girder. 

- Section D: Located at midspan 3 on south and central girder. 

In Phase 1 of the experimental programme, the saw-cut method was used on Section B 
in order to determine the residual prestress force in a region with the highest relevance 
to the subsequent phases. Unreliable measurements occurred due to problems related to 
the monitoring equipment, caused by unsuitable conditions (i.e. low temperature) when 
the sensors were installed and an unstable power supply used during the measurements. 
The results were not usable for determination of the residual prestress force in this section 
and complementary tests were carried out after the destructive loading schedules (i.e. in 
Phase 6 of the experimental programme). However, the current state of the girders 
limited further investigation in midspan 2 and it was only possible to carry out 
complementary tests on the north girder (Section C) which was not loaded to failure. In 
addition, the adjacent spans (Sections A and D) were further investigated for 
determination of the residual prestress forces. 

The same test procedure was followed for each section and girder (see Paper II). Three 
strain gauges were attached longitudinally to the concrete at the base of the girder. The 
gauges were arranged in a row such that the saw-cut on either side was, at most, 120 mm 
apart and so that the saw-cuts did not coincide with the location of detected stirrups. 
The development of strains was continuously measured as the saw-cut depths were 
increased in approximately 4 mm increments. The test proceeded until the level of the 
longitudinal non-prestressed reinforcement was reached. In accordance with 
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measurements made prior to the test, the concrete cover was about 30 – 40 mm. 
Figure 4.5 shows the results from the measurements on the south girder in Sections A 
and D, indicating consistent measurements and also an incomplete isolation of the 
concrete blocks from the acting stresses, which would be characterised by a plateau in 
the response. Similar responses were also measured in the other sections. Since the depth 
of the reinforcement was reached and the isolation was incomplete, there was a reason 
to develop the evaluation method further (see Section 3.4 and Paper II). The outcomes 
for application of this more developed method on the measured response are further 
described and discussed in Section 5.1. 

4.5 Preloading and destructive testing of residual prestress forces 

To investigate the structural behaviour of the bridge, it was preloaded using the loading 
system shown in Figure 4.4a. The girders were loaded in the following two ways:  

- Centric loading with the load produced by the inner jacks (Jacks 2 and 3) 
taken as half of the load produced by the outer jacks (Jacks 1 and 4). 

- Eccentric loading with the pair of jacks associated with one load distribution 
beam (Jacks 1 – 2 or Jacks 3 – 4) producing the load while the other pair of 
jacks were inactive. 

With these types of loading, the girders were subjected to a gradually increased load 
through loading and unloading sequences, with a maximum externally applied load of 
6.0 MN. Similar loading schedules were used for the tests of both the unstrengthened 
girders (Phase 2 of the experimental programme) and the strengthened girders (Phase 3); 
see Paper I for the complete loading schedule and Nilimaa (2015) and Nilimaa et al. 
(2015) for evaluation of the tests, focusing on the performance of the strengthening. 

 
 (a) (b)

Figure 4.5: Measured development of strains as a function of saw-cut depth for non-
destructive determination of the residual prestress force: (a) south girder in Section A, and
(b) south girder in Section D (Bagge et al. 2017). 
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The first preloading schedule (Phase 2) resulted in concrete cracking in the three girders, 
mainly causing vertical flexural cracks adjacent to the location of the external loading, 
but also some inclined shear cracks. In order to determine the residual prestress forces in 
midspan 2 (i.e. Section C) using the decompression-load method (see Section 3.5 and 
Paper II), the final part of this preloading schedule involved loading sequences with 
additional measurements. Crack-opening sensors and strain gauges were installed at the 
soffit of each girder, across and just beside the main flexural crack, respectively. Four 
loading sequences were carried out with a total external load of 6.0 MN while the crack 
response was monitored. Figure 4.6 shows the responses for the main crack on the north 
girder located 1380 mm east of midspan 2, where the deviation from the initially stiff 
behaviour indicated the crack reopening. The same behaviour was observed at the other 
cracks monitored. Both the strain and crack-opening measurements indicate the same 
tendency of very high stiffness initially, which can also be observed in the load-deflection 
responses (see Figures 4.7 and 4.9). Based on these results, the decompression-load 
method was used, producing the residual prestressed forces described and discussed in 
Section 5.1. 

4.6 Failure tests of bridge girders 

After two preloading schedules (Phases 2 – 3 in the experimental programme), the pre-
cracked bridge girders were subjected to a failure test (Phase 4). The girders were first 
subjected to a total external loading of 12.0 MN with 4.0 MN produced by each of the 
outer jacks (Jacks 1 and 4 in Figure 4.4a) and 2.0 MN produced by each of the inner 
jacks (Jacks 2 and 3). In the second part of the failure test, the force in the jack adjacent 
to the south girder (Jack 4) was increased until the girder failed, while forces in the other 
jacks were kept constant. Thereafter, the load was increased from the two inner jacks 
(Jacks 2 and 3) until failure of the central girder. Thus, it was possible to control the test, 

 

Figure 4.6: Measured displacement across and strain beside the main crack adjacent to
midspan 2 of the north girder in destructive determination of the residual prestress force.
The enlarged region illustrates the crack reopening response (Bagge et al. 2017). 
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so the north girder and adjacent slab did not fail and enabled further investigation of these 
parts in the subsequent test. 

At a relatively modest load of about 9.0 MN, the prestressed CFRP laminates on the 
south girder prematurely debonded. This was caused by inadequate bonding after the 
installation, since the base was not completely flat (i.e. concave) as required by the 
strengthening technique using prestressing. The concaveness was small and was therefore 
not discernible before strengthening. However, this change of the structural system did 
not have any notable impact on the overall behaviour of the bridge (e.g. see 
measurements in Figure 4.7).  

Further loading of the bridge resulted in extensive concrete cracking at the midspan 
region of the girders, yielding of longitudinal reinforcement and stirrups and, 
consequently, large deformations (see load-deflection curves in Figure 4.7a). The failure 
was obviously imminent; however, the south girder failed in a sudden manner under a 
total external load of 13.4 MN. Video monitoring of the test showed a complex failure 
mechanism. Failure initiation was indicated in the bridge deck slab and in the upper part 
of the girder where diagonal cracking was formed (see Figure 4.8). Rupture of the 
stirrups crossing the cracks took place, first on the west side and then the east side (see 
Figure 4.8c-d). Thus, the failure mechanism incorporated both out-of-plane shear in the 
slab, where the loading plate punched through, and in-plane shear in the girder. The 
subsequent failure loading of the central girder resulted in a similar failure mechanism at 
a total external load of 12.7 MN. In this test, the strengthening using NSM CFRP rods 
was functioning throughout the test. The test also showed a remarkable robustness of the 
bridge structure, with an ability to carry loads that were considerably higher than those 
that the structure had been designed for, despite the south girder having failed (but not 
collapsed). 

In order to monitor the behaviour of the bridge during the test, the steel strains were 
locally measured on stirrups and longitudinal non-prestressed reinforcement, mostly at 
points on the base of the girder (see Section 4.3). However, due to limited accessibility, 

 

Figure 4.7: Measurements at the bridge girder failure test in span 2: (a) load-deflection
curves of the girders at the externally applied load, and (b) load-strain curves in the stirrups.
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it was not possible to make measurements on the prestress tendons. Evaluation of the 
available measurements shows locally high stresses obvious both in the stirrups and the 
longitudinal reinforcement. For instance, strain gauges SG 3 – 5 and SG 7 – 8, installed 
west of the load application on the south girder (see Figure 4.8c), indicated yielding at 
load levels close to the tested peak load. The strains here generally reduced at failure since 
the measured area was unloaded as the adjacent part of the stirrups ruptured. Gauge SG 4 
was located at one of the first diagonal cracks formed and indicated that steel yielding 
had already occurred during the preloading schedules (Phase 2). Thus, high strains were 
obtained at relatively low load levels; however, redistributions of stresses took place and 
this particular crack did not coincide with the failure surface. 

In order to monitor the response of a particular surface, rather than a specific local point, 
a DIC technique was used to measure displacements and strains. The equipment had a 

Figure 4.8: Bridge girders loaded to failure: (a) span 2 subjected to external loads centrically 
over the girders at midspan, view from south, (b) failure of the south and central girder, 
view from south, (c) failure of the bridge deck slab at the south girder, view from above, (d)
diagonal concrete cracking, stirrup rupture and positions of strain gauges (SG) installed on
the stirrups in the south girder, view from north, (e) stirrups rupture at the strain gauge
SG 8, view from north, and (f) failure of the south girder west of the load application and
indication of position of DIC measurements, view from south. 
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size limitation and it was positioned so that the border of the measured region coincided 
with the position where the critical diagonal crack met the base of the girder (see 
Figure 4.8f). Neither the measurements locally on stirrups nor on the concrete surface 
can provide full understanding of the failure mechanism, since these measurements only 
covered a small part of the region involved in the failure. Thus, to complement the 
findings from the video monitoring with valuable information that would be able to 
explain the complex failure mechanism more precisely, it would have been useful to take 
surface measurements on the whole region involved in the failure. This would also be 
useful for examination of methods for analysing the load-carrying capacity of the girders. 
The evaluation of the proposed multi-level structural assessment strategy based on this 
test is presented and discussed in Section 5.2 and Papers III – IV. 

4.7 Failure tests of bridge deck slab 

The test set-up shown in Figure 4.4b was used to load the bridge deck slab to failure 
(Phase 5 in the experimental programme) in order to investigate the shear and punching 
capacity. Although the previous tests used relatively high load levels, no cracks were 
identified in the slab to be tested further. However, since the south and central girders 
had failed and the adjacent north girder was pre-cracked, a certain influence on the 
response in the slab test may have been present. 

The slab carried a total external load of 3.32 MN. A sudden failure took place (see load-
deflections curves in Figure 4.9). No distinct cracks were observed in the bottom of the 
slab prior to failure, and only a 5 mm relative deflection between the slab and the north 
girder was measured (see Figure 4.9b). The only sign of the imminent failure was a 
cracking noise a few seconds before its occurrence. In the load-deflection curves shown, 
it can be seen that there is a discontinuity at 2.6 MN, due to a new grip used in order to 

 

Figure 4.9: Results from the bridge deck slab failure test in span 2: (a) load-deflection
curves of the girders and slab at externally applied loads, and (b) load-deflection curves of
the slab at the externally applied loads in relative to the midspan deflection of the north
girder. 
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enable further loading (i.e. increased deflections). The plateau measured at Load 1 is 
given by a single value measured after failure, with a drastically increased deflection and 
a short delay in the measurement of applied force. A shear failure was initiated in the slab 
between one of the load distribution plates (Load 1) and the adjacent girder. The failure 
propagated around the plate on either side and formed a final U-shaped failure surface 
(see Figure 4.10). Thus, a combined failure mechanism took place, initiated with a one-
way shear coupled with a secondary punching failure. The analysis of this test is described 
and discussed in Section 5.3 and Paper V. 

4.8 Material evaluation 

In order to test the material properties, concrete cores were drilled out from the structure 
before the start of the experimental programme, with reinforcing steel samples taken after 
bridge demolition. The concrete compressive strength (fcm,is and fck,is) and the modulus of 
elasticity (Ecm,is and Eck,is) were determined from 25 standardised tests on concrete cylinders 
with 100 mm diameter and 200 mm height, according to the European standards (SS-
EN 12390-3 2009; SS-EN 12390-13 2013; SS-EN 12504-1 2009). The measured values 
are given in Table 4.1 with values specified in the Swedish design and assessment codes 
(fck and Eck). Quality classes for the substructure and the superstructure were specified in 
original construction drawings. However, tests of concrete taken from the columns, 
girders and slab indicated similar compressive strengths regardless of the structural part, 
with an overall average value of 62.2 MPa and a notably high coefficient of variation 
(16 %). In accordance with the Swedish assessment code (TDOK 2013:0267 2016), it is 
permitted to assume improved concrete properties (fck,upgr and Eck,upgr) when assessing 
bridges which have been designed based on regulations between 1947 and 1960. The 
material tests showed that this increase is appropriate and, in this particular case, the 
favourable time-dependent effects on the compressive strength were even larger than 
given by the recommendations. Uniaxial tensile standard tests were carried out to 
determine the stress-strain response of the reinforcing steel, characterised by the yield 
strength or the 0.2 % proof strength for the prestressing steel (fym,is and fyk,is), the tensile 
strength (ftm,is and ftk,is) and the strain at the peak stress ( um,is and uk,is). The measured values 

Figure 4.10: Bridge deck slab loaded to failure: (a) failure of the slab, view from south,
and (b) failure of the slab, view from underneath. 
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for each steel quality and bar diameter ( ) have been summarised in Table 4.2, together 
with the properties specified in the Swedish assessment code (TDOK 2013:0267 2016) 
(fyk, ftk and uk). The tests followed the procedure given by the European standards (SS-
EN ISO 6892-1 2009; SS-EN ISO 15630-1 2010; SS-EN ISO 15630-3 2010). In some 
of the tests, conditions and results deviated from the requirements and those were 
excluded from the determination of the characteristics. In general, the tested steel 
properties were consistent with the values specified in the assessment code and, for the 
yield and tensile strength, a relatively small spread in the test results was observed. 

Table 4.1: Results from material tests on concrete. 

Quality 
class 

Structural 
element 

No of  
tests 

Compressive strength  Modulus of elasticity 

fck fck,upgr fcm,isa) fck,is  Eck Eck,upgr Ecm,isa) 

MPa MPa MPa MPa  GPa GPa GPa 

K300 Column 7 21.5 32.0 61.8 
(11 %) 

56.8  30.0 33.0 32.4 
(6.8 %) 

K400 Girder 11 28.5 35.5 
56.4 

(19 %) 47.2 
 

32.0 34.0 
31.2 

(10 %) 

K400 Slab 7 28.5 35.5 
71.6 

(3.2 %) 66.6 
 

32.0 34.0 
33.3 

(5.6 %) 

- All 25 - - 62.2 
(16 %) 

47.2  - - 32.1 
(8.3 %) 

a) coefficient of variance in brackets 

 
Table 4.2: Results from material tests on reinforcement steel. 

Quality 
class 

 No of 
tests 

Yield strength  Tensile strength  Strain at peak stress 

fykb) fym,isa,c) fyk,is  ftk ftm,isa) ftk,is  uk um,isa) uk,is 

mm MPa MPa MPa  MPa MPa MPa  % % % 

St145/170 6 5 1450 1606 
(1.4 %) 1530  1700 1734 

(0.9 %) 1682  3.5 4.74 
(5.1 %) 4.08 

Ks40 10 10 410 484 
(5.8 %) 

412  600 702 
(2.9 %) 

629  16 13.5 
(12 %) 

10.1 

Ks40 16 3 410 
439 

(2.4 %) 403  600 
705 

(1.3 %) 654  16 
12.9 

(5.1 %) 11.1 

Ks40 25 5 390 
389 

(4.3 %) 332  600 
629 

(3.3 %) 543  16 
13.7 

(9.2 %) 10.3 

Ks60 10 8 620 679 
(5.0 %) 

585  750 1000 
(1.7 %) 

920  16 9.9 
(5.5 %) 

8.70 

Ks60 16 6 620 584 
(2.1 %) 

545  750 831 
(2.4 %) 

779  16 11.5 
(5.4 %) 

10.0 

a) coefficient of variance in brackets, b) fp0.2k for quality class St145/170, c) fp0.2m,is for quality class St145/170 
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Chapter 5 

RESULTS AND DISCUSSION 

Genius is one percent inspiration, ninety nine percent perspiration. 

- Thomas Edison 

5.1 Residual prestress forces 

To determine the residual prestress force in the girders of the Kiruna Bridge, three 
methods were applied and compared: the theoretical standard method (see Section 3.2), 
the non-destructive saw-cut method (see Section 3.3) and the destructive decompression-
load method (see Section 3.4). The principles of the test methods are summarised, and 
investigated sections shown, in Figure 5.1 (see also Sections 4.4 – 4.5). The total prestress 
losses, including pre-transfer and post-transfer losses, are given in Table 5.1. In 
accordance with the Swedish design code (BBK 04 2004), an initial prestress force 
corresponding to 85 % of the 0.2 % proof strength (fp0.2k) was assumed, from which the 
losses are specified. However, the prestress forces applied during the bridge’s construction 
are unknown due to lack of documentation. Details about the calculations and 
underlying assumptions have been described in Paper II.  

Based on the further developed saw-cut method, combining linear FE analysis and 
measured response, consistent results compared to the theoretical values were obtained 
in Section D. In the other sections, there was considerable variation across the results. 
Since Section C was located close to the passive end of the prestressing system, high losses 
can be expected. Similar levels of prestress losses were also indicated in the midspan 
region using the decompression-load method based on nonlinear FE model calibrated 
with in situ measurements. However, in the north girder, an even lower level of residual 
prestressing was estimated with the destructive method, which can be explained by the 
location of the monitored crack very to close the anchorage of the prestressing system. 
At the anchorage, higher friction losses can be expected and the region may also be 
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affected by the anchorage device. In Section A, there were almost no losses in relation 
to the assumed initial prestress level of 0.85fp0.2k, resulting from the saw-cut method. In 
fact, a residual prestress force in the south girder was revealed as being higher than the 
assumed initial level (indicated by a minus sign for the losses in Table 5.1). A girder 
segment taken from the bridge at its demolition showed that the tendons were located 
significantly closer (about 100 mm) to the base of the girder than specified in construction 
drawings. Similar deviations in other sections cannot be excluded because as-built 
positions of the tendons have not been documented. Adjusting the assumed tendon 
position in Section A to the minimal concrete cover of 70 mm, as in the adjacent 
midspan section (i.e. 125 mm lower in the absence of more detailed information), 
resulted in the prestress losses specified in brackets in Table 5.1. This resulted in reduced 
residual prestress forces with about 10 percent units, and since the current tendon 
positions have not been determined, estimates for the other sections are also uncertain. 

The prestress losses specified in Table 5.1 show a considerable variation in the 
experimentally determined residual prestress forces. The evaluation is associated with 
several uncertainties and it is not possible to confirm whether the experiments yield more 
accurate results than the theoretical analysis. However, important aspects were 
highlighted through this first application of the saw-cut method and decompression-load 
method to a bridge in situ. Due to the strong influence of the tendon position on 
measured residual prestress forces, the as-built position should be investigated and used 
to enable more reliable and accurate estimates. For this purpose, several non-destructive 
techniques can be applied (Maierhofer et al. 2010). Due to the findings discussed above, 
further analyses of the Kiruna Bridge have been based on the theoretical method for 
determining residual prestress forces, and results of the in situ tests are only regarded as 
indications. 
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Figure 5.1: Sections selected for investigating the residual prestress force and illustrations
of the principles underlying its experimental determination using the saw-cut and 
decompression-load methods (see also Figures 3.1 and 4.2). 
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5.2 Multi-level structural assessment of the tested bridge girders 

In Section 2.2, a multi-level strategy was proposed for structural analysis of concrete 
superstructures and it was evaluated based on results from the failure test of the girders 
(see Section 4.6). Thus, the validity of the strategy was investigated and its applicability to 
full-scale structures was also demonstrated. Following the multi-level structural 
assessment strategy, it is recommended to start with the analysis of the load-carrying 
capacity at the initial level (Level 1). Based on the findings at this level, the structural 
analysis can be successively improved, if necessary to meet the requirements of the 
structure. In order to examine the strategy, the relevant levels with regard to tested girders 
were compared. This examination has also been described in further detail in Papers III 
– IV. 

At Level 1 of the multi-level structural assessment strategy, linear FE analysis was carried 
out in order to determine the action effects of the bridge loading. The actual geometry 
of the bridge was modelled in 3D. The moment resistance was determined according to 
the local resistance model described in the European standard Eurocode 2 (SS-EN 1992-
1-1 2005), indicating the critical section to be adjacent to externally applied load at the 
midspan. Based on average values of the in situ tested material properties (see Table 4.1 
and Table 4.2), the load-carrying capacity with regard to the moment was 9.1 MN, 
compared with 13.4 MN at the failure of the south girder (see Figure 5.2). The load-
carrying capacity was only slightly increased in comparison to the capacity given by 
material properties specified in the Swedish assessment code (TDOK 2013:0267 2016). 
The impact of the residual prestress forces was also investigated, either by varying prestress 
forces, obtained from prestress losses according to Section 3.2, or by an idealised situation 
with a constant prestress loss of 30 %, as suggested by Rijkswaterstaat (2012, 2016) for 
situations where there is a lack of information. However, with regard to the moment 

Table 5.1: Theoretically and experimentally determined prestress losses in the north (N),
central (C) and south (S) girders in Section A, C and D, see Figure 4.2 (Bagge et al. 2017).

Evaluation method 
Section A (%)  Section C (%)  Section D (%) 

N C S  N C S  N C S 

Theoretical method incl. friction 17 17 17 
 

43 43 43 
 

29 29 29 

Theoretical method incl. friction 
and time-dependent effects 35 35 35 

 
52 51 51 

 
45 46 47 

Saw-cut method 
(non-destructive) 

7 
(22) 

0 
(8) 

-5 
(5) 

 
70 - - 

 
- 46 37 

Decompression-load method 
(destructive)  

- - - 
 

87a) 69b) 68c) 
 

- - - 

 a) 1380 mm east of Section C; b) 910 mm east of Section C; c) 110 mm east of Section C 
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capacity, these two approaches did not produce any significant differences (see 
Figure 5.2). 

The load-carrying capacity specified above was given at Level 1A of the multi-level 
strategy. When the moment capacity at the midspan region is reached, the adjacent 
supports still have a considerable load-carrying capacity remaining. Consequently, 
provided there is sufficient shear capacity, it is possible to take into account redistributions 
of internal forces and moments for loads higher than 9.1 MN. 

Either linear analysis with limited redistribution (Level 1B) or plastic analysis (Level 1C) 
can be used. Using 20 % moment redistribution from the yield hinge formed at the 
midspan to the less stressed support regions, as defined by the Eurocode 2, resulted in a 
load-carrying capacity of 11.1 MN. Thus, the load-carrying capacity was increased by 
22 %. 

The load-carrying capacity with regard to shear was determined based on the local 
resistance models in the Eurocode 2 and the local resistance models at Approximation 
Levels I – III in the Model Code 2010 (fib 2013). For the situation where the load-
carrying capacity with regard to shear exceeded that for the moment (i.e. 9.1 MN for in 
situ material properties), the method of linear analysis with limited redistribution was 
used. The load-carrying capacities calculated using the local resistance models are shown 
in Figure 5.2. A considerable spread can be observed, both depending on the choice of 
resistance model and on the assumptions about the material properties and the idealisation 
of the residual prestress forces. All the shear models resulted in conservative estimates of 
the load-carrying capacity, with the least conservative capacity given by the Eurocode 2 
(i.e. 10.4 MN for in situ material properties). In order to use the full shear capacity given 
by the Eurocode 2, redistribution of internal forces and moments was used. In the case 

 

Figure 5.2 Load-carrying capacity with regard to moment and shear using different local
resistance models for structural assessment at Level 1 according to the multi-level strategy.
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of in situ material properties and theoretically determined residual prestress forces, the 
shear capacity was reached with less than 20 % redistribution. Therefore, using plastic 
analysis at Level 1C to allow a higher degree of redistribution would not further increase 
the estimated load-carrying capacity. 

Different critical sections were identified depending on the local resistance model used 
for the theoretical analysis. The model in the Eurocode 2 and at Approximation Level I 
in the Model Code 2010, both based on the variable truss model approach according to 
the theory of plasticity (Nielsen & Hoang 2010; Thurlimann 1979), indicated the shear 
capacity to be critical adjacent to support 2. However, the models at Approximations II 
– III in the Model Code 2010, based on the stress field approach (Bentz & Collins 2006; 
Bentz et al. 2006), were able to predict the failure adjacent to the midspan as given by 
the failure test. The latter models were also able to estimate the angle of the inclined 
compression strut precisely. This indicates that the stress field approach better represents 
the response of the action effects (i.e. moment-shear interaction). At the same time, these 
models produce significant underestimates of the load-carrying capacity. 

From the initial analysis at Level 1 of the multi-level structural assessment strategy, it is 
obvious that the response observed during the bridge test was not accurately predicted. 
In order to assess the structural behaviour and load-carrying capacity more precisely, the 
next step is to use the enhanced level of structural analysis (i.e. Levels 2 – 4). At Level 2, 
the nonlinear structural response is taken into account and flexural failures are implicitly 
verified through the structural analysis. Thus, more accurate action effects can be used 
for verification of the shear capacity using the local resistance models. However, in this 
case it is preferable to carry out the analysis at Level 3, since the initial analysis indicated 
the shear capacity to be critical. In that way, both flexural and shear failures can be 
implicitly verified in the structural analysis. 

A large number of modelling choices have to be made in order to simulate the bridge 
behaviour at Level 3 (or other enhanced levels), based on nonlinear FE analysis. To 
increase the likelihood of appropriate choices, it is preferable to use general well-
established, rather than software-specific, guidelines. A review of existing guidelines (see 
Section 2.2) indicates that recommendations provided by Rijkswaterstaat (2012, 2016) for 
nonlinear FE analysis of concrete structures are the most thorough. In this particular 
study, the commercial software ATENA Studio (ATENA 2016) was used, which offers 
some features that are different to, or have not been covered by, Rijkswaterstaat (2012, 
2016). Hence, the guidelines by Rijkswaterstaat (2012, 2016) have been treated in 
combination with the software-specific recommendations by ATENA (2016) for the 
enhanced analysis. Initially, the guidelines were strictly followed using the in situ tested 
material properties. Consequently, the current study also contributed to an examination 
of the prescribed recommendations, which has not been done previously on full-scale 
bridges despite such evaluation being crucial. The modelling and simulations of the test 
have been summarised below with details and the assumptions made are further described 
in Papers III – IV. 

For nonlinear FE analysis of the Kiruna Bridge, the same geometric model was used as 
in the initial assessment, including the loading system used in the test (see Figure 5.3). 
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One of the critical issues when investigating full-scale structures using nonlinear FE 
analysis is related to the high computational effort required. In order to take this into 
account without reducing the ability to simulate the structural behaviour accurately, the 
bridge was modelled with different detailing, depending on the structural part. The 
structural parts with no concrete cracking were analysed with a linear material model, 
while nonlinearities were included in the more stressed regions (see Figure 5.3a). For 
describing the nonlinear response of the concrete, a combined fracture and plastic model 
was used. The constitutive model followed a smeared crack concept with the Rankine 
failure criterion in tension and a failure surface for the triaxial stress state in compression 
( ervenka & Papanikolaou 2008). In addition, different types of finite elements were 
used for discretisation of the bridge. In order to reflect shear failure, the girder and the 
slab at the load application were modelled with continuum elements (see Figure 5.3). 
The remaining part of the slab was described using shell elements, therefore not 
accounting for out-of-plane shear; the girders as well as columns with linear properties 
were discretised by beam elements. The computational effort was also considered when 
defining the sizes of the finite elements. According to pre-analyses, a refined mesh was 
used in the critical regions of high stresses (i.e. in the mid-region of span 2, see 
Figure 5.3b-c), and coarser mesh in regions not crucial for the failure. The loading of the 
bridge was simulated following the exact sequence of the actual event. First, the dead-
loads and prestressing were introduced in accordance with the construction procedure 
(see Papers III – VI). In the next step, the girders were loaded using force control through 
the loading system up to 12.0 MN, followed by displacement-controlled loading at the 
position of the southernmost hydraulic jack (see Figure 5.3c) until failure was reached. 
In order to ensure a satisfactory accuracy with regard to the sizes of the finite elements, 
a sensitivity study was carried out, resulting in further reduction of the sizes (see 
Figure 5.4). Moreover, using bond-slip relationships for the interface between 
reinforcing steel and the surrounding concrete, there was a negligible influence of model 
refinement. A comparative failure analysis was carried out to investigate the impact of 
the strengthening using CFRP. Including the strengthening in the FE model resulted in 
rupture of the CFRP reinforcement followed by problems in reaching convergence with 
an acceptable error, although considerable residual capacity remains in the steel 
reinforcement. Up to the rupture level, there were only small differences in the structural 
behaviour portrayed by the FE analyses with and without the CFRP reinforcement. 
Consequently, the bond-slip behaviour and CFRP reinforcement were excluded from 
the initial FE model to reduce the computational effort. The strengthening effect of 
CFRP reinforcement has also been discussed in Nilimaa et al. (2015) and Nilimaa (2015). 

Based on the predefined framework in the guidelines (ATENA 2016; Rijkswaterstaat 
2012, 2016), the simulated load-deflection curves were consistent with the experimental 
measurements up to the load-level of the tested failure (see Figure 5.4 for the response 
of the south girder). However, the analysis indicated further yielding of the flexural 
reinforcement and, at a total externally applied load of 15.8 MN and a midspan deflection 
of about 400 mm, the south girder failed due to rupture of the prestressed tendons. This 
means an overestimation of the load-carrying capacity of 18 %. Table 5.2 shows the 
principal concrete strains in the girder and the slab, and the crack pattern in the girder at 
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the calculated peak load according to the initial FE model. This indicates a dominating 
flexural behaviour, which deviates from the experimentally observed response. Thus, 
following the recommendations given by the guidelines resulted in an overestimated 
shear capacity. 

A sensitivity study was carried out in order to determine the most influential parameters 
on the flexural and shear behaviour of the bridge girders. For the most part, material 
parameters related to the concrete constitutive model were investigated, but also aspects 
associated with the prestressing, strengthening and boundary conditions were examined. 
The boundary condition at the base of the columns was shown to have a significant 
influence on the deformations and the strains in the tendons and stirrups. In the initial 

 
Figure 5.3: FE model of the Kiruna Bridge for simulation of the failure test of the girder:
(a) geometry and discretisation with different finite element types, (b) load distribution
beams and region of refined finite element size in girders and slab, and (c) region of refined
finite element size in slab at the load application point above the south girder. 
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FE model, a hinged joint was assumed; however, evaluation of strain measurements on 
the columns indicated restraints. Based on the bridge-specific data, the FE model was 
updated with springs at the base of the columns in order to reflect their behaviour better. 
In the material tests, only the concrete compressive properties were investigated (see 
Table 4.1) and the tensile properties assumed in the initial FE model were derived from 
Model Code 1990 (CEB-FIP 1993) in accordance with the guidelines (Rijkswaterstaat 
2012). However, previous studies of the concrete properties in existing concrete bridges 
(Thun et al. 1999, 2006) showed a less favourable time-dependent development of the 
tensile strength in comparison with the compressive strength. Thus, the relationships 
between the compressive strength and tensile strength and fracture energy, respectively, 
stated in the Model Code 1990 and 2010 (CEB-FIP 1993; fib 2013), and suggested by 
Rijkswaterstaat (2012, 2016), are probably not representative and thus not recommended 
for the assessment of existing bridges. Based on these findings, the FE model was updated 
with data from a previous bridge test (Puurula et al. 2015) where the tensile properties 
were tested. This bridge was constructed in the same time frame (1955) and with the 
same concrete quality as the Kiruna Bridge. In the updated FE model, a slight adjustment 
of the Poisson’s ratio was also made (0.15 to 0.20) which followed suggestions by 
ATENA (2016) and the Model Code 1990 and 2010 (CEB-FIP 1993; fib 2013). 

Figure 5.4 shows a comparison of the load-deflection curve of the south girder according 
to the updated model with the failure test of the south girder. The analysis resulted in a 
total externally applied load of 13.5 MN with 195 mm midspan deflection, compared to 
13.4 MN and 183 mm in the test. From the load-deflection curves, there appeared to be 
post-peak behaviour in the analysis which was not the case at the sudden experimental 
failure. One reason for this may be the different method of loading. In the test, the 
loading was force-controlled, while the FE analysis was based on displacement-controlled 
loading and thus facilitated simulation of the post-peak behaviour. The principal concrete 
strains and the crack pattern also agreed well with the experimental outcome (see Table 
5.2). In comparison with the initial FE analysis, the update resulted in significantly lower 

 

Figure 5.4: Load-deflection curves for the south girder according to failure test and
nonlinear FE analysis with initial and updated model. 
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strains in the prestressed tendons, while the stirrups crossing the failure surface reached 
their tensile strength. However, no measurements were carried out on the tendons (see 
Section 4.3), so it was not possible to confirm the calculated strains using in situ 
information. 

The examination of the multi-level strategy for structural analysis demonstrated its 
applicability for assessment of existing bridges. It also showed the importance of the 
development of such a strategy for successively improved analysis, since the methods used 
at the initial level (Level 1) do not necessarily reflect the real structural behaviour. More 
precise estimates of the structural behaviour and load-carrying capacity can be achieved 
using enhanced structural analysis (Levels 2 – 4). Here, it should be noted that only 
enhanced analysis at Level 3 was applied and evaluated, partly because of the complexity 
of the failure mode identified in the bridge failure test and partly because a sensitivity 
study indicated that analysis at Level 4 was not required.  

5.3 Multi-level structural assessment of the tested bridge deck slab 

The failure test of the bridge deck slab was used to examine the multi-level structural 
assessment strategy and also the assessment methods used in practice. In Paper V, a multi-
level strategy specifically designed for concrete slabs (Plos et al. 2016) was investigated. 
Since the strategy suggested in this thesis is an extension to superstructures composed of 
systems of beams and slabs (see Section 2.2) and the same principles are followed, the 

Table 5.2: Principal concrete strains and concrete cracks at the peak load predicted by 
nonlinear FE analysis at Level 3 according to the multi-level structural assessment
strategy. 
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examination can be used for both strategies. In this section, this examination is described 
and discussed with respect to the further developed multi-level strategy. Details of the 
modelling procedure have been described in Paper V. 

The load-carrying capacity was calculated at Levels 1 – 3 of the multi-level structural 
assessment strategy. As the shear and punching capacities were shown to be critical, no 
further analysis of the moment and anchorage capacities has been reported here, so the 
structural analysis at Level 4 was also excluded. At Level 1A, the action effects were 
calculated using linear FE analysis. Shell elements represented the girders and the slab in 
span 2, while the other spans were modelled as beam elements in order to provide proper 
boundary conditions for the part modelled with greater detailing (see Figure 5.5). For 
verification of the action effects, one-way shear was checked at the connection between 
the slab and the girder using the local resistance model defined in European standard 
Eurocode 2 (SS-EN 1992-1-1 2005). The same model was used to verify a failure mode 
due to punching. Here, a control perimeter located at twice the effective depth of the 
slab from the boundary of the load was assumed in accordance with the proposal in the 
resistance model. Both one-way shear and punching were investigated using different 
methods at Level 1A. One-way shear was also determined based on the assumption of 
45° distribution of the shear force as defined in the French Annex to the Eurocode 2 
(Chauvel et al. 2007), instead of calculating the shear force using FE analysis. The 
alternative punching capacity was determined from the local resistance model using 
Approximation Level I in the Model Code 2010 (fib 2013). At Level 2, the FE model 
was updated to take into account a nonlinear behaviour of the structure. For this analysis, 
the same material properties were used as for the updated FE model that simulated the 
failure test of the bridge girders (see Section 5.2). Again, the local resistance model defined 
in the Eurocode 2 was used for one-way shear. To provide a more precise consideration 
of the punching capacity, the critical shear crack theory (CSCT) proposed by Muttoni 
(2008) was used. In the final improvement of the structural analysis, the discretisation of 
the superstructure in span 2 was updated. In order to simulate the response better and 
account for out-of-plane shear, the shell elements assigned to the girders and the slab 

 

Figure 5.5: FE model of the Kiruna Bridge for simulation of the slab test. 

PN

2

3

4

5

1

6



Results and discussion 

79 

were replaced with continuum elements. Thus, the relevant failure modes were implicitly 
verified through the structural analysis. 

The results from successively improved analysis of the load-carrying capacity with regard 
to one-way shear and punching have been summarised in Table 5.3. This capacity can 
be compared with the experimentally obtained capacity of 3.32 MN. At Level 1, both 
the one-way shear and punching capacity is considerably underestimated, being about 
half the measured value. For this situation, it can be seen that the assumption of 45° 
distribution of the shear force matches the distribution given by linear FE analysis. 
However, nonlinear FE analysis produces a more favourable distribution and, thus, the 
load-carrying capacity becomes higher with regard to one-way shear. At Level 2, one-
way shear is the governing failure mode and the punching capacity estimated by CSCT 
results in a load-carrying capacity that is similar to the tested value. The nonlinear FE 
analysis at Level 3 also estimated a consistent result in relation to the test, both in terms 
of load-carrying capacity and failure mode. As indicated in Figure 5.6, the simulation of 
the tests yielded an initiated shear failure of the slab between the load plate and the girder. 
Due to numerical problems, involving difficulties to reach convergence with an 
acceptable error, the failure mechanism was not analysed under further loading. 

As with the examination of the multi-level structural assessment strategy based on the 
failure test of the girders, this study of the bridge deck slab revealed issues in accurately 
predicting shear capacity using standardised assessment methods. Successive improvement 
of the analysis produces gradually improved estimates of the load-carrying capacity. 
Ultimately, the shear response of the slab was precisely simulated at Level 3 using 
nonlinear FE analysis. In this case, the full bridge was included in the FE model and, 
thus, the actual boundary conditions for the investigated part of the bridge deck slab were 
taken into account. However, it might be useful to reduce the model to a limited number 
of structural parts in order to reduce the computational effort. Some examples of idealised 
conditions were investigated in Paper V, indicating that such simplifications have 
considerable impact on the structural response. This highlights the importance of making 
proper modelling choices and that simplifications of the boundary conditions should be 
carefully considered. 

Table 5.3: Load-carrying capacity of the bridge deck slab with regard to one-way shear
and punching for structural assessment at Levels 1 – 3 according to the multi-level strategy.

 
Assessment level One-way shear Punching  

 MN MN  

 Level 1A 1.60a) 1.51b)  

 Level 2 2.20 3.25  

 Level 3 3.27  

 Experiment 3.32  

 
 a) 1.48 MN based on 45º distribution of the shear force 
 b) 1.62 MN based on Approximation Level I according to 
fib (2013) 
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5.4 Successively improved bridge assessment 

The applicability of the multi-level structural assessment strategy to a complex bridge 
structure, and its benefits, have been demonstrated, as described in Sections 5.2 – 5.3 and 
Papers III – V. In the reported tests, it should be noted that the loading of the 
superstructure was not representative of the load cases that are of most interest in a bridge 
assessment. Instead, more complex set-ups of loads were used to determine the load-
carrying capacity (see examples of classification vehicles in Figure 5.7 where A = 180 kN 
and B = 300 kN in the design of new bridges). For a bridge assessment, it is also necessary 
to verify that the desired safety margin is met. These aspects should be considered in the 
development and examination of an assessment strategy. In Section 2.3, a framework is 
suggested for safety verification in combination with the multi-level structural assessment 
strategy (see Section 2.2). To examine the complete procedure, integrating the framework 
for verification of the structural safety and the multi-level structural assessment strategy, 
the Kiruna Bridge was further investigated in a case study. The load-carrying capacity of 
the bridge was assessed based on the Swedish assessment code (TDOK 2013:0267 2016) 
and through successively improved assessment, thus demonstrating the suggested 
procedure. Here, the experience from previous studies was incorporated to highlight 
important aspects. The procedure for successively improved assessment has been further 
presented and discussed in Paper VI together with its application to the bridge tests. 

At the initial level of structural assessment (Level 1A), standard procedures were used to 
determine permissible axle loads. The action effects were determined for the most adverse 
combination of permanent and variable loads. Dead loads and residual prestress forces 
were treated as permanent with vertical traffic loads (see examples in Figure 5.7) and 
longitudinal braking forces were treated as variable, while other sources of loading were 
excluded in accordance with the assessment code. For the bridge girders, the action 
effects were determined using 3D linear FE analysis with resistances calculated separately 

 

Figure 5.6: Concrete cracks at the peak load predicted by nonlinear FE analysis at Level 3
according to the multi-level structural assessment strategy: (a) highly stressed region of
bridge deck slab and the south girder, view from bottom, and (b) critical section (Section
A-A) of the bridge deck slab, isometric view from above. 
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for each girder, assuming a T-shaped cross-section. The action effects on the bridge deck 
slab were based on 1D beam analysis with the moments and shear forces distributed 
longitudinally using simplified methods described by the Swedish assessment code (BBK 
04 2004; TDOK 2013:0267 2016). The resistances with regard to moment, shear and 
punching were calculated using the definitions in BBK 04 (2004); for shear, several local 
resistance models are provided where the most favourable should be used. Thus, the 
varying-angle truss model based on the theory of plasticity (Nielsen & Hoang 2010; 
Thurlimann 1979) was used for the girders and a so-called addition model, summing the 
contributions from the concrete and shear reinforcement, was used for the slab (Svensk 
Byggtjänst 1990). In order to verify the structural safety, the PSF method was used with 
partial safety factors defined by the Swedish assessment code (TDOK 2013:0267 2016). 
At this level of assessment, the permissible axle loads were investigated both with the 
material properties given in the assessment code and those given by in situ tests (see Section 
4.8). 

Initial structural assessment of the load-carrying capacity indicated that the shear capacity 
of the bridge girders was critical. For the critical classification vehicle (see Figure 5.7b) 
located in the most adverse position, the permissible axle load was 232 – 264 kN (B value 
in Figure 5.7b) for the three girders. The lowest capacity was calculated for the south 
girder at support 5 and the most adverse load positions are shown in Figure 5.8. The 
permissible axle load with regard to the moment capacity was 288 – 440 kN (B value) 
with the north girder being critical adjacent to midspan 5 (although for a different 
classification vehicle than for the shear capacity, see Paper VI for more details). A 
considerably higher load-carrying capacity was calculated for the bridge deck slab using 
the initial structural assessment. The permissible axle load for the slab between the girders 
was 318 kN (A value in Figure 5.7a) with regard to flexure. The corresponding value for 
the cantilever slab was 329 kN (A value), and for these structural parts, the classification 
vehicle in Figure 5.7a presented the most adverse conditions. The shear-related capacities 
of the slab were considerably higher, with a permissible axle load of 514 kN (A value) in 
respect of one-way shear and 413 kN (A value) for punching. The initial assessment also 
showed only small differences between results of analyses using material properties from 
the assessment code or the in situ tests. 

In order to improve bridge assessment, the available options should be considered (see 
Figure 2.1). The examination of the multi-level strategy (see Sections 5.2 – 5.3) indicated 

 

Figure 5.7: Configuration of axles for classification vehicles with the wheels located 1.7 –
2.3 m apart: (a) critical classification vehicle for the bridge deck slab, and (b) critical
classification vehicle for the south bridge girder. 
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issues with estimating the shear capacity with high precision using local resistance models 
at the initial level of structural analysis (Level 1). However, enhanced structural analysis 
could predict the structural behaviour and load-carrying capacity accurately. Since the 
bridge assessment also indicated that the critical failure mode was associated with shear, 
a similar outcome can also be expected for this case study. Other examples of 
improvements would be to use bridge-specific loads instead of those specified in the 
assessment code and/or improve the safety verification by using bridge-specific partial 
safety factors or a full probabilistic analysis (see Figure 2.3). 

In order to simulate the shear response of the bridge precisely, enhanced structural 
analysis at Level 3 of the multi-level strategy is recommended. Due to the high 
computational demand for this type of analysis, it is necessary to limit the enhanced 
structural analysis to the load case(s) shown to be critical in the initial assessment. Here, 
the load case that gave the lowest permissible axle load in the initial assessment (i.e. 
associated with the shear capacity of the south girder at support 5) was further 
investigated. In Figure 5.8, the actual load case is shown for the geometric model of the 
bridge. The modelling procedure was essentially the same as for the examination of the 

 

Figure 5.8: FE model of the Kiruna Bridge with the most adverse loading: (a) overview of
the bridge with distributed traffic loads and axle loads, (b) axle loads in span 4, and (c)
axle loads above the south girder at support 5. 
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multi-level strategy, based on the failure test of the girders (see Section 5.2). However, as 
the load case was different, details of some of the structural parts had to be updated. For 
spans 1 – 2, a linear material response was assumed, while material nonlinearities were 
taken into account for spans 3 – 5. This resulted in consideration of the action effect of 
the traffic loads in span 2 (see Figure 5.8) in the investigation of the failure in the part 
modelled as consisting of concrete that behaved nonlinearly. However, this simplification 
means that potential failures in spans 1 – 2 were ignored. The girders were generally 
discretised using beam elements and the slab using shell elements. In order to capture the 
eventual shear failure in the FE analysis, either in-plane or out-of-plane, the critical 
region around support 5 was refined with continuum elements. The extent of the use of 
continuum elements was determined based on pre-analyses showing the highly stressed 
regions and, thus, indicating the location of the failure. As with previous nonlinear FE 
analyses, the permanent loads (i.e. dead load and prestressing) were applied in an initial 
load step. Thereafter, the bridge was subjected to variable loads, where the axle loads 
were incrementally increased in a force-controlled manner until a failure was identified. 

Nonlinear FE analysis using the average values of material properties resulted in a 
maximum axle load of 1649 kN (B value in Figure 5.7b), and a complex failure mode. 
The stirrups in the south girder yielded adjacent to support 5, along with the transverse 
reinforcement in the top of the cantilever slab at its connection to the girder. However, 
the ultimate failure was indicated as being caused by shear between the loading on top 
of the cantilever slab and its base close to the girder. In Table 5.3, the principal strains 
and the crack widths are shown for the critical region. Due to numerical issues, caused 
by problems reaching convergence in the analysis with an acceptable error, it was not 
possible to simulate the failure mechanism further. A brittle failure mode can be expected 
for the bridge deck slab, in the absence of vertical reinforcement. Therefore, it is 
challenging to simulate the complete failure mechanism, including unloading, especially 
when using force-controlled loading, which was necessary to follow the predefined load 
case. The outcome from the evaluation of the failure mode shows the importance of 
proper modelling of the structure. The analyst should be aware that the standardised 

Table 5.3: Principal concrete strains and concrete cracks at the peak load predicted by
nonlinear FE analysis at Level 3 according to the multi-level structural assessment
strategy. 

Major principal strains in 
superstructure [-] 

Major principal strains in section 
of superstructure [-] 

Crack opening in section of 
superstructure [mm] 

  

 5.66 

 2.83 

 0 

 0.05 

 0.025 

 0 

 0.05 

 0.025 

 0 
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assessment methods do not necessarily reflect the actual response of a bridge (this is such 
an example), but it should be possible to capture unexpected failures that may occur. 
Before this study, it was known that the modelling of the bridge deck slab may affect the 
predicted response significantly, even though the final failure occurs in the girder (see 
the previous examination of the multi-level strategy). The pre-analysis highlighted the 
importance of discretising the slab using continuum elements and such pre-analysis is 
recommended to justify modelling choices and possible simplifications. 

In order to verify the structural safety at the enhanced level of structural assessment, 
several methods were applied and compared. These included the standard PSF method, 
standard GRSF method, original ECOV method and improved ECOV method and the 
full probabilistic method for resistance, all in accordance with the suggested framework 
for safety verification (see Section 2.3). These methods yielded similar design values for 
the permissible axle load: 1 158 kN, 1 296 kN, 1 240 kN, 1 271 kN and 1 328 ´kN, 
respectively. In Figure 5.9, the upgraded load-carrying capacity is illustrated as its ratio 
to the value obtained in the initial structural assessment with safety verification by the 
PSF method. For the presented design values, it should be noted that the same model 
uncertainty factor has been used ( Rd = 1.06). The variations associated with geometry 
and model uncertainty have also, on this occasion, been ignored in the improved ECOV 
method, to provide comparative values to those obtained using the other safety methods, 
in which these are ignored. The increase of the permissible axle load is remarkable (5.6- 
to 6.5-fold). Similar magnitudes of overestimation have also been described in the 
literature (see Paper VII). For instance, a bridge failure test described by Azizinamini et 
al. (1994a); Azizinamini et al. (1994b) resulted in a load-carrying capacity 10 times higher 
than determined in an initial assessment, and a test by Puurula et al. (2015) indicated a 
capacity 6.5 times higher than the permitted axle load for the bridge. The failure test of 
the Kiruna Bridge’s girders also showed that the assessment codes significantly 
underestimated the shear capacity at the support. However, the magnitude of the 
underestimation cannot be determined since the critical region was at the midspan (see 
Section 5.2). There may be several reasons for this underestimation at Level 1 of the multi-

 

Figure 5.9: Ratio of permissible axle loads estimated at the enhanced and initial levels of
structural analysis with comparison of different safety concepts applied at the enhanced
level. 
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level strategy. The axle loads were only applied to the south part of the bridge and 
transverse redistributions can be expected. The favourable impact of arching action for 
loads located close to the support was ignored, as well as the residual strength of the 
stirrups after initiated yielding (i.e. strain hardening). The local resistance model applied 
to the girders also shows a large scatter in prestressed concrete members, members with 
a T-shaped cross-section and members with low reinforcement ratios (Cladera & Marí 
2007). In addition, the section used for capacity control plays an important role since 
shear forces are extreme at the supports. 

The improved version of the ECOV method highlights important aspects related to 
uncertainties that are not fully taken into account by less complex safety verification 
methods (i.e. PSF and GRSF methods). Any kind of bridge assessment is associated with 
numerous uncertainties, and those coupled to the model play an important role. This is 
indicated by the initial simulation of the failure test of the bridge girders using nonlinear 
FE analysis (see Section 5.2), where the load-carrying capacity was overestimated by 18 %. 
Here, it should also be noted that the bridge was rather well known to the analyst, and 
the estimate can be considered as having satisfactory precision in terms of load-carrying 
capacity although the inaccuracy in predicting the failure mode was more serious. At the 
same time, Model Code 2010 (fib 2013) proposes a model uncertainty factor ( Rd) of 
1.06. Consequently, it is likely that this recommendation could lead to an unconservative 
assessment of the load-carrying capacity. Among the PSF and the GRSF methods, only 
the improved ECOV method accounts for the variation of the model uncertainty (and 
geometry) in a rational way. In the bridge assessment described in this section, the 
product of the model uncertainty factor ( Rd = 1.06) and global resistance factor ( R =
1.22) was 1.29 according to the improved ECOV method. Assuming a modest value for 
the coefficient of variance of 5 % for the uncertainties associated with the model and the 
geometry, the product would increase to 1.49 ( Rd = 1.06 and R = 1.40). Studies on the 
bias factor and the coefficient of variance for the model uncertainties, compiled by 
Schlune (2011), have shown that in cases of shear-related failure modes, a model 
uncertainty factor of 1.12 and a coefficient of variance of 25 % are realistic values. In fact, 
even higher values can be suitable for some cases. With the higher values, the average 
value of the resistance would be reduced by a factor 3.04 ( Rd = 1.12 and Rd = 2.72), 
leading to a permissible axle load of 542 kN. This clearly highlights the importance of 
properly taking the model uncertainty into account in the safety verification. However, 
as relevant studies have mostly concerned traditional and standardised methods for 
calculating the load-carrying capacity, the bias factor and the coefficient of variance for 
the model uncertainty are not clearly understood for enhanced methods of structural 
assessment based on nonlinear FE analysis. The model uncertainty is further discussed in 
Paper VI. 

From the permissible axle loads according to the enhanced structural analysis, it is also 
important to note that these are only associated with a single load case and do not 
represent a general value that can be permitted for the bridge. Similar shear behaviour of 
the other girders with a similar magnitude of “hidden” capacity can be expected. This 
should be further investigated, as well as other critical sections. In order to increase the 
axle loads above 288 kN, the next step is to improve the assessment with regard to the 
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moment capacity of the girders. Thus, the analyses presented above show the first step in 
an enhanced structural assessment using the suggested procedure. 

Results of the successively improved structural assessment clearly confirmed the need to 
extend the original version of the multi-level assessment strategy, covering only concrete 
slabs (Plos et al. 2016), to the more comprehensive version covering systems of beams 
and slabs (see Papers III –VI). The structural elements interact, so rigorous consideration 
of both the girders and slab is essential to simulate a bridge’s responses adequately. 
Furthermore, the approach used in discretisation of the geometrical model with different 
finite elements has major effects. For instance, simplifying the modelling of the bridge 
deck slab by using shell elements instead of continuum elements (following indications 
from the initial analysis at Level 1 that the girders’ shear capacity was critical), would 
undoubtedly have resulted in overestimation of the Kiruna bridge’s load-carrying 
capacity at the enhanced level of analysis. The enhanced analysis indicated a different 
limiting failure mode, and that it was important to simulate the out-of-plane shear in the 
slab precisely. This confirms the importance of rigorously evaluating and refining 
assessment methods based on representative conditions (e.g. full-scale in situ tests). The 
complexity of the structure investigated in the studies this thesis is based upon has 
highlighted several aspects that are not covered in previous guidelines for nonlinear FE 
analysis, based on evaluations of simpler structures (Belletti et al. 2013). A crucial aspect 
when using nonlinear FE analysis for full-scale structures is the computational effort. 
Simplifications are sometimes needed to make the method practically applicable in bridge 
assessment, but they must be applied cautiously to ensure that simulations of structural 
behaviour remain sufficiently precise. Approaches to address this dilemma have been 
discussed in Sections 5.2 – 5.4, and further details are presented in Papers III – VI. The 
evaluation of safety concepts corroborated the need to develop guidelines for nonlinear 
FE analysis. Model uncertainties considerably affect calculated permissible loads, and can 
be reduced by detailed modelling recommendations. 
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Chapter 6 

CONCLUSIONS 

Bridge testing – A surprise every time! 

- Baidar Bakht 

6.1 Aim and research questions 

Three research questions were formulated to guide the research in the doctoral project 
this thesis is based upon, and meet the aim (to develop and evaluate procedures for the 
structural assessment of existing concrete bridges). Conclusions related to each of these 
research questions are presented below, in the form of a summarising answer to the 
question followed by more discursive comments: 

Research question I: Is it feasible to apply nonlinear FE analysis to structural assessment 
of existing bridges? If so, how should the analysis be carried out to ensure reliable results? 

Yes, it is feasible to apply nonlinear FE analysis for structural assessments of existing 
concrete bridges, and the procedure for successively improved analysis proposed in this 
thesis appears to provide a sound framework. 

Nonlinear FE analysis has been described as the assessment method with the greatest 
ability to predict the actual structural behaviour of bridges and their load-carrying 
capacity. However, this type of analysis is rarely used for assessment of concrete bridges. 
Based on bridge failure tests carried out on the Kiruna Bridge as part of the doctoral 
project, it can be confirmed that nonlinear FE analysis can provide highly precise 
estimates of the load-carrying capacity. However, this is challenging for assessment of 
existing bridges and knowledge of material properties and geometries is required for 
precise estimates. In addition, accurate modelling of the boundary conditions is essential. 
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Thus, bridge-specific information is needed, and inspection, monitoring and testing of 
the investigated structure are required to provide key information. 

To enable practical use of nonlinear FE analysis for bridge assessment, a strategy is needed 
that helps the analyst to improve the analysis rationally and focus on the critical aspects. 
For this purpose, a multi-level assessment strategy for successively improved structural 
analysis has been proposed. Using this strategy, the critical aspects (critical region, load 
case, failure mode etc.) are identified at an initial level of analysis using traditional and 
standardised methods. If necessary, to meet the requirements of the structure, the critical 
aspects can be further investigated using nonlinear FE analysis with the complexity of the 
modelling adapted to specific needs. Through such successively improved analysis, the 
computational effort required when using nonlinear FE analysis can be minimised. 

Another important aspect associated with any bridge assessment is the large number of 
modelling decisions involved. In order to reduce the analyst-dependent variability in the 
modelling and provide reliable estimates, guidelines for well-established and accepted 
modelling choices are needed for the nonlinear FE analysis. These guidelines should 
provide recommendations for material parameters and constitutive models, finite element 
discretisation, boundary conditions and loads, and solution methods. There are several 
such general and software-specific guidelines for nonlinear FE analysis of concrete 
members. However, they need to be further developed and appraised for application in 
assessment of existing bridges. 

The verification of the structural safety is crucial for bridge assessment and the partial 
safety factor (PSF) method is most frequently used for this purpose. Nonlinear FE analysis 
is used to simulate the bridge response precisely and, thus, average values of the material 
properties should be used as input to the analysis. From this perspective, the PSF method, 
which involves reductions of the material properties (among other things) with partial 
safety factors, is not suitable in combination with nonlinear FE analysis to ensure the 
structural safety. More suitable methods use global resistance safety factors (GRSF) or the 
full probabilistic method. Based on existing PSF, GRSF and full probabilistic methods, a 
framework for verification of the structural safety has been proposed. By integrating this 
framework into the multi-level strategy, a procedure is formed for successively improved 
structural assessment. 

The proposed procedure was tested by applying it in a successively improved assessment 
of the Kiruna Bridge to determine permissible axle loads. For the initial assessment, using 
linear structural analysis in combination with standardised local resistance models, the 
critical parts of the bridge and the critical load combinations were identified. The 
structural analysis was improved using nonlinear FE analysis to simulate the nonlinearities 
precisely and capture flexural and shear-related failure modes completely. For the 
particular load case investigated, the permissible axle load was increased 5.6-, 6.0 to 6.3- 
and 6.6-fold by safety verification using the PSF method, variants of the GRSF method, 
and the full probabilistic method for resistance, respectively. The improved analysis also 
showed a change of the critical failure mode, from a shear failure in the girder to a shear-
related failure in the slab, thereby improving understanding of the structural behaviour. 
Therefore, it can be concluded that using nonlinear FE analysis for structural assessment 
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of existing bridges is feasible. However, the model uncertainty has been found to play a 
crucial role and must be properly accounted for in the safety verification. 

The proposed procedure for structural assessment of existing bridges has been described, 
demonstrated and examined in Papers III – VI. 

Research question II: How can residual forces in prestressed concrete bridges be 
assessed using in situ measurements? 

A saw-cut method combined with FE analysis is a good method for assessing the 
residual forces in prestressed concrete bridges. 

The impact of residual prestress forces on the structural behaviour and load-carrying 
capacity has been studied in the doctoral project. As it affects the structural behaviour, it 
is important to determine the residual prestress forces experimentally when assessing 
concrete bridges. For existing bridges, non-destructive methods (including methods that 
cause negligible damage to the structure) are recommended for experimental assessment 
of the prestress forces. 

Numerous non-destructive methods have been presented, including the exposed strand 
method, drilled hole method and saw-cut method. Previously, these methods have 
mainly been used and examined under idealised conditions, and the in situ full-scale 
experiments in this doctoral project revealed a need for further development. Based on 
findings from the experiments, the saw-cut method was improved and tested. In the 
original version of this method, Navier’s formula is used to derive the prestress force 
from the concrete strains at the surface of the structural member. These strains are caused 
by the external and internal loads acting on the structure (including the prestress force). 
The strains can be experimentally derived from measurements on a concrete block 
created by introducing saw-cuts that isolate this part from the acting loads. The concrete 
block can be regarded as isolated when increasing the saw-cut depth does not affect the 
measured strain. However, application of this method on the Kiruna Bridge showed that 
it was not possible to isolate a concrete block properly, since the reinforcement below 
the concrete cover did not allow further increase of the saw-cut depth. It was therefore 
suggested that the measured behaviour (i.e. strain development as a function of the saw-
cut depth) of the concrete block be used instead of the total change in strain after 
isolation. For this, FE simulations of the experiment can be used to determine iteratively 
the residual prestressed force that produces a similar response. Consequently, it was 
possible to estimate the prestress force without causing damage that would be difficult to 
repair. 

Application of the modified saw-cut method to the Kiruna Bridge indicated considerable 
variation in the residual prestress force. I In some cases, the experimental value was similar 
to the prestress force theoretically calculated using the standardised method, but there 
were also considerable deviations in both directions. However, the experimental study 
was associated with several uncertainties and the outcomes cannot be regarded as 
conclusive. The main uncertainty was the position of the prestressed reinforcement in 
the section investigated. Since this is a crucial parameter, it is strongly recommended to 
locate its position with non-destructive methods when the residual prestress force is to 
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be evaluated. Thus, this attempt to determine experimentally the residual prestress force 
illustrates the importance of full-scale in situ tests for the development of reliable and 
practically applicable assessment methods. 

The further development of the saw-cut method has been described in Paper II. The 
method was appraised by comparing values it provided in in situ experiments with results 
of destructive tests (using the decompression-load method) and theoretical estimates. 

Research question III: What procedures should be applied in in situ bridge tests to 
examine and improve methods for assessing existing concrete bridges? 

It is important to allow sufficient time and resources for the planning and reporting of 
any full-scale tests to failure of a bridge. Otherwise optimal use of the efforts is hard 
to obtain. 

Methods for assessing the capacity of existing concrete bridges are mostly developed and 
examined based on small-scale or large-scale laboratory experiments under controlled 
and simplified conditions. It is therefore essential to carry out in situ full-scale tests of 
bridges in order to investigate and improve assessment methods based on the type of 
structure these methods will be applied to. To date, to the author’s knowledge, 40 
documented tests to failure have been carried out worldwide, in total, on 30 concrete 
bridges. In 28 % of these tests, the failure mode was different from that theoretically 
predicted. For cases of shear-related failures, more than half of the tests incorrectly 
predicted the failure mode. Thus, such destructive tests have considerable potential to 
improve the accuracy of bridge assessment. 

There is undoubtedly a need for in situ bridge tests to failure. However, these tests are 
challenging and expensive. Thus, sound planning, execution and evaluation of the tests 
are crucial. First, it is essential to define precise and achievable aims and research 
questions, based on identified needs. These are fundamental requirements for all scientific 
work, but some previous bridge tests to failure have had vague, broadly formulated aims 
such as “the aim is to understand the behaviour of this type of bridge better”. In order to fulfil 
the aim, pre-analysis of the bridge is essential. In situ structures are associated with 
numerous uncertainties. These should be identified in the planning stage to avoid crucial 
aspects remaining uninvestigated, which may lead to inconclusive outcomes from the 
test. One such example from the tests of the Kiruna Bridge was the unknown position 
of the prestress reinforcement, which resulted in uncertain estimates of the residual 
prestress force. As for bridge assessments, following a successively improved pre-analysis 
to design the test and measurement regime is recommended. Traditional and standardised 
methods will not necessarily reflect the behaviour of the bridge, and further improved 
information and analysis might already be required in the planning process. Moreover, a 
crucial issue to address in the design of the test and the measurements is the intended use 
of the acquired information. The design of measurements needs special attention, since 
capturing the full structural behaviour is even more difficult than in laboratory 
experiments, as the scale is so much larger and the conditions are not controlled. Due to 
the diversity of aims in bridge testing, it is not feasible to give specific recommendations 
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for test and measurement procedures, beyond repeating that they must be carefully 
considered. 

Many studies on previous bridge tests have evaluated the outcomes poorly. Surprisingly, 
several examples are cases of an unexpected failure mode. This means that there has been 
an ineffective use of resources and that the outcomes have not been fully utilised to 
examine and improve the assessment methods. This thesis demonstrates the importance 
and benefits of full-scale tests for examining methods and methodologies for bridge 
assessment. It also highlights crucial aspects to improve the accuracy of analyses of existing 
bridges, based on experiences gained through the planning, execution and evaluation of 
the bridge tests, and begins dissemination of the acquired knowledge. Proper 
documentation and feedback to the stakeholder is another important way of improving 
future bridge assessments. 

The design of the tests and measurements for in situ tests on the Kiruna Bridge are 
described in Paper I. Papers II – VI describe the development and examination of bridge 
assessment methods, based on the tests. Finally, learning outcomes from known tests to 
failure of concrete bridges are summarised in Paper VII. 

6.2 Future research 

From experiences gained through in situ tests to failure of the Kiruna Bridge and 
examinations of proposed bridge assessment methods, several aspects can be identified 
that should be further investigated. These investigations may facilitate precise and reliable 
predictions of the structural behaviour and load-carrying capacity of bridges. Some of 
these important aspects are discussed below. 

Further examination of the proposed multi-level assessment strategy is recommended. 
The initial examinations of the strategy, reported in this thesis, mainly focused on flexural 
and shear-related failure modes in a prestressed concrete girder bridge. The influence of 
the interaction between the reinforcement and the surrounding concrete was only 
investigated to a small degree, since it was shown to have a negligible impact on the 
structural behaviour in the specific cases studied here. Thus, the applicability of the multi-
level strategy to cases where anchorage failures are crucial for the load-carrying capacity 
needs attention in future studies. For application to existing bridges, the integration of 
the current condition of the structure in the structural analysis and the estimation of the 
load-carrying capacity should also be further investigated. This is provided in the multi-
level assessment strategy. However, since the Kiruna Bridge was in a good condition at 
the time of the failure tests, the impact of deterioration was ignored in the examination. 
For other structures, the presence of deterioration due to reinforcement corrosion, frost 
damage and alkali silica reaction may considerably affect responses of the materials, their 
interactions and (thus) structural responses. Fatigue and existing concrete cracks are other 
examples of aspects that should be considered. From the requirements stated above, it 
would be desirable to complement the multi-level assessment strategy with more detailed 
recommendations for successively improving the analysis, taking into consideration the 
durability aspects of assessment. 
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The doctoral project, and hence this thesis, have been limited to analyses of bridges at 
ultimate-load levels, and the multi-level strategy has been developed for this purpose. 
Advantages of the proposal have been demonstrated, involving a rational way to 
successively increase the complexity of the structural analysis and, consequently, improve 
estimates of the structural behaviour and load-carrying capacity. It is assumed that a 
similar methodology would also be useful for assessing structural response at service-load 
levels. Verification of requirements at service-load levels (e.g. displacements and crack 
widths) is an important part of bridge assessment and more accurate predictions should 
be facilitated. Improved analyses would (presumably) help efforts to optimise the service-
life management of bridges, but further development and appraisal of the multi-level 
strategy will be required for this purpose. 

Use of nonlinear FE analysis for the structural analysis involves numerous modelling 
choices. As stated in this thesis, guidelines should support the modelling procedure. The 
nonlinear FE analyses of the Kiruna Bridge were based on general guidelines 
(Rijkswaterstaat 2012, 2016) and complemented with software-specific suggestions. This 
combination was necessary to use commercial software, partly due to conflicts between 
the general recommendations and software, and partly due to a lack of guidelines with 
regard to some required modelling choices. The conflicts and lack of clear 
recommendations were mostly related to the constitutive models, and numerous 
parameters should be further investigated to provide more thorough guidelines and 
reduce the analyst-dependency. Some examples of such parameters are related to the 
tension stiffening, shear stiffness reduction due to concrete cracking, compressive strength 
reduction due to a multi-axial stress state and stress level for a shift from a rotating to a 
fixed crack model. The studies using nonlinear FE analysis indicated that the concrete 
tensile properties (i.e. tensile strength and fracture energy) are crucial for the accuracy of 
the simulated bridge response. The tensile strength and fracture energy are usually 
derived from the concrete compressive strength and, for this purpose, the guidelines for 
nonlinear FE analysis (Rijkswaterstaat 2012, 2016) suggest relationships provided by 
Model Code 1990 and 2010 (CEB-FIP 1993; fib 2013). These relationships can be used 
for new structures, but in assessments of existing structures they may lead to 
unconservative predictions due to a less favourable development of the tensile strength 
in comparison to the compressive strength. This was demonstrated in the simulations of 
the test to failure of the bridge girders. Consequently, there is a need for further studies 
of changes of tensile properties in existing concrete structures. In the absence of reliable 
relationships, use of tensile properties determined in situ in FE simulations is strongly 
recommended. 

For assessment of existing prestressed concrete bridges, the evaluation of residual prestress 
forces is essential. As theoretical analysis of the residual prestress forces involves a range 
of uncertainties, it would be useful to derive the forces from non-destructive in situ 
measurements on the bridge. This is a complex task, and the study reported in this thesis 
showed a need for further development and examination of such experimentally-based 
methods. It is possible to obtain relatively precise estimates of the residual prestress force 
in simple members in a controlled laboratory environment. However, more complex 
cases (e.g. full-scale, statically indeterminate members and parabolic alignment of 
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prestressed reinforcement) are rarely investigated, although such studies are highly 
relevant for practical applications in bridge assessment. 

It has been shown that nonlinear FE analyses can be associated with a high degree of 
model uncertainty, which should be taken into account correctly in the safety 
verification. This field has been identified as requiring further research. Available 
recommendations for representative values for the model uncertainty are mainly based 
on traditional and standardised methods, and additional studies are required for use in 
combination with nonlinear analyses. With regard to the model uncertainty, the 
development of guidelines for FE modelling has an important role. Detailed guidelines 
would reduce the analyst-dependent variability and, thus, the model uncertainty, thereby 
improving the safety verification. The examination of enhanced assessment methods in 
this thesis contributes to further development of guidelines for nonlinear FE analysis. 

At the time of bridge construction, one thing is known; the bridge’s operational 
conditions will change during its service life. Deterioration processes will take place, and 
for various reasons boundary conditions and loads will change. In order to maintain it 
appropriately, and ensure its structural safety, assessments of the structure will be required 
sooner or later. However, structural assessment with high precision after a long time in 
service can be challenging due to numerous uncertainties associated with a lack of 
knowledge about the bridge and its past. A suggestion for future research is to use a digital 
twin bridge, which starts life (in silico) during the planning phase of the bridge. Such a 
bridge model should be integrated with monitoring of the in situ bridge, to be used for 
model-updating. Thus, the acquired information could provide sound foundations for 
more accurate analyses in the future. Several issues need to be addressed to enable 
construction of an informative digital twin bridge, for instance: what the model should 
cover, the level of detailing required, optimal ways to update the model during the 
bridge’s life-span based on in situ data, the parameters that should be monitored and the 
optimal ways to make the measurements. 
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APPENDIX A 

Original construction drawings 

The following original construction drawings of the Kiruna Bridge have been appended: 

K3 Design proposal 

K10 Foundation and site boundaries 

K11 Abutment 1 (dimensions) 

K14 Intermediate support 2 – 5 (dimensions and reinforcement) 

K15 Abutment 6 (dimensions) 

K23 Superstructure: Bridge deck slab (dimensions) 

K24 Superstructure: Cross-beams and detailing (dimensions) 

K25 Superstructure: Bridge deck slab (reinforcement) 

K26 Superstructure: Cross-beams and detailing (reinforcement) 

K27 Superstructure: Prestressing tendons 

K28 Prestressing tendons: Detailing 
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Instrumentation and full-scale test of a post-tensioned concrete 
bridge

Niklas Bagge1*, Jonny Nilimaa1, Thomas Blanksvärd1, Lennart Elfgren1

1 Department of Civil, Environmental and Natural Resources Engineering, Luleå University of Technology, 
971 87 Luleå, Sweden.

Abstract
To meet new demands, existing bridges might be in need for repair, upgrading or replacement. To assist such 
efforts a 55-year-old post-tensioned concrete bridge has been comprehensively tested to calibrate methods for 
assessing bridges more robustly. The programme included strengthening, with two systems based on carbon 
fibre reinforced polymers (CFRPs), failure loading of the bridge’s girders and slab, and determination of post-
tension cables’ condition and the material behaviour. The complete test programme and related instrumentation 
are summarised, and some general results are presented. The measurements address several current 
uncertainties, thereby providing foundations for both assessing existing bridges’ condition more accurately 
and future research.

Key words: Assessment, bridges, carbon fibre reinforced polymer, concrete, destructive test, ductility, flexure, 
full-scale test, monitoring, near-surface mounted reinforcement, non-destructive test, prestressed laminates, 
post-tension, punching, robustness, shear, strengthening, structural behaviour.

1 Introduction
In order to meet current and future demands for 
sustainability and structural resistance, existing 
bridges might be in need for repair, upgrading or 
replacement. For instance, responses to a 
questionnaire by infrastructure managers in 12 
European countries, acquired and analysed in the 
MAINLINE project, indicated a need for 
strengthening 1500 bridges, replacing 4500 bridges 
and replacing 3000 bridge decks in Europe during 
the coming decade [1]. The Swedish Government 
Proposal 2012/13:25 recommended an investment 
of SEK 522 billion (EUR 60.4 billion) from 2014 to 
2025, to meet transport infrastructure requirements 
in Sweden [2]. With adjustment for inflation this 
represents a 20 % increase relative to the previous 
investment level, as detailed in Prop. 2008/09:35 
[3], indicating a need for substantial actions to 
maintain robust and sustainable infrastructure. Due 
to budgetary constraints and the major social, 
economic and environmental benefits of avoiding 
demolition and reconstructing existing bridges [4], 

they should be repaired and strengthened rather than 
replaced in cases where this is cost-effectively
feasible [5]. Thus, advanced methods should be 
used for accurately assessing bridges’ condition [6], 
and identifying the optimal operations to maintain, 
strengthen or replace them, from a perspective 
based on life-cycle cost minimisation [7].

To obtain reliable assessments of existing bridges, 
which are crucial for rigorous life-cycle cost 
analysis, it is essential to address current 
uncertainties regarding key variables, such as 
structural and loading parameters and possible 
deterioration mechanisms [8]. In the past decade 
monitoring concepts have been developed to update 
models for bridge assessment, reducing the 
uncertainties, based on empirical data [9]. 
Moreover, proof loading has been suggested [10], 
and subsequently implemented for reinforced 
concrete structures in ACI Standard 437.2-13 [11], 
as an approach to verify the reliability of relevant 
models and reduce uncertainties regarding the true 
condition of existing bridges. Thus, testing and 
monitoring of bridges at service-load levels is an 
accepted and well-known approach for assessment.

Detailed, large-scale laboratory tests of bridges and 
their materials have been reported, e.g. [12] and 
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[13]. Destructive investigations of prestressed 
concrete [14], post-tensioned concrete [15-16] and 
non-prestressed reinforced concrete bridges [17-22]
have also been described. However, such studies 
have generally focused on specific components or 
elements, for instance, the bridge slab [15]. Few 
complete full-scale bridges have been tested to 
failure in order to improve understanding of their 
true structural behaviour, and rigorously calibrate 
methods and models. Hence, more comprehensive 
empirical information on the behaviour of concrete 
bridges, especially of prestressed and post-
tensioned concrete, as they approach failure, and 
cost-effective methods to avoid risks of failure, is 
required.

Thus, in the study presented here a 55-year-old post-
tensioned concrete bridge was thoroughly 
instrumented (with up to 141 sensors) and tested to 
failure. The aims were to calibrate and refine 
methods and models for assessing existing 
reinforced concrete bridges, and to assess the utility 
of methods using carbon fibre reinforced polymers 
(CFRPs) for upgrading reinforced concrete 
structures [23]. Since there have been few full-scale 
tests on post-tensioned bridges, a particular focus 
was on assessment of the post-tensioned system. 
The complete test and measuring programme is 
described here, and selected general results to 
provide insights about the tests. More detailed 
results will be presented later.

2 The Kiruna Bridge

2.1 General description
The Kiruna Bridge, located in Kiruna, Sweden, was 
a viaduct across the European route E10 and the 
railway yard close to the town’s central station 
(Figure 1). It was constructed in 1959 as part of the 

road connecting the city centre and the mining area 
owned by LKAB. The sub-level caving method for 
extracting the ore causes subsidence. Thus to ensure 
the continuing utility of the Kiruna Bridge, in 2006 
LKAB initiated geodetic position measurements of 
the bridge supports. In 2008 Luleå University of 
Technology (LTU) started to monitor the bridge 
continuously [24]. Due to ongoing subsidence, 
LKAB decided to permanently close the bridge in 
October 2013 for demolition in September 2014, 
providing an opportunity for LTU to test it to failure 
in May-August 2014.

2.2 Geometry
The bridge was a 121.5 m continuous post-
tensioned concrete girder bridge with five spans:
18.00, 20.50, 29.35, 27.15 and 26.50 m long (Figure 
2). According to construction drawings both the 
longitudinal girders and bridge slab in the western 
part (84.2 m) were supposed to be curved with a 
radius of 500 m. However, inspection of the actual 
geometry showed that the slab’s girders consisted of 
straight segments with discontinuities at the 
supports. Moreover, there were 5.0 % and 2.5 % 
inclinations in the longitudinal and transverse 
directions, respectively.

Longitudinal movements of the bridge were 
allowed at the eastern abutment by three rolling 
bearings (support 6 in Figure 2), but not the western 
abutment (support 1). Devices were installed at the 
bases of the intermediate supports 2-5, each 
consisting of three columns, in 2010 to enable 
vertical adjustment of the supports to counter 
uneven settlement of the basements.

The superstructure consisted of three parallel, 1923 
mm in height, longitudinal girders connected with a 
slab on top (Figure 3). Including the edge beams the 
cross-section was 15.60 m wide, and the free 
distance between the girders was 5.00 m. In the 
spans the girders were 410 mm wide, gradually 
increasing to 650 mm 4.00 m from the intermediate 
supports and widened to 550 mm at anchorage 
locations of the post-tensioned cables, two fifths of 
the span lengths west of support 3 and three tenths
of the span length east of support 4. The bridge slab 
was 300 mm thick at the girder-slab intersection and 
220 mm 1.00 m beside to the girders.

The Kiruna Bridge was post-tensioned in two stages 
with the BBRV system. In the first stage, six cables
per girder were post-tensioned in each end of the 
central segment. In the second stage, four and six
cables per girder were post-tensioned from the free 
end of the western and eastern segments,

Figure 1. Photograph of the Kiruna Bridge from the 
north-east, showing the slag heap from the LKAB 
iron ore mine in the background (2014-06-25).
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respectively. Each cable was composed of 32 wires 
with a 6 mm diameter.

The girders were each reinforced with three 16 mm 
diameter bars at the bottom, and 10 mm diameter 
bars at the sides with either 150 mm spacing for the 
central girder or 200 mm for the others. The vertical 
reinforcement also consisted of 10 mm diameter 
steel bars with 150 mm spacing. The concrete cover 
was 30 mm thick, except for the 16 mm diameter 
reinforcement bars, for which the horizontal 
concrete cover was 32 mm thick.

Before the tests the pavement on the slab was 
removed from the road crossing the bridge. The 
bridge was originally designed according to

Provisional Regulations of the Royal Civil 
Engineering Board issued in 1955 [25].

2.3 Material
According to construction drawings the concrete 
quality in the substructure and the superstructure 
was K 300 and K 400, respectively, while the 
reinforcing steel quality was generally Ks 40, 
except in the bridge slab (Ks 60). The steel quality 
for the post-tensioned reinforcing BBRV 
reinforcing system was denoted St 145/170. The 
bridge was constructed in accordance with the
National Steel Regulation [26] and National 
Concrete Regulation [27], issued in 1938 and 1949, 
respectively.

Track area E10

18000 20500 29350 27150 26500

1 2 3 4 5 66

Kiruna

LKAB

The span lengths correspond to the 
centre line of the bridge

ELEVATION

N
PLAN

Applied load

Figure 2. Geometry of the Kiruna Bridge and location of the load application in the test programme.

Central
girder

Northern
girder

Southern 
girder

1500 150012000

Figure 3. Cross-section of the Kiruna Bridge.
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3 Test procedure

3.1 General description
An experimental programme was designed to assess 
the behaviour and load-carrying capacity of the 
bridge using both non-destructive and destructive 
test procedures. For safety reasons, related to 
continuing use of the European route E10 during the 
tests, the experimental programme was developed 
for loading in span 2-3, with associated monitoring 
in spans 1-4 (Figure 4). The experimental 
programme can be summarised by the following,
chronological steps:

(1) Non-destructive determination of residual 
post-tensioned forces in cables in span 2-3
(May 27-28, 2014).

(2) Preloading Test Schedule 1, of unstrengthened 
bridge girders, including destructive 
determination of residual post-tensioned forces 
in cables in span 2-3 (June 15-16, 2014).

(3) Preloading Test Schedule 2, of strengthened 
bridge girders (June 25, 2014).

(4) Failure test of the bridge girders (June 26, 
2014).

(5) Failure test of the bridge slab (June 27, 2014).
(6) Complementary non-destructive determination

of residual post-tensioned forces in cables in 
midspans 1-4 (June 27 and August 25, 2014).

(7) Material tests of concrete, reinforcing steel and 
post-tensioned steel.

(8) Condition assessment of post-tensioned cables.

Steps 1-6 were carried out at the Kiruna Bridge, 
with the test dates in parenthesis. However, steps 7-

8 are planned to take place in the Complab 
laboratory at LTU after demolition of the bridge.

3.2 Strengthening
The experimental programme included tests of two 
separate systems for strengthening concrete 
structures using carbon fibre reinforcing polymers, 
which were attached to the lower sides of the central 
and southern girders in span 2-3 (see Figure 4 and
Figure 10). However, the northern girder remained 
unstrengthened. 

A system of three near-surface mounted (NSM) 
10x10 mm2 CFRP rods was installed in the concrete 
cover of the central girder [6, 28]. The bar lengths 
were limited to 10.00 m, due to transportation 
constraints, thus several overlaps (1.00 m) were 
required to apply the strengthening over the entire 
span length. A set of full-length CFRP rods was 
installed centrically in span 2-3, with sets of 5.80 
and 5.74 m CFRP rods on the western and eastern 
sides, respectively

To strengthen the southern girder, a system of three 
1.4x80 mm2 prestressed CFRP laminates was 
applied to the blasted concrete surface [29-30]. The 
lengths of the middle and outer laminates were 
14.17 and 18.91 m, respectively, in order to provide 
space for the anchorage device at each end. Each
laminate was tensioned to 100 kN at the eastern end, 
controlled with a load cell, as the force was applied 
using a manually operated hydraulic jack. The force 
was gradually transferred to the concrete by the 
anchorage device. In this manner no force is 
expected to be transferred at the end, while it is fully 
transferred after 1.20 m. The anchorage devices 
were attached to the bridge until disassembly after 

3 prestressed 
CFRP laminates
(1.4x80 mm2)

3 NSM CFRP 
rods (10x10 mm2)

Beam 1Beam 2

4 hydraulic jacks with cables
anchored in bedrock 1234

N

Figure 4. Arrangement for loading the bridge girders in midspan 2-3.
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Preloading Test Schedule 2. This experimental 
programme was the first reported full-scale 
installation and test of the strengthening method
using prestressed laminates with these innovative 
anchor devices.

For the CFRP rods and laminates, denoted StoFRP 
Bar IM 10 C and, StoFRP Plate IM 80 C
respectively, the mean modulus of elasticity and 
tensile strength were 210 GPa (200 GPa) and 3300 
MPa (2900 MPa), respectively, with mean values 
specified in parenthesis. Epoxi StoPox SK41, a 
commercially available and CE-approved 
thixotropic epoxy adhesive, was used to bond both
strengthening systems.

3.3 Preloading
In span 2-3 two welded steel beams (outer 
dimensions 700x1180x5660 and 700x1180x6940
mm3) were arranged horizontally to apply loads in 
the midspans of each girder, see Figure 2 and Figure 
4. They consisted of a double web (thickness 15 
mm) with flanges (thickness 30 mm) and were of 
the steel grade S355J0. The beams were supported 
by steel load distribution plates (steel grade 
S275JR), with areas of 700x700 mm2 and total 
thicknesses ranging from 20 to 265 mm, due to the 
inclination of the bridge slab. A horizontal concrete 
surface was also cast locally under the plates. The 
bridge was loaded using four hydraulic jacks with 
cables, threaded through drilled holes in the bridge 
slab, anchored over a length of 14.60 m in the 
bedrock, as illustrated in Figure 4. The distances 
from the centre of the jacks and cables to the centre 
of the support of the transverse steel beam were 885 
mm. The capacity of the jacks was approximately 
7.0 MN, with a 150 mm stroke length. The piston 
cross-section area was 1282 cm2 for jacks 1, 3 and 
4, and 1284 cm2 for jack 2. Each cable consisted of 
31 wires with 15.7 mm diameter.

The bridge was preloaded by applying two 
schedules of incrementally increasing loads using 
the four jacks to both strengthened and 
unstrengthened girders in midspan 2-3, as listed in 
Table 1 and illustrated in Figure 4. The schedules 
were designed to reach the cracking load of the 
girders, as predicted by preliminary nonlinear finite 
element analysis. Before the force-controlled 
loading to a specified level, given by the actual load 
case, the bridge was unloaded. To ensure no drift in 
the measurements and stable loading, peak pressure 
was maintained for load cases 7, 9, 13 and 29. Load 
cases 15-18 in Schedule 1 were designed to 
determine the remaining forces in the post-
tensioned cables (see Section 3.6).

3.4 Bridge girder failure test
Preloading was followed by a test to failure of the 
strengthened girders, according to the setup 
described in the previous section. Each girder was 
equally loaded to 12.0 MN in total (the approximate 
load-carrying capacity predicted by preliminary 
nonlinear finite element analysis): 4.0 MN delivered 
by the outer jacks and 2.0 MN by the inner jacks. 
The pressure in jack 4 was subsequently increased 

Table 1. Load cases for preloading the
unstrengthened and strengthened bridge girders in
midspan 2-3.

Load case
Jack 1 Jack 2 Jack 3 Jack 4

kN kN kN kN
11,2 500 250 250 500
21,2 500 500 - -
31,2 - - 500 500
41,2 1000 1000 - -
51,2 - - 1000 1000
61,2 1500 1500 - -
71,2 1500 1500 - -
81,2 - - 1500 1500
91,2 - - 1500 1500

101,2 500 250 250 500
111,2 1000 500 500 1000
121,2 1500 750 750 1500
131,2 1500 750 750 1500
141,2 2000 1000 1000 2000
151,2 2000 1000 1000 2000
161,2 2000 1000 1000 2000
171 2000 1000 1000 2000
181 2000 1000 1000 2000
191 500 500 - -
201 - - 500 500
211 1000 1000 - -
221 - - 1000 1000
231 1500 1500 - -
241 - - 1500 1500
251 500 250 250 500

261,2 1000 500 500 1000
271,2 1500 750 750 1500
282 2000 1000 1000 2000
292 2000 1000 1000 2000

1 Load case for preloading the unstrengthened girder 
2 Load case for preloading the strengthened girder
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to failure of the southern girder and then the 
pressure in jacks 2 and 3 was increased to failure of 
the central girder, while the settings of the other 
jacks remained unchanged so they provided 
approximately constant loads. The jacks’ grip 
positions were changed as necessary to 
accommodate deflections exceeding the stroke 
length.

3.5 Bridge slab failure test
The bridge slab in midspan 2-3 was tested to failure 
using an arrangement similar to load model 2 (LM 
2) described in Eurocode 1 [31], with its centre 
located 880 mm from the outer side of the northern 
girder (Figure 5). By rotating steel beam 1 (Figure 4 
and Figure 5), hydraulic jack 1 was reused to apply 
load on the slab, through two 350x600x100 mm3

steel plates spaced 2.00 m apart. A horizontal 
concrete surface was also cast locally under the 
plates. Due to the widening of the bridge girders at 
the anchorages of the post-tensioned cables, the 
distances from the centres of the western and eastern 
load distribution plates to the inner sides of the 
girders were 470 and 330 mm, respectively. As in 
the previous tests, the loading was force-controlled.

3.6 Assessment of post-tensioned cables
The residual force in the post-tensioned cables was 
non-destructively determined by monitoring strains 
at the lower surface of each girder resulting from 
gradually cutting the concrete with a saw on both 
sides of a strain sensor [32] placed one-tenth of the 
span length west of midspan 2-3, before the bridge 

and slab failure tests. After the failure tests, the 
procedure was also applied to each girder in 
midspan 1-2, the northern girder in midspan 2-3 and 
the central and southern girders in midspan 3-4. In 
order to keep the reinforcing steel intact, the 
arrangements of sensors and saw cutting lines were 
designed to avoid cutting either the stirrups or 
longitudinal reinforcing steel. The cutting 
proceeded to an approximate depth of 35 mm, or the 
actual depth of the longitudinal reinforcing steel. All 
the non-destructive tests were carried out without 
applying external loads.

As part of Preloading Test Schedule 1, the cracking 
moment test [33] was applied to calibrate the non-
destructive test method. During load cases 1-14
cracks formed, and instruments described in the 
next section were used to monitor the behaviour of 
selected cracks and adjacent areas between load 
cases 14 and 15. Thus, the remaining force in the 
post-tensioned cables can be determined from data 
acquired from load cases 15-18, based on the 
sequence of reopening of the cracks.

Further laboratory assessments of the condition of 
both the cables and their grouting are planned.

3.7 Material tests
To determine characteristics of the bridge’s 
materials, tests of the concrete, reinforcing steel and 
post-tensioned steel are also planned. Thus, before 
the tests described here at least six concrete 
cylinders were drilled out from the superstructure in 
both midspans 1-2 and 3-4, and each of the columns 
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Figure 5. Arrangement for loading the bridge slab in span 2-3.
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at support 4. In addition, during demolition of the 
bridge several 10, 16 and 25 mm diameter steel bars, 
and a specimen of the post-tensioned cables, were 
obtained for uniaxial tensile tests.

4 Instrumentation

4.1 General description
To evaluate the bridge’s behaviour a comprehensive 
measuring programme was designed. This section 
summarises the instrumentation used to measure 
changes in monitored variables during the bridge 
girder and slab tests and the non-destructive tests 
with no external load. In addition, measurements 
during strengthening were carried out according to 
the description in previous section.

Before initiating any experimental investigation 
existing cracks in the entire span 2-3 and the half-
spans 1-2 and 3-4 adjacent to the loaded span were 
mapped. The focus was on cracks in the girders, the 
crossing beams and the slab at the loading point. In 
order to follow the formation of cracks, the mapping 
was repeated after each test sequence. The cracks 
were mapped manually and their widths were not 
measured, apart from several cracks specified in the 
measuring programme.

In addition to the monitoring during bridge loading, 
long-term measurements were carried out during the 
nights before Preloading Test Schedules 1-2 and the 
failure test of the girders. The durations of the 
monitoring on these occasions were 22398, 21613 
and 45558 s, respectively, and the same 
instrumentation was used as in the followed bridge 
loading, excluding manual measurements. 
Moreover, the bridge was examined when the 
anchorage device for the prestressed CFRP 
laminates was disassembled.

Most measurements of the bridge were generally 
acquired at a sampling frequency 5 Hz, except for 
the long-term measurements (1 Hz).

4.2 Girder test
A battery of instruments was installed before the 
tests of the longitudinal bridge girders to obtain as 
comprehensive measurements as possible, within 
budgetary constraints, of the resulting forces, 
displacements, curvatures, strains and temperatures. 
These measurements were complemented by 
monitoring using several video and still cameras. 
Data were acquired from all the instrumentation 
described in this section during the full programme 
of tests of the bridge girders unless otherwise stated.

4.2.1 Force
The applied load on the structure was measured by 
monitoring the oil pressure in each hydraulic jack 
(1-4), illustrated in Figure 4, using UNIK 5000
sensors (GE Measuring and Control; A5075-TB-
A1-CA-H1-PA), which have a measuring range 
between 0 and 600 bar.

4.2.2 Displacement
Displacements of the bridge were measured using 
the following instruments. Draw-wire displacement 
sensors (MICRO-EPSILON; WDS-500(1000)-P60-
CR-P) were installed to measure deflections at 
positions 1-10 and 13-15 (Figure 6): in midspan 2-3
on the lower sides of the girders, and lower sides of 
the crossing beams 500 mm from the outer columns 
(positions 4-5 and 9-10). All these sensors had a 
measuring length of 500 mm except those used at 
positions 6-8 (1000 mm). Twisted lines connected 
each sensor to a reference point on the ground or the 
basement. 

At positions 11 and 12 both the longitudinal and 
transverse displacement were monitored using 
Noptel PSM-200 sensor. The reference point for the 
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Figure 6. Positions of bridge displacement sensors.
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horizontal displacement of the bridge slab at the 
centre line of support 3 was 150 mm 
perpendicularly away from the southern side of the 
basement. A transmitter was installed on the 
basement and a receiver on the lower side of the 
bridge slab, oriented vertically to the transmitter.
The Noptel PSM-200 sensors were only active 
during the failure test of the bridge girders. In 
addition, the displacement of the basements’ upper 
side at support 2-3 was manually measured during
the girder failure test, 500 mm against the centre of 
the bridge in transverse direction, in relation to 
positions 4-5 and 9-10, and the reference point was 
an unaffected point beside the bridge. For safety 
reasons, the incremental monitoring proceeded until 
a certain load was reached, 9.0 MN in total.

At positions 16-17 (Figure 6) longitudinal 
displacements of the upper part of the rolling 
bearings, i.e. the lower side of the girders, was 
measured using linear displacement sensors (Micro-
Measurements; HS 100) with a 102 mm 
measurement range, and positions in the abutment 
as reference points.

In Preloading Test Schedule 1, load cases 15-27, the 
width of one crack in the centre of the lower side of 
each girder (110, 910 and 1380 mm east of midspan 
for the northern, central and southern girders, 
respectively) was measured, using crack opening
displacement sensors (EPSILON; 3541-010-150-
ST) with the measuring range of 10 mm. Data were 
also acquired from the sensor on the girder 
strengthened with laminates during Preloading Test 
Schedule 2 and the bridge girder failure test.

4.2.3 Curvature
The curvature at support 2, support 3 and midspan 
2-3 was measured over distances of 4.82, 5.08 and 

5.00 m, respectively, using rigs composed of steel 
beams, supported at the ends, and five linear 
displacement sensors with 800 mm spacing based. 
At the supports the rigs were located on the bridge 
slab, while the midspan rig was located under the 
girder. Due to the discontinuities at the supports, i.e. 
changes in directions of the girder, and straightness 
of the curvature rigs, the instrumentation was 
installed along the line of the central girder in span 
2-3. The sensors were HS 100, HS 50 and HS 25
instruments (Micro-Measurements) with 
measurement ranges of 102, 51.5 and 26 mm, 
respectively, set at the positions increasingly distant 
from the centre of the rigs.

4.2.4 Strain
Strain gauges supplied by Kyowa were installed on 
the longitudinal and vertical reinforcing steel bars, 
CFRP rods and laminates, and the concrete surfaces 
of both the columns at supports 2-3 and next to some 
major cracks during Preloading Test Schedule 1, 
load cases 15-27. All of these gauges had 120 ohm 
resistance, and those installed on the longitudinal 
reinforcing steel, stirrups or CFRPs and concrete 
had measuring lengths of 10, 5 and 60 mm, 
respectively (KFG-10-120-C1-11L1M3R, KFG-5-
120-C1-11L1M3R, KC-60-120-A1-11L1M3R). In 
total, 35 strain gauges were systematically arranged 
on the longitudinal reinforcing steel bars: at sections 
A-K in Figure 7 and cross-section positions 1-12 in 
Figure 8, 1879 mm from the centre lines of the 
supports on each side (B and J), and 1433 and 2226 
mm from each side of midspan 2-3. The locations of 
the sections were at angles of 45° to the centre line 
of the supports and 60° and 45°, respectively, to the 
load distribution plates. On the reinforcement bars 
they were installed in the corners of the closed 
stirrups (Figure 8) except at positions 2, 5, 8 and 11, 
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Figure 7. Positions of strain gauges on longitudinal reinforcing steel.
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where they were located 1248 mm from the lower 
side of the girders. All the strain gauges, apart from 
those in the bridge slab, were placed on the side of 
the girders.

The locations of the sensors for each section and 
cross-section position, are specified in Table 2. Due 
to the greater width of the girder in sections G-H and 
the corresponding increase in concrete cover strain 
gauges 25-28 were not used in the final measuring 
programme. Care was taken to avoid damaging the 
girder in any way that could potentially affect the 
quality of the strengthening.

As illustrated in Figure 9, strain gauges were also 
installed in three lines on the vertical reinforcing 
steel on the northern side of the southern girder in 
span 2-3, at 900 mm spacing starting from the edge 
of the loading plate. Thus strain gauges 6-9 were 
located 1250 mm from the central point of the load 
application. Vertical distances from the bottom side 

of the girders to the sensors were 148, 548, 948 and 
1348 mm, respectively.

In addition, an ARAMIS system in 5M 
configuration was used to optically record
deformations of the surface on the southern girder 
on the opposite side to the instrumentation of the 
vertical reinforcing steel, and accompanying 
software was utilised to analyse the strains. The 
optical monitoring was based on a grid, centred 2.0
m west of midspan 2-3, from the bottom of the 
girder. Thus, strain gauges 3-4 according to
Figure 9, on the opposite side of the girder, were 
located within the monitored area, which 
theoretically covered 1050x880 mm.

In total 14 strain gauges were installed on the NSM 
CFRP rods and 10 on the prestressed CFRP 
laminates (Figure 10): gauges 1-8 recorded the 
strain at the western edge of the NSM strengthening; 
9, 10 and 15 were located in the sections equipped 
with strain gauges on longitudinal reinforcing steel; 
11 and 16-18 at midspan 2-3; 14-16 at major 
concrete cracks and 19-24 next to the anchorage of 
the laminates.

To obtain the reaction forces in the columns 
adjacent to the load application in midspan 2-3, i.e. 
supports 2 and 3, the concrete strains were measured 
by installing a sensor 800 mm above the bottom in 
the centre of each side of each column. Before the 
bridge tests, the methodology of using strain gauges 
to determine the reaction forces was validated using 
load cells, while preloading the column with 
hydraulic jacks and utilising the column’s vertical 
adjustment device.

On each side of the cracks instrumented by crack 
opening displacement (COD) sensors as described 
above, the concrete strains were measured. Like the 
COD sensors, the strain gauges were located in the 
centre of the lower side of the girders. These sensors 
were only active in Preloading Test Schedule 1, load 
cases 15-27.
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Figure 8. Cross-section positions of strain gauges on longitudinal reinforcing steel.

Table 2. Positions of strain measurements on 
longitudinal reinforcing steel.

No. Position1 No. Position1 No. Position1

1 A6 14 E4 27 H4
2 A12 15 E7 28 H7
3 B1 16 F1 29 I6
4 B2 17 F2 30 I12
5 B3 18 F3 31 J1
6 B6 19 F4 32 J2
7 B10 20 F5 33 J3
8 B11 21 F6 34 J6
9 B12 22 F7 35 J10

10 C6 23 F8 36 J11
11 C12 24 F9 37 J12
12 D4 25 G4 38 K6
13 D7 26 G7 39 K12

1 Section A-K in Figure 7 and cross-section position 
1 – 12 in Figure 8
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4.2.5 Temperature
During the experiments temperatures were
measured at several locations in midspan 2-3
(Figure 11), using type T (04 N/N-24-TT) 
temperature wires inserted into holes to specified 
depths in relation to the concrete surface: 30 mm for 
positions 1, 3 and 6; 60 mm for positions 2 and 7; 
50 mm for positions 4 and 8; and 80 mm for position 
5.

4.3 Slab test
Relevant instrumentation that was still intact after 
the girder failure tests, and complementary 
instrumentation, was used to monitor the behaviour 
of the bridge during the following bridge slab failure 
test. The sensors still active during this test were:

the oil pressure sensor for hydraulic jack 1, as 
shown in Figure 4 and Figure 5;
draw-wire sensors 4-7 and 14-15, as shown in
Figure 6;
strain gauges 1-39 as specified in Table 2,
excluding gauges 12, 17 and 24-28, which were 
not used for various reasons;
strain gauges 1-9 as shown in Figure 9, except 
gauge 8, which was out of order;
strain gauges 1-24 installed on the columns at 
supports 2 and 3; 
temperature wires 1-8, as shown in Figure 11.

4.3.1 Displacement
The above instrumentation was complemented with 
four draw-wire sensors, with similar specifications 
to the sensors utilised in previous tests. Two were 

located on the lower surface of the slab, at the centre 
of the load applications, to measure deflections, and 
two on the lower side of the northern longitudinal 
girder, in both cases 2.00 m on either side from 
midspan 2-3.

4.3.2 Curvature
To monitor curvature in the slab test the rigs used in 
the girder tests at supports 2 and 3 were installed on 
the top surface of the slab, parallel to the steel beam 
used for load application, 500 and 1000 mm 
southern to the centre of the loading plates. The 
midpoint of this instrumentation coincided with 
midspan 2-3.

4.4 Non-destructive test
Three strain gauges of the same type as previously 
specified for monitoring the concrete were used in 
the non-destructive tests to determine the residual 
forces in the post-tension cables, located in a line in 
the centre of the lower sides of each girder in span 
2-3. In order to provide enough space to avoid 
damaging the sensors while cutting the concrete, the 
centre-centre distance was 120 mm, since the total 
length of the strain gauges was 74 mm with a 60 mm 
measuring length.

5 Results

5.1 General description
In the experimental programme for the girder tests 
the bridge was instrumented with sensors at up to 
141 positions in total, excluding the surface 
measurement using ARAMIS, and 93 sensors were 
used in the bridge slab failure test. General 
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observations regarding the test procedures and the 
observed load-carrying capacity of the bridge are 
presented in this section.

5.2 Girder test
The loads applied in the preloading schedules and 
loading the bridge to failure, according to the 

recorded pressures in the hydraulic jacks, are 
illustrated in Figure 12 to Figure 14, which show 
that the preloading followed the schedules listed in
Table 1, with minor deviations due to difficulties in 
manually controlling the oil pressure. In Preloading 
Test Schedule 1 (Figure 12) the complementary 
instrumentation used to determine the remaining 
forces in post-tensioned cables was installed after 
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approximately 7400 s. The time spent installing it 
(about 5.5 hours including associated operations) is 
not shown in the graph, but no corrections have been 

applied to the force-time courses shown in Figure 
13.

In order to manually follow the basement 
settlements of the bridge safely, the loading was 
carried out stepwise up to a certain level, see Figure 
14. Another reason for the irregularity in the loading 
procedure was the limited stroke length of the 
hydraulic jacks, which required the grip position to 
be changed several times to accommodate longer 
deflections of the bridge.

After applying a total load of 12.0 MN (4.0 MN for 
each girder), the pressure in jack 4 was increased to 
reach failure of the southern girder, while the 
pressure in the other jacks remained nearly constant. 
However, the pressure in jacks 1 and 4 slightly 
decreased as the central girder was loaded to failure 
using jacks 2-3, in responses related to the 
deformations of the bridge.

Deflections of the bridge are illustrated by the load-
displacement curve in Figure 15, showing the 
relationship between the total load and midspan 
deflection of the central girder. Figure 15 also 
presents the behaviour according to finite element 
analysis with 2D and 3D idealisation in the software 
ATENA and ABAQUS, respectively. 
Unfortunately, draw-wire sensor 8 (Figure 6), was 
damaged during the test, so the midspan deflection 
of the southern girder is not available for the entire 
test. The highest loads the longitudinal southern and 
central girders were subjected to induced 
deflections of 136 and 159 mm, respectively (Figure 
15). However, the bridge loading was further 
continued. The shapes of the girders after the test 
are shown in the photograph in Figure 16. The peak 
load at loading the southern girder to failure was 
13.4 MN (5.5 MN in jack 1) and 12.7 MN for the 
central girder (6.1 MN in total in jacks 2-3).

Figure 12. Observed loadings during Preloading 
Test Schedule 1, unstrengthened girder.

Figure 13. Observed loadings during Preloading 
Test Schedule 2, strengthened girders.

Figure 14. Observed loadings during the bridge 
girders failure test.

Figure 15. Load-displacement relationship during 
the bridge girder failure test.
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5.3 Slab test
The data acquired from the specified test setup 
indicate that the load-carrying capacity of the bridge 
slab was 3.32 MN. Thus, the load transferred in each 
loading plate was 1.66 MN. The slab failed only at 
the western load distribution plate, displaying very 
brittle behaviour with no appreciable indication of 
the failure. In Figure 17 the final shape of the bridge 
slab is presented from underneath the bridge. Due to 
the arrangement of the test setup and type of failure 
it was not possible to further load the slab to achieve 
failure at the eastern load distribution plate.

6 Conclusions
Closure of the Kiruna Bridge provided a rare 
opportunity for LTU to monitor a post-tensioned 
concrete bridge during tests to failure using a wide 
array of instruments, from May to August 2014. The 
primary aim was to acquire relevant data for 
calibration and development of methods for 
assessing prestressed and post-tensioned concrete 
structures. The results acquired during the 
investigations reported in this paper suggest that the 
following parameters warrant further attention:

Robustness, ductility and bridge behaviour;

Shear resistance at ultimate limit state;
The utility, behaviour and contributions to 
increases in capacity of strengthening methods 
using CFRPs;
Punching resistance of bridge slabs;
Condition of post-tensioned steel cables and 
non-destructive determination of residual forces;
Reliability-based analysis of reinforced concrete 
structures;
Finite element model updating.

Detailed analyses of these parameters would greatly 
facilitate improvements in models for assessing 
existing concrete structures and thus savings of 
costs, for bridge owners and managers.
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Abstract
Levels of residual prestress forces are key parameters when assessing the structural behaviour of existing 
prestressed concrete bridges. However, these parameters are often unknown and not easy to determine. To 
explore them, two existing non-destructive and destructive approaches have been further developed for 
practical application and demonstrated on a multi-span continuous girder bridge. The evaluation of the 
prestress forces was part of an extensive experimental programme aimed to calibrate and develop assessment 
methods. Due to the pursuit of practical applications for existing bridges, the main focus was on non-
destructive methodology, combining experimental data and finite element modelling to obtain the residual 
prestress forces. Assuming that the initial prestress force corresponded to 85 % of the characteristic 0.2 %
proof strength of the reinforcing steel, estimated losses in investigated sections ranged between 5 and 70 %. 
However, determined residual prestress forces were generally higher than theoretically based estimates 
accounting for friction and time-dependent losses in the prestressing system. In addition to describing in detail 
the methods for prestress evaluation, this paper presents suggestions for improvements and further studies, 
based on experiences from the field tests.

Keywords: assessment, destructive test, existing bridges, field tests, finite element analysis, non-destructive 
test, prestressed concrete, residual prestress force, structural behaviour.

1 Introduction
Accurate determination of residual prestress forces 
is essential in assessments of existing prestressed 
concrete bridges because they strongly influence 
their responses and capacities at both serviceability 
and ultimate limit states. In addition to stiffening, 
prestressing reduces exposure and thus increases 
resistance of such structures in aggressive 
environments by preventing cracks or limiting their 
growth.

Several studies, e.g. [1-4], on existing prestressed 
concrete elements taken out of service have found 
appreciable deviation between measured prestress 
losses and losses predicted by models provided in 
codes. However, others [5, 6] have reported good 
agreement between predicted and empirically 
determined losses. All of the cited studies focused 
on members that had been in service between 25 and 
40 years. Furthermore, an investigation of 30 full-
scale, prestressed girders during the first three years 

after casting showed that most prestress losses 
occurred during the first four months, and code-
based predictions generally agreed well with the test 
results, although they were very conservative in 
some cases [7]. Thus, there are clearly difficulties in 
determining residual prestress forces using code 
models. These difficulties are related to factors 
including (inter alia) assumptions about the 
properties of the prestressing system and time-
dependent phenomena, such as steel relaxation,
both shrinkage and creep of concrete and also 
degradation processes [1-7]. Uncertainties 
associated to the prestressing system have for 
several bridges even yielded in collapse of the 
structure [8, 9].

Although there are uncertainties in code models, 
leading to deviations from reality, few empirical 
methods are available to assess the actual condition 
of prestressing systems, and their applicability in 
complex conditions may not have been confirmed.
Examples of destructive methods are moment, 
decompression load and strand-cutting tests [5]. In 
a cracking moment test (Figure 1a) the external load 
causing the first crack to appear in a member is 
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determined and used to calculate the prestress force. 
Several techniques can be used for this [7], but the 
results may be inaccurate due to uncertainties about 
the tested member’s tensile properties. In 
decompression load tests (Figure 1b), regarded as 
generally more accurate, an existing crack is 
monitored under repeated loading and the load 
causing reopening is used to calculate the prestress 
force [7]. In a strand-cutting test a strand is exposed 
then a strain gauge is installed and used to measure 
strains that develop when the strand is cut (Figure 
1c). The corresponding prestress force in the strand 
can then be determined.

As the destructive approaches inevitably cause 
damage they are not suitable for application to 
bridges in service, consequently non-destructive 
approaches have also been developed. For exposed 
strands (Figure 1d) the residual prestress forces can 
be derived by comparing responses to lateral forces 
applied to the strands with calibration data [10]. The 
drawbacks of this method are the needs for exposed 
strands in the structure and calibration data covering 
the specific conditions (for instance, the strand’s 
dimensions, type and exposed length). For 
embedded strands, measurements of stresses around 
a drilled hole (Figure 1e) adjacent to the prestressed 
reinforcement can be used to quantify the residual 
prestress forces [1]. Another method is to calculate 
prestress force from responses of a concrete block 
isolated from the force by introducing saw-cuts 
(Figure 1f) in the member’s concrete cover adjacent 
to the prestressed reinforcement [11]. These 

methods can be regarded as non-destructive as they 
have negligible impact on the structure, provided 
local damage they cause is properly repaired. The 
two approaches that do not require exposed strands 
— measuring stresses around a drilled hole and 
isolating a concrete block (Figure 1e and 1f) — have 
only been applied to, and confirmed for, relatively 
simple members (in terms of support conditions, 
member geometry and prestressed reinforcement) in 
controlled environments. Thus, none of the 
mentioned non-destructive testing methods have 
been applied to continuous members reinforced 
with parabolic post-tensioned cables. There are also 
some other techniques that require installation of 
monitoring equipment before casting, but they are 
very rarely utilized in bridges and thus can rarely be 
used for assessment.

Clearly, there is a need to develop rigorous practical 
approaches for in-situ quantification of residual
prestressed forces in concrete bridges due to the 
importance of prestressing in a proper assessment of
the structural behaviour [12]. Thus, both destructive 
methodology based on decompression load tests 
and the non-destructive saw-cut method for 
evaluating prestressed forces have been further 
developed to extend their applicability to more 
complex structures. This paper reports these 
developments and an experimental study on a 
bridge taken out of service designed to assess the 
reliability of results obtained using the revised 
methods. The study was part of a research project 
involving a battery of tests aiming to examine and 

Figure 1. Methods to determine residual prestress force P.
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improve bridge assessment methods [13]. The 
results are expected to facilitate evaluations of the 
structural behaviour and load-capacity of bridges 
for which no information is available about the 
intended prestress forces at construction (a common 
source of uncertainty).

2 Bridge description

2.1 Background
The focal object was a 55-year-old viaduct located 
in Kiruna, northern Sweden (Figure 2): a two-lane 
road bridge constructed across a highway and 
railway yard in 1959 to connect the city centre to a 
nearby iron ore mine (the largest in the world). In 
2006 monitoring of the Kiruna Bridge was initiated, 
due to ground deformations caused by underground 
mine operations. The bridge was permanently 
closed in October 2013 and tested to failure in a 
research project in June 2014, with the aim to
develop and improve methods for bridge 
assessment [13].

2.2 Geometry
The Kiruna Bridge was a 121.5 m long, 15.6 m wide 
continuous five-span bridge, composed of three 
longitudinal prestressed concrete girders connected 
with a reinforced concrete slab on top and one or 
two cross-beams in each span (see Figure 3). The 
span lengths in the bridge’s centre line were, 
according to construction drawings, 18.00, 20.50, 
29.35, 27.15 and 26.50 m. In addition, the 
superstructure was extended 300 mm beyond the 
centre of the end supports. The western part of the 
bridge (84.20 m) was curved with a radius of 500 m, 
whilst the remaining part was straight (37.30 m). In 
the construction process the curved geometry was 
simplified to straight segments between the 
supports. The bridge deck was inclined 5.0 and 
2.5 % in longitudinal and transverse directions, 
respectively.

Each girder was supported by longitudinally and 
transversally restrained bearings at the western 
abutment (support 1), transversally restrained 
rolling bearings allowing longitudinal displacement 
at the eastern abutment (support 6) and quadratic 
550x550 mm2 columns at the intermediate supports 
(supports 2-5). The lower 785 mm part of each 
column had been replaced by a device intended to 
allow vertical and horizontal adjustments, if 
necessary, due to uneven support displacement [14].
The adjustment device included a joint allowing 
rotations in the column’s bottom part.

The dimensions of the girders were 410x1923 mm2

(including the slab), gradually widening to 650 mm
at the supports over a distance of 4.00 m. In 
addition, the girder width was increased to 550 mm
at locations of the casting joints and (thus) 
anchorages of post-tensioned tendons, 40 % of the 
span length west of support 3 and 30 % of the span 
length east of support 4 (see Figure 3). The 
thickness of the bridge slab was 300 mm at the 
girder-slab intersection, gradually declining to 
220 mm over a distance of 1.00 m.

A BBRV (Birkenmaier, Brandestini, Ros and Vogt) 
tendon system was used to prestress the girders [15]
in two stages: the central segment between the two 
joints first, then the outer segments (Figure 3). In the 
central segment six tendons were post-tensioned 
from each side, while six tendons were post-
tensioned from the free end of the eastern end and 
four tendons from the western end. The tendons 
consisted of bundles of 32 strands with 6 mm
diameter (Figure 4a). Grouted 70 mm diameter 
ducts were specified in the construction drawings. 
However, some 50 mm ducts were found at several 
locations when the bridge was demolished. Visual 
inspection at that time indicated that the tendons, 
ducts and grout were in good condition (as 
illustrated in Figure 4). The prestressing 
reinforcement ducts and tendons had paired 
parabolic profiles, with the lowest positions in the 

Figure 2. Photograph of the Kiruna Bridge during the test, view from the north. (Image by Niklas Bagge).
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midspans and the highest positions over the 
supports. Table 1 summarizes distances from the
bottom of the girder to the centre of tendons in three 
section types (support, midspan and cable joint). 
The initial prestress forces from the construction 
phase were not documented. However, upper levels 
of stresses specified in the relevant design codes
[16] can be taken as maximum values. They were 
based on the 0.2 % proof strength fp0.2k and tensile 
strength ftk in the following manner, with 
corresponding calculated stresses given in 
parenthesis: (a) the lowest of either 0.85fp0.2k

(1233 MPa) or 0.75ftk (1275 MPa) before locking 
and anchoring the system, and (b) the lowest of 
either 0.80fp0.2k (1160 MPa) or 0.70ftk (1190 MPa) 
after locking or relaxation of the system.

The girders were also reinforced by three 16 mm
diameter longitudinal non-prestressed bars in the 

bottom and 10 mm diameter bars distributed on 
both sides, at 150 mm spacing for the central girder 
and 200 mm for the others. The vertical 
reinforcement consisted of 10 mm diameter closed 
stirrups with 150 mm spacing, for which the 
concrete cover was 30 mm thick.

2.3 Material properties
According to drawings different concrete quality 
classes were used in the substructure and 
superstructure. However, compressive tests of cores 
drilled out from the structure indicated that the 
concrete in all parts of the structure had similar 
properties, with overall average cylinder 
compressive strength and modulus of elasticity of 
62.2 MPa (16 %) and 32.1 GPa (8.3 %), 
respectively. Here, percentages in parenthesis are 
coefficients of variance.

Figure 3. Geometry of the Kiruna Bridge.
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The post-tensioned reinforcing steel had a nominal 
characteristic 0.2 % proof strength of 1450 MPa
(1606), tensile strength of 1700 MPa (1734) and
strain at peak stress of 3.5 % (4.7), where the values 
in parenthesis are from in-situ tests. Corresponding 
values for the non-prestressed reinforcement steel in 
the girders were 410 MPa (484), 600 MPa (702) and 
16 % (13) for 10 mm bars and 410 MPa (439),
600 MPa (705) and 16 % (13) for 16 mm bars.

2.4 Experimental programme
The experimental programme mainly focused on 
span 2 (from the west in Figure 3), because the 
highway under span 5 was still in service. However, 
adjacent spans were included in some of the tests. 

The experimental programme can be summarized 
by the following, chronological steps:

(1) Non-destructive tests to determine residual 
prestress forces in tendons in span 2 (May 27-
28, 2014).

(2) Preloading of the bridge girders for tests 
including destructive determination of residual 
prestress forces in tendons in span 2 and to 
investigate the overall structural behaviour of 
the bridge (June 15-16, 2014).

(3) Preloading of the bridge girders after 
strengthening with two carbon fibre reinforced 
polymer (CFRP) systems: external prestressed 
and bonded laminates with end anchorage, and 
near-surface mounted (NSM) rectangular rods 
in the concrete cover. The main focus in this 
loading schedule was on effects of the 
strengthening systems on the structural 
behaviour (June 25, 2014).

(4) Loading to failure of the southern and central 
bridge girders to investigate their failure 
mechanism and load-carrying capacity (June 
26, 2014).

(5) Loading to failure of the bridge deck slab to 
investigate its punching and shear failure 
mechanism and load-carrying capacity (June 
27, 2014).

(6) Non-destructive tests to determine residual 
prestress forces in tendons in spans 1 to 3 (June 
27 and August 25, 2014).

(7) Material tests of concrete and reinforcing steel.

The experimental programme is further described in 
[13]. The intention of steps 1 and 2 was to utilize 
both destructive and non-destructive testing 
methods to determine the residual prestress forces 
in midspan 2. However, evaluation of results from 
the non-destructive tests indicated that they were 

Table 1. Positions of post-tensioned tendons.

Section
Distance from bottom (mm)

Tendon
1-2

Tendon
3-4

Tendon
5-6

Support 1 1220 1470 -
Midspan 1 70 70 -
Support 2 1670 1670 -
Midspan 2 220 220 -

Joint 1 220 563 1470
Support 3 1770 1860 1860
Midspan 3 70 70 160
Support 4 1770 1860 1860

Joint 2 276 597 904
Midspan 4 70 70 160
Support 5 1420 1510 1510
Midspan 5 70 70 160
Support 6 900 1150 1470

Figure 4. Photographs of prestressed reinforcement: (a) tendon specimen for determination of grout quality 
and strand material properties and (b) tendons in span 2 at demolition of the bridge. (Images by Niklas Bagge).

(a) (b)
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unreliable due to inappropriate conditions (e.g. low 
temperature) during the installation of monitoring 
equipment and subsequent problems due to an 
unreliable power source. Consequently, additional 
tests were carried out on spans 1 to 3 in June and 
August, 2014.

3 Theoretical approach
In order to quantify the prestress forces in a concrete 
member theoretically, parameters influencing the 
prestress losses must be taken into account [17, 18].
Generally, the losses can be classified as pre-
transfer or post-transfer, depending on whether they 
occur before or after the prestress force is 
transferred to the concrete. Losses due to friction 
and elastic shortening of concrete are regarded as 
pre-transfer losses, while losses due to slippage, 
concrete shrinkage and creep, and steel relaxation 
are regarded as post-transfer losses [19]. In 
members with a post-tensioning system the elastic 
shortening of the concrete can be compensated for 
(and associated losses avoided) by the 
corresponding force during the prestressing 
procedure. Furthermore, slippage when anchoring 
the prestressing reinforcement can be disregarded in 
sections such as those considered in this paper, 
because the friction between the reinforcement and 
ducts limits loss to the regions adjacent to the 
anchors. In members with post-tensioned strands in 
ducts friction losses occur due to friction between 
the strands and surrounding ducts, arising from 
intended curvature and unintended angle changes 
(wobble). The prestress losses related to the friction 
arising from circular curvature can be determined 
from the equilibrium equation (1):

kx
x ePP 0 (1)

Here: Px is the actual prestress force along the 
structure taking friction losses into account, P0 is the 
prestress force at the anchorage device when post-
tensioning the tendon, e is the natural logarithm 
(2.71), μ is the friction coefficient between the 
strands and the duct, is the cumulative angle 
change from the tendon end to the section where 
prestress force is determined, k is the wobble 
friction coefficient between the strands and the duct, 
and x is the distance from the active tendon end to 
the section where prestress force is determined. 
According to the manufacturer, the friction and 
wobble friction coefficient of the BBRV 
prestressing system were 0.20 and 0.01 rad/m, 
respectively [20]. Assuming that the maximum 
allowed prestress was applied to the structure 

(0.85fp0.2k) the prestress forces in the experimentally 
investigated sections were estimated to obtain 
comparative values. The calculated losses in 
Sections A-C (as shown in Figure 3) are reported in 
Table 2.

Time-dependent losses were calculated from the 
stress state taking pre-transfer losses into account. 
According to the manufacturer’s specifications of 
the prestress system the relaxation was 8 % and 0 %
at a steel stress of 0.65ftk and 0.45ftk, respectively 
[20], leading to the following losses: 8.0 % in 
Section A, 1.4 % in Section B and 6.1 % in 
Section C, based on linear interpolation between 
specified values.

The effect of shrinkage can be estimated from the 
constant strain of 0.25 ‰ for normal outdoor 
conditions [21], corresponding to 3.4 % of the 
characteristic 0.2 % proof strength (1450 MPa).
Based on the prestress level considering friction 
losses this yields the following losses: 4.9 % in 
Section A, 7.1 % in Section B and 5.7 % in 
Section C.

The creep, causing prestress losses, is dependent on 
the current stress state (accounting for the 
permanent loads acting on the structure) and can be 
expressed by Equation (2):

c
cr E

(2)

Here: cr is the creep strain, is the stress, Ec is the 
concrete modulus of elasticity and is the creep 
coefficient. The creep coefficient is influenced by 
several parameters, notably relative humidity, but 
was assumed to be 2.0, a typical value under normal 
outdoor conditions [16] to obtain rough estimates of 
the prestress losses due to creep. Consequently, the
following losses were obtained taking prestress 
forces, dead loads and restraint forces into account: 
8.4 % (N, 8.2; C, 8.4; S, 8.6) in Section A, 6.2 % (N, 
7.7; C, 6.2; S, 4.8) in Section B and 11.9 % (N, 10.3; 
C, 11.9; S, 13.5) in Section C with values for the 
northern (N), central (C) and southern (S) girders in 
parenthesis. The total prestress losses including 
friction and time-dependent effects are given in 
Table 2.

4 Non-destructive approach

4.1 General concept
For non-destructive determination of the residual 
prestress force in prestressed concrete members
Kukay [22] has developed, implemented and 
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confirmed an approach for simply supported beams 
with pre-tensioned strands. The method was applied 
by the cited author to both two-strand reinforced 
rectangular beams produced in the laboratory and 
14-strand reinforced precast I-girders taken from a 
bridge under reconstruction. In the two sets of tests 
the focal strand’s vertical position was fixed on the 
tensile face of the beam. This approach was applied 
in tests of the Kiruna Bridge, thereby extending its 
use to more complex and general applications.

The method involves monitoring the evolution of 
longitudinal strain at the surface (top or bottom) of 
a member as a concrete block is gradually isolated 
from stresses induced by acting loads, via transverse 
saw-cuts on each side of the strain measurement 
point (Figure 1). The prestress force can then be 
calculated from the strain corresponding to a fully 
isolated concrete surface. Isolation is considered to 
be complete when increases in saw-cut depths do 
not lead to further changes in strain at the surface.
Navier’s formula is used to quantify the residual 
prestress force, taking into account the factors 
contributing to the strains at the monitoring point, 
which include: (a) prestress force in the member, 
including the influence of eccentricity in 
prestressing element positions, (b) restraint forces 
due, for instance, to eccentricity in prestressing 
element positions in members that are not free to 
deform, (c) dead load of the member and (d) 
external applied load. Thus, the formula for 
determining axial stresses in the section used to 
calculate the prestress force is given by 
Equation (3):

I
yM

I
yM

I
yM

I
yPe

A
P QGRP (3)

Here: is the longitudinal concrete stress at the 
surface, P is the prestress force, A is the cross-
section area, eP is the eccentricity of the prestress 
force, y is the distance to the neutral axis from the 
monitored surface, I is the second moment of inertia 
of the cross-section, MR is the secondary moment 
due to restraint forces, MG is the moment due to 
dead load and MQ is the moment due to external 
loads (in the evaluated section of the member in 
uncracked state). Using Hooke’s law, the measured 
and calculated strains can be compared, and the 
prestress force can be determined through an 
iterative process. The previous formulation of 
Equation (3) by Kukay [22] was extended by 
including the contribution from the secondary 
moment, MR, which was required in the analysis of 
the Kiruna Bridge because the intermediate 
supports restrained displacements caused by the 
eccentric alignment of the tendons. Provided
suitable remedial measures are applied after the test 
the method is considered non-destructive as it has 
negligible effects on the structure and its lifespan. 
Repair of the small defects on the concrete surface, 
i.e. saw-cuts, is recommended after testing to avoid 
unnecessary exposure of components in the 
member.

This non-destructive approach can only be applied 
in situations where a concrete block can be fully 
isolated from prestress forces. This is not always 
possible in assessments of existing structures 
because (for instance) non-prestressed 
reinforcement should not be damaged and/or may 
be located too close to the concrete surface to make 
sufficiently deep saw-cuts. In such situations 
combining FE analysis with the specified test 
method may provide valuable complementary 
information. Thus, this approach was applied in the 

Table 2. Theoretically and experimentally determined prestress losses.

Evaluation method
Section A Section B Section C

N C S N C S N C S

Theoretical incl. friction (%) 17 17 17 43 43 43 29 29 29

Theoretical incl. friction and 
time-dependent effects (%) 35 35 35 52 51 51 45 46 47

Non-destructive (%) 7 (22) 0 (8) -5 (5) 70 - - - 46 37

Destructive (%) - - - 87a) 69b) 68c) - - -

a) 1380 mm east of Section B; b) 910 mm east of Section B; c) 110 mm east of Section B.
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study presented here, by modelling the test 
procedures then applying an iterative procedure to 
find the residual prestress force corresponding to the 
behavior observed in the tests. If successful, this 
approach would avoid the need for complete 
isolation of a concrete block and potential damage 
to reinforcement. Details of the approach are 
described below.

4.2 Experimental design
The investigated section was selected based on the 
known vertical positions of the tendons, according 
to the construction drawings. The lowest tendon 
position was in the midspan (Table 1). However, 
this was not available in span 1 because of uneven 
ground conditions under the bridge. The non-
destructive method was applied in the following 
sections of the Kiruna Bridge after the failure 
loading: Section A, one tenth of the span length east
of midspan 1 on each girder; Section B, midspan 2
on the northern girder; and Section C, midspan 3 on 
the central and southern girders (see Figure 3). In 
addition, the section one tenth of the span length 
west of midspan 2 was investigated on each girder 
before the pre- and failure loading of the bridge’s 
superstructure. However, as already mentioned the 
quality of the data acquired in that investigation was 
poor, so only the results from tests after the loading 
schedules are presented in this paper. In Sections A-
C the depths of the tendon closest to the surface (i.e. 
distance between the concrete surface and the centre 
of the tendon) were 195, 220, and 70 mm, 
respectively. In the non-destructive tests the 
external load corresponding to MQ in Equation (3) 
was zero.

The test setup and instrumentation are shown in 
Figure 5. In order to ensure that reliable strain 
evolution data were acquired, three strain gauges 
were installed in a row in each investigated section, 
longitudinally, in the girder’s bottom side. The total 
length of each gauge was 74 mm with a measuring 
length of 60 mm (required due to the concrete 
aggregate size). In order to protect the gauges and 
avoid mechanical and temperature disturbance 
during the tests protective gum was placed over 
each strain gauge and its cable. A minimal distance 
(120 mm) between the transverse saw-cuts on 
opposite sides of each measuring point was used 
(four per measuring sequence), as this favours 
isolation of concrete blocks. Stirrup positions were 
also considered when deciding the positions of saw-
cuts. The stirrups were detected before installing the 
gauges by electromagnetic concrete cover 
measurements (see Figure 5a). These measurements 

were also used to determine the concrete cover of 
the longitudinal reinforcement bars, which limited 
the saw-cut depths to approximately 30-40 mm.

In the (separate) test in each girder section, the strain 
evolution was continuously measured with a 
sampling frequency of 2 Hz. The concrete block 
was gradually isolated in eight or nine steps with 
saw-cut depth increments of approximately 4 mm.
After each step the average depths were measured 
in the four saw-cuts and correlated to the strains in 
the gauges, in order to obtain the behaviour of the 
concrete block and visualise the relation between 
the saw-cut depth and the strain.

4.3 Finite element modelling
The test procedure described in the previous section 
was simulated using a linear FE model of the entire 
bridge, but particularly focusing on the regions 
where the residual prestress forces were assessed. 
To simplify the analysis a 2D model of the bridge 
geometry was created, and to take into account 
effects of differences in span lengths of the three 
girders they were analyzed separately. Thus, the 2D 
model of the bridge’s superstructure was simplified 
as one girder with a top flange, including the 
prestressed and non-prestressed reinforcement. The 
effective width of the flange, assumed to be constant 
along the bridge, was based on the proposal in 
Eurocode 2 [17], implying that its width varies 

Figure 5. Photograph of instrumentation for non-
destructive residual prestress force determination:
(a) strain gauges (SG1-3) installed between 
alignments of saw-cuts with consideration of
stirrups’ locations and (b) close-up of a strain gauge 
glued on the concrete. (Images by Niklas Bagge).

SG1
SG2

SG3

Indication of stirrups
Saw cut

Strain gauge (SG)

(a)

(b)

G3
G2

G1

Saw-cut marks
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depending on the analyzed girder and span. The 
geometry of each tendon was modelled with a 
spline, according to the detailed geometry in the 
construction drawings. Due to lack of knowledge 
about the true variation of prestress forces along the 
tendons, a constant force was adopted in the model 
by introducing the corresponding strain in the 
elements. This is expected to have relatively small 
influence on the results, because very local effects 
were studied. Moreover, the force was assumed to 
be equal in each tendon. The main reinforcing steel 
in the bottom of the girders was included in the form 
of discrete bars, but the remaining reinforcement 
was excluded as it had negligible influence on the 
outcome. All materials were considered to have 
linearly elastic behavior, modelled using mean 
values from the tests. Quadratic elements with 
maximal lengths of 300 mm were generally used in 
the model. However, the flange was divided into 
two elements in the vertical direction. In the regions 
where prestress force was determined the elements 
were refined in order to investigate local effects 
when isolating a concrete block (as illustrated for 
the refined region in midspan 3 in Figure 6). Each 
refined region was 1000 mm wide and 250 mm
high, and the element size was 5 mm. The non-
destructive tests were simulated using the 
commercial software ATENA Studio [23].

The analysis was divided into two phases, first dead 
loads and prestress forces were applied to the 
structure, then concrete blocks were gradually 
isolated. Each saw-cut in every loading stage was 
simulated by deleting single 5x5 mm2 finite 
elements. There were 10 loading sequences in total,
corresponding to a total saw-cut depth of 50 mm
(see Figure 6). Simultaneously with the two phases,
concrete strains were recorded longitudinally
between the saw-cuts and averaged over a distance 
of 60 mm for each step.

4.4 Prestress force determination
In accordance with the above procedure, the 
prestress force determination was divided into two 
steps: experimental and analytical. As illustrated by 
the experimental measurements of the southern 
girder in spans 1 and 3 in Figure 7, there was 
generally good agreement between readings from 
all three strain gauges (for locations see Figure 3) in 
all the measured sections. However, strain gauges 
occasionally gave misleading results, probably due 
to either damage or inadequate sensor installation. 
Plotted depths correspond to the average saw-cut 
depths on each side of the actual strain gauge. No 
clear strain plateau was observed in any of the 
investigated sections, which would have been ideal. 
This indicates that the partially isolated blocks were 
still influenced by forces acting on the concrete that 
increased strains following deeper cuts. 
Consequently, it was necessary to utilize the 
behavior observed when gradually isolating the 
concrete for determining prestress levels, rather 
than differences between the pre- and post-test 
states. A procedure for combining measurements 
and FE analysis was developed to take into 
consideration these complications, but inevitably 
there were higher degrees of uncertainty than if 
stabilized strain levels had been reached.

The measured strains are shown in Figure 8 together 
with corresponding simulated responses from the 
linear FE model (averages of both measured and 
calculated values). Responses obtained from the FE 
simulations were similar to responses observed 
experimentally in previous studies [11, 22] under 
more favorable conditions. The graphs in Figure 8
show that the residual prestress should be 
considered in conjunction with the losses specified 
in Table 2, where a negative sign for southern girder 
in span 1 indicates a residual prestress force higher 
than the assumed initial prestress level 
(corresponding to 0.85fp0.2k). There are several 

Figure 6. FE model for non-destructive evaluation of the residual prestress force in midspan 3: geometrical 
model (span 3) and strain distribution after saw cut in region for investigation.
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possible reasons for this unrealistic result for one of 
the sections, e.g. higher initial prestress levels at 
construction or placement of the tendons in 
unintended positions. Since the tested and 
calculated behavior do not perfectly match, 
especially for span 2, the specified prestress are 
approximated at the last monitoring points in the 
tests. However, good agreement was obtained for 
the responses of both the central and southern 
girders in midspan 3.

At demolition of the bridge a 5.0 m long segment of 
the northern girder was saved for future laboratory
investigation. Measurements of positions at the ends 
of the specimen indicated that tendons were up to 
100 mm closer to the girder’s bottom surface than 
specified in construction drawings. Unfortunately, 
no such position measurements were obtained for 
the sections used for prestress force determination. 
However, as forces were high in the section 
evaluated in span 1 (relative to expectations based 
on measurements elsewhere), possibly due to 
deviation in the tendon positions in adjacent 
sections, the tendon alignment between midspan 1 
and support 2 was updated in the FE model to 
investigate the geometrical sensitivity of the 
assessment approach. Results with the updated 
alignment implied that the tendon positions were the 
same in the studied section as in midspan 1 (70 mm 
deep), with a gradual lowering relative to positions 
in the construction drawings. Thus, the residual 
prestress losses were increased by about 10 
percentage points for a 125 mm adjustment of the 
tendons’ position (see values in parenthesis in
Table 2). Hence, to reduce geometrical 
uncertainties, which as shown here can substantially 
influence prestress force evaluations, measurements 
of the tendons’ positions are recommended, using 

for instance non-destructive methods described in 
[24].

As the central and southern girders were loaded to 
failure, only the northern girder was further studied 
in span 2 after the loading schedules. In the 
measurements after the loading only two of the
strain gauges were active and those gave diverging 
results, with maxima of 41 and 94 μs after the test 
(average value 67 μs, as illustrated in Figure 8d). 
This may be due to phenomena such as local effects 
associated with existing cracks. Thus, effects of the 
loading schedules on the residual prestress force 
obtained for the severely pre-cracked northern 
girder cannot be excluded.

As the central and southern girders were loaded to 
failure, only the northern girder was further studied
in span 2 after the loading schedules. In the 
measurements after the loading only two of the 
strain gauges were active and those gave diverging 
results, with maxima of 41 and 94 μs after the test 
(average value 67 μs, as illustrated in Figure 8d). 
This may be due to phenomena such as local effects 
associated with existing cracks. Thus, effects of the 
loading schedules on the residual prestress force 
obtained for the severely pre-cracked northern 
girder cannot be excluded.

Comparison of the theoretically and empirically 
estimated prestress forces indicated that the 
theoretical calculations overestimated losses in 
spans 1 and 3, with relatively consistent values for 
span 3, and underestimated prestress forces in 
span 2 relative to test values. However, generally 
there was high variability and the non-destructively 
determined residual prestress forces in span 2 can 
only be regarded as indicative due to the 
uncertainties.

Figure 7. Measured strain evolution as a function of saw-cut depth for: (a) the southern girder 1.85 m east of 
midspan 1 and (b) the southern girder in midspan 3.
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5 Destructive approach

5.1 General concept
A widely accepted approach for destructive 
determination of residual prestress force in a 
concrete member is the so-called decompression 

load test, previously applied in evaluations of full-
scale members by various authors, e.g. [4, 25, 26].
However, in the previous studies, beams were 
removed from the site for laboratory tests under 
simply supported conditions, in contrast to the tests 
of the Kiruna Bridge.

Figure 8. Measured and calculated strain evolution (average values) as a function of saw-cut depth at: (a-c) a 
tenth of the span length east of midspan 1, (d) midspan 2, and (e-f) midspan 3.
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The method involves calculation of the prestress 
force corresponding to the load required to reopen 
an existing crack, at which there is implicitly zero-
stress in the concrete. Since the member has to be 
pre-cracked the method is considered destructive. 
During the test a specific crack is monitored at the 
surface (by recording strains just beside it or 
displacements across it) while an external load is 
applied to the member in order to reopen the crack. 
Initially the measured response (strain or 
displacement) of the crack varies linearly in relation 
to the load, up to a certain level, the so-called 
decompression load, beyond which the crack 
reopens and a dramatic change in stiffness occurs. 
In conjunction with the decompression load and 
effects induced by the other loads acting on the 
structure, Navier’s formula in Equation (3) can then 
be used to determine the prestress force. In Equation 
(3) the decompression is represented by the moment 
taking into account external loads (MQ). Similarly to 
the previously described non-destructive approach 
the procedure becomes iterative for statically 
indeterminate structures, due to the contribution of 
the secondary moment.

The analytical evaluation requires knowledge of the 
current level of the neutral axis and the second 
moment of inertia. Thus, to obtain reliable results it 
is necessary to derive the neutral axis from 
measurements in the analysed section. For this 
purpose strain gauges were applied to the 
longitudinal reinforcing steel at three vertical levels 
(40, 1248 and 1883 mm from the soffit of the 
girders). However, the measurements indicated a 
nonlinear strain distribution in the investigated 
section, in contrast to Bernoulli’s hypothesis, 
complicating efforts to determine a representative 
level of the neutral axis based on the three strain 
measurements. There was appreciable scattering in 
estimated neutral axis positions for given 
decompression loads, and several strain gauges 
were damaged (the intermediate and top gauges on 
the northern and southern girders, respectively). 
These uncertainties caused inconsistencies in the 
determined neutral axis levels. To overcome this 
problem a combination of measured data and data 
obtained from nonlinear FE analysis was used to 
evaluate the residual prestress force.

5.2 Experimental design
The destructive method focused on main cracks 
formed in the region adjacent to midspan 2. In order 
to apply an external load at this point two simply 
supported steel beams were positioned horizontally 
in the bridge’s transverse direction with supports 

placed centrically above the girders. Two hydraulic 
jacks with wires anchored over a length of 14.60 m
in the bedrock were used to apply vertical forces to 
each steel beam 885 mm from their supports. The 
maximum load when the superstructure of the 
bridge was preloaded and cracks occurred in the 
girders was 6.0 MN (2.0 and 1.0 MN through each 
of the pairs of outer and inner jacks, respectively). 
The loading procedure was repeated three times for 
determination of the decompression load. Between 
each loading sequence the structure was unloaded. 
Further details can be found in [13].

The main crack in the girders’ soffits formed 1380, 
910 and 110 mm east of the midspan of the northern, 
central and southern girders, respectively. Across 
each main crack a crack opening sensor was 
installed to register displacements over a total 
length of 180 mm and a strain gauge was attached 
to the concrete approximately 10 mm from each 
side of the crack to register the evolution of strains 
(see Figure 9). All equipment was positioned 
longitudinally in the centre of the bottom of the 
girder. The type of strain gauge used and the 
installation procedure were identical to those 
applied in the non-destructive tests. Thin steel plates 
were bolted to the concrete on each side of each 
monitored crack in order to clip on the crack 
opening sensor, which had a measuring range of 
10 mm (see Figure 9). The cracks were monitored 
with a sampling frequency of 5 Hz.

5.3 Finite element modelling
The FE model created in ATENA Studio [23] for 
simulating and obtaining complementary data for 
the non-destructive tests (see Figure 6) was reused 
(with appropriate adjustment) to complement the 
destructive analysis. In the model the refined 
regions in the locations of saw-cuts were excluded, 
all longitudinal reinforcing steel bars in the girders 
were included as discrete bars, stirrups and 
reinforcing steel in the slab were considered as 
smeared reinforcement and nonlinear concrete 
properties were introduced in span 2 and 5.0 m into 
the adjacent spans using the software-specific 
constitutive model CC3DNonLinCementitious2 
[23]. As information about the concrete properties 
was limited to the cylinder compressive strength 
and modulus of elasticity, other parameters of the 
constitutive model were based on guidelines for 
nonlinear FE analysis of concrete structures [23, 
27]. The tensile strength of 4.30 MPa and fracture 
energy of 208 N/m were derived from the 
compressive strength obtained from in-situ tests. 
The simulations also considered: (1) the tension 
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stiffening effect, assuming the residual tensile 
strength to remain above 1 % of the initial tensile 
strength; (2) the aggregate interlock, based on the 
formulation in Modified Compression Field Theory 
[28], with a maximal aggregate size of 32 mm; (3) 
the reduction in shear stiffness (by a factor of 20) 
due to cracking; (4) the degree of shift from rotating 
to fixed crack direction at 60 % of the initial tensile 
strength; and (5) the maximal compressive strength 
reduction factor of 0.80. The same assumptions 
were made regarding the introduction of prestress 
forces in the tendons as in the previously described 
FE analysis. In the region of nonlinear concrete 
properties, the mesh size was refined to avoid 
numerical problems and obtain realistic responses 
of the bridge. A mesh sensitivity study showed a 
suitable mesh size to be about 160-200 mm in 
height and width, with precise values for specific 
parts given by the actual geometric model. The 
Newton-Raphson method was used to find solutions 
iteratively in the incremental loading.

The analysis was divided into the following four 
phases: (a) application of dead loads and prestress 
force in the tendons, (b) loading the outer girders 
and central girder with 1.84 and 2.33 MN in 
midspan 2, based on the assumption that forces in 
the beams distributing the loads imposed by the 
outer and inner jacks (2.0 and 1.0 MN, respectively) 
were symmetrically distributed, (c) unloading the 
girders with regard to the loads specified in (b), and 
(d) reloading the girders according to the 
specification in (b). Based on these phases, the 

actual loading history of the Kiruna Bridge was 
simulated, including pre-cracking in (b) and 
reloading in (d) for determination of the 
decompression load. During the entire loading 
procedure, the displacements were monitored at the 
two points 90 mm on either side of the intended 
crack position, resulting in a relative displacement 
that could be compared to the experimental 
measurements.

A crucial requirement for comparing experimental 
outcomes and FE simulations using this approach is 
the formation of cracks. To force a main crack to 
form in the same location as a monitored crack, 
weakness was introduced in the region of interest by 
locally reducing the concrete tensile strength to 95 
% of the actual value (3.58 MPa). This region was 
limited to one finite element (180 mm wide and 
170 mm high). Analysis of sensitivity to the degree 
of strength reduction in the intended cracked region 
indicated that this had negligible influence on 
prestressed force results. Moreover, analysis of the 
impact of boundary condition for the lower parts of 
the columns found no appreciable difference in 
crack reopening responses between the two 
extremes (hinged and clamped). Soil-structure 
interaction was not considered.

5.4 Prestress force determination
Measured responses of the monitored crack in the 
northern girder to repeated loading of the pre-
cracked bridge (displacement over the crack and the 
concrete strains just beside the crack as functions of 

Figure 9. Photograph of instrumentation for destructive residual prestress force determination: (a) crack 
opening sensor and strain gauges installed at a main crack and (b) close-up of strain gauges glued to the 
concrete surface. (Images by Niklas Bagge).
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Strain gauges

Strain gauge Strain gauge
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the load applied to the girder in the three load 
cycles) are shown in Figure 10. As expected, an 
appreciable change in curve inclination occurred at 
crack reopening. In the beginning of the loading 
procedure tensile strains (positive values) were 
observed in the concrete, but there was a dramatic 
change to compressive strains (negative values) 
when the crack started to open (see the refined 
region in Figure 10). After each load cycle a small 
residual displacement and strain remained (not 
shown in the graphs). The measurements indicated 
that all of the girders behaved in a similar manner, 
and outcomes of the tests with all of them were 
generally consistent.

The outcome of the iterative FE procedure to 
determine prestress forces in the northern girder, 
corresponding to the experimentally obtained 
decompression loads in three loading cycles, is 
shown in Figure 11. Comparison of overall 
responses of all the girders showed that simulated 
deformations were initially higher than test values, 
and lower after crack reopening. Moreover, both the 
test results and simulations clearly indicated a 
decompression load, implying zero-stress and 
opening of cracks. The differences between the 
empirically observed and simulated responses can 
be attributed to the difficulties in representing the 
current state of a large, complex structure after some 
years in service with a relatively simple two-
dimensional model (including crack parameters, as 
real discrete cracks are idealized as smeared crack 
in a finite element). Based on the load at which the 
behaviour of each girder started to deviate from an 

initially linear pattern, the FE model was updated to 
meet the equivalent decompression load, following 
the procedure recommended by Lundqvist [26],
rather than the most common approach utilizing the 
intersection point of the curve tangents on each side 
of the decompression load. The decompression 
loads were about 110, 160 and 130 kN for the 
northern, central and southern girders, respectively
(see Figure 11 for values for the northern girder).

Results from the destructive approach indicate that 
losses of the prestress forces in the investigated 

Figure 10. Measured displacement across and strain beside the main crack 1380 mm east of midspan 2 of the 
northern girder. The high-resolution region illustrates the behavior at crack reopening.

Figure 11. Load-displacement behavior at crack 
reopening 1380 mm east of midspan 2, according 
to the test under cyclic loading and FE analysis at 
indicated levels of prestress losses.
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sections of the northern, central and southern girders 
were 87, 69 and 68 %, respectively (see Table 2). 
Thus, they were similar to the value indicated by the 
non-destructive approach for the northern girder 
(70 %). Due to the position of the studied crack in 
the northern girder (1380 mm east of midspan 2), 
even lower values than those obtained by the non-
destructive approach can be expected, as a 
consequence of other factors (e.g. friction losses). 
This crack was located very close to the inner end 
of the anchorage device of the prestressing system, 
which may have had some influence. Similarly to 
the non-destructive tests, the decompression load 
tests indicated that residual prestress forces were 
lower in midspan 2 than predictions by the 
theoretical method, presumably due to local effects 
related to proximity to the anchorage device of the 
prestressing system.

6 Concluding remarks
This paper presents a further development of 
methods to determine residual prestress forces in 
concrete structures. A combination of both non-
destructive and destructive tests in conjunction with 
FE analyses is proposed to enable evaluation of 
more complex structures than those previously 
studied in research projects. The decompression 
load of a pre-cracked structure and the strain 
evolution when a concrete block is isolated from the 
prestress force are determined and used to estimate 
the prestress forces in the destructive and non-
destructive methods, respectively.

Site tests have been carried out on a 55-year-old 
five-span prestressed concrete girder bridge to 
evaluate the proposed methods and determine the 
residual prestress forces. The linear FE analysis in 
the non-destructive approach generally resulted in 
very similar behaviour to that empirically observed 
during the saw-cut test. Results of the nonlinear FE 
analysis in the destructive approach yielded some 
deviations from the decompression test, due to 
difficulties in reproducing the bridge’s state in a 
model, including the formation of actual cracks. 
Nevertheless, despite some differences between the 
simulated and test responses, the two methods 
provided similar estimates of residual prestress 
forces. The results from both methods also indicated 
that prestress forces in the bridge varied 
considerably, depending on the section evaluated. 
Moreover, theoretical predictions (assuming an 
initial prestress level of 0.85fp0.2k) generally deviated 
somewhat from the empirically determined losses, 

apparently overestimating them in some cases and 
underestimating them in others.

Based on experience obtained during the 
experimental and analytical evaluations the 
following improvements to the procedure are 
suggested. In order to reduce uncertainties related to 
the geometry of the prestressing system, detailed 
determination of the position of the prestressed 
reinforcement should be included in the evaluation. 
Moreover, the non-destructive approach should be 
preferably applied in sections where the concrete 
surface is strongly affected by prestress forces, and 
thus sections with minimal distances between the 
prestressed reinforcement and concrete surface.

In order to further validate and develop the 
applicability of the non-destructive methods for 
existing structures, additional studies in a controlled 
environment with monitoring of actual prestress 
forces are suggested. Previous studies have been 
limited to simply supported beams with constant
eccentricity of the pre-tensioned reinforcement, 
enabling almost complete isolation of a concrete 
block from the prestress forces. Thus, such 
validation should be carried out on more complex 
structures, for instance statically indeterminate 
members with varying positions of post-tensioned 
reinforcement.
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Notations
A cross-section area
Ec concrete modulus of elasticity
I second moment of inertia
P prestress force
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P0 prestress force in the active tendon end 
before anchorage

Px prestress force taking into account prestress 
losses due to friction

MG moment due to dead load
MR secondary moment due to restraint forces
MQ moment due to external load
e natural logarithm (2.71)
eP eccentricity of the prestress force
fp0.2k characteristic value of the reinforcing steel 

0.2 % proof strength
ftk characteristic value of the reinforcing steel 

tensile strength
k friction coefficient due to unintended angle 

change (wobble) 
x distance from the tendon end of the section 

for prestress force determination
y position of the neutral axis

cumulative angle change
cr creep strain
μ friction coefficient due to intended 

curvature
creep coefficient
stress
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Abstract
In this paper, a multi-level strategy with four levels for structural analysis of concrete bridges is described. The 
concept was developed with the intention of providing a procedure that supports enhanced assessments, when 
necessary, for bridge managers and engineers. The proposed assessment is designed with increasing 
complexity through its levels. The first level is a structural analysis that only accounts for the load actions to 
be checked using resistance models. The levels then become more complex, using analyses that include
flexural and shear-related failure modes, with the most complex level being an analysis that also accounts for
anchorage failures. Thus, by successively improving the analysis using nonlinear methods, a better
understanding of the structure and more precise predictions of the load-carrying capacity can be achieved. In 
order to demonstrate and examine the multi-level strategy, a continuous multi-span prestressed concrete girder 
bridge, tested until shear-related failure, was investigated. In Part A, the bridge girders are assessed at the 
initial level of the strategy (Level 1), while the analysis at the enhanced level will be further described in Part 
B (particularly Level 3). In comparison to the test, calculations of the load-carrying capacity based on shear 
resistance models resulted in consistent underestimations. At the initial level of structural analysis, the shear 
models at Levels I – III according to Model Code 2010 indicated capacities of 57 %, 25 % and 40 % of the 
tested failure load, respectively. The corresponding level based on the European standard was 78 %. However, 
in contrast to the models used at Levels II – III, the models used at Level I and from the European standard 
indicated shear failures in different positions from the test. Due to the somewhat inaccurate results and 
difficulties in predicting the actual structural behaviour with assessments at the initial level, an assessment at 
the enhanced level that takes account of shear-related failures in the structural analysis is thus suggested, in 
order to improve understanding of the structural behaviour and to predict the load-carrying capacity more 
accurately.

Keywords: bridges; codes; finite element analysis; full-scale failure test; multi-level assessment; prestressed 
concrete; shear capacity, structural behaviour.

1 Introduction
For the development of sustainable management of 
bridges, optimised strategies are required to meet 
current and future demands. Bridges are ageing 
whilst having to carry increased loads, leading to an 
increase in the need for assessment, inspection, 

monitoring, repair, strengthening, replacement and 
tools to help produce optimal solutions. For 
instance, in European countries, there is a need to 
strengthen 1500 bridges, and replace 4500 bridges 
and 3000 bridge decks out of approximately 
276 000 railway bridges (MAINLINE, 2013).
Moreover, of the 607 749 highway bridges across 
America, 10.5 % are classified as structurally 
deficient and 13.9 % are considered to be 
functionally obsolete (U.S. Department of 
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Transportation, 2016). There are vast numbers of 
bridges to be assessed with limited resources. Under 
these conditions, Brühwiler (2015) concluded that 
there are challenges to find optimised solutions 
from a manager’s perspective. Due to high 
construction costs, costs that are of financial interest 
to private companies, the general goals to “get more 
out of the existing structure” and to “limit 
intervention costs” do not provide sufficient 
financial incentives. Consequently, clear 
assessment guidelines can be useful.

With different aims in the design of new bridges and 
the assessment of existing bridges, specific codes 
for assessment are required (Cremona & Poulin, 
2016). In contrast to design, evaluation of existing 
structures requires more information about the 
structure to be taken into account. Such information 
reduces the uncertainties related to material, loading 
and structural behaviour, and thus, with a reduced 
safety margin, the same level of safety can be 
achieved. Existing guidelines or codes for 
assessment are provided by, for example, AASTO 
(2011), CSA S6 (2014), HA (2001) and SIA 269/2 
(2011). The structural analysis and verification of 
action effects are essential parts of the structural 
assessment. The procedure to carry out structural 
analysis is widely described in the literature, with
the finite element (FE) method being an important
tool. Recommendations for linear FE analysis are 
provided by, for example, fib (2008), Rombach 
(2011), Pacoste, Plos, and Johansson (2012) with
nonlinear FE analysis of bridges being described by 
authors such as Song, You, Byun, and Maekawa 
(2002), Broo, Lundgren, and Plos (2008) and 
Belletti, Damoni, Hendriks, and De Boer (2014). In 
order to achieve an effective assessment, an 
increasingly complex analysis is preferably carried 
out, where nonlinear structural analysis is 
considered to be the best method to use when
increasing the load-carrying capacity (SB-LRA, 
2007). However, there exists limited detailed 
guidelines on how this successively increasing
complex and precise analysis should be carried out 
for bridges. Recently, such guidelines, describing 
different modelling choices, have been proposed for 
assessing bridge deck slabs at several levels of 
complexity by Plos, Shu, Zandi, and Lundgren 
(2016). This paper describes a strategy for the 
structural analysis of bridge superstructures, 
intended to provide guidelines for the assessment of 
the load-carrying capacity of existing concrete 
bridges, including systems of beam and slabs. As 
with the assessment approach, the structural 
analysis strategy includes a progressively more 

accurate representation of the real structural 
behaviour. The ultimate goal is to provide engineers 
with a framework which provides a more efficient 
assessment of existing bridges.

In order to validate various methods of bridge 
assessment, a prestressed concrete (PC) girder 
bridge was subjected to a variety of experiments, 
such as a test to structural failure (Bagge, Nilimaa, 
Blanksvärd, & Elfgren, 2014). As accurately
determining the shear capacity of concrete 
structures is difficult, and the subject of much 
debate in the research community, the failure test 
was particularly focused on shear-related failure 
modes. Furthermore, only a few reinforced concrete 
(RC) bridges have been investigated with regard to 
shear-related failure modes, with research limited to 
the following studies: (1) punching failure of an RC 
slab bridge by Miller, Aktan, and Shahrooz (1994)
and Pressley, Candy, Walton, and Sanjayan (2004),
and (2) shear failure of the main girder of an RC and 
a PC portal frame bridge by Plos, Gylltoft, and 
Cederwall (1990), and a through bridge by Puurula 
et al. (2015). Apart from a better understanding of 
the shear behaviour in full-scale concrete bridges, 
the primary advantage of the rare information given 
by this additional test is that it assists in an 
examination of the proposed strategies for the 
structural analysis. Thus, this study can be 
beneficial to the future assessment of bridges. In this 
study (Part A), the initial level of analysis is 
examined and, in the subsequent study (Part B), the 
enhanced structural analysis of the primary load-
carrying system is described.

2 Bridge assessment strategy

2.1 Assessment approach
When a bridge assessment is necessary, possibly
due to the requirements of the structure being 
changed (e.g. increased load), deterioration or 
damage (e.g. reinforcement corrosion, frost damage 
or alkali-silica reaction) or due to reconstruction, the 
bridge is initially analysed using simplified 
methods. At this stage, the assessment is carried out 
based on similar methods to those used to design the
structure, using available information about the 
bridge. Where the assessment requirements are not
fulfilled at the initial stage, the next step is to 
identify the different options available, either
leading to the bridge being kept in service or 
demolished and replaced (see flow chart in 
Figure 1). Based on the current state of the structure,
the goal is to find the optimal sustainable solution in 
a life cycle analysis. As economic, societal, and 
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environmental aspects, and all of these with 
consideration to an acceptable level of safety for the 
user, are to be considered, a risk evaluation of 
available options has to be carried out (Ellingwood 
& Lee, 2016; Frangopol & Soliman, 2016). The 
decision on how to proceed should then be
supported by the weighted value (often a monetary 
value) given through risk analysis including the 
aspects mentioned above (Bocchini, Frangopol, 
Ummenhofer, & Zinke, 2013).

Available options to consider, if the initial 
assessment does not fulfil the actual requirements 
on the bridge, can be categorised in (1) enhanced 
assessment, (2) redefined use of the bridge, (3) 
intensified inspection and monitoring, (4) repair or 
strengthening or (5) demolition and replacement. In 
the enhanced assessment, improvements can be 

grouped as being informative or analytical.
Inspections, monitoring, evaluation of site-specific 
loads and testing (e.g. material testing and proof 
loading) can be considered as providing improved
information for model updating. Improved analysis 
can be accomplished by refined structural analysis 
and models estimating the local resistance and by 
reliability-based analysis. With special attention 
given to the safety concept, O'Brien, Znidaric, 
Brady, González, and O'Connor (2005) proposed 
several steps that gradually introduce improved 
information and analysis.

With risk-based decision-making as the driving 
force in the assessment, an assessment approach, 
with increasing levels of complexity, is 
recommended, and if shown to be necessary, several 
successive steps at the enhanced level may be 

Figure 1. Bridge assessment approach.
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needed to meet the requirements. A similar 
approach with assessment on different levels with 
increasingly accurate evaluation has been described 
in, for instance, European project Sustainable 
Bridges (SB-LRA, 2007).

2.2 Multi-level structural analysis for 
assessment

It is proposed that the structural evaluation in the 
enhanced assessment follows a multi-level 
procedure, with a gradually increasing complexity 
of analysis (see Figure 2). Thus, a more thorough 
consideration of the structural response and load-
carrying capacity can be obtained. This concept of
gradually increasing the complexity of the analysis
was developed particularly for the ultimate limit 
state, and is an extension of the strategy described 
for concrete bridge deck slabs by Plos et al. (2016). 
This updated strategy provides a more general 
approach for structural analysis of the 
superstructure of concrete bridges consisting of 
systems of beams and slabs. Based on the types of 
failures covered by the structural analysis, different 
complexities of analysis can be defined. At the 
initial level (Level 1), only action effects are 

accounted for in the structural analysis, so an 
additional verification using resistance models to 
verify the cross-sectional capacity is required. In
contrast, the highest level (Level 4) is a one-step 
procedure where the analysis implicitly determines 
the capacity with regard to possible failure modes 
that can occur. In this strategy, the failure modes 
identified are related to moment, shear or 
anchorage, and are gradually included in the 
structural analysis from Level 2 to the complete 
analysis at Level 4. Here, shear types of failures, 
including punching and torsion, are taken into 
account along with, in the presence of axial forces, 
the combination of those forces and flexure 
moments.

The methods associated with the initial level 
(Level 1) are referred to as current or traditional
approaches for structural analysis (i.e. no failure 
modes are reflected in the structural analysis) and 
the subsequent levels (Levels 2 to 4) are referred to 
as enhanced approaches taking nonlinearities into
account. In order to ensure sufficient capacity with 
regard to failure modes not implicitly reflected in 
the structural analysis, the calculated action effects 
are checked with local resistance models. For 

Figure 2. Multi-level strategy for structural analysis of superstructures of concrete bridges.
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example, models are provided by the American 
(ACI 318, 2014), Canadian (CSA A23.3, 2014) and 
European (EN 1992-1-1, 2004) design standards, 
Model Code 2010 (fib, 2013) or other national 
design regulations. This proposed multi-level 
strategy does not specify which model to use.
However, the general recommendation is to use
resistance models that are expected to give a similar
level of approximation to that of the structural 
analysis. Moreover, better information about 
material properties, the geometry of the bridge, 
boundary conditions and loading is recommended 
as the level of structural analysis increases, in order 
to improve the accuracy of the analysis. With a 
deteriorating structure, the impact of such 
deterioration should be taken into account with this 
information. This means that both the information 
and the analysis in the enhanced assessment is more 
complex, as shown by the assessment approach in
Figure 1. In order to ensure the required margin of 
safety, the safety format has to remain consistent
with the level of assessment and structural analysis. 
The concept of partial safety factors is useful when 
determining the load-carrying capacity using
verification of action effects in comparison to local 
resistances (Melchers, 1999). This method is not 
suitable when the load-carrying capacity related to 
a certain failure mode is implicitly verified in the 
structural analysis, because of the aim to predict and 
describe the behaviour and failure mode accurately. 
In such a one-step procedure, the use of global
safety factors is usually recommended, see for 
instance (Pimentel, Brühwiler, & Figueiras, 2014),
and is thus applicable at Levels 2 to 4. Full
probabilistic analysis using a reliability index is 
another option to verify the structural safety,
independent of the level of structural analysis 
(JCSS, 2001).

In the strategy, the level of idealisation in terms of 
number of dimensions (2D or 3D) is not restricted. 
In fact, either 2D or 3D can be assumed at each level 
of analysis, as long as the structural model 
appropriately handles the aspects being assessed.

2.2.1 Level 1 – Structural analysis of action effects
At the initial level, simplified methods are used to 
calculate the distribution of internal forces and 
moments for a certain combination of loads. These 
methods include using beam and frame analysis in 
2D or FE models in either 2D or 3D. In the next step,
the associated local resistance is determined and 
compared to the action effects in order to verify the 
load-carrying capacity. Typically, the theory of 
linear elasticity is applied in the structural analysis 

at both serviceability and ultimate limit states 
(Level 1A). However, in the case of statically 
indeterminate structures (e.g. slabs and continuous 
beams), Level 1 can be extended to two sub-levels,
covering the load-carrying capacity of sections not 
fully dealt with by linear elastic analysis (mostly 
applicable at ULS). The analysis at Level 1B uses
the theory of elasticity but allows limited 
redistribution of internal forces and moments; and
at Level 1C, either the upper or lower bound 
theorem of plasticity is used (CEB, 1998). Thus, the 
proposed strategy for structural analysis is 
consistent with the four levels of idealisation stated 
in Model Code 2010 (fib, 2013), in which the 
nonlinear methods, here used at Levels 2 to 4, 
comprise the last idealisation. The principle of 
redistribution of internal forces can be applied both 
locally in a region, due to unrealistic stress 
concentrations caused by simplification of the 
material behaviour (i.e. linear elastic) and the 
geometry (e.g. boundary conditions), and also 
globally between different regions (i.e. formation of 
yield hinges). The latter is applicable to statically 
indeterminate structures. Recommendations can be 
found for the application of local redistribution of 
internal forces at stress concentrations in beams and 
slabs in EN 1992-1-1 (2004) and Pacoste et al. 
(2012) and studies of redistribution of internal 
forces between regions in non-prestressed and 
prestressed structures are described in Bigaj (1999)
and Rebentrost (2004), respectively.

In general, it is necessary to ensure sufficient 
rotation capacity of the member when using either 
linear elastic analysis with limited redistribution or 
plastic analysis. However, based on empirical 
findings and parameters classifying the structural 
ductility, redistribution of internal forces can be 
used without any explicit check of members 
predominantly subjected to flexure (fib, 2013). The 
use of plastic analysis with the verification of 
sufficient rotation capacity gives a refined 
prediction of the load-carrying capacity of the 
structure. For continuous beams and one-way slabs,
this capacity is suggested as being determined over 
a length of 1.2 times the cross-sectional depth. At 
the initial level of structural analysis, some other 
methods based on the theory of plasticity are: (1) the 
strip method developed for slabs using the lower
bound theorem (Hillerborg, 1996), (2) the yield line 
method developed for slabs using the upper bound 
theorem, possibly producing non-conservative
solutions (Johansen, 1972) and (3) the strut and tie 
method applied independently on the structural 
member using the lower bound theorem (fib, 2011).
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Apart from other methods at this level, the FE 
method assuming linear response is a powerful tool 
to determine the flow of action effects in the 
structure and compare them to associated sectional 
resistance. Moreover, the method allows the 
handling of a large number of load combinations in 
a rational way. The concept of FE modelling for 
investigation of RC structures is, for instance, 
described in (fib, 2008; Pacoste et al., 2012;
Rombach, 2011). Typically, structural finite 
elements (beam and/or shell) are used to represent 
the actual geometry of the bridge but, if geometric
simplifications can be reasonably made, continuum
elements such as plane stress, plane strain or 
axisymmetric elements can also represent the 
structural element in 2D. 

2.2.2 Level 2 – Structural analysis accounting for
flexural failure

The next step of the multi-level approach for 
structural analysis is to account for the nonlinear
structural behaviour, mostly associated with
material nonlinearities but also, in some cases,
geometric nonlinearities (fib, 2008). In contrast to 
the previous level of approximation, the analysis 
should preferably be limited to specific loading 
situations shown to be critical earlier in the 
assessment. Incrementally increasing the load 
applied to the structure, the structural behaviour and 
ultimately the failure determined by the model, can 
be examined.

The analysis at Level 2, as well as the higher levels
following the enhanced approach, is preferably 
carried out using the FE method. The same finite 
element types used at the previous level, but 
updated with nonlinear properties, can be applied.
In general, for a 3D model, the following 
representation of structural element types can be 
used: (1) beams and columns modelled with beam 
elements, and (2) walls and slabs modelled with 
shell elements. Here, an alternative is to combine 
several structural elements into beam elements (e.g. 
a bridge deck slab and beam into a single beam 
element). The reinforcement is included in the 
model in its actual position, simplified by modelling 
a perfect bond without any slip between the 
reinforcement and the surrounding concrete, either 
embedded in the element or as individual elements. 
Moreover, beam elements cannot take into account 
shear types of failure and no out-of-plane shear 
failures are accounted for by shell elements. 
However, although nonlinear flexural behaviour 
can be accounted for using elastic analysis with 
limited redistribution and plastic analysis at Level 

1, this Level 2 model treats such nonlinearities more 
accurately. Thus, out-of-plane shear-related failures 
and anchorage failures are not accounted for in the 
structural model and need to be checked separately
using the appropriate resistance models.

2.2.3 Level 3 – Structural analysis accounting for
flexural and shear related failures

In addition to the flexural behaviour, the aim of the 
nonlinear analysis at Level 3 is to account for
relevant shear-related failures. With an FE model,
this can be accomplished by using element types 
that allow the shear response to be calculated. Beam 
elements need to be updated to be either shell or 
continuum elements, depending on the presence of 
out-of-plane shear. Similarly, shell elements have to 
be changed to continuum elements if out-of-plane
shear is to be modelled. Again, the reinforcement is 
modelled with a perfect bond to the surrounding 
concrete using embedded or individual 
reinforcement elements. Thus, anchorage failure is 
the only main type of failure not taken into account 
by the structural analysis and needs to be explicitly 
checked using separate resistance models.

2.2.4 Level 4 – Full structural analysis accounting 
for flexural, shear related and anchorage
failures

At Level 4, a similar configuration of finite 
elements can be used as for the previous levels. 
However, an interface model describing the bond-
slip behaviour between the reinforcement and the 
concrete needs to be implemented to enable implicit 
verification of anchorage failures. Such an 
implementation means that all major failure modes 
can be checked directly in the structural model. To 
simulate bond-slip behaviour, the reinforcement 
normally needs to be modelled using separate 
elements and so are not embedded in the shell or 
continuum elements representing the concrete. 
Usually, reinforcement bars are idealised with 1D 
truss elements.

3 Full-scale experiment

3.1 General description
In order to evaluate and improve the methods of
assessing the load-carrying capacity of existing 
concrete bridges, a PC bridge has been extensively 
investigated including the loading of several
structural elements to failure. The test was carried 
out in 2014 on a 55 year-old viaduct across the E10 
road and the railway yard at Kiruna, Sweden. The 
bridge was built as part of the road connecting the 
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city centre and a nearby iron ore mine. As a 
consequence of extensive mining-related 
subsidence, an urban transformation of Kiruna was 
started, involving the decommissioning of the
infrastructure (inter alia) in the region affected.
Consequently, the bridge was permanently closed in 
October 2013 and demolished about a year later.

3.2 Bridge geometry
The bridge was a continuous girder bridge with a 
total centre line length of 121.5 m in five spans of
lengths 18.00, 20.50, 29.35, 27.15 and 26.50 m (see 
Figure 3 and Figure 4). The superstructure consisted 
of three parallel prestressed, longitudinal girders 
and a 14.9 m wide, connecting RC deck slab, with 
additional curbs on each side (300 × 300 mm2). The 
bridge was inclined 5.0 % longitudinally, 2.5 %
transversally and the western 84.20 m was curved 
with a radius of 500 m, the remaining 37.30 m being
straight. Although the superstructure, according to 
the construction drawings, was continuously 
curved, inspection revealed that construction had 

been simplified by using straight girders between 
the supports.

The intermediate supports consisted of three 
quadratic columns (550 × 550 mm2). In 2010, these 
were fitted with a pot bearing at their base to allow 
rotation (Bagge et al., 2015). At the western 
abutment, the superstructure was supported by 
longitudinally and transversally restrained bearings, 
while longitudinal motion was free at the eastern 
abutment. In relation to the longitudinal axis of the 
bridge, the supports 1 – 6 and associated 
foundations were rotated 100°, 100°, 108°, 92°, 99° 
and 99° counter-clockwise.

The girders, 5.00 m apart, were 1920 mm high 
including the slab, with their width being 410 mm, 
increasing to 650 mm at the supports over a distance 
of 4.00 m. Their width was 550 mm at casting joints 
located one quarter of the span length west of 
support 3 and one third of the span length east of 
support 4 (see Figure 3). Between the girders, the 
slab was 220 mm thick with a gradual increase over 
a distance of 1.00 m to 300 mm at the girder-slab 

Track area E10 

18000 20500 29350 27150 26500

ELEVATION

The span lengths correspond to 
the centre line of the bridge N

PLAN

4 5 6321

5.0 %

A

A

Alignment of 
tendons

Joint 1
Joint 2

Figure 3. Bridge geometry (measurements in mm).
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intersection. The cantilevers were 330 mm thick at 
the girder-slab intersection, 160 mm at the curbs 
and were 1.835 m in length. The girders were also 
connected with cross-beams at each support (600 × 
1700 mm2) and at the third point of each span (300 
× 1400 mm2), except for span 1 which consisted of 
one cross-beam at its midspan.

A BBRV post-tensioning tendon system consisting 
of 32 strands with a diameter of 6 mm in grouted 
ducts was used to prestress the girders. First, the 
central segment between the casting joints was 
prestressed from both ends with six tendons in each 
girder, followed by prestressing of the segments to 
the west and east from the corresponding abutments 
using four and six tendons in each girder, 
respectively. The system of tendons was
parabolically aligned with the lowest vertical 
positions at the midspans and the highest at the 
supports. Due to limited documentation about the 
bridge, the initial prestress force was unknown. In 
addition, each girder was reinforced longitudinally 
with three 16 mm diameter bars at their base, 
increasing to five 25 mm diameter bars at the 
intermediate supports 3 and 4. On the sides, the 
girders were reinforced with 10 mm diameter 
longitudinal bars with 150 mm spacing for the 
central girder and 200 mm for the two other girders. 
In the vertical direction, the girders were reinforced 
with 10 mm diameter double-legged, closed stirrups 
with a spacing of 150 mm, and a 30 mm thick 
concrete cover.

3.3 Material properties
Construction drawings of the bridge specified two 
concrete quality classes (denoted K300 and K400), 
implying higher strength in the superstructure than 
in the substructure. However, the Swedish 

assessment code (TDOK 2013:0267, 2016)
recommends upgrading the material characteristics 
of these classes of bridges that were designed
according to the regulations between 1947 and 
1960. The characteristic cylinder compressive 
strengths and modulus of elasticity to be used for 
design and assessment, respectively, are given in 
Table 1. In connection to the full-scale tests, 25 
cores with 100 mm diameter and 200 mm height 
were drilled out and tested (seven from the slab, 
eleven from the girders and seven from the 
columns) to determine the in-situ properties of the 
concrete. The tests were conducted in accordance 
with the standards SS-EN 12504-1 (2009), SS-EN 
12390-3 (2009) and SS-EN 12390-13 (2013). They 
revealed that the type of concrete was probably the 
same in all structural parts of the bridge (see Table 
1). Nevertheless, there was a substantial range of
strengths, for instance, the coefficient of variation 
was 16 % for the overall concrete compressive 
strength with a mean value of 62.2 MPa.

In the bridge, three quality classes of reinforcing 
steel were used. The post-tensioned tendons were of 

Figure 4. Bridge cross-section and test setup (measurements in mm).

Table 1. Concrete properties.

Quality 
class

Design Assessment In-situ

fck Eck fck,upgr Eck,upgr
fcm,is

(CoV)
Ecm,is

(CoV)

MPa GPa MPa GPa MPa GPa

K300 21.5 30.0 32.0 33.0 61.8
(11 %)

32.4
(6.8 %)

K400 28.5 32.0 35.5 34.0 62.3
(18 %)

32.0
(8.9 %)

All - - - - 62.2
(16 %)

32.1
(8.3 %)

3 NSM CFRP rods

SECTION A-A

N
3 prestressed CFRP 
laminates

Hydraulic jacks

1500 150012000 300300

2.5 %

Hydraulic jacks
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St145/170 and the non-prestressed reinforcement 
was either of Ks40 or Ks60. The non-prestressed 
reinforcement in the girders was solely Ks40, while 
a mixed configuration of Ks40 and Ks60 was used 
in the bridge deck slab. Tensile tests have been 
carried out for each class and bar dimension 
according to the European standards SS-EN ISO 
6892-1 (2009), SS-EN ISO 15630-1 (2010) and SS-
EN ISO 15630-3 (2010). Together with the 
characteristic design and assessment values (TDOK 
2013:0267, 2016), the tested average yield strengths
(0.2 % proof strength for prestressing steel), tensile 
strengths and strains at peak stress are summarised
in Table 2.

3.4 Strengthening, test setup and loading
An experimental investigation was carried out in 
order to understand the behaviour of different 
structural parts of the bridge, summarised as the 
following steps:

(1) Non-destructive evaluation of the residual 
prestress tendon forces (set 1).

(2) Preloading of the girders to investigate the 
overall structural behaviour and destructive 
evaluation of the residual prestress tendon 
forces.

(3) Preloading of the girders strengthened with
carbon fibre reinforcing polymers (CFRP) to 
investigate the strengthening effect on the 
structural behaviour.

(4) Failure loading of the southern and central 
girders to determine the failure mechanism and 
load-carrying capacity.

(5) Failure loading of the bridge deck slab to 
determine the shear failure mechanism and 
load-carrying capacity.

(6) Non-destructive evaluation of the residual 
prestress tendon forces (set 2).

Part of the experimental program was to study two 
separate strengthening systems using CFRP 
attached to the concrete. After the first preloading 
schedule, the bases of the central and southern 
girders in span 2 were fitted with three 10 × 10 mm2

near-surface-mounted (NSM) CRFP rods in 17 × 
17 mm2 sawn grooves (Nilimaa, Bagge, 
Blanksvärd, & Täljsten, 2015) and three 1.4 × 
80 mm2 prestressed CFRP laminates (Nilimaa, 
2015), respectively. Both systems were bonded to 
the concrete with a thixotropic two-component 
epoxy adhesive. The laminates were prestressed 
with 100 kN, each using a temporary stressing 
device at the laminate ends, which also functioned 
as a mechanical anchor while the epoxy was curing 
(Nilimaa, 2015). For the CFRP materials, the 
nominal tensile strength and modulus of elasticity 
was 3300 MPa and 210 GPa, respectively.

Loading the bridge girders to failure was achieved 
by using two steel load distribution beams simply 
supported centrally above the girders in the 
midsection of span 2 (see Figure 3 and Figure 4). In 
order to arrange the beams horizontally, horizontal 

Table 2. Reinforcing steel properties.

Quality 
class Design and assessment In-situ

fyk
a) ftk uk

fym,is
b)

(CoV)
ftm,is

(CoV)
um,is

(CoV)
mm MPa MPa % MPa MPa %

St145/170 6 1450 1700 3.5 1606
(1.4 %)

1734
(0.9 %)

4.7
(5.1 %)

Ks40 10 410 600 16 484
(5.8 %)

702
(2.9 %)

13
(12 %)

Ks40 16 410 600 16 439
(2.3 %)

705
(1.5 %)

13
(4.9 %)

Ks40 25 390 600 16 389
(4.3 %)

629
(3.3 %)

14
(9.2 %)

Ks60 10 620 750 12 679
(5.0 %)

1000
(1.7 %)

10
(5.5 %)

Ks60 16 620 750 12 584
(2.2 %)

831
(2.4 %)

11
(5.3 %)

a) fp0.2k for quality class St145/170
b) fp0.2m,is for quality class St145/170
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concrete surfaces were cast locally on the slab and 
complemented with load distribution steel plates 
(700 × 700 mm2) with a total height ranging from 
20 to 265 mm. Using cables run through drilled 
holes in the bridge slab (diameter of 200 mm), 
anchored in the bedrock, four force-controlled
hydraulic jacks loaded the superstructure. The 
centre-to-centre distance between each jack and the 
closest support of the steel beams where the load 
was transferred to the bridge was 885 mm. The
girder preloading sequence was as follows: the load
delivered by the two outer jacks was approximately
equal to half the load produced by the inner jacks, 
up to 6 MN (the maximum load used), followed by 
the unloading of the structure. This loading pattern
was also followed in the failure test, up to a total 
load level of 12.0 MN, after which only the load in 
the outer jack adjacent to the southern girder was 
increased until failure of that girder. The same 
procedure was followed for the inner jacks until 
there was a structural failure of the central girder. 
Due to the subsequent test of the bridge slab 
behaviour and its load-carrying capacity, the 
northern girder was not loaded to failure.

During the test of the bridge, the response was 
comprehensively monitored using equipment 
measuring loads, displacements, curvatures, strains 
and temperatures. The following sections 
describing the results only cover:

The applied load on the structure, measured 
using oil pressure sensors in each hydraulic jack.
Deflections, measured with draw-wire 
displacement sensors based on the distance 
change between the ground and the base of the 
girders.
Steel strain, measured with strain gauges 
installed on the reinforcement bars.

The complete experimental programme, including 
the instrumentation, is extensively described by 
Bagge et al. (2014).

4 Assessment approach

4.1 General description
The assessment methods, currently used in 
engineering practice at Level 1 in the multi-level 
strategy for structural analysis, were applied and 
evaluated based on the failure tests of the bridge 
girders. At this level, the external load capacity was 
determined through comparison of the action effects 
from a structural analysis, also accounting for 
redistribution of internal forces, to the sectional 

capacity given by a local resistance model. For this 
particular investigation of the bridge, anchorage 
failures were not critical for the load-carrying 
capacity and, thus, the focus was on the flexural and 
shear capacity. As the theoretically estimated 
structural response and load-carrying capacity were
to be compared, no safety margin was included in 
the regular assessment. Thus, mean values of 
material characteristics were used in the 
calculations.

4.2 Structural models
A simulation of the structural response of the bridge 
was modelled using the software ATENA Studio 
(ATENA, 2016) based on the FE method (see 
Figure 5). The actual bridge geometry specified in 
the construction drawings was modelled with only a 
few simplifications. As the impact of the abutments 
and the surrounding soil material on the structural 
response for the load case studied was negligible, 
they were not included in the model. In the model,
the following element types were used to represent 
the geometry: (1) shell elements (CCIsoShellBrick)
for the bridge deck slab, the foundations and the
steel plates composing the load distribution beams, 
(2) beam elements (CCIsoBeamBrick12 3D) for the 
girders, cross-beams, curbs and columns, (3) 
continuum 3D elements for the bearings and loading 
plates and (4) truss elements (CCIsoTruss) for the 
tendons. Moreover, the non-prestressed 
reinforcement was modelled as embedded 
reinforcement in the beam and shell elements in 
their actual locations. Linear elastic material 
properties were assigned to the elements using the 
following modulus of elasticity with Poisson’s ratio 
specified in brackets: 32.1 GPa (0.15) for the 
concrete, 210 GPa (0.3) for the structural steel, 
210 GPa for the prestressed tendons and 200 GPa 
for the non-prestressed reinforcement.

The steel plates representing the bearings at support
1 were constrained for displacement in the vertical,
transverse and longitudinal directions of the bridge, 
while the steel plates at support 6 allowed 
displacement in the longitudinal direction. By 
having the constraints along a transverse line of the 
bearings, the superstructure was free to rotate 
around the transverse axis at the abutments. The 
foundations at the intermediate supports, at the base
of the columns, were cast directly on bedrock and, 
thus, the bottom surface of the foundation was fixed 
in all directions without any further consideration of 
the soil-structure interaction. Due to the joints
installed at the bases of the columns a few years 
before the test, the columns were free to rotate 
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relative to the foundation in the load sequences 
associated with the failure loading. However, in 
load sequences taking place before installation of 
the joints, the columns were considered to be fully
constrained by the foundation.

Along the longitudinal axis of each individual beam 
element, six integration points were used and,
within the cross-section, six layers were used in the
directions of interest of the flexural behaviour. Over
their thickness, the shell elements were divided into
four layers to account for the flexural behaviour. In 
contrast, the number of layers in the steel plates 
within the load distribution beams was reduced to 
two layers since there was no interest in determining 
the flexure response at this location. In general, the 
size of the finite elements in the bridge model was 
approximately 1.0 m (i.e. along the longitudinal 
beam axes and along the in-plane shell axes), with 
further refinement of the mesh size locally at 
bearings and in the load distribution plates and 
beams.

At the time the bridge was tested, the actual 
prestress forces in the tendons were unknown. Due 
to their influence on the structural behaviour,
several pre-analyses were carried out to determine 
the residual prestress forces after 55 years in 
service. Parameters influencing the prestress losses 
were taken into account, including losses associated 
with the construction and the time-dependent effects 
thereafter. In the construction phase, the losses were 
related to friction between the tendon and the 
surrounding duct, elastic shortening of concrete and 
slip when locking the anchorage device. The time-
dependent losses were caused by concrete shrinkage 
and creep and steel relaxation (O'Brien, Dixon, & 
Sheils, 2012). Due to changing from unbonded 

conditions, with tendon-duct friction during the 
construction phase, to bonded conditions over the 
remaining service life, two separate FE analyses 
using ATENA Studio were required to determine 
the residual prestress forces.

To simulate the construction procedure, first the 
central part of the bridge (i.e. between the casting 
joints indicated in Figure 3) was prestressed from 
both sides and subjected to its dead weight,
followed by the corresponding procedure on the two 
outer parts, prestressed from the bridge ends. As 
there was a lack of information about the initial 
prestress forces, the upper stress level allowed 
according to the design code (Svensk Byggtjänst, 
1990) was assumed i.e. the lower of 0.85fp0.2k

(1233 MPa) and 0.75ftk (1275 MPa) before locking 
the anchor device, and the lower of 0.80fp0.2k

(1160 MPa) and 0.70ftk (1190 MPa) after locking 
and relaxation of the tendon. The slip when 
anchoring the tendons was taken into account based 
on the following steps: (1) tensioning the tendons to 
0.85fp0.2k and (2) reducing the stress at the anchor to 
0.80fp0.2k. The elastic shortening of the concrete was 
included by incrementally increasing the prestress 
force until the desired force was reached at the end 
of the tendons. Due to lack of information about 
how tensioning was originally applied to the bridge, 
all the parallel tendons were assumed to have been 
tensioned simultaneously. In the two phases of 
tensioning and relaxation, the losses related to 
tendon-to-duct friction, arising from the intended
curvature of the tendon, were taken into account. 
However, due to limitations of the software, no 
friction losses associated to the unintended angle 
change of the tendon, the so-called wobble friction, 
were included. In the FE model, the friction 

Figure 5. Finite element model of bridge: (a) geometry and discretisation with different types of finite elements 
and (b) load distribution beam and visualisation of finite elements.
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coefficient 0.20 was used proposed by the
manufacturer of the prestress system (Strängbetong, 
n.d.).

In the second step of the prestress force 
determination, the data about forces following the 
construction phase were exported to another model,
where the tendons were considered to be perfectly 
bonded to the surrounding material. In this model,
the losses caused by shrinkage and creep were
analysed based on the so-called cross-sectional 
approach where the behaviour is simulated in time 
increments. For this analysis, a material model 
(CCModelB3Improved) proposed by Bazant and 
Baweja (2000) was used to predict the long-term 
effects in the concrete. The analysis of the shrinkage 
and creep was carried out from 7 days after casting 
the bridge, which was the expected time needed for
the removal of the formwork and the beginning of 
concrete drying, to 55 years after the curing when 
the bridge was tested. In the long-term simulation,
the bridge was subjected to the weight of the 
pavement (2.25 kN/m2) in addition to the dead 
weight of the concrete. Based on 25 years of 
measured data from a weather station nearby 
(Nikkaloukta), a relative humidity of 75 % was used 
in the simulations, corresponding to the mean value 
for the period. To determine the actual concrete 
strength, the concrete was assumed to have been 
made following standard recipes, giving an
aggregate-to-cement weight ratio of 4.5 and water-
to-cement weight ratio of 0.44 (SOU, 1934). 
However, the density of the concrete was obtained 
from in-situ testing of concrete cylinders (2370 
kg/m3). In the analysis, only the long-term effect 
associated with the concrete was included 
automatically, requiring manual reduction of the 
steel stress due to relaxation in order to obtain the 
total prestress losses. According to the manufacturer 
of the prestress system, the relaxation was 8 % at a 
steel stress of 0.65ftk and 0 % at or below 0.45ftk with 
a linear interpolation between these specified values 
(Strängbetong, n.d.). In the calculation of the 
residual prestress forces, the impact of relaxation 
was calculated based on the stresses obtained after 
the construction phase.

The same loading procedure used for the failure test 
of the girders was followed to assess the capacity of 
the bridge, and included the residual prestress forces 
already determined and the dead weights of the 
bridge and equipment utilised to apply the external 
load. Here, only the symmetric load configuration 
below 12 MN was applied to produce the action 
effects in the superstructure. For verification of the 
load-carrying capacity, the action effects (i.e. axial 

force, shear force and moment) were measured in
sections from span 2 with approximately 1.0 m
spacing. In order to investigate the bridge using
Level 1B of the strategy (see Figure 2), the FE 
model was modified to include a plastic hinge in the 
location where the critical moment capacity was 
reached.

4.3 Local resistance models
At Level 1 in the multi-level strategy, the response 
from the analysis is compared to results from the 
local resistance models. The capacity determination 
was started with calculations of the moment and 
shear resistances and localisation of the critical 
section based on linear elastic structural analysis. 
Redistribution of internal forces, from the section 
that reached moment capacity determined by the 
linear elastic analysis, was further utilised in the 
case where shear capacity was not reached in the 
structure. Model Code 2010 (fib, 2013) was used as 
a basis for determination of the local resistances, in 
some cases complemented with other models.

4.3.1 Moment resistance and redistribution of 
internal forces

The geometry of the superstructure was simplified 
to three T-beams for calculation of the moment 
resistance in the span subjected to an external load 
in the test. The flange widths were assumed equal to 
the effective flange width, beff, given by the 
idealised geometry for structural analysis in Model 
Code 2010 (fib, 2013):

bbbb wieffeff , (1)

where beff,i is the effective flange width on either 
side of the web, bw is the web width and b is the total 
width of the flange associated with the specific 
beam. The contribution beff,i can be determined by:

00, 2.01.02.0 llbb iieff (2)

where bi is the contributing flange width on either 
side of the web and l0 is the distance between 
adjacent cross-sections with zero moment. The 
length l0 can be estimated as 85 % of the span length 
for end spans, 15 % of the adjacent span lengths at 
intermediate supports and 70 % of the span length 
for intermediate spans. Based on the effective slab 
width, an equivalent thickness of the slab was 
calculated due to its variation close to the girders.

In the calculations, the concrete stresses at the 
ultimate limit state were assumed to be uniformly 
distributed over 0.80 (0.74) times the compression 
zone with an effective concrete strength equal to 1.0 
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(0.97) times the actual compressive strength. Here, 
the first number refer to calculations using the 
concrete characteristics given by codes, with the 
corresponding values for in-situ characteristics in 
brackets. The steel was assumed to have a bi-linear 
stress-strain relationship.

Redistribution of internal forces, when the elastic 
moment capacity is reached in a single section, can 
be quantified in terms of the moment redistribution 
degree, :

el

red

M
M1 (3)

where Mred is the actual moment from where 
redistribution takes place and Mel is the moment
calculated by the linear elastic analysis. The upper 
limit of the available redistribution depends on the 
ductility of the region where yielding occurs. Based 
on empirical findings, codes define a limit for which 
no further verification of the structural ductility is 
required, although using slightly different formulae.
In the European (EN 1992-1-1, 2004) and Canadian 
(CSA A23.3, 2014) standards, the redistribution 
allowed is a function of the relative compressive 
depth, while the American (ACI 318, 2014)
standard calculates it using the strain in the tensile 
reinforcement. Additionally, the American and 
Canadian standards define an upper limit of 20 %
redistribution, similar to the upper limit for low-
ductility reinforcing steel according to the European 
standard. However, in the European standard, up to 
30 % redistribution can be utilised without any 
explicit verification of the rotation capacity in 
situations with normal or high ductility reinforcing 
steel. The degree of redistribution can be calculated 
using Equations (4) to (6) for the European, 
American and Canadian standard, respectively:

MPa50if0014.06.025.156.0 ck
cu

f
d
x (4a)

MPa50if0014.06.025.146.0 ck
cu

f
d
x (4b)

d
x50.030.0 (5)

t10 (6)

where cu is the ultimate concrete compressive 
strain, x is the neutral axis depth at the ULS, d is the 
effective cross-section depth, fck is the characteristic 
concrete compressive strength and t is the net strain 
in the extreme reinforcing steel under tension. 
According to the American standard, moment 

redistribution is not allowed in cases where the net 
strain is less than 0.75 %.

4.3.2 Shear resistance
In order to assess the load-carrying capacity of the 
bridge girders due to shear, the models at Levels I 
to III in the Model Code 2010 (fib, 2013) were used.
The model used at Level I of the strategy provides 
the simplest analysis, also expected to be the most 
conservative, with the higher levels expected to 
provide greater complexity and accuracy. In
addition, the model described in the European 
standard (EN 1992-1-1, 2004) was used. Both the 
model defined in Level I and the European standard 
rely on the variable-angle truss model approach 
with limitations based on the theory of plasticity 
(Nielsen & Hoang, 2010; Thurlimann, 1979). In 
contrast, the models used at Levels II and III are 
based on a generalised stress-field approach (Bentz 
& Collins, 2006; Bentz, Vecchio, & Collins, 2006).
The principal differences in the approaches are the 
procedures to determine the angle of inclination of 
the stress field, commonly referred to as the 
compression strut inclination, and the magnitude of 
the concrete contribution to the shear resistance. 
Expressed as the sum of the contributions from the 
concrete, VRd,c, and the reinforcing steel, VRd,s,
assumed to be vertically arranged, the sectional 
shear resistance, VRd, can be calculated using
Equation (7) with an upper-bound due to crushing 
of the concrete, VRd,max:

max,,, RdsRdcRdRd VVVV (7)

where:

zb
f

kV w
c
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cRd (10)

where kv is a coefficient for the concrete 
contribution to the shear strength, fck is the 
characteristic concrete compressive strength, c is 
the partial safety factor associated with the concrete, 
bw is the web width of the cross-section, z is the 
internal lever arm, Asw is the cross-section area of 
the stirrups, s is the stirrup spacing, fywd is the design 
yield strength of the stirrups, is the angle of 
inclination of the concrete compression struts and kc

is a concrete strength reduction factor due to cracks. 
As an overview, the lowest allowable strut 
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inclination for prestressed members (non-
prestressed members in brackets), min, the 
coefficient for concrete contribution to the shear 
resistance, kv, and the concrete strength reduction 
factor, kc, have been summarised for each model in 
Table 3, where x is the longitudinal strain in the 
mid-depth of the effective shear depth, VEd is the
design value of the shear force, 1 is the maximal 
principal strain and cw is a coefficient taking into 
account the effect of prestress on the concrete 
strength reduction factor. Thus, only the model at 
Level III utilises the term for the concrete 
contribution to the shear resistance, and the models 
at Level II and III require an iterative procedure due 
to the load-dependent equations for the inclination 
of the stress field.

5 Results and discussion

5.1 Residual prestressing
Determination of the residual prestress force 
requires consideration of a range of phenomena
influencing it, all of them with uncertainties. Due to 
the complexity of such an evaluation, a common 
simplification is to assume the residual force as 
constant along the prestressed reinforcement. For 
instance, Rijkswaterstaat (2012) proposed a 30 %
reduction of the initial prestress force as an idealised
way to account for the losses. In terms of the 
remaining percentage of the initial prestress level 
(i.e. 0.85fyk), the idealised consideration and the 
procedure described in previous sections result in 

the residual prestress levels shown in Figure 6. The 
graphs illustrate the levels in the intermediate 
tendons in the central girder, showing gradually 
reducing prestress forces when losses due to tendon-
to-duct friction, concrete shrinkage and creep, and 
finally steel relaxation were taken into account. It 
should be noted that the wobble friction losses were 
not taken into account, thus slightly underestimating
the total losses. The prestress evaluation calculated 
the losses to vary from 21 % to 39 %. Thus, the 
approximated reduction of 30 %, when compared to 
average calculated prestress losses of 31 %, appears 
reasonable. However, for the idealised prestress 
force, the local effects are neglected and the analysis 
shows a significant variation of the prestress force 
along the tendons. For instance, the consequences 
of the bridge being segmentally constructed and 
prestressed is consequently disregarded by the 
idealised assumption e.g. a difference of 13 % was 
indicated between either side of the casting joint 1 
(see Figure 3). Looking at the span investigated in
the experimental study (i.e. span 2), the following 
deviations from the assumption of constant residual 
prestress force are: (1) 9.0 % lower at midspan 2, (2) 
2.4 % lower at support 2 and (3) 0.8 % lower at 
support 2. It is not obvious if and, if so how much,
these deviations influenced the assessment of the 
load-carrying capacity of the bridge.

5.2 Load-carrying capacity
The total load at failure of the southern girder was 
13.4 MN according to the test. After severe concrete 

Table 3. Parameters for analysis of shear resistance as defined by Model Code 2010 (MC I-III) and the 
European standard (EC 2).

Model min kv kc

MC
Level I 0

MC
Level II 0

MC
Level III

EC 2 0

30
25

3
1

30

1

min55.0

ckf

x1000020 3
1

1

30

1

min
552.1

1
65.0

min

ckf

x1000020
0

15001

14.0
max,

x

Rd

Ed

V
V

3
1

1

30

1

min
552.1

1
65.0

min

ckf

8.21
4.18

cw
ckf

250
16.0



III – 15

cracking and visual damage of the structure, the 
failure suddenly occurred with a drop in the load to 
12.8 MN. As defined by the loading procedure, the 
increase in loading after a total of 12 MN was 
concentrated on the hydraulic jack closest to the 
southern girder. Consequently, an even higher load-
carrying capacity can be expected with the original, 
more equally-distributed, loads up to 12 MN, as 
assumed in the theoretical analysis. In the test, the 
final failure took place in the region adjacent to the 
applied load. It was a shear-related failure with 
pronounced diagonal concrete cracking on both 
sides of the load application, and rupture of the 
stirrups crossing the cracks (see photograph after 
failure in Figure 7). Moreover, the load distribution 
plates were pushed through the bridge deck slab at 
failure with a local shear type of failure beneath and 

around the plates. Due to geometric effects
straightening and pulling the CFRP laminates on the 
southern girder, premature debonding occurred at 
about 9.0 MN. However, the NSM CFRP rods on 
the central girder worked as intended up to the
failure load. Based on these findings, only the 
strengthening of the central girder was taken into 
account in the analysis of the load-carrying 
capacity.

Figure 7 shows the response of the bridge in terms 
of the midspan deflections for the three girders in 
relation to the total load applied to the bridge. 
Shortly after the peak load, the sensors measuring 
the deflection were disturbed and thus the 
descending load-deflection curve is not included in 
the graphs. The load-deflection curves from the 
experiments early in the loading procedure differ 
from the linear elastic analysis using uncracked 
concrete, due to crack formation in the tested bridge. 
This means that redistribution of internal forces 
takes place in the structure at an early stage, as a 
consequence of the reduced stiffness induced by 
concrete cracking. Although this is an appreciable, 
and also expected, deviation of the theoretical 
analysis from the actual structural behaviour, this
kind of structural analysis is usually used in bridge 
assessment to obtain the action effect distribution. 
For comparative purposes, the structural analysis of 
the bridge was also carried out without any tensile 
strength in the girder for loading up to 9 MN (i.e. 
when moment capacity was reached at midspan), in 
order to account for the cracked state. As with the
linear elastic analysis of uncracked concrete, the 
initial stiffness was approximately the same as in the 
test. This can be explained by the prestress forces 

Figure 7. Load-deflection relationship for the test of the bridge’s southern girder and photograph of the central 
and southern girders after failure. (Image by Niklas Bagge).

Figure 6. Residual prestress in relation to the initial
prestress level when successively accounting for the
prestress losses due to friction, shrinkage and creep
and finally relaxation.
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keeping the concrete section under compression up 
to a certain load. Thereafter, the structural analysis,
assuming cracked concrete, indicated a 
considerably reduced stiffness, producing
overestimated deflections in comparison to the 
observations from the failure test. Thus, in order to 
assess more accurately the structural behaviour, an 
analysis taking into account material nonlinearities
has to be carried out. This means using the type of 
analysis used at Level 2 or higher in the multi-level 
strategy for structural analysis.

The distribution of action effects and comparison to 
outputs from local resistance models resulted in the 
total load-carrying capacities shown in Figure 8,
with a linear elastic analysis generally being applied
but with complementary redistribution of internal 
forces in cases where the shear capacity exceeded
the flexural capacity. The capacities are either 
determined with material characteristics specified in
the assessment code or in-situ material 
characteristics. In the latter case, the influence of the 
different methods of accounting for prestress losses 
was investigated. Here it should be noted that the 
theoretical capacities cannot be directly compared 
to the experimental maximal load, because of the
differing experimental loading procedure above 
12 MN.

Improving the accuracy of the material 
characteristics generally gave an appreciably higher 
shear capacity, mostly due to the 21 % higher yield 
strength of the stirrups. However, the moment 
capacity was almost unaffected, indicating that the 
concrete strength only had a minor influence even 
though it had increased by 75 %. This small increase 

in moment capacity can be explained by the 
prestressed reinforcement, with only a marginal 
increased tensile strength, shown to be limiting for 
the moment resistance.

Comparing the theoretically determined shear 
capacities with the shear caused by the action effects 
according to the linear elastic analysis clearly 
indicates, independent of the level of approximation 
in the Model Code (MC I-III), that it is the shear 
capacity that is critical rather than the moment 
capacity. In contrast, the European standard (EC 2) 
gives marginally lower shear capacity in 
comparison to the moment capacity using the 
material characteristics from the assessment code, 
but using in-situ material characteristics, the 
redistribution of internal forces has to be accounted 
for in order to determine shear failure. In the latter 
situation, the shear capacity is reached at a moment 
redistribution from the midspan of 14 % and 22 %
in the case of the theoretically determined prestress 
distribution and idealised prestress distribution, 
respectively. For the idealised case, the degree of 
redistribution exceeded the allowable limit of 20 %
according to the American and Canadian standards, 
see further discussion in the next section.

The main reason for the difference between the 
shear resistance according to the Level I 
approximation in the Model Code (MC I) and the 
European standard (EC 2), both relying on the 
theory of plasticity, is the lower limit of the angle of 
compression field inclination in the European
standard (see Table 3). Here it should also be noted 
that the location of the shear failure predicted by 
these two models was adjacent to support 2, which 

Figure 8. Load-carrying capacity with respect to moment and shear, using different resistance models, for 
material characteristics given by the assessment code and from the in-situ tests with theoretically evaluated 
and idealised residual prestress forces, respectively.
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does not agree with the experimental findings. The 
high moment at the midspan is probably the cause 
of the inconsistency between the test and analysis 
since the interaction between flexure and shear is 
neglected in the resistance models. This interaction 
is accounted for at Levels II and III through the mid-
depth strain given by the actual action effects. As 
with the test, the models at higher levels predicted 
shear failure on either side of the midspan, but with 
considerably lower load-carrying capacity. 
Comparing the angle of compressive strut 
inclination shows consistent results. According to 
analysis at Levels II and III, the inclination was 47 
– 49° and 50°, respectively, whereas approximately 
50 – 52° was observed in the test of the southern 
girder. The different angles from the Level II
analysis represent the difference between the three 
investigated combinations of material 
characteristics and consideration of residual 
prestress forces. Part of the explanation of the 
difference between the theoretical and experimental 
outcome can be associated with: (1) the full tensile 
strength of the stirrups, above the yield strength,
which was not taken into account in the resistance 
model and (2) the distribution of action effects in the 
test differing from the linear response due to 
redistribution of internal forces. The uncertainties 
regarding the action effects can be reduced using a 
nonlinear evaluation at Level 2 in the multi-level 
strategy for structural analysis. In order to 
accomplish a further improvement of the structural 
analysis and to investigate the shear behaviour more 
precisely, analysis at Level 3 is necessary. This
analysis does not rely on a specific local resistance 
model, which, in some cases, has been shown to 
predict failure at the wrong location and in others
given a very conservative load-carrying capacity.

Comparing the assessed load-carrying capacity 
based on the calculated and idealised distribution of 
the residual prestress forces indicates generally 
higher shear capacity for the idealised case. The 
change in capacity was 5.8 %, 11.2 %, -0.7 % and 
5.8 % for the four resistance models. In the critical 
sections, the prestress idealisation predicted a
higher prestress force, leading to increased axial 
force in the concrete and also a reduced shear force 
in the inclined tendons. However, analysis results 
from the Level III approximation (MC III) were
almost unaltered, due to the upper limit of the angle 
of the inclined concrete stress field being reached in 
both cases investigated. For this particular bridge, 
the assumption with regard to the residual prestress 
forces had a notable influence on the assessed load-
carrying capacity.

5.3 Redistribution of internal forces
The structural response of the bridge was clearly 
nonlinear from loading to failure, as indicated by the 
load-deflection relationship shown in Figure 7. This 
means there was a redistribution of internal forces 
in relation to the approximation in the theory of 
linear elasticity. The allowable degree of 
redistribution from a hinge region at midspan is 
30 % according to the European standard (EN 1992-
1-1, 2004) and 20 % according to the American
(ACI 318, 2014) and Canadian (CSA A23.3, 2014)
standards, in both cases determined by the upper 
limit. Only the European standard specifies limits 
based on ductility parameters of the reinforcing 
steel (ftk/fyk and uk), but only normal strength steel 
(400 fyk MPa) is treated. Consequently, 
the limit of 30 % redistribution is given by non-
prestressed reinforcement classified as high 
ductility steel. However, the prestressed steel in the 
bridge should be classified as low ductility steel 
assuming the in-situ characteristics, with the limit of 
redistribution equal to the American and Canadian 
standards. Although the model specified in the 
European standard is primarily calibrated for
structures with non-prestressed reinforcement, 
Pommerening (1996) concluded that there is 
approximately the same available redistribution in 
prestressed and RC structures and studies by 
Rebentrost (2004) indicated the European model to 
be conservative. With respect to the moment 
capacity, the two limits of 20 % and 30 % result in 
a total load-carrying capacity of 11.1 MN and 
12.5 MN, respectively, based on the in-situ material 
data with theoretically determined residual prestress 
forces. In relation to the linear elastic analysis, the 
capacity increase was 22 % and 37 %, respectively. 
If the load is increased further, the ultimate moment 
capacity is also reached at support 2 for a load of 
12.8 MN and a redistribution degree of 32 % at 
midspan, while only 74 % of the moment resistance 
is utilised at support 3 for this load. Thus, by 
modelling a plastic hinge both at the midspan and at 
support 2 and with further redistribution of internal 
forces, a capacity slightly higher than 12.8 MN can 
be achieved. Based on this, both the midspan and 
adjacent support sections can be regarded as almost 
fully utilised at failure in the bridge test and, thus, 
ultimately even higher redistribution was achieved 
than allowed by the codes. However, in order to take 
advantage of a higher capacity than the linear elastic 
analysis with limited redistribution allows, a more 
detailed verification of the structural ductility is 
required. This can, for instance, be achieved using 
nonlinear simulations at Level 2 or higher in the 
multi-level strategy of structural analysis.
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6 Conclusions
A strategy for structural analysis on four 
successively evolved levels has been described for
evaluating the ultimate load-carrying capacity of the 
superstructures of concrete bridges. At the initial 
level, only the action effects are predicted by the 
structural analysis, while failures related to flexure, 
shear and anchorage are successively taken into 
account implicitly at the subsequent levels. This 
multi-level approach is proposed as a framework for 
structural analysis in enhanced assessments, along 
with other available techniques forming a
comprehensive assessment strategy for existing 
bridges.

Using the initial level of structural analysis, a 55 
year-old PC girder bridge was assessed and 
evaluated against the failure test of the primary 
structure of the bridge. From this rare opportunity to 
examine and calibrate models used for determining 
load-carrying capacities, the following concluding 
remarks can be made:

The bridge failed in a shear-related failure mode 
with pronounced diagonal cracks and rupture of 
shear reinforcing steel. At failure, the total 
external load on the structure was 13.4 MN and 
immediately after the failure, the residual load 
was 12.8 MN.
The case study indicated conservative estimates 
of the load-carrying capacity, based on the two-
step procedure of verification of action effects 
from structural analysis against sectional 
resistance given by local models. The shear 
resistance models, as described by Model Code 
2010 (fib, 2013) at Level I, and European 
standard (EN 1992-1-1, 2004) were not able to 
predict the location of the shear failure 
accurately, a consequence of neglecting the 
flexure and shear interaction. The models 
described by Model Code at Levels II and III 
located the failure in line with the test, however, 
with greatly conservative estimates of the 
resistance. Predicted capacities was 57 %, 25 %, 
40 %, 78 % of that obtained in the test, according 
to the shear models provided by Model Code at 
Levels I – III and European standard, 
respectively.
The bridge’s structural behaviour was highly 
nonlinear when loaded to failure, indicating 
extensive redistribution of internal forces in 
relation to the idealised linear elastic response 
commonly assumed in bridge assessments.
Providing sufficient shear capacity, the degree of 

redistribution allowed by the American and 
Canadian standards and European standard gives
a load-carrying capacity increase of 22 % and 
37 %, respectively, compared to linear elastic 
analysis.

As the assessment at the initial level in the proposed 
strategy for structural analysis appreciably 
underestimates the load-carrying capacity and 
poorly reflects the actual structural behaviour, a 
refined analysis taking into account such nonlinear
behaviour is recommended (see Part B). Due to the 
fact that shear-related failures were shown to be 
critical, the improved analysis should preferably be
carried out at a level of approximation that accounts
for both flexural and shear-related failure modes.

The strategy within this paper is particularly suited 
for structural analysis at the ULS. However, for 
future work, a strategy for consideration at the SLS 
is also being developed, which cannot be directly 
implemented in this strategy due to its different 
requirements.
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Notation
Asw shear reinforcement cross-sectional area
Eck characteristic value of the concrete modulus 

of elasticity
Eck,upgr characteristic value of the upgraded 

concrete modulus of elasticity
Ecm,is mean value of the in-situ concrete modulus 

of elasticity
Mel elastic moment
Mred redistributed moment
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VEd shear force
VRd shear resistance 
VRd,c shear resistance of the concrete
VRd,max maximum shear resistance due to concrete 

crushing
VRd,s shear resistance of the stirrups
b flange width
bi flange width on side either side of web
beff effective flange width
beff,i effective flange width on either side of web
bw web width
d cross-section effective depth
fck characteristic value of the concrete 

compressive cylinder strength
fck,upgr characteristic value of the upgraded 

concrete compressive cylinder strength
fcm,is mean value of the in-situ concrete 

compressive cylinder strength
fp0.2k characteristic value of the prestressing steel 

0.2 % proof strength
fp0.2m,is mean value of the in-situ prestressing steel 

0.2 % proof strength
fyk characteristic value of the reinforcing steel 

yield strength
ftk characteristic value of the reinforcing steel 

tensile strength
ftm,is mean value of the in-situ reinforcing steel 

yield strength
fym,is mean value of the in-situ reinforcing steel 

tensile strength
fywd characteristic value of the stirrup yield 

strength
kc coefficient for concrete strength reduction
kv coefficient for shear resistance of concrete
l0 distance between zero moment
s shear reinforcement spacing
x neutral axis depth 
z cross-sectional internal lever arm

reinforcement bar diameter
cw coefficient for effects of axial forces on 

concrete strength
c concrete partial safety factor
cu ultimate concrete compressive strain
1 maximal principal strain
t net tensile strain in the extreme tensile 

reinforcing steel

um,is mean value of the in-situ reinforcing steel 
strain at peak stress

uk characteristic value of the reinforcing steel 
strain at peak stress

x longitudinal strain in mid-depth of effective 
shear depth
degree of redistribution
angle of concrete compression strut to 
longitudinal axis of member

min minimal angle of concrete compression 
strut to longitudinal axis of member
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Abstract
In Part A of this paper, a multi-level assessment strategy for structural analysis was proposed. A 
decommissioned prestressed concrete girder bridge tested to failure was assessed at the initial level of the 
strategy using current code regulations. This assessment indicated load-carrying capacities ranging from 25 %
to 78 % of the tested failure load, depending on the resistance model applied. Due to the conservative results,
and with the current failure mode clearly difficult to predict accurately, an improved analysis was suggested. 
Thus, in Part B of this paper, the enhanced level of the assessment strategy was evaluated in conjunction with 
guidelines for the nonlinear finite element analysis (NLFEA) of concrete structures. An initial finite element 
(FE) model, based on the recommendations from the guidelines, yielded an overestimation of the load-carrying 
capacity by 18 % and failed to predict the failure mode accurately. In an updated FE model, small changes 
were made, based on the preloading of the tested bridge, additional findings in literature and a sensitivity study. 
The updated simulation of the test was able to predict the load-carrying capacity and the failure mode of the 
bridge accurately. Consequently, assessment at the enhanced level proposed in Part A can be considered to be 
very accurate and of great benefit in the pursuit of optimised assessments of bridges, provided that the material 
parameters are known and boundary conditions are properly modelled. At the same time, the study shows the 
importance of using guidelines for NLFEA based on current knowledge in the field.

Keywords: bridges; nonlinear finite element analysis; full-scale failure test; modelling strategy; multi-level 
assessment; prestressed concrete; shear capacity; structural behaviour.

1 Introduction
In Part A of this paper, a multi-level assessment 
strategy for reinforced concrete (RC) bridges was 
proposed. The strategy was based on successive 
improvement of the structural analysis. At the initial
level, the two-step procedure to verify the action
effect against local resistance models was followed. 
In the next three enhanced levels, flexural, shear-
related and anchorage failure modes were step-wise 
included and verified in the structural analysis. The 

enhanced levels are based on nonlinear finite 
element analysis (NLFEA) of the structure. The 
proposed assessment strategy was applied at the 
initial level of approximation to a prestressed 
concrete bridge tested to failure. This indicated a 
highly conservative estimate of the load-carrying 
capacity, appreciable differences between the 
resistance models used and difficulties in predicting
the failure obtained in the test, that being a shear-
related failure adjacent to the external loading at the 
midspan. Instead, flexural failure at the midspan and 
shear failure adjacent to the support were predicted.
Consequently, enhanced structural analysis was 
recommended and, in this second part of the paper 
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(Part B), this strategy is further explained and 
demonstrated.

NLFEA is a useful tool for simulating the behaviour 
and capacity of RC structures, one that has
improved significantly over the past few decades
(fib, 2008; Willam & Tanabe, 2001). With a more 
accurate representation of structural and material 
responses, this type of analysis is, in comparison to 
linear elastic finite element (FE) analysis, regarded 
as having the highest potential in terms of prediction 
of the load-carrying capacity (SB-LRA, 2007).
There are many examples of where this method has 
been applied to determine the capacity of existing 
RC bridges, such as work by Huria, Lee, and Aktan 
(1993), Plos (2002), Song, You, Byun and 
Maekawa (2002), Plos and Gylltoft (2006), Broo, 
Plos, Lundgren, and Engström (2007), Schlune 
(2011), Puurula et al. (2015), and Šomodíková, 
Lehký, Doležel, and Novák (2016). However, 
comparison of the procedures for the modelling in 
these studies reveals significant variations. Within 
the NLFEA, assumptions associated to geometry, 
boundary conditions, constitutive material models 
and solution methods are necessary and the 
outcomes from the simulations are highly 
dependent on the modelling choices; these, in turn, 
rely on the analyst’s knowledge and experience 
(Belletti, Damoni, den Uijl, Hendriks, & Walraven, 
2013). The variation in outcomes from simulations 
of one single structure with numerous different 
assumptions made by different engineers can, 
however, be reduced by applying modelling
instructions based on current technical knowledge. 
At present, NLFEA is a method used daily within 
the research community so, in order to make it 
practically applicable and more robust and reliable 
for (bridge) engineers, guidelines with such 
instructions are needed. This means that FE 
guidelines (or codes) can be developed much as the 
design codes have been successively improved over 
time because of an enhanced knowledge and 
understanding of materials and structures. The
importance of FE analysis for design or assessment 
purposes means that such guidelines are of a similar
significance as the current codes. Attempts to 
provide general guidance for NLFEA of RC 
structures have been presented by Broo, Lundgren, 
and Plos (2008), fib (2008) and Rijkswaterstaat 
(2012, 2016). Targeting specific software, 
recommendations are also provided by e.g. 
ABAQUS (2012), ANSYS (2013), ATENA 
(2016a) and DIANA (2015). In order not to limit the 
analysis to a specific piece of software, guidelines
developed for enhanced bridge assessment should 

be based on the available, and in the research 
community well-established and accepted,
modelling choices.

It is hoped this paper (Part B) will contribute to the 
improvement of bridge assessment, focused here on
the load-carrying capacity. There are two aims. 
First, the intention is to demonstrate and confirm the 
efficacy of the enhanced level of the multi-level 
assessment strategy proposed in Part A. As the 
strategy does not provide any precise instructions on 
how to carry out the enhanced structural analysis, 
the second aim is to evaluate a set of existing 
guidelines for NLFEA. A review of the current 
general literature providing support for NLFEA 
indicates that the documents from the Dutch 
Ministry of Infrastructure and the Environment 
(Rijkswaterstaat, 2012, 2016) are the most precise 
in terms of recommendations, while work from
Broo et al. (2008) and fib (2008) is more 
informative regarding issues related to such analysis 
of RC structures. Thus, the validity and applicability 
of the guidelines described by Rijkswaterstaat 
(2012, 2016) were evaluated and related to the full-
scale failure test of the prestressed concrete bridge. 
In this study, the commercial software ATENA 
Studio (ATENA, 2016a) was used and, 
consequently, both the general guidelines and the 
software-related recommendations were treated in 
combination. This is a highly relevant study given 
the lack of studies of the robustness and reliability 
of the guidelines in relation to full-scale structures. 
Previously, the recommendations have been shown
to work rather well for small-scale laboratory 
experiments (Belletti et al., 2013) but their
suitability for the assessment of full-scale in-situ 
bridges was untested. For instance, issues relating to
computational effort become more relevant for 
larger structures. The examination of the guidelines 
should be seen as an ongoing task seeking their
confirmation, where a complete verification for 
every scenario cannot be achieved for this kind of 
problem (Oreskes, Shrader-Frechette, & Belitz, 
1994).

2 Nonlinear FE modelling frame-
work

2.1 General description
The NLFEA framework summarised in this section 
is based on the recommendations in Rijkswaterstaat 
(2012, 2016), adapted for use with ATENA Studio 
(ATENA, 2016a). The later version of the NLFEA 
guidelines (Rijkswaterstaat, 2016) was intended to 
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be more complete in relation to beams and slabs, 
and was published after this FE study was carried 
out. However, unless otherwise stated, the 
recommendations given in this section are in 
accordance with both versions. It should be noted 
that the strategy is limited to systems comprising 
RC beams and slabs under static loading, although 
the software allows for other applications. Next, 
some highly relevant bridge-related issues, not 
directly described in the guideline, are described.

The current condition of the structure is of particular 
importance when assessing existing structures. It 
has to be included in the nonlinear simulation of the 
structure to assess the structural behaviour and load-
carrying capacity and, thus, inspection of the 
structure is essential. In Rijkswaterstaat (2012,
2016), some recommendations are provided for how 
existing cracks, caused by previous loading events, 
can be taken into account. An existing crack can be 
treated by either: (1) locally reducing the modulus 
of elasticity, tensile strength and fracture energy or 
(2) simulating the crack formation with additional 
load cases. However, the guidelines do not specify 
the magnitude of reduction to use for (1), which may 
be crucial in reflecting the current structural 
behaviour. Other mechanisms leading to 
deterioration of the structure are, for example, steel 
corrosion, freeze-thaw cycles and alkali-aggregate 
reactions. These can usually be taken into account 
by altering the geometry, using up-to-date material 
properties of concrete and reinforcement materials, 
and using current knowledge of their interactions 
(Hanjari, Kettil, & Lundgren, 2011, 2013).

2.2 Boundary conditions and loads
The first step in the modelling of the structure is to 
idealise it to a mechanical model and then to a 
computational model for which the finite element 
method (FEM) could be used. These steps should be 
carried out carefully because of their great
importance to the response in the simulations. 
Depending on the problem intended to be 
investigated by the FE simulation, there needs to be
different approaches such as including the whole 
structure, single components or only critical
regions. Sometimes it can be effective from the 
modelling and computational effort perspectives to
model different structural parts with different 
degrees of detailing, to obtain representative 
boundary conditions for the region of particular 
interest. A procedure for how to model shear-related
failures in a large-scale structure with varying 
degrees of detailing is, for instance, described by 
Broo, Plos, Lundgren, and Engström (2009).

2.2.1 Boundary conditions
In order to simulate the structural behaviour, the 
boundary conditions should be properly defined. 
Apart from the boundary conditions for supports, 
the connections between structural parts need to be 
modelled, for instance, joints and interfaces 
between different types of elements. First, the
correct displacements have to be restrained in the
correct positions. Second, stress concentrations, that 
can lead to numerical issues and predicted local
failures not taking place in the real structure, should 
be avoided by modelling the support contact as 
being distributed over a defined area. A similar 
distribution is also preferable for concentrated 
loads. This is particularly important when using 
continuum elements and can be modelled using
plates or a group of rigid links coupled to the 
elements, thus distributing stresses (Broo et al., 
2008; Rijkswaterstaat, 2012, 2016). Another issue 
of importance for analysis of bridges is the soil-
structure interaction, which may have an influence
on the structural behaviour (Dutta & Roy, 2002).
This interaction can be included by discretely 
modelling the foundation system together with the 
surrounding material. Alternatively, springs 
simulating the deformation properties of the 
foundation soil/bedrock can be used to simplify the 
model.

In order to try and reduce the modelling and 
computational effort, symmetries can sometimes be 
used such that only half or a quarter of the structure 
has to be modelled. However, such simplification 
has to be undertaken carefully because it requires 
symmetry of the structure, the loading and also a 
symmetric failure mode (Rijkswaterstaat, 2012,
2016).

2.2.2 Loads
Loads affecting the structure have to be taken into 
account in the nonlinear analysis and the critical 
load combination is preferably determined 
beforehand using simplified analysis. Dead weights
of the structure and other permanent loads (e.g. 
prestressing, paving and rails) should be simulated 
in initial load step(s). Thereafter, the most 
unfavourable combination of variable loads (e.g. 
traffic and thermal loads) should be investigated in 
subsequent load case(s) (Rijkswaterstaat, 2012,
2016). The variable loads should preferably be 
incrementally applied to the structure up to a 
predefined level (e.g. failure) with sufficiently small 
increments to account for local and global effects. 
Thus, the nonlinear response can be obtained. In 
order to model the influence of prestressing 
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accurately, the residual forces should be considered, 
taking into account both initial losses (concrete 
shortening, curvature friction, wobble friction and 
anchorage slip) and time-dependent losses (concrete 
shrinkage and creep and steel relaxation). A 
procedure used with the ATENA Studio software 
was presented in Part A. Alternatively, a 30 %
reduction of the initial design prestress force could
be considered as an approximation in the absence of 
information about prestress losses (Rijkswaterstaat, 
2012, 2016).

For analysis of the ultimate load-carrying capacity 
of RC structures, it can be beneficial to load the 
structure using displacement control, in which the 
external loads are controlled by successively 
increased point displacement. Such deformation-
controlled loading, particularly useful for 
concentrated loads, usually yields a more stable 
numerical analysis in comparison to force-
controlled loading. Rijkswaterstaat (2012, 2016)
stated that displacement-controlled loading is not 
suitable for multiple loads; however, a procedure to 
model combinations of loads was described by Broo 
et al. (2009) and applied to traffic loads composed 
of multiple concentrated loads.

2.3 Constitutive models

2.3.1 Concrete
For the nonlinear modelling of concrete, a range of 
constitutive models exists; here, only one available 
model is described from others found in the 
literature. The constitutive model implemented in 
ATENA Studio that represents concrete in 3D is 
called CC3DNonLinCementitious, see Figure 1 (J. 

). The model 
combines fracture mechanics of concrete in tension, 
following the smeared crack concept with the 
Rankine failure criterion, and plastic theory of 
concrete in compression, with a Menétrey-Willam 
failure surface for the triaxial stress state (Menetrey 
& Willam, 1995). In contrast to the 
recommendation from Rijkswaterstaat (2012, 2016)
to use the total strain concept, the implemented 
model is based on the strain decomposition concept 
(De Borst, 1986) separating the elastic, plastic and 
fracturing strains in order to ensure compatibility 
between the fracture and plasticity models.

In order to model the concrete behaviour accurately, 
material characteristics derived from the structure 
of interest should be used. However, in the absence
of information from in-situ tests, the initial modulus 
of elasticity Ec, the tensile strength ft and the fracture 
energy Gf can be determined from the concrete 

compressive strength fc. In the literature, a range of 
different equations exist because, for instance, 
Rijkswaterstaat (2012) followed Model Code 1990 
(CEB-FIP, 1993), while Rijkswaterstaat (2016) was 
updated with Model Code 2010 (fib, 2013). Due to 
effects related to shrinkage and creep, 
Rijkswaterstaat (2016) recommended a 15 %
reduction of the initial elastic modulus, with the
calculation based on the compressive strength of the 
concrete. In contrast to the other material properties,
Rijkswaterstaat (2012, 2016) proposed a different 
Poisson’s ratio of 0.15, compared to the Model 
Codes (CEB-FIP, 1993; fib, 2013) that specify 0.20
which is also used by ATENA (2016a). The 
material properties, either determined by equations
based on the compressive strength or in-situ tested, 
should be used in the nonlinear FE model as mean 
values, in order to predict as realistic a behaviour of 
the structure as possible. Introducing modified 
values, for instance, reduced in respect of structural 
safety, can lead to inaccurate simulations of the 
failure mode.

In the predefined stress-strain relationship in 
CC3DNonLinCementitious, the concrete loaded in 
tension is assumed to behave linearly until tensile 
strength ft is reached. For concrete loaded in 
compression, a linear response is assumed until a 
stress level corresponding to 2ft is reached. After 
initiated cracking, an exponential softening is used 
based on Hordijk’s formula (Hordijk, 1991). The 
normal stress in the crack, is calculated according 
to Equation (1) and illustrated in Figure 
1(a):

2
3
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w
wcf
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where ft is the tensile strength, w is the crack 
opening, wc is the crack opening at complete release 
of stress and c1 = 3 and c2 = 6.93, being constants 
for normal weight concrete. In order to transform 
strains to displacements, a crack band model is 
introduced, aimed at determining a representative 
crack band size, Lt, to multiply with the strains. The 
original purpose of using the crack band approach 
was to reduce the influence of element size and 
orientation (Bažant & Oh, 1983; Rots, 1988).
According to
Eligehausen (1995), satisfactory results could be 
obtained by assuming a crack band size equal to the 
size of the element in the direction perpendicular to 
the cracks (see the finite element in Figure 1(a)). 
However, in cases of heavily reinforced concrete 
structures or large finite elements, the proposed 
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crack band model may overestimate the crack 
spacing in the model to be equal or larger than the 
finite element. This overestimation produces results 
that are too conservative. Therefore, it is 
recommended that the user manually specifies a
crack spacing in such cases, consequently also to be 
used as the crack band size. To estimate the 
maximum crack spacing sr,max , Rijkswaterstaat 
(2012, 2016) proposed Equation (2) in accordance 
with the European standard (EN 1992-1-1, 2004):

efs

eqs
r kkkcks

,

,
4213max, (2)

where k1 is a factor determined by the type of 
reinforcing bars (0.8 for high-bond bars and 1.6 for 
plain bars), k2 is a factor determined by type of 
loading (0.5 for pure flexural moment and 1.0 for 
pure tension), k3 = 3.4, k4 = 0.425, c is the concrete 
cover, s,eq is the equivalent reinforcing bar diameter 
and s,ef is the effective reinforcement ratio.

The concrete response in compression was defined 
by ATENA (2016a) as a strain-based parabolic 
ascending branch describing the hardening and a 
displacement-based linear descending branch 
describing the softening (see Figure 1(b-c)). 
Equation (3) is the parabolic expression for the 
normal stress:

2

00 1
c

p
eqc

ccc fff (3)

where fc0 is the stress at onset of nonlinear 
behaviour, fc is the compressive cylinder strength, c

is the strain and p
eq is the plastic strain at 

compressive strength. Generally, the maximal 

displacement wd in the linear softening is suggested 
as being 0.5 mm (van Mier, 1986). In order to 
reduce the mesh size dependency, the 
transformation of strains to displacements is carried 
out using a length scale parameter Lc given for the 
element size in the direction of principal 
compressive stresses in analogy to the crack band 
size Lt. (see finite element in Figure 1(c)). In the 
guidelines provided by (Rijkswaterstaat, 2012,
2016),  no multi-axial compression interaction 
needs to be included, leading to a conservative 
assumption. However, the material model used 
provides a triaxial failure surface, based on the 
theory of plasticity, to take the positive confinement 
effect into account (
2008).

If the concrete is simultaneously loaded in tension 
and compression in different directions, the 
compressive strength is reduced due to cracking; 
Rijkswaterstaat (2012, 2016) required this 
interaction to be included. For the material model 
used, a proposal by Vecchio and Collins (1986) is 
introduced, one that implies the strength is reduced 
to rcfc. The compressive strength reduction rc is 
given by Equation (4):

0.1and
1708.0
1 lim

1
ccc rrr (4)

where 1 is the maximal principal tensile strain of 

the cracked concrete and lim
cr is a limitation of the 

strength reduction. Studies of the strength reduction 
factor show a variation in the limiting value: 0.45 
according to Kollegger and Mehlhorn (1988), 0.80 
according to Dyngeland (1989) and also the factor 
recommended by ATENA (2016a), and 0.40 
according to Rijkswaterstaat (2012, 2016).

Figure 1. Concrete constitutive model used: (a) stress-displacement relationship for softening in tension, (b) 
stress-strain relationship for hardening in compression, and (c) stress-displacement relationship for softening 
in compression.



IV – 6

There are two types of smeared crack concepts, 
either fixed or rotating crack models, recommended
in Rijkswaterstaat (2012, 2016), with both
implemented in CC3DNonLinCementitious. The 
material model also provides a combination of the 
concepts, implying that the rotating crack concept is 
used to a certain level where the crack direction is 
fixed. Here, it is suggested that the shift occurs at a
residual tensile strength between 60 % and 90 % of 
the initial tensile strength, according to the 
experience from the developer of
CC3DNonLinCementitious. Assuming a fixed
direction of the cracks, resulting in stress-locking 
phenomena, may lead to overestimation of the 
failure load (Rots, 1988) and, therefore, a shear 
retention model reducing the shear stiffness should
be used in NLFEA of concrete structures 
(Rijkswaterstaat, 2012, 2016). Due to a variation in
the shear stiffness at the crack opening, ATENA 
(2016a) proposed that the shear stiffness of the 
crack should be linearly coupled to stiffness 
perpendicular to the crack using a shear stiffness 
reduction factor sF. Based on experimental work by 
Walraven (1981), the recommended value of the 
shear stiffness reduction factor is 20. However, this 
value is considered conservative for some cases and 
the developer of the material model has 
(undocumented) used values as high as 200 to give
more accurate results.

As a default, the shear stress in a crack is limited to 
the tensile strength. However, in cases of cracking 
at the interface between cement paste and 
aggregates, a rough crack surface is obtained 
leading to aggregate interlock which increases the 
shear strength. Based on observations by Walraven 
(1981), the shear strength for cracked concrete ci,max

has been calculated by Vecchio and Collins (1986),
using the modified compression field theory 
(MCFT), as: 

16
2431.0

max,
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ci
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w

f
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where fc is the compressive cylinder strength in MPa 
and ag is the maximal aggregate size in mm.

According to the guidelines by Rijkswaterstaat 
(2012, 2016), the tension stiffening effect due to the 
interaction between the concrete and reinforcement 
is essential for the load-carrying mechanism and 
should be taken into account, although no 
recommendation of how to do this is provided. If the 
bond-slip relationship between the reinforcement 
and the concrete is not implicitly included in the FE 

model, the tension stiffening effect can be 
approximated by modifying the tension softening 
relationship of the concrete in tension. In 
CC3DNonLinCementitious, the tension stiffening is 
taken into account by limiting the tensile stress to a 
certain value in the relationship for tension 
softening. Thus, the stresses are prevented from 
dropping below the level specified. The default 
value in the software is 40 % of the tensile strength 
with reference to Model Code 1990 (CEB-FIP, 
1993), but (undocumented) experience indicates 
that this level is high and can lead to 
overestimations of the structural stiffness and the 
load-carrying capacity. Instead, typically 10 % to 
20 % of the tensile strength is recommended for 
relatively dense reinforced regions and the default 
level can be considered as a maximum in extreme 
regions. Moreover, levels in the range between 1 to 
5 % of the tensile strength can be useful in sparsely 
reinforced regions to stabilise the analysis.

Another feature in CC3DNonLinCementitious is the 
potential to account for changed concrete stiffness 
at unloading and crack closure. Here, a factor is 
introduced involving unloading to the origin 
(default) or parallel to the initial elastic stiffness as 
the two extremes. However, the guidelines provided 
by Rijkswaterstaat (2012, 2016) do not give any 
recommendation with regard to this issue.

2.3.2 Reinforcement
The constitutive response for the reinforcement 
needs to be adapted to the specific reinforcement 
material. The material properties can either be 
assumed using values from the codes, or determined 
based on in-situ tests on samples from the structure. 
In the model, mean values should be used. For non-
prestressed and prestressed reinforcing steel, the 
post-yield hardening should be included in the 
model, not only due to its significant contribution to 
the load-carrying capacity, but also for its
stabilising effect on the analysis. A simplified 
elasto-plastic constitutive model with hardening, 
represented by the elastic modulus, yield strength, 
tensile strength and strain at the maximal force, is 
acceptable according to Rijkswaterstaat (2012,
2016). Reinforcement consisting of fibre-reinforced
polymers does not have any post-yield hardening, 
and the constitutive model is only represented by an 
elastic response until the ultimate strain is reached. 
Although a simplified stress-strain relationship is 
acceptable according to the guidelines, the ATENA 
Studio enables a more precise user-defined 
relationship to be used that allows, for instance, the 
response of the rupture to be included.
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2.3.3 Material interaction
In addition to the constitutive model for the 
individual materials, it is necessary to make 
assumptions about their interaction. The main 
mechanisms associated with the concrete 
reinforcement interaction are the bond-slip 
behaviour, that can cause splitting stresses and 
possibly anchorage failure, the tension stiffening 
effect and the dowel action. Without making further
recommendations, Rijkswaterstaat (2012, 2016) has 
suggested that modelling bond-slip behaviour for 
the interaction between the reinforcement and 
surrounding concrete enables more accurate 
predictions from the NLFEA. A perfect bond is 
suggested as being a sufficiently good 
approximation in the most cases, but in calculation 
of crack widths and in investigations of member 
ends and anchorage regions, a bond-slip 
relationship is preferable. The models of bond 
behaviour available in ATENA (2016a), in addition 
to assuming a perfect bond, include a bond-slip 
relationship developed by Bigaj (1999),
recommended by Model Code 1990 (CEB-FIP, 
1993) or a user-defined relationship. In the 
predefined models, the bond-slip relationship is 
determined by the characteristics of the 
reinforcement and the concrete compressive 
strength. Alternatively, the interaction between 
reinforcement and surrounding material can be 
modelled using friction and cohesion, where friction 
is practical for the modelling of, for instance, 
prestress in ungrouted ducts.

According to ATENA (2016a), if the bond-slip 
response is not included in the FE analysis, the 
tension stiffening effect can, for instance, be 
included as a part of the concrete constitutive model 
(previously described). However, in none of the 
guidelines is a model for including the dowel effect 
recommended or implemented, although it can be 
accounted for through the choice of finite element 
type for the reinforcement.

2.4 Finite elements
The principal of numerical modelling using the 
FEM is to divide the mechanical model, 
representing the structure, into finite elements. In 
this step of the modelling, aspects such as element 
types, interpolation degree and numerical 
integration scheme are chosen to ensure a 
simulation reflecting the behaviour of interest. The 
types of elements usually used in modelling of RC 
structures are either structural elements (truss, beam 
and shell) or continuum elements (3D and plane 
stress, plane strain or axisymmetric in 2D). The 3D 

continuum elements (e.g. tetrahedral and 
hexahedral elements) can be considered as the most 
suitable for detailed modelling, handling flexural as 
well as shear type failures. Shell elements reflect 
flexure as well as in-plane shear failures, while 
beam elements reflect flexural failures only. Due to 
the computational effort required, continuum
elements cannot always be used for entire large-
scale structures. Consequently, the discretisation of 
the structure should be carried out carefully, using 
different elements depending on the structural part, 
the loading and the possible types of failure modes. 
Further discussion of these issues is provided in Part 
A in context to the proposed strategy for structural 
analysis of existing structures at different levels of 
approximation.

For the modelling of concrete and reinforcement, 
Rijkswaterstaat (2012, 2016) has generally 
recommended quadratic interpolation of the 
displacement field within continuum elements in 
order to simulate the deformation modes better. For
concrete, 8-node quadrilateral and 20-node 
hexahedral elements are used in preference to
triangular and tetrahedral elements in 2D and 3D, 
respectively. However, because the nature of the 
cracking of concrete leads to discontinuities in 
terms of displacements and stresses which clearly 
violate the assumption of smoothness in quadratic 
elements, the developer of ATENA advocates the 
use of linear interpolation with half mesh size. 
Where structural elements are used, which may help 
reduce the computational effort required, 3-node
beam elements and/or 6-node or 8-node shell 
elements are preferable. In ATENA (2016a), the
reinforcement is preferably modelled as embedded 
bars in the concrete, with the option of discrete 
reinforcement bars or smeared layers in the beam, 
shell or continuum elements. Most commonly, 
discrete reinforcement is modelled with truss 
elements. These 1-D truss elements only have axial 
stiffness and to include dowel effects, either beam 
or continuum elements would be needed for the 
reinforcement. It is recommended that the elements 
representing the concrete follow a full integration 
scheme in order to avoid spurious modes, while a 
full or reduced scheme is acceptable for the 
reinforcement due to embedded elements inhibiting 
spurious modes. In ATENA (2016a), the available 
elements, with a few exceptions, follow the 
Gaussian integration scheme fulfilling the 
requirement for full integration.

Since the NLFEA is sensitive to the quality of the 
finite elements, a meshing algorithm, minimising
the element distortion, should be used. Parameters
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that should be minimised are the aspect ratio, 
skewness and area to perimeter ratio 
(Rijkswaterstaat, 2012, 2016). The guidelines do 
not propose a minimum size of element as it is the
influence on the computational effort that limits the 
minimum size. The maximal element size is stated 
as being more crucial in avoiding a snap-back 
response in the constitutive models and for 
obtaining smooth, continuous stress fields, which 
may not be the case when elements that are too large 
are used (Rijkswaterstaat, 2012, 2016). In order to 
avoid the snap-back response, the maximal size of 
continuum elements is recommended to be half that 
of the maximal crack band width, which can be 
determined using Equation (6): 

2
t

fc
t f

GE
L (6)

where Ec is the modulus of elasticity, Gf is the 
fracture energy and ft is the tensile strength. In 
addition to the above, Rijkswaterstaat (2016)
proposed the maximal element size to be less than 
that given in Table 1, while a previous version of 
the guidelines (Rijkswaterstaat, 2012) required only 
five elements to be used to model the whole height.
A recommendation from the developer of ATENA 
Studio is to use four to six elements to model the 
whole height of continuum elements in order to 
capture the flexural behaviour of the structural part.
The same number of layers and cells are 
recommended for quadratic shell and beam 
elements, respectively.

2.5 Solution method
The procedure to carry out the finite element 
analysis of the structure, idealised with boundary 
conditions, load models, material constitutive 
models and finite element discretisation, needs to be 
followed carefully to ensure a reliable result. This is 
particularly important when taking the 
nonlinearities of the structure into account, 
something that requires an iterative procedure to
find the equilibrium of internal and external forces. 
The most common methods used to find the 

equilibrium are based on the Newton-Raphson 
method (Ypma, 1995); when eventual snap-back
behaviours are to be taken into consideration, arc-
length methods are popular (Riks, 1970; Wempner, 
1971). In the modified Newton-Raphson method,
the stiffness is calculated in the first iteration of each 
load increment only, instead of at each iteration. 
Thus, the computational time can be reduced in the 
case of time-consuming stiffness calculations, 
although additional iterations are usually required.
Due to the difficulty in obtaining the exact solution, 
these methods allow a certain degree of imbalance
between internal and external forces and, when the 
specified tolerance is reached, a converged solution 
is considered to have been achieved. The 
convergence criteria are recommended to be 
defined as the error in terms of displacement (1 %), 
residual force (1 %) and energy (0.01% ) where the 
recommendations by Rijkswaterstaat (2012, 2016),
equal to the default values proposed by ATENA 
(2016a), are specified in brackets. However, the 
tolerances stated are not proven and, in most cases,
errors of about 2 % in terms of displacement or 
residual force in a single step do not cause a
problem, but errors above 10 % in several steps 
mean that the result should not be regarded as 
reliable (ATENA, 2016b). Simulations of the 
loading of RC structures often fail to reach 
convergence when cracking is initiated and close to 
the ultimate load limit so it can be beneficial 
sometimes to proceed with the analysis although the 
convergence criteria has not been fulfilled. If this 
happens, the reliability of the results from the 
simulation should be evaluated based on the 
convergence criteria (Broo et al., 2008).

3 Bridge modelling

3.1 General description
The enhanced level of structural analysis proposed 
in a multi-level strategy for concrete bridges in
Part A, in conjunction with the framework for the 
NLFEA of statically loaded structures, was studied 

Table 1. Maximal dimensions of quadratic continuum finite elements along the main directions of typical 
structural elements, from Rijkswaterstaat (2012, 2016).

Model 
idealisation

Beam Slab

Length Height Width Length Height Width

2D 50
l

6
h - 50

l - 50
b

3D 50
l

6
h

6
b

50
l

6
h

50
b
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and discussed based on simulations of a bridge 
failure test. The initial structural analysis of the 
bridge indicated the importance of modelling the
capacity with regard to shear more precisely. 
Consequently, the enhanced structural analysis of 
critical structural elements using NLFEA was at 
Level 3 in the multi-level strategy. In Part A, the 
geometry and the material properties of the tested 
bridge were described in detail together with the test 
setup and the procedure for the loading to structural 
failure. The modelling described in this section is 
based on exactly the same geometrical idealisation
of the structure as for the linear elastic FE analysis 
at the initial level of the assessment strategy, see 
Figure 2. 

In order to evaluate the NLFEA modelling strategy, 
an initial nonlinear FE model of the bridge was 
defined, based on the proposals by Rijkswaterstaat 
(2012, 2016). Where these guidelines were found to 
be insufficient, modelling choices (sometimes 
undocumented) recommended by ATENA (2016a)

were used. However, regarding the type of 
constitutive model (the total or composed strain 
concepts), it was necessary to deviate from the 
recommendation by Rijkswaterstaat (2012, 2016) in 
order to use the ATENA software. In addition, in 
some specific cases, the recommendations were not 
strictly followed due to practical issues. These cases
are further justified and discussed in the result 
section. Notably, the initial model of the bridge was 
defined entirely without using any observations 
from the bridge test. 

In a second step, the initial FE model was updated 
based on the observations of the structural 
behaviour seen in the bridge test and using a 
sensitivity study of a large number of influential
parameters. This is further described and discussed 
in the results section.

3.2 Boundary conditions and loads
Unless otherwise stated, the boundary conditions 
were applied identically as described for the 

Figure 2. Finite element model of bridge: (a) geometry and discretisation with different types of finite 
elements, (b) load distribution beams and region of refined element size in girders and slab, and (c) region of 
refined element size in slab at load application above the southern girder.

(a)

(b)

(c)

(b) (c)

Linear concrete (shell el.)

Linear concrete (beam el.)

Nonlinear concrete (shell el.)

Nonlinear concrete (beam el.)

Linear steel (shell el.)

Nonlinear concrete (cont. el.)

Loading plate
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simulations in Part A. However, the joints between 
the columns and the foundation at the intermediate 
supports, designed to behave as a hinged joint, were 
an issue for further investigation.

In the initial step of the simulation, dead weights
and prestressing were assigned to the structure in a 
single load increment. In the test, the pavement was 
removed from the structure and, thus, only the 
concrete was taken into account with a load 
intensity of 24 kN/m3. The residual prestress force 
was introduced in accordance to the evaluation of 
prestress losses given in Part A. As part of a
sensitivity study, constant residual prestress forces,
corresponding to 70 % of the initial prestress force,
were analysed as an alternative. In the second step,
the dead weights of the loading equipment were 
included in one load increment with a load intensity 
of 78.5 kN/m3, yielding in a total load of 170 kN

To simulate the experimental test of the bridge, the 
identical setup and loading procedure as for the test 
was used in the analysis (see Figure 2). This 
involved simulating: (1) symmetric force-controlled 
loading of the jacks up to totally 6 MN, with the 
associated unloading to represent the actual 
preloading schedule (10 + 10 load increments) used, 
(2) symmetric force-controlled loading up to 12 MN 
(20 load increment) and (3) displacement-controlled 
loading with increments of 20 mm in the location of 
the outer jack adjacent to the southern girder (i.e. 
indicated load plate in Figure 2(c)). The loading was 
applied until structural failure occurred. The load 
distribution beams with associated load distribution 
plates in contact with the top of bridge deck slab 
were included in the FE model in order to simulate 
the distribution of forces accurately and to avoid 
numerical problems possibly occurring when 
applying concentrated forces at single points, see 
Figure 2.

3.3 Constitutive models
Due to the computational effort required, the bridge 
was modelled with varying amounts of detailing
dependent on the structural part and its expected 
behaviour at loading in the test setup. Only the 
girders, cross-beams and deck slab, where cracks
were expected to form were analysed using the 
nonlinear concrete constitutive model 
(CC3DNonLinCementitious); the rest were
modelled using linear material response. For the 
modulus of elasticity (Ec = 32.1 GPa) and the 
concrete compressive strength (fc = 62.2 MPa),
tested mean values were used (see Part A). The 
tensile strength (ft = 4.30 MPa) and fracture energy 
(Gf = 208 N/m) were calculated using

recommendations from Rijkswaterstaat (2012).
Furthermore, the Poisson’s ratio ( = 0.15), the 
limiting compressive strength reduction factor (

40.0lim
cr ) and the crack spacing, calculated from 

Equation (2), (Lt = 200 mm) were determined using
Rijkswaterstaat (2012, 2016). Regarding the level
for the shift from rotating to fixed crack model (cfc

= 0.6), tension stiffening (cts = 0.01) and the shear
stiffness reduction factor (sF = 20), no instructions 
are provided in the guidelines and, consequently, 
(undocumented) recommendations from the 
developer of the ATENA software were strictly 
followed, based on assumptions expected to be 
conservative. The impact of aggregate interlock was 
taken into account with Equation (5) by using a
maximal aggregate size (ag = 32 mm). Parameters
directly related to the shape of the stress-strain curve 
in compression and the failure surface were 
determined from suggestions from ATENA 
(2016a).

The extent of the region behaving nonlinearly was 
determined through a successive extension of the 
nonlinear part until no strain exceeding the concrete 
tensile strength was observed outside this region. 
Based on this procedure, approximately 1/2 to 2/3 of 
the spans adjacent to the externally loaded span 
were modelled with a nonlinear material model, see 
Figure 2(a). The remaining part of the bridge, 
consisting of foundations, columns, girders, cross-
beams and deck slab, was modelled using elastic 
material properties (Ec = 32.1 GPa, = 0.15). Elastic 
material properties were also assigned to the 
bearings and load distribution beams and plates (Es

= 210 GPa, = 0.30). 

In the constitutive models for reinforcing steel, the 
post-yield hardening was included with a multi-
linear stress-strain relationship based on tensile tests
(see Figure 3). Thus, a more accurate simulation of 

Figure 3. Multi-linear stress-strain relationships of
reinforcing steel used in FE model.
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the yielding, hardening and, ultimately, the strain 
softening was achieved compared to one based on 
the recommendations in Rijkswaterstaat (2012,
2016). In Part A, the values corresponding to the 
yield and tensile strengths were summarised.
Moreover, the strengthening using near-surface-
mounted (NSM) carbon fibre reinforcing polymers 
(CFRP) in the soffit of the central girder was 
modelled with a linear stress-strain behaviour until 
failure occurred at the ultimate strain limit (see Part 
A). Due to the premature debonding of prestressed 
CFRP laminates in the bridge test, the laminates 
were excluded from the FE model.

3.4 Finite elements
As with the materials, the idealisations of finite 
elements were carried out with varied amounts of 
detailing, depending on the expected behaviour of 
different structural parts of the bridge, see Figure 2.
In addition to the type of elements, with their 
capability to simulate different behaviour, the 
quality of the mesh and the computational effort 
required were taken into account. In Table 2, the 
usage of the volumetric elements are summarised
with approximate maximum element size in the 
global directions of the bridge. For all the elements,
the quadratic interpolation was used as specified in
the guidelines. For the beam and shell elements, the 
internal composition of elements was specified in 
terms of number of cells or layers. The concept of 
using cells and layers implies that the volumetric 
structural elements are divided in the direction of 
the internal integration; for shell elements, three
integration points were used per layer (predefined) 
and, for beam elements, four to six integration 
points were used per cell. Further explanation of the 
concept can be found in ATENA (2016a). For the 
parts of the bridge simulated as exhibiting a linear 
behaviour, beam elements 
(CCIsoBeamBrick12_3D) represented columns, 
girders, curbs and cross-beams while shell elements 
(CCIsoShellBrick) represented foundations, deck 
slab and loading plates, and the components of the 
load distribution beams. In order to take the in-plane 
shear into account in the girders and cross-beams in 
the nonlinear region, the beam elements were 
replaced by continuum elements (CCIsoBrick). By 
having only one element across the width of the 
beams, the out-of-plane shear behaviour could not 
be modelled. Moreover, continuum elements were 
used for the slab locally at the point of application
of the external loads to the bridge, since the out-of-
plane shear could be expected to be of importance 
in such a region (see Figure 2). Due to the drastic
increase in the number of elements needed to meet 

the requirements of the elements’ aspect ratios, the 
use of continuum elements in the slab was limited 
to critical regions in order to reduce the
computational effort required.

Due to the size of the FE model and limited 
computational resources, it was preferable to vary 
the element sizes based on their importance for the 
structural behaviour. Thus, the finest mesh was 
assigned to the region adjacent to the external 
loading where the final failure was expected, with 
gradually courser mesh used for the remaining 
nonlinear part, while even coarser mesh was used 
for the linear parts of the bridge (see Figure 2). In 
the refined part of span 2, the general 
recommendations shown in Table 1 were followed. 
However, in order to ensure appropriate aspect
ratios of all the elements and to reduce the 
computational effort required, the suggestion based 
on Equation (5) was not strictly followed for the 
girder. On the other hand, a mesh sensitivity study 
was carried out to ensure there was no major 
influence of mesh size on the outcomes of the 
simulations. The element sizes in the nonlinear 
region were halved in each direction, except for the 
region of the slab further refined at the point of load
application which already met the requirement
determined by Equation (5). The procedure for the 
mesh sensitivity study followed the 
recommendations from Broo et al. (2008).

The prestressed steel reinforcement tendons and 
NSM CFRP rods were modelled as discrete truss 
elements (CCIsoTruss). The non-prestressed 
reinforcement was generally modelled as smeared 
(or embedded) reinforcement in the concrete 
elements. However, in the region of highly stressed 
concrete, the longitudinal non-prestressed 
reinforcement was modelled with discrete truss
elements in the girders and the cross-beams. 
Discrete truss elements were also used to represent 
both the longitudinal and transverse reinforcement 
in the slab, locally close to the external loading, as 
well as for the stirrups in the girders (for the entire 
span except for 4.0 m adjacent to the supports). The 
truss element sizes were consistent with the 
surrounding concrete elements.

3.5 Solution method
Modified Newton-Raphson solution methods were 
used in the FE simulations of the failure test of the 
bridge. The recommended convergence criteria in 
terms of displacement, residual force and energy 
were used and, in the case where the specified upper 
limit of iterations was reached, the solution from the 
iterations with the lowest error was used for further 
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analysis. Since the modified Newton-Raphson 
method was used, where only the initial stiffness 
matrix was calculated at each load step, a rather high 
maximum limit of 2500 iterations was defined.

4 Results and discussions

4.1 Experiments
At a total load of 13.4 MN, the southern bridge 
girder and its connected slab suddenly failed after 
relatively large deformation and extensive cracking 
in the midspan region, on either side of the external 
loading (see Figure 4(a – b)). The total load was 
distributed, with 5.4 MN in the outer hydraulic jack 
adjacent to the girder loaded to failure, 2.0 MN in 
each inner jack adjacent to the central girder and 
4 MN in the outer jack adjacent to the northern 
girder. Here, the failure is considered to have 
occurred at the peak load and during the subsequent 
load drop, regardless of whether the reinforcing 

steel reached yielding as assumed in the shear 
design and assessment models. Video monitoring of 
the failure mechanism indicated that the failure 
started in the slab and the upper part of the girder 
due to diagonal tension cracking, followed by 
rupture of the stirrups crossing the crack (see Figure 
4(c)), first on the west side of the load (left in Figure 
4(a)) and then on the east side of the load. Thus, the 
loading plate on the bridge deck slab was punched
through the slab, meaning out-of-plane shear in the 
slab, (Figure 4d), at the same time as an in-plane
shear failure mechanism took place in the girder 
(Figure 4(c)). The diagonal crack east of the 
midspan was located across the region of the 
prestressing system anchorage devices (each having 
an outer diameter of 128 mm), these being four 
tendons located on the bottom part of the girder. In 
the anchorage region, the concrete section widened 
from 410 mm to 550 mm. This increased the
stiffness of the girder locally, and thus was expected 
to affect the shear behaviour of the girder and the 
localisation of the failure. Moreover, the capacity of 

Table 2. Finite element types and maximal element sizes (or number of cells in the height and width directions 
of beam elements and number of layers in the height direction of shell elements) in the bridge’s global 
directions.

Structural
element

Material 
idealisation

Element 
type

Element size in bridge global directions

Longitudinal Vertical Transverse

Foundation Linear Shell 4 layers 1.0 m 1.0 m

Column Linear Beam 4 cells 1.0 m 4 cells

Girder Linear Beam 1.5 m 4 cells 2 cells

Slab Linear Shell 1.5 m 4 layers 1.5 m

Curb Linear Beam 1.5 m 4 cells 4 cells

Cross-beam Linear Beam 2 cells 4 cells 1.0 m

Girder Nonlinear Continuum 1.0 m 6 el. (0.27 m) 1 el.

Slab Nonlinear Shell 1.0 m 4 layers 0.50 m

Curb Nonlinear Beam 1.0 m 4 cells 4 cells

Cross-beam Nonlinear Continuum 1 el. 6 el. (0.27 m) 0.50 m

Girder a) Nonlinear Continuum 0.27 m 6 el. (0.27 m) 1 el.

Slab a) Nonlinear Shell 0.27 m 4 layers 0.50 m

Curb a) Nonlinear Beam 0.27 m 4 cells 4 cells

Slab b) Nonlinear Continuum 0.10 m 6 el. (0.05 m) 0.10 m

Flange c) Linear Shell 0.22 m 2 layers 0.34 m

Web c) Linear Shell 2 layers 0.22 m 0.34 m

Stiffener c) Linear Shell 0.18 m 0.22 m 2 layers

Loading plates c) Linear Shell 0.50 m 0.50m 4 layers
a) refined region in span 2, b) locally refined region at load application (see Figure 2(b)), c) load distribution beams
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the slab was slightly reduced due to the holes drilled 
through it to provide space for the cables between 
the bedrock and the hydraulic jacks. One hole was 
drilled 885 mm from the centre line of the girder and 
likely influenced the ultimate load-carrying 
capacity as a consequence of the failure surface of 
the slab intersecting the hole. A similar failure 
mechanism took place in the central bridge girder, 
which was loaded to failure by increasing loads in 
the inner jacks following the failure of the southern 
girder. However, this second part of the test is not 
further described in this paper.

The strains were locally measured using strain 
gauges attached to some of the stirrups, see 
positions in Figure 4(c) with further details in 
Bagge, Nilimaa, Blanksvärd, and Elfgren (2014).
However, it was not possible to measure the strains 
in the tendons due to limited accessibility. During
the preloading of the bridge, a diagonal crack 
formed across the position of sensor SG 4 and 
yielding was consequently measured for a load 
lower than 6.0 MN. At the same time as the
formation of the crack crossing sensor SG4, the 
final critical crack was formed, but yielding was not 
observed at a load level less than the maximum load 
measured by the sensors SG 6 – 9, as a consequence 
of the crack not crossing the exact positions of the 
sensors. After further crack formation, yielding of 

the stirrups was detected where sensor SG8 was 
located, at a load of 12 MN, and where sensor SG 7
was located at the failure load, see load-strain 
relationships in Figure 5. Since the sensors were not 
attached to the stirrups exactly at the failure crack 
location, lower strains were measured at the rupture
of the stirrups adjacent to the sensor.

4.2 Initial nonlinear FE analysis
The initial FE model and analysis followed the
modelling strategy described in the section 
Nonlinear FE modelling framework. Results 

Figure 4. Bridge loaded to failure: (a) span 2 subjected to concentrated loads centrically over the girder at 
midspan, view from south, (b) failure of southern bridge girder, view from south, (c) diagonal concrete 
cracking, stirrup ruptures and positions of strain gauges (SG) attached to stirrups on the southern bridge girder, 
view from north, and (d), failure of bridge deck slab, view from above. (Images by Niklas Bagge).

Figure 5. Load-strain relationships measured at the
bridge failure test.
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illustrating the structural behaviour, as load-
deflection curves for the three bridge girders, are 
shown in Figure 6. In order to ensure validity of the 
model, additional simulations were carried out with 
the following aims and outcomes:

The NSM CFRP rods, used to strengthen the 
central girder, were initially modelled. However, 
their influence on the structural response was 
small (see Figure 6) and sudden rupture of the 
rods caused calculation issues. Therefore, the 
CFRP rods were removed from the other 
analyses based on the initial FE model. In the 
analysis that included strengthening, rupture of 
the CFRP rods took place when the central girder 
deflected approximately 200 mm (see Figure 
6(b)). This is consistent with the experiment, 
which indicated a utilisation degree of 85 % of 
the strength of the CFRP rods at structural failure 
(Nilimaa, Bagge, Blanksvärd, & Täljsten, 2015).

In order to check the mesh size dependency, a 
mesh sensitivity study was carried out following 
the procedure described in the previous section. 
The difference observed between the load-
deflection curves with the mesh refinement (see 
Figure 6) was small and mainly due to the 
relatively large loading steps.

At the highest level of structural analysis (Level 4) 
according to the strategy presented in Part A, the 
bond-slip behaviour is included in the analysis. An 
analysis at Level 4 was carried out to illustrate the 
validity of the model at Level 3 and to ensure that 
no anchorage-related failure took place. In this 
model, a bond-slip relationship was assigned to the 
interface between the reinforcement and the 
surrounding concrete. The additional analysis at 
Level 4 produced almost identical behaviour, but
the structural failure took place at a slightly lower 
load.

Figure 6. Bridge response according to NLFEA based on the modelling framework: (a) load-deflection curves 
of northern girder, (b) load-deflection curves of central girder, (c) load-deflection curves of southern girder,
and (d) load-strain curve of the tendon and stirrup that obtained the highest strain at peak load.
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Based on these simulations, it was concluded that 
the simplifications of the initial model made by 
excluding the strengthening and treating the 
reinforcement to be perfectly bonded produced a 
model that was sufficiently accurate, and that the
chosen mesh size was small enough. Comparison 
with the test results indicated consistency in terms
of the load-deflection behaviour until the 
experimental structural failure occurred at a total 
load of 13.4 MN. For instance, the initial stiffness 
was well predicted including the preloading 
procedure, resulting in formation of concrete cracks 
that reduced the stiffness in the initial part of the 
failure loading. However, the simulations continued 
until a considerably higher load level (15.8 MN) 
was reached. Furthermore, the final failure occurred 
due to rupture of the tendons under the load rather 
than rupture of the stirrups crossing the diagonal
cracks, as observed in the test. This means that the
load-carrying capacity was overestimated by 18 %
with the initial FE model based on the modelling 
framework and parameters for the concrete material 
model intended to give conservative results. Figure 
6(d) shows the strain evolution in the tendon and the 
stirrup subjected to the highest strains at the peak 
load during external loading of the initial FE model 
(i.e. dead weight and prestressing excluded). The
ultimate strain in the tendon was reached at the 
maximal load (tendon response after failure is 
excluded in the graph), followed by unloading of the
structure and decreased strains in the stirrups. 
However, the ultimate strain was not reached in the 
stirrups. Although the failure took place after 
extensive yielding of both the longitudinal and 

vertical reinforcement (initiated at a load of around
12 MN), considerably different failure behaviour of 
the bridge girder and slab was observed in the 
simulation compared to the test. The difference in 
failure mechanism can be seen by studying the 
distribution of strains and cracks (see Table 3); the 
vertical flexural cracks, governing the failure in the 
simulation, did not coincide with the diagonal 
critical cracks produced in the test.

4.3 Sensitivity study
Since the initial FE model, completely based on the 
modelling framework, did not correctly predict the 
structural response and overestimated the load-
carrying capacity, there was an attempt to improve 
the model. To study the influence of important 
modelling parameters on the structural behaviour of 
the bridge, a sensitivity study was carried out. Thus, 
a basis for updating the model to improve its
predictions of higher load levels on the tested bridge 
was determined. The sensitivity study was based on 
the concept of fractional factorial design at two 
levels with resolution IV (Box, Hunter, & Hunter, 
1978). In total, 32 simulations were carried out with 
investigation of 14 modelling parameters and their
effect on the midspan deflections of each girder 
( i,max), the maximal strain in tendons and stirrups
( sp,max and sw,max), and the maximal crack opening
(wmax). With these response variables, a better
understanding of the structural behaviour was 
obtained. The model was evaluated at a total load
level of 12 MN, the load level where the loading 
procedure was changed. Although the response was 
just studied for this load level, the most important 

Table 3. Principal concrete strains and concrete cracks at the peak load predicted by NLFEA.
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parameters and their influence on the results were 
expected to be identified through this investigation.

The modelling parameters investigated are listed in 
Table 4, where parameters indicated with (A)
correspond to the assumptions in the initial FE 
model and the parameters indicated with (B) give
the other extreme to be examined. Quantitative 
parameters related to the material model of concrete 
were mainly studied, but the following qualitative 
aspects were also included: (1) the distribution of 
residual prestress forces (denoted sp), either varied 
according to the analysis of prestress losses (A) as 
described in Part A of the paper, or assumed to be 
constant with prestress losses of 30 % (B), (2) 
strengthening of the central girder (denoted CFRP), 
either excluded (A) or included (B) and (3) the 
boundary conditions at the bottom of the columns 
(denoted BC), either freely rotational around all 
axes (A) or fully restrained with no rotation (B). For 
the material model, the majority of the parameters 
included were studied, with the exception of those 
related to the failure surface. The levels specified 
for the modulus of elasticity (Ec) and compressive 
strength (fc) were derived from cylinder tests (A)

and values given by the assessment code for the 
current concrete class specified in construction 
drawings (B) (TDOK 2013:0267, 2016),
respectively. In the initial FE model, both the tensile 
strength (ft) and the fracture energy (Gf) were 
determined from the tested compressive strength 
(A), which indicated a time-dependent increase not 
expected to be of the same magnitude for the tensile 
properties as for the compressive properties. Due to 
a potentially large variation in the tensile strength 
and fracture energy, these properties were also
investigated at values half those initially calculated 
(B). Regarding the Poisson’s ratio ( ) and the 
limiting compressive strength reduction factor ( lim

cr
), their values are suggested by Rijkswaterstaat 
(2012, 2016) (A) and ATENA (2016a) (B), 
respectively. Moreover, the upper (A) and lower (B)
limits recommended by ATENA (2016a) were 
investigated to find what level to set the crack 
rotation (cfc), the tension stiffening (cts) and shear 
stiffness reduction factor (sF). The predefined crack
spacing (sr,max) and the aggregate interlock 
parameter (denoted ag) were set to values from the
recommendations in ATENA (2016a) (A) or taken 

Table 4. Sensitivity study of the bridge externally loaded to 12 MN with the response variables being the 
maximal deflections ( i,max), maximal tendon strain ( sp,max) and the maximal stirrup strain ( sw,max) for the 

most strained reinforcement unit and maximal crack width opening (wmax).

N,max C,max S,max sp,max sw,max w max

mm mm mm ‰ ‰ mm

sp Varying Constant

CFRP Yes No

BC Hinged Fixed

E c 32.1 MPa 34.0 MPa

0.15 0.20

f t 4.30 MPa 2.15 MPa

f c 62.2 MPa 35.5 MPa

G f 208 N/m 104 N/m

c fc 0.60 0.90

L t 200 mm 100 mm

c ts 0.01 0.05

a g Yes No

s F 20 200

r c
lim 0.40 0.80

a) (A) assumed modelling parameter in the initial FE model
b) (B) alternative modelling parameter in the sensitivity study
c) red colour indicates a decrease in response when a factor goes from (A) to (B)
d) blue colour indicates a increase in response when a factor goes from (A) to (B)

A B

Response variablesLevels

Factors
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as a half of the recommended value (B) and zero 
(B), respectively.

Table 4 shows how the response in terms of 
maximum deflections, reinforcement strains and 
crack widths are influenced by changes in the 
investigated modelling parameters. The change in 
response is scaled so that the increase (blue) or 
decrease (red) due to the studied parameters 
changes can be compared. Note that the influences 
of the different parameters shown in Table 4 can 
only be compared for a certain response parameter, 
while the influence of a given modelling parameter 
on different response parameters cannot be directly 
compared. Generally, the study shows that the 
assumed boundary condition at the bottom of the 
columns, the tensile strength, the fracture energy 
and the crack spacing are parameters of importance, 
particularly for the deflections and strains in the 
prestressed reinforcement. However, the strains in 
the stirrups are mainly affected by the tension 
stiffening, aggregate interlock and the shear
stiffness reduction factors, leading to reduced 
values for the alternative modelling parameters, a 
change from (A) to (B), while a change in fracture
energy resulted in the opposite effect.

The sensitivity study indicated that the tested 
material properties (compressive strength and 
elastic modulus) were of minor importance for the 
bridge response, at least for the current loading. In 
contrast, the tensile properties (tensile strength and 
fracture energy) were shown to be important and, 
thus, preferably determined accurately through in-
situ testing. Failure to do this might result in
unnecessary uncertainties being built into the FE 
model if the relationships between compressive 
strength and other material properties, determined 
for new concrete, are not applicable for existing 
structures. In addition, the model was sensitive to 
other parameters in the concrete constitutive model 
that are not easily determined for an existing 
structure, for instance, tension stiffening, aggregate 
interlock, and shear stiffness reduction due to 
cracking. Here, it is necessary to rely on well-
established theories. This also indicates the 
importance of a sensitivity study in order to 
determine and understand the impacts of different 
parameters on the current problem. The use of
fractional factorial design to examine a large 
number of modelling parameters with a limited 
number of simulations proved to be useful here. 
However, no interactions between the parameters 
were found although there are expected to be some 
that do influence the result.

4.4 Updated nonlinear FE analysis
The initial model, based purely on the modelling 
framework, did not predict the correct failure mode
and overestimated the load-carrying capacity. 
Consequently, in order to better reflect the 
behaviour and failure mode observed in the full-
scale test of the bridge, an updated model was 
developed. In addition to the experience from the 
experiment, the knowledge from the sensitivity 
study was further utilised with a particular focus on 
the parameters shown to be of highest importance 
within the value ranges investigated. Only the 
changes in relation to the initial model are described 
below.

In the test, the vertical concrete strain was measured 
800 mm from the bottom of the columns in the 
centre line of each side, see Bagge et al. (2014) for 
further details. The reaction forces in the FE 
simulations were consistent with the forces derived 
for the columns from the measured strain. However, 
the measured strain also showed flexural moment in 
the columns, indicating rotational restraints in the 
joints between the column and the foundations not 
assumed in the initial FE model, based on the 
specifications of the joints. Based on the 
observations, a rotational restraint stiffness was 
derived and applied through rotational springs 
connected to the bottom surface of the columns, 
instead of assuming either a rotationally free or
completely fixed joint.

In an earlier research project, in-situ experiments on
a 51 year-old RC bridge, constructed at the same 
time and using a similar type of concrete, were 
carried out. From these, a tensile strength of 
2.2 MPa and fracture energy of 154 N/m were 
obtained for a concrete with compressive strength 
of 68.5 MPa (Puurula et al., 2015). In addition, 
studies of compiled in-situ material tests for existing 
concrete bridges by Thun, Ohlsson, and Elfgren 
(1999, 2006) showed a considerably improved 
concrete compressive strength, compared to values 
from the design of the bridge, while the tensile 
strength did not increase to the same degree. Thus, 
the relationships stated in the Model Code 1990 and 
2010 (CEB-FIP, 1993; fib, 2013), and suggested by 
Rijkswaterstaat (2012, 2016), between the 
compressive strength and tensile strength and 
fracture energy, respectively, are probably not
representative and to be recommended for the 
assessment of existing bridges. Using this
discovery, reported by Puurula et al. (2015), the FE 
model was updated with tensile properties from the 
previous project. With 9 % lower compressive 
strength of the current bridge, a 9 % reduction was
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also assumed for the tensile strength and fracture 
energy, giving 2.0 MPa and 140 N/m, respectively.

The sensitivity study indicated that an increased
Poisson’s ratio and increased compressive strength 
reduction factor for the biaxial stress state resulted
in greater strains in the stirrups, but that these 
changes did not have any significant impact on 
other response variables (see Table 4). 
Consequently, the alternative values (B) in the 
sensitivity study, following recommendations by 
ATENA (2016a), were used in the updated FE 
model. In addition, the recommended continuum 
elements of quadratic interpolation 
(Rijkswaterstaat, 2012, 2016) were changed for
linearly interpolated elements with half the length 
of sides, compared to the initial FE model (see 
Table 2). This change was motivated by the fact that
the crack band approach implemented in ATENA 
Studio is more suited for elements based on linear 
interpolation; this change gave a more efficient 

analysis in terms of the computational effort 
required.

The simulations of the test based on the updated FE 
model resulted in load-deflection curves as shown 
in Figure 7. By updating the boundary conditions at
the bottom of the columns, which led to stiffer
structural behaviour, and reduced tensile strength 
and fracture energy, which led to a softer response, 
the overall behaviour appeared to be almost 
identical to the test and the initial model up to the 
peak load. However, the updated model reached the 
maximum load at 13.5 MN with 195 mm deflection 
of the girder, very close to the test results, 13.4 MN 
and 183 mm. One difference between the results 
from the test and the NLFEA was the post-peak 
behaviour; it was possible to observe this in the 
analysis, due to its displacement-controlled loading, 
but not with the equipment available for the actual 
test.

Figure 7. Bridge response according to NLFEA based on updated model: (a) load-deflection curves of northern 
girder, (b) load-deflection curves of central girder, (c) load-deflection curves of southern girder, and (d) load-
strain curve of the tendon and stirrup that obtained the highest strain at peak load.
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In order to check the results with respect to mesh 
size dependency, a sensitivity analysis was carried 
out where the element sizes were reduced as
previously described. The results of the two 
analyses showed identical behaviour up to the peak 
load of the original updated model (with the coarser
mesh), see Figure 7. The model with reduced mesh 
sizes gave 0.6 MN (3.7 %) higher load-carrying 
capacity and 47 mm (24 %) larger displacement 
before failure, although the failure mode was 
unchanged. However, the FE model was judged to 
be sufficiently stable to consider the original 
updated model as acceptable with regard to mesh 
quality.

In the initial FE model, following the modelling 
strategy according to Rijkswaterstaat (2012, 2016),
the load-carrying capacity was considerably 
overestimated and the failure mechanism was not 
predicted by the simulation. Although the updated 
model only involved minor adjustments, the load-
deflection response was accurately predicted and, as 
shown in Table 3, the failure mode was completely 
different to the initial model. As with the test (see 
Figure 4), the updated NLFEA indicated failure 
initiation in the slab with extensive cracking along 
and parallel to the girder on either side of it, and 
simultaneous diagonal cracking in the girder and 
through the slab. The unsymmetric distribution of 
concrete strains and cracking reflects the 
unsymmetric geometry of the girder with the stiffer 
anchorage region for the prestressed tendons on the 
east side (right of figure) of the external loading. 
The rupture of the stirrups did not take place at the 
peak load in the simulation, as was previously 
assumed based on the test results. Instead, the 
simulation indicated that the rupture occurred in the 
descending branch after further opening of the 
diagonal crack, after the tendon strains had 
decreased (see Figure 7(d)). Due to the sudden 
failure in the test, it is not really possible to evaluate 
the accuracy of this order of events in the 
simulation, based on the tests results. There were 
difficulties achieving convergence in the later stage 
of the analysis, with the permissible relative error in 
the residual force exceeded at the peak load (4.2 %). 
Therefore, the accuracy of the results in the 
subsequent load steps are uncertain and results 
should be treated with caution.

5 Conclusions
In Part A of the paper, a strategy for multi-level 
structural analysis was proposed. The application of 
the procedure to a prestressed concrete girder 

bridge, previously loaded to failure in a full-scale 
test, indicated conservative estimates of the load-
carrying capacity at the initial level of 
approximation (Level 1). In addition, difficulties in
accurately determining the actual failure mode were 
encountered and, consequently, an enhanced
analysis was suggested using NLFEA to take into 
account failure modes related to shear and flexural 
in the structural analysis (Level 3). In Part B, the 
enhanced levels have been evaluated in conjunction 
with guidelines for NLFEA of concrete structures, 
based on those from the FE software ATENA. This 
study has shown:

NLFEA involves many modelling choices and 
Rijkswaterstaat (2012, 2016) provides a guide to
the modelling procedure of concrete structures. 
However, many modelling choices remain,
which may lead to different outcomes depending 
on the experience of the analyst.
An initial nonlinear FE simulation, following the 
guidelines by Rijkswaterstaat (2012, 2016) and 
recommendations by ATENA (2016a, 2016b)
for scenarios where no or limited guidance was
provided, produced an 18 % overestimation of 
the load-carrying capacity of the bridge. 
According to the simulation, failure occurred 
due to rupture of the tendon at a total load of 
15.8 MN, instead of due to a shear-related failure 
at 13.4 MN as in the test. Although the analysis 
produced results within the predictive accuracy 
of nonlinear FE analysis, critically, it failed to 
identify the failure mechanism. 
The FE model was updated based on: (1) 
measurements on the bridge during preloading, 
giving a better understanding of the boundary 
conditions, (2) experience from other existing 
structures regarding long-term growth of tensile 
properties and (3) indications from the 
sensitivity study regarding a few input 
parameters that were not possible to measure 
directly. The updated FE model gave a load-
carrying capacity of 13.5 MN and a similar 
failure mechanism as obtained in the test.
In this particular case, relatively small changes 
in the model produced major changes in the 
load-carrying capacity and failure mode. Thus, a 
sensitivity study of relevant parameters is 
generally recommended as a part of an 
assessment of a concrete structure using 
NLFEA. Fractional factorial design is a suitable 
approach to map important parameters in a 
systematic manner.
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The tensile strength and fracture energy were 
shown to be of major importance to the 
behaviour of the bridge. Since the concrete
compressive strength generally increases over 
time, the relationships to the tensile properties 
developed for 28-day concrete are not suitable 
for assessment of existing structures (Puurula et 
al., 2015; Thun et al., 1999, 2006). Instead, in-
situ evaluation of the tensile strength and 
fracture energy is recommended for use with
NLFEA.
For investigation of large structures (e.g.
bridges), the computational effort required may 
be excessive and therefore the possibility for 
different detailing of different structural parts is 
of importance. There is a lack of guidance on this 
issue. Moreover, in some cases, practical reasons 
may render it necessary to exceed the 
recommendations of finite element sizes. Here, 
mesh sensitivity analysis is preferable to ensure 
the quality of results. However, there is no
procedure provided in the guidelines evaluated,
although such a procedure is suggested in 
general terms by, for instance, Broo et al. (2008).

Based on the guidelines used for the evaluation of 
the current bridge, the study shows the advantages 
of assessment at the enhanced level in the multi-
level assessment strategy. Both the behaviour and 
the ultimate load-carrying capacity can be 
accurately predicted even for complex problems, 
but uncertainties in the analysis should be
systematically accounted for to avoid misleading 
conclusions.
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Notation
Ec concrete modulus of elasticity
Gf concrete fracture energy
Lc length scale parameter
Lt crack band size
P concentrated load
ag maximal aggregate size
b width of structural element
c concrete cover
c1 constant in equation for concrete tension 

softening 
c2 constant in equation for concrete tension 

softening
cfc level of transition from rotated to fixed 

crack approach
cts tension stiffening factor
fc concrete compressive cylinder strength
fc0 concrete stress at onset of nonlinear 

behaviour
ft concrete tensile strength
h height of structural element
k1 constant for maximal crack spacing 

depending on the type of reinforcing bars
k2 constant for maximal crack spacing 

depending on type of loading
k3 constant for maximal crack spacing
k4 constant for maximal crack spacing
l length of structural element
rc concrete compressive strength reduction 

factor
lim

cr limitation of the concrete compressive 
strength reduction factor

sF shear stiffness reduction factor
sr,max maximal crack spacing
wc concrete crack opening at complete release

of stress
wd maximal concrete softening displacement
wmax maximal concrete crack opening

s,eq equivalent reinforcing bar diameter
i,max maximal deflection for element i.
1 maximal principal strain
c concrete strain
cp concrete plastic strain

p
eq plastic concrete strain at compressive 

strength
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sp,max maximal tendon strain
sw,max maximal stirrup strain

Poisson’s ratio
ci,max shear strength of cracked concrete
s,ef effective reinforcement ratio
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Abstract
For reinforced concrete (RC) slabs without shear reinforcement, shear and punching can be the governing 
failure mode at the ultimate limit state if subjected to large concentrated loads. Shear and punching of RC slabs 
without shear reinforcement has been a challenging problem in assessment based on current standards. To 
examine a previously developed enhanced analysis approach, this study was conducted by applying a “Multi-
level Assessment Strategy” to a 55-year old RC bridge deck slab subjected to concentrated loads near the main 
girder in a field failure test. The differences between analysis methods at different levels of assessment was 
discussed regarding one-way and punching shear behavior of the slab. The influences of parameters such as 
boundary conditions, location of concentrated loads and shear force distribution were investigated.  

Key words: Shear and punching, multi-level assessment strategy, bridge deck slab, FE analysis, full-scale test 

 
 
1 Introduction
Existing infrastructure represents a substantial part 
of societal assets and existing bridges represent a 
huge capital that needs to be well administrated 
(SB-LRA, 2007). Bridge deck slabs are among the 
most exposed bridge parts and are often critical to 
damage (SB-ICA, 2007). Shear and punching may 
be the governing failure mode in reinforced 
concrete slabs without shear reinforcement when 
subjected to large concentrated loads. Currently, 
building codes of practice, such as ACI 318-14 
(ACI Committee 318, 2014) and EC2 (EN 1992-1-
1, 2004), provide several approaches to check the 
two-way punching strength of flat concrete slabs. 
However, previous studies have shown that existing 
models provided by design provisions are too 
conservative and that enhanced assessment methods 
can reveal higher load-carrying capacity (SB-LRA, 
2007). Consequently, it is important to evaluate 

current code methods and provide 
recommendations for improvement.  

In order to provide a systematic approach for the 
assessment of RC slabs, Plos et al. (2016) has 
developed a “Multi-level Assessment Strategy” 
which provides recommendations for the 
assessment of RC slabs using analytical and finite 
element (FE) models; see Figure 1. The strategy is 
based on the principle of successively improved 
evaluation in structural assessment. Accordingly, 
the assessment of the load-carrying capacity with 
associated structural response can be conducted 
through the following levels and methods:  

(I) Simplified analysis 
(II) 3D linear FE analysis 
(III) 3D non-linear shell FE analysis 
(IV) 3D non-linear FE analysis with continuum 

elements and fully bonded reinforcement 
(V) 3D non-linear FE analysis with continuum 

elements including the slip between 
reinforcement and concrete. 

–––––––––– 
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Case studies have shown that more advanced 
methods based on non-linear FE analyses normally 
yield an improved understanding of the structural 
response and are capable of demonstrating higher, 
yet conservative, predictions of load-carrying 
capacity (Plos et al., 2016; SB-4.5, 2007).  

In addition, according to previous studies, non-
linear FE analysis at higher levels is able to predict 
shear and punching capacity of RC slabs with a high 
degree of accuracy. Examples of such non-linear FE 
analyses using 2D continuum element models can 
be found in Menetry et al. (1997) and Hallgren 
(1996), using 3D shell element modes in Marzouk 
& Chen (1993) and Polak et al. (1998) as well as 
using 3D continuum element models in 
Genikomsou & Polak (2015), Wosatko et al. (2015), 
Belletti et al. (2014), Zheng et al. (2009), Amir 
(2014) and Shu et al. (2016). Recommendations 
concerning modelling choices when using 3D 
continuum elements were also presented in Shu et 
al. (2015; 2016). Based on these studies, it was 
concluded that not only the shear and punching 
capacity could be predicted, but also that the 
influence of parameters such as specimen size and 
the amount of flexural reinforcement was reflected 
in the non-linear FE analysis. Furthermore, the 
shear force distribution in RC slabs and its relation 
to the critical shear crack have been investigated 

using FE analysis with continuum elements in Shu 
et al. (2016). However, all studies mentioned above 
were mainly based on, and the developed models 
were applied to, laboratory experiments. In the past, 
only a limited number of the bridges deck slabs has 
been tested to failure, e.g. Miller et al. (1994) and 
Pressley et al. (2004). Recently, a deck slab of 
Ruytenschildt Bridge was tested to failure by 
Lantsoght et al. (2016), but the failure mode turned 
out to be due to bending even though calculation 
results with current building codes (EN 1992-1-1, 
2004) showed that shear failure would occur. In 
addition, the developed Multi-level Assessment 
Strategy (Plos et al., 2016) has not been applied on 
such field tests. Therefore, the application of such 
methods to structures in reality is scarce and thus 
their suitability and advantage are yet to be 
examined. 

The aim of this study was to examine the Multi-
level Assessment Strategy (Plos et al., 2016) and 
modelling methods developed by Shu el al. (2015; 
2016) and to investigate the response of a real 
structure in engineering practice. A full-scale field 
test has been carried out to a 55-year RC bridge 
(Bagge, 2014; Bagge et al., 2014; 2015); the deck 
slab was subjected to concentrated load near one of 
the main girders which  led to a shear type failure of 
the slab. The Multi-level Assessment Strategy was 

 
Figure 1. Scheme for Multi-level Assessment Strategy of reinforced concrete bridge deck slabs; from Plos et
al. (Plos et al., 2016). 
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then used to evaluate the capacity and response of 
the slab with respect to shear and punching capacity. 
Accordingly, the shear and punching resistance was 
calculated based on EC2 (EN 1992-1-1, 2004), 
MC2010 (fib, 2013), the Critical Shear Crack 
Theory (CSCT) (Muttoni, 2009) and with non-
linear FE analyses. The difference between the 
assessment methods at different levels was 
discussed. Furthermore, the difference of failure 
modes between pure one-way shear and punching 
was studied and the influencing factors, e.g. 
boundary conditions, arching action and load 
distribution, in the model were investigated. The 
choice of effective width to calculate the one-way 

shear resistance was discussed based on the shear 
force distribution.  

2 Full-scale bridge field test 

2.1 Bridge description 
A two-lane road viaduct was taken out of service 
due to urban transformation of the city of Kiruna in 
northern Sweden (see Figure 2 (a)). Before 
demolition, the condition and structural behavior of 
the bridge were studied within a research project for 
the aim of developing methods for improved bridge 
assessment. Detailed investigations regarding the 
bridge have been reported in e.g. Bagge et al. (2014; 

 
Figure 2: (a) Photo of the bridge and (b) geometry of the bridge. 
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2015;2016), Nilimaa (2015), Nilimaa et al.(2016) 
and Huang et al. (2016). A summary is however 
given in this section. 

The configuration and dimensions of the bridge are 
presented in Figure 2 (b) and Figure 3. With a total 
length of 121.5 m across five spans, the cast-in-situ 
superstructure of the bridge was composed of three 
continuous, longitudinal prestressed concrete (PC) 
girders, connected by non-prestressed reinforced 
concrete cross-beams with a deck slab on the top. 
The girders were 1923 mm high and 410 mm wide, 
increasing to 650 mm at supports and to 550 mm at 
casting joints with the anchorage of prestressed 
reinforcement in span 2 and span 4. The slab was 
14.9 m wide, with additional 300 × 300 mm2 edge 
beams on both sides, and 220 mm thick, gradually 
increased over a distance of 1.0 m to a thickness of 
300 mm at the intersection to the girders. At the 
abutments, the superstructure was placed on 
bearings, whereas the intermediate supports 
consisted of RC columns. 

The layout of the primary reinforcement in the 
bridge deck slab is shown in Figure 3, with specified 
reinforcement bar diameters and center-to-center 
distances given by construction drawings. 

According to the tensile tests of reinforcements, the 
mean values of the yielding and ultimate tensile 
strength, respectively, were 679 MPa and 
1000 MPa for the 10 mm bars and 584 MPa and 
831 MPa for the 16 mm bars. In order to reinforce 
and prestress the girders, four or six tendons, 
depending on the longitudinal position, were 
parabolically aligned in each girder. Each tendon 
was composed of 32 strands, 6 mm in diameter, 
with a characteristic value of the strength at 0.2 % 
plastic strain of 1450 MPa (1606 MPa) and a tensile 
strength of 1700 MPa (1734 MPa), where tested 
average values are specified in brackets. Moreover, 
cylinder concrete samples (with diameter of 100 
mm and 200 mm) were taken from the 
decommissioned bridge, indicating an average 
value of the cylinder compressive strength of 62.2 
MPa and a modulus of elasticity of 32.1 GPa. A 
variation of the compression strength was shown in 
the bridge with a coefficient of variation of 16 % for 
the samples tested, compared with 8.3 % for the 
modulus of elasticity. 

2.2 Experimental investigation 
At an age of 55 years in 2014, the bridge was 
subjected to an extensive experimental program. 

 
Figure 3. Layout of reinforcement (a) in cross-section of span 2-3 and (b) at top (left) and bottom (right) of 
RC bridge deck slab. 
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The program included: (1) a non-destructive and 
destructive evaluation of the residual prestress 
forces in the tendons; (2) a preloading of girders for 
an investigation of the structural behavior and 
evaluation of the strengthening effects of near 
surface mounted (NSM) carbon fiber reinforced 
polymer (CFRP) rods and prestressed CFRP 
laminates applied to an inner and one of the outer 
girders, respectively; (3) failure loading of the 
strengthened girders and (4) failure loading of the 
deck slab. Both the testing of the girders and the 
deck slab was carried out centrically in the second 
span of the bridge, designed with the intention of 
accomplishing shear-related failure mechanisms. In 
order to limit the impact of defects in the girders on 
the studies of the deck slab, the deck slab test was 
carried out adjacent to the outer girder that had not 
previously been loaded to failure; see Figure 4 (a). 
Consequently, the investigated part of the deck slab 
remained intact. However, due to a maximal 
external load of 13.4 MN applied to the bridge in 
the girder failure test, all girders were pre-cracked. 
No further deterioration of the bridge deck slab was 
identified in the test. 

In Figure 4 (a)-(c) the test setup for loading the 
bridge deck slab to failure is shown. The load was 
applied to the bridge, using a longitudinally 
positioned simply supported load distribution beam 
and a forced-controlled hydraulic jack supported by 
wire thread through a drilled hole in the deck slab 
and anchorage in the bedrock. At the supports of the 
load distribution beam, 2.0 m apart, the load was 

transferred to the upper surface of the bridge deck 
slab (paving removed) through under-grouted steel 
plates (350 × 600 mm2). The positions of the 
loading plates are shown in Figure 4 (c).  

In order to monitor the structural behavior of the 
bridge during the test, applied force and deflections 
were measured; see Figure 4 (c). The force was 
derived from the oil pressure in the hydraulic jack 
and draw-wire sensors were instrumented to the 
bridge to measure deflections relative to the ground. 
Deflections were measured at the bottom surface of 
the deck slab centrically underneath the load 
application and at the corresponding longitudinal 
position at the base of the adjacent girder. Moreover, 
the midspan deflection was measured for each 
girder. Further detail about the measurements and 
loading have been reported in Bagge et al. (2014). 

In the test, considerable deflection of the girders 
occurred and, at a load of Qu.exp = 3.32 MN 
(1.66 MN for each loading plate), the slab suddenly, 
without any warning, failed with a combined failure 
mode of shear and punching. The failure was 
initiated between one of the loading plates and the 
girder, and propagated on either side of the plate, 
thus, producing a U-shaped failure surface. 

3 Multi-level assessment strategy of 
the bridge deck slab 

The tested slab has been evaluated at different 
assessment levels according to the proposed 

 
Figure 4: (a) Isometric view of layout of loading plates, (b) photo of field test, loading beam and hydraulic
jack, and (c) layout of loading plates and measurement points for displacement. 
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strategy in Figure 1. Only one-way shear and 
punching shear resistance were assessed since 
bending and anchorage failures had already been 
checked and found not to be critical during the 
design phase of the experiment. According to the 
strategy, assessment of load-carrying capacity with 
associated responses, i.e. one-way shear and 
punching shear, can be conducted through the listed 
levels and methods in Table 1. At level I, simplified 
structural analysis and resistance models based on 
EC2 (EN 1992-1-1, 2004) were used for both one-
way and punching shear calculations. At levels II 
and III, the intention was to use enhanced resistance 
models given in MC2010 (fib, 2013) instead of EC2 
(EN 1992-1-1, 2004) for both one-way and 
punching shear. However, for one-way shear, the 
resistance model based on EC2 (EN 1992-1-1, 2004) 
was adopted at both levels II and III since the model 
in MC2010 (fib, 2013) yielded even more 
conservative results than that at level I (Kobler, 
2016), but MC2010 (fib, 2013) was still used for 
punching at levels II and III. In addition, according 
to previous study (Plos et al., 2016), shell FE 
analysis combined with EC2 (EN 1992-1-1, 2004) 
and MC2010 (fib, 2013) can be an effective way to 
assess one-way shear and punching capacity, 
respectively. At level IV, the out-of-plane shear and 
punching capacities of the RC slab were determined 
by the FE analysis directly when continuum 
elements were used. Thus, the load-carrying 
capacity was determined in a one-step procedure at 
this level. Self-weight was neglected in the 
calculation because it was very minor compared to 
the applied load. 

3.1 Material models 
In all calculations, material parameters were 
obtained from the in-situ tests or from calculations 
based on MC2010 (fib, 2013) and EC2 (EN 1992-
1-1, 2004) (see Table 2). For the material model 
used in the non-linear FE analysis at levels III and 
IV, concrete was modelled using a constitutive 
model based on non-linear fracture mechanics using 
a smeared rotating crack model based on total strain 
(TNO, 2015). In this approach, the crack width w is 
related to the crack strain cr perpendicular to the 
crack via a characteristic length called crack band 
width hb. The advantage of this method is that the 
formulation remains local and the algorithmic 
structure of the FE code would require only minor 
adjustments, limited to the part of the code 
responsible for evaluations of the stress (and 
stiffness) corresponding to a given strain increment 
(Jirásek, 2012). The crack band width was assumed 
to be equal to the mean crack distance since the 
reinforcement was modelled as fully bonded (Shu et 
al., 2015). A tension softening curve according to 
Hordijk (1991) was used; see Figure 5 (a). 

The behavior of concrete in compression was 
described by an isotropic damage constitutive law. 
For the stress-strain relationship used in numerical 
analyses, the localization of deformation in 
compressive failure needs to be taken into account. 
The compression softening behavior is related to the 
boundary conditions and size of the specimen (Mier, 
1984).The stress-strain relationship used were 
based on Thorenfeldt et al. (1987) which was 
calibrated by measurements of compression tests on 

Table 1. Analysis methods at different assessment levels. 

 One-way shear Punching shear Procedure 
Field test Experiment  
Level IV Non-linear continuum FE analysis  One-step 
Level III Non-linear shell FE analysis + EC2 Non-linear shell FE analysis + MC2010 Two-step 
Level II Linear FE analysis + EC2 Linear FE analysis + MC2010 Two-step 
Level I Simplified structural analysis + EC2 Simplified structural analysis + EC2 Two-step 

 
Table 2. Input material parameters of concrete. 

Material parameters Determination method Value 
Compressive strength In-situ tests fcm = 62.2 MPa 
Modulus of elasticity In-situ tests Ec = 32.1 MPa 

Poisson’s ratio MC2010 v = 0.15 
Tensile strength MC2010 concerning reduction (SB-7.3., 2008) fctm = 2.0 MPa 
Fracture energy MC2010 Gf = 140 Nm/m2 

Mean crack distance EC2 hb = 219 mm 
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300 mm long cylinders. Consequently, the softening 
branch needed to be modified for the concrete 
element size used in the FE model. Thus, the stress-
strain curve according to Thorenfeldt et al. (1987) 
was modified to fit the concrete element size (Zandi 
Hanjari et al., 2013), resulting in a uniaxial stress 
versus strain response as shown in Figure 5 (b). In 
addition, the effect of cracking parallel to the 
compression on the compressive behavior and 
strength of concrete on 3D stress state were also 
included in the model (Vecchio & Collins, 1994). 
The behavior of the reinforcement was described by 
a von Mises plasticity model, including strain 
hardening in a bilinear stress-strain relationship, 
using values obtained from material tests; see 
Section 2.1.  

3.2 Level I: Simplified analysis method 
At an initial level of structural assessment, the load-
carrying capacity with respect to one-way and 
punching shear was calculated according to EC2 
(EN 1992-1-1, 2004). For one-way shear, the entire 
concentrated load was assumed to be carried by 
girders in the longitudinal direction and distributed 
over an effective width according to French Annex 
(Chauvel et al., 2007), i.e. corresponding to the 
principal of a 45 degree distribution of the load. The 
choice of effective width has been discussed in 
Lantsoght et al. (2014) and will be further 
investigated in Section 4.4. The boundary condition 
for the slab was assumed to be fixed at two edges so 
the arching action was considered. According to 
EC2 (EN 1992-1-1, 2004), for members with loads 
applied on the upper side within a distance of 0.5d 

 av  2d from the edge of a support, the 
contribution of the load to the shear force VE should 
be multiplied by  = av /2d due to the arching effect 
for loading plates 1 and 2. Since av of loading plate 
2 was not constant, an average value was used. The 
shear resistance according to EC2 (EN 1992-1-1, 
2004) was calculated as: 

 dbvdbfkCV wwcmRR min
3
1

)100(  (1) 

 
d

k 2001  (2) 

The value of CR = 0.15 has been chosen because the 
mean value of concrete compressive strength has 
been used;  is the main reinforcement ratio (in the 
transversal direction of the bridge) for one-way 
shear and average of reinforcement ratio in two 
directions for punching shear; fcm is mean 
compressive concrete strength; d is effective depth 
of RC slab; k is a parameter considering size effect; 
b refers to the effective width bw for one-way shear 
and to the control perimeter b0 for punching shear. 
The length of effective width bw for one-way shear 
is shown in Figure 6 (a). 

For punching shear, the critical section is located 2d 
from the boundary of load in EC2 (EN 1992-1-1, 
2004). The critical sections for calculation of 
punching shear resistance is shown in Figure 6 (b).  

At this level, resistance for one-way and punching 
shear was obtained as 1.48 MN and 1.51 MN 
respectively. Therefore, the governing failure mode 
for load carrying capacity at level I was one-way 
shear and the load-carrying capacity was Qu.cal = 
1.48 MN.  

3.3 Level II: 3D linear shell (FE) analysis 
At level II, a 3D shell element model was created in 
a linear FE analysis to determine the load effects; 
see Figure 7. The tested span of the bridge was 
modelled using 4-node rectangular shell elements 
(size: 50×50 mm) for the bridge deck, the main 
girders and the cross beams, whereas 2-node beam 
elements (length: 300 mm) were used for the 
columns. The remaining parts of the bridge 
superstructure were modelled using 2-node beam 
elements (length: 300 mm - 1700 mm). For the shell 
elements, a Simpson integration scheme was used 

 
Figure 5. Material model of concrete: (a) response in tension; (b) response in compression. 
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with 9 integration points over the thickness together 
with Gauss integration of 2×2 integration points 
over the shell area. For the beam elements, 9 
integration points were used over the height. The 
columns at supports  and , see Figure 2 (b), 
were rather slender and had a minor influence on the 
moment distribution in the critical span, thus they 
were simplified to a simply supported boundary 
condition. Reinforcement bars were not included in 
the linear FE model. The bridge was simply 
supported at the end abutments and at the bottom of 
the columns at supports  and . Supports -

 were constrained for displacement in the 
vertical, transverse and longitudinal directions of 
the bridge; however the displacement in the 
longitudinal direction over support  was not 
prevented. All support points were free to rotate in 
all directions. The boundary conditions were 
simplified compared to that in reality but the 
structural behavior under the current load cases was 
verified to be close to the experiment through a 

simulation of preloading. An applied load Q = 1 MN 
was equally distributed over the two loading areas. 
The load effect within the range of effective width 
bw was determined by the FE analysis and averaged 
as vE. For one-way shear, the unit shear resistance at 
the critical section was calculated as vR according to 
EC2 (EN 1992-1-1, 2004). Therefore, the total one-
way shear capacity may be calculated as: 

 Q
v
vQ

E

R
u  (3) 

For punching shear, the applied load was compared 
to the punching shear resistance calculated 
according to MC2010 (level-of-approximation I) 
(fib, 2013):  

 dbfkV cmR 0  (4) 

where fcm is the mean value of concrete compressive 
strength, d is the effective depth of the slab and b0 is 
the length of basic control perimeter according to 

 
Figure 6: (a) Effective width for calculation of one-way shear resistance and (b) control perimeter b0 for 
calculation of punching shear resistance. 
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MC2010. The parameter k  and, hence, the 
punching resistance depend on the rotations  of the 
slab. Since the rotation  depends on the applied 
load, the load-carrying capacity was determined 
from the FE analysis by iteration.  

At this level, resistance for one-way and punching 
shear was obtained as 1.60 MN and 1.62 MN 
respectively. Therefore, the governing failure mode 
at load carrying capacity at level II was one-way 
shear and the load-carrying capacity was Qu.cal = 
1.60 MN.  

3.4 Level III: 3D non-linear shell (FE) analysis 
At level III, to determine the load effects, the slab 
was modelled with shell and beam elements using 
the same FE mesh and integration scheme as in the 
level II analysis; see Figure 7 (a). However, the non-
linear behavior of the materials (see Section 3.1) 
was also included in the analysis. The prestressing 
as well as the ordinary reinforcements were 
included in the model. A loading sub-structures, 
was used in the model to enable deformation 
controlled loading procedure. The loading sub-
structure was modelled with very stiff beam 
elements, and was designed to be statically 
determinate. The stiff beams were connected by 
tying some of the nodes to each other, the dashed 
lines in Figure 9 (b), so that they had the same 
translation in the vertical direction. In this way, the 
load was distributed equally on the nodes of steel 
plates. The analysis was carried out using a regular 

Quasi-Newton iteration method based on force and 
energy convergence criteria, with an error tolerance 
of 0.001.  

The one-way shear resistance was calculated in the 
same way as at level II, according to EC2 (EN 1992-
1-1, 2004). The shear force from the applied load, 
transferred over the critical section within effective 
width, was determined and averaged as vE. The 
external load was increased until the shear force vE 
reached the shear resistance vR of the critical section 
to determine the load-carrying capacity. 

To calculate the punching resistance, the results 
from the non-linear FE analysis were used coupled 
with the Critical Shear Crack Theory (CSCT) 
(Muttoni, 2009). In this method, just as in MC2010 
(fib, 2013), the punching shear strength VR 
depended on the rotation  of the slab; see Figure 8 
(a). Compared with level II, the rotation  can be 
determined more accurately using FE analysis 
including non-linear behavior.  

The punching capacity for loading plate 1 and 2 
were checked according to CSCT; the relative shear 
force resistance is expressed as a function of the 
rotation  of the slab; see Figure 8 (b). The 
load-carrying capacity was then determined as the 
intersection between this function and 
corresponding relation between the shear force from 
the applied load versus slab rotation obtained from 
the non-linear FE analysis. The expression for the 
failure criterion used in Figure 8 (b) has been 

 
Figure 7. Level II analysis: (a) linear shell FE model of the tested slab (b) average of shear force at the critical
sections within effective bw. 
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developed by Muttoni (Muttoni, 2009) in Equation 
(5), which was adopted in MC2010 (fib, 2013): 

 cm

gg

R fdb

dd
d

V 0

0,
151

4/3  (5) 

where d is the effective depth; dg is the maximum 
aggregate size; dg,0 is taken as 16 mm and b0 is taken 
as the control perimeter at d/2 from the edge of the 
column. 

At this level, resistance for one-way and punching 
shear was obtained as 2.20 MN and 3.25 MN 
respectively. Therefore, the governing failure mode 
at load carrying capacity at level III was one-way 
shear and the load-carrying capacity was Qu.cal = 
2.20 MN.  

3.5 Level IV: 3D non-linear FE analysis with 
continuum elements  

At level IV, the tested span including columns was 
modelled though a detailed 8-node brick element 
model and the remaining part of the bridge was 
modelled using 2-node beam elements in the same 
way as for the level III analysis, as shown in Figure 
9 (a). The size of brick elements was 50×50×27.5 
mm (length×width×height) for the span of the slab 
that was loaded in the test, and maximum 
400×400×27.5 mm for the remaining of part of the 
slab modelled with brick elements. For the girders, 
400×200×205 mm elements were used. At least 8 
elements were used in the thickness direction to 
sufficiently reflect the flexural behavior (Shu et al., 
2015). The part modelled with brick elements was 
connected to the part modelled with beam elements 
assuming that the connected cross-section, 
perpendicular to the beam main axis, remained 
plane and un-deformed, with the same rotations and 

deflections as the connected beam element. The 
reinforcement was included in the model as fully-
bonded embedded reinforcement bars, in 
accordance with the layout in the original drawings.  

Boundary conditions were defined in the same way 
as for the models at level II and III. A detailed 
description of load system and procedure has been 
be presented in Section 3.4. Between steel plates 
and concrete slab, interface elements were used to 
describe contact (Shu et al., 2015). The load was 
added through a similar procedure as in the 
experiment:  

The analysis was carried out using a Quasi-Newton 
iteration method based on force and energy 
convergence criteria, with a tolerance of 0.01. 
Comparing to shell FE analysis at level III, 
continuum FE analysis at level IV required larger 
tolerance to achieve convergence due to larger 
model size. The analysis stopped when convergence 
could not be achieved due to shear failure. 
Therefore, the load-carrying capacity was Qu.cal = 
3.27 MN. 

4 Results and parameter studies 
Load-carrying capacity and structural behavior of 
the bridge deck slab was obtained both from 
experiment and Multi-level Assessment Strategy. In 
addition, three parameters were studied: (a) 
influence of structural model simplifications and 
boundary conditions, (b) influence of load positions 
and arching action and (c) shear force distribution.  

4.1 Load-carrying capacity and failure mode 
The shear and punching capacity Qu.cal of the deck 
slab calculated using Multi-level Assessment 

 
Figure 8. Level III analysis: (a) non-linear shell FE model of the tested slab and rotation of the slab (b) 
calculations based on Critical Shear Crack Theory (CSCT) (Muttoni, 2009). 
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Strategy is compared to the failure load Qu.exp from 
the experiment in Figure 10. At levels I, II and III, 
one-way shear capacity and punching shear 
capacity were calculated according to different 
resistance models as described in Chapter 3. At 
level IV, the load-carrying capacity was obtained 
from the continuum non-linear FE analysis directly. 
The comparison is straight forward in Figure 10. 
The shear resistance calculated based on EC2 (EN 
1992-1-1, 2004) at level I largely underestimated 
the real capacity. This indicates that the level I 
model does not fully represent the behavior of the 
tested bridge deck slab. For instance, the influence 
of prestressing and boundary conditions was not 
fully taken into account in the model according to 
the EC2 (EN 1992-1-1, 2004), but are essential for 
the actual structure. By upgrading the level of 
approximation, the accuracy of calculated capacity 
increases. Level II gives similar results as level I, 

indicating that improved representation of the 
geometry when determining the load effect is not 
sufficient. Level III analysis provides a notably 
higher, still considerably underestimated, load 
carrying capacity just by representing the non-linear 
bending response more correctly. Finally, the 
continuum non-linear FE analysis at level IV 
provides a load-carrying capacity which is close to 
that obtained in the experiment. However, it must 
be mentioned that the predicted shear and punching 
capacity at this level may be influenced by the 
tolerance and size of load steps during the non-
linear FE analysis, and thus a sensitivity analysis is 
advisable. 

Load-deflection relationships from the continuum 
non-linear FE analysis at level IV are compared to 
corresponding relationship from the experiment in 
Figure 11. The deflections were taken from the 
model at the same position as in the experiment, as 

 
Figure 10. Load-carrying capacity calculated based on Multi-level Assessment Strategy and comparison to
experiment. 
 

 
Figure 9. Level IV analysis: (a) non-linear FE model of the tested bridge, showing supports -  (b) load 
distribution system for displacement controlled loading. 
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illustrated in Figure 4. D3 and D4 are the 
measurements taken under the two loading plates. A 
good agreement between continuum non-linear FE 
analyses and experiment was observed for both 
stiffness and final capacity. It was also observed that 
the shear type failure took place before considerable 
yielding of reinforcement in the slab occurred. 
During the field test, smaller deflections than 
expected were registered in the beginning of the 
loading scheme; this is only partly explained by the 
prestressing of the girders that keeps cracks closed 
up to a certain load level. However, for load levels 
higher than about 0.5 MN, realistic deflections were 
measured. In the test, the differences in deflections 
between the slab and the northern girder are 
relatively minor (maximum 6.3 mm). 

The crack patterns at the bottom and top of the 
bridge deck slab after experiment are displayed in 
Figure 12 (a) and (b), respectively. The crack 
pattern indicates that the final failure was a 
combination of one-way shear and punching shear 
failure. The failure crack developed parallel to the 
girder and propagated around load 1. This formed a 
shear type crack that reached the top surface at the 
edge of the loading plates on the side towards the 
closest girder, but further away towards the mid-
span of the slab, as indicated with a dashed line in 
Figure 12 (b). Whereas, at the bottom surface, a 
failure crack developed until an U-shaped failure 
surface around the loading plate 1 was formed; see 
Figure 12 (a). The delamination of the concrete 
cover was also observed at the bottom of the slab 
close to the failure surface with the deformation of 
flexural reinforcement. 

Figure 12 (c) and (d) illustrate the strain based crack 
patterns at the bottom of the slab and an isometric 
view with the cross-section of the slab from the 
continuum FE analysis. Since the FE analysis 
cannot achieve convergence after failure, results at 
one loading increment before failure is presented. 
The strain  threshold was set to 0.005; given a crack 
band width hb of 219 mm, this  indicates that cracks 
widths larger than approximately 1 mm (w = ×hb) 
are displayed as black in the contour plot for the 
crack patterns. In the FE analysis, at approximately 
60% of the failure load, a large shear crack was 
developed between the loading plates and the girder. 

 
Figure 12. Photo of crack pattern at the final load level in the experiment (a) at the bottom of slab in experiment
and (b) crack pattern near load 1 at the top of slab in experiment; Strain based crack pattern from continuum
non-linear FE analysis: (c) at the bottom of slab and (d) at the isometric view of cross-section. 
 

 
Figure 11. Load-deflection relationship for level IV
analysis, compared to experimental results. 
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Just before the punching failure occurred, another 
shear crack developed on the other side of the 
loading plates. Before failure, small bending cracks 
were observed at the bottom of the slab in the FE 
analysis but not in the photo of the experiment 
because the camera was placed at a rather large 
distance (7 m) from the slab.  

4.2 Influence of structural model 
simplifications and boundary conditions 

The extent of the structural model and the boundary 
conditions assigned have often a decisive influence 
on the load effects determined in the structural 
analysis. For a non-linear model, reflecting the 
critical failure, they will have a direct influence on 
the load-carrying capacity predicted. For the bridge 
and the loading condition studied the question is 
how much of the structure must be included in the 
structural model, and how the boundary conditions 
can be simplified while still obtaining a sufficiently 
good prediction of the load-carrying capacity. 
Therefore, the influence of the extent of the FE 
model and its boundary conditions was further 
investigated in a parameter study. The purpose was 
to study possible simplifications of the structural 
model and to examine how close the real response 
of the bridge could be predicted using the simplified 
models. 

The study was carried out by studying five different 
structural models with different boundary 
conditions. All models were built up by continuum 
brick elements for the critical part of the bridge 
studied, corresponding to level IV in the Multi-level 
Assessment Strategy. The different models studied 
were, (see also Figure 13): 

(i) Model including the loaded half-span of the 
slab, clamped on the north side at the 
connection to the main girder (i.e. all degrees 
of freedom were fixed) and with symmetry 
boundary conditions on the other three edges 
(i.e. translations perpendicular to and 
rotational around the edges were fixed); 

(ii) Model including the loaded half-span of the 
slab, simply supported on the north side (i.e. 
only vertical translations were fixed) and 
symmetry boundary conditions on the other 
three sides; 

(iii) Model including the loaded half-span of the 
slab, the girder closest to the load and the 
closest cross beams. The boundary conditions 
were assumed to be fixed at the end cross-
sections of the girder but symmetry boundary 
conditions was assumed for the other edges 
of the slab and the end cross-sections of the 
cross beams; 

(iv) Model including the tested 2nd span of the 
bridge. The columns had fixed translations 
but free rotations in all three directions. The 
cross-sections at the end of the span were 
assumed to have symmetry boundary 
conditions; 

(v) Model including the entire bridge, as 
described in Section 3.5, where also the 
boundary condition are specified. 

The prestress of the main girders was included only 
in models (iv) and (v).  

In order to be able to compare the load-deflection 
relationship from analyses of the different models, 
a relative deflection was calculated as the difference 
between the deflection in the studied points of the 

 
Figure 13. Five studied boundary conditions in different models. 
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slab (D3 and D4 in Figure 4) and in the mid-span 
point of the closest girder (D1 in Figure 4). Figure 
14 illustrates the load-relative deflection 
relationship for loading plate 1 for the different 
models compared to corresponding relationship 
from the experiment. It was observed that model (i), 
assuming clamped edges of the loaded span of the 
slab, showed a too stiff response but that the shear 
capacity was predicted reasonably accurate. On the 
other hand, model (ii), assuming simply supported 
edges of the slab, showed a too soft response and 
bending failure occurred instead of shear type 
failure for a low load level. Model (iii), including 
also the girder and cross-beams closest to the slab, 
had a similar stiffness as in the experiment but the 
shear capacity was underestimated by 30%. This 
indicates that the remaining part of the bridge and 
the effect of prestressing (limiting the crack opening) 
are important to include in the model to properly 
predict the shear capacity. Model (v), including the 
entire bridge, provided a rather accurate estimation 
of the response as well as the load-carrying capacity. 
It was also observed that model (iv), only including 
the 2nd span of the bridge, showed a structural 
behavior rather close to that observed in the 
experiment and predicted by model (v), but the 
computation cost for models (iv) and (v) was 
relatively similar. 

4.3 Influence of load positions and arching 
action

The arching action is important and needs to be 
taken into account when assessing the load carrying 
capacity with respect to shear, when loads are acting 
close to supports. The internal compression strut 
will become steeper the closer to the support the 
load is acting and, as a consequence, the shear 
capacity will increase. The arching action is 
accounted for in EC2 (EN 1992-1-1, 2004) (as 
described in Section 3.2) and MC2010 (fib, 2013). 
In addition, Natario et al. (Natário, Fernández Ruiz, 
& Muttoni, 2014) has shown that the load action of 
shear force can be even further reduced, and 
suggested that the reduction factor should be 
modified to  = av /2.75d  1. However, compared 
to arching action of beams (Kani, 1966; Muttoni & 
Ruiz, 2008; Campana et al., 2013), this increase in 
capacity is not as remarkable for slabs because the 
direct load transfer is counteracted by a decrease in 
effective width when the load acts closer to the 
support of a slab (Lantsoght et al., 2014). 

In the bridge test, the distance from the edge of the 
loads to the edge of the girder were only 1.09d and 
0.6d for load plate 1 and load plate 2, respectively. 

To study the influence of arching action, the loads 
were gradually moved further away (100 mm per 
step) from the girder in the level IV model (see 
Figure 15 (a) and Table 3). The load on position 1 
was the same as in the field test. The nominal shear 
strength (excluding influence of bw, d and fcm) were 
calculated assuming a pure one-way shear failure 
and compared to laboratory test results obtained by 
Natario et al. (2014) and Lantsoght et al. (2014); see 
Figure 15 (b). From the analysis results, it was 
observed that the shear capacity decreased when 
loads were moved further away from the support. 
When the loading plates were placed in position 4, 
the failure mode even changed from shear to 
bending failure. The results are similar to findings 
by the other researchers (Lantsoght et al., 2014; 
Natário et al., 2014), but the decrease in capacity 
was smaller than expected. There are two causes 
that could explain this difference. Firstly, the tested 
slabs of Natario et al. (2014) and Lantsoght et al. 
(2014) had almost purely one-way shear action, 
while the slab of the tested bridge with its long-
stretched supports on the girder activated a three 
dimensional load-carrying mechanism. Secondly, 
the tested slab was loaded with two loads but the 
failure occurred adjacent to load 1 only. However, 
the cracking around load 2 influenced the failure at 
load 1, which was also reflected in the shear force 
distribution, discussed in the next section. 

4.4 Shear force distribution  
To better understand the structural behavior, the 
shear force distribution obtained from the FE 
analysis at level IV was investigated. In Figure 16, 
the shear force per unit length along a line in the 
longitudinal direction of the bridge close to the 
girder is presented for different load levels (Q/Qu = 

 
Figure 14. Load-deflection relationship of the
loaded slab in relation to the closest girder for the
different structural models studied with different
boundary conditions. 
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0.2, 0.4, 0.6, 0.8 and 0.95). As expected, force 
applied to the area of the loading plates is 
distributed over a larger width closer to the girder. 
A clear shear force redistribution was observed for 
the shear force near loading plate 1; the shear force 
close to loading plate increased fast as the applied 
load increased at low load levels (Q/Qu  0.8), but 
stopped to increase at higher load levels (Q/Qu > 
0.8). Instead, the shear force in the adjacent region 
increased faster. A similar observation was also 
presented for the reaction force along a slab support 
by Natario et al. (2014). However, close to loading 
plate 2, the phenomenon of shear force 
redistribution was not as clear. Possible 
explanations for this are that (1) there is not enough 
space for shear force redistribution since loading 
plate 2 is much closer to the girder and (2) the 
change in distance to the support due to the 
changing girder width clearly influenced the shear 
flow.  

According to French Annex (Chauvel et al., 2007), 
the effective width for shear force distribution 
should be limited to the area within a 45 degree 

angle from the edges of the loaded area, as indicated 
in Figure 16. When Q/Qu = 0.95, the integrated 
shear force within this region (grey shadow) was 
calculated to be 83.4% of integrated total shear 
force along the support, indicating the effective 
width according to French Annex (Chauvel et al., 
2007) is reasonable but still conservative. In 
addition, the total shear force along the support was 
86.3% of applied load, showing still a small portion 
of the applied load was carried by the support from 
other directions.  

The shear force per unit length around the two 
loading plates, at a distance of 0.5d, has also been 
studied at different load levels (Q/Qu = 0.2, 0.4, 0.6, 
0.8 and 0.95); see Figure 17. As expected, the 
magnitude of the shear force on the northern side of 
loading plate 1, towards the closest girder, is much 
higher than that on the southern side; whereas the 
magnitude of shear force on the eastern and western 
sides of the loading plates is in between. The 
difference in shear force between the different sides 
of the loading plates also supports the conclusion 
that the failure mode is a combination of one-way 

 
Figure 15: (a) Variation of load positions in the analysis of the tested bridge; grey color indicates original 
position in field test (b) nominal shear capacity of the slab subjected to loads at different positons, with
comparison to literature (Lantsoght et al., 2014; Natário et al., 2014). 

Table 3. Variation of load positions, shear span ratios and load-carrying capacity from the analysis of the
tested bridge. 

Load positions 
Loading plate 1 Loading plate 2 Capacity [MN] 

d1 [mm] av1 [mm] av1 /d1 d2 [mm] av2 [mm] av2/d2  

1 270 295 1.09 259 155 0.60 3.28 

2 262 395 1.51 259* 255 0.98 2.72 

3 253 495 1.96 253 355 1.40 2.34 

4 244 595 2.44 244 455 1.86 2.00 

* The d1 and d2 were takes at critical section using 45 degree shear crack inclination. Load plate 2 is 
positioned closer than d2 from the girder, so the critical section is assumed to be at the edge of the girder. 
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shear and punching shear; one-way shear is 
however more dominant. This result could explain 
why the calculated shear capacity based on either 
one-way shear resistance models or punching shear 
resistance models shows a great difference from the 
test result. This also shows that, to be able to assess 
the load-carrying capacity of structures where a 
combination of one-way and punching shear is 
governing, a more advanced analysis is beneficial. 

5 Summary and conclusions
To validate a previously developed enhanced 
analysis approach (Plos et al., 2016), this study was 
conducted by applying the “Multi-level Assessment 
Strategy” to a 55-year old reinforced concrete (RC) 
bridge deck slab subjected to concentrated loads 
near one of the girders and then comparing it to a 
full-scale field test. The difference between 
assessment methods at different levels was 

 
Figure 16. Shear force per unit length across a line parallel to the girder, from FE analysis with continuum 
brick elements. 

 
Figure 17. Shear force per unit length around the loading plates, from FE analysis with continuum brick
elements. 
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discussed regarding the one-way and punching 
shear behavior of slabs. The influences of the extent 
of the model, boundary conditions, location of 
concentrated loads and shear force distribution were 
investigated. The main conclusions are listed below. 

(a) From the test, it can be learned that existing 
models in building codes for shear and 
punching can be imprecise, in this study 
producing a highly underestimated capacity. In 
this case, existing calculation methods 
according to EC2 have been found to be 
conservative, predicting less than 50% of the 
experimental load-carrying capacity. 

(b) The analysis method based on the “Multi-level 
Assessment Strategy” is a straight forward 
approach to evaluate the load-carrying capacity 
of existing RC bridge deck slabs. By upgrading 
the level of assessment, the accuracy of the 
calculated capacity increases. 

(c) Level II gives similar results as level I, 
indicating that improved representation of the 
geometry when determining the load effect is 
not sufficient. Level III analysis provides a 
notably higher, still considerably 
underestimated, load carrying capacity just by 
representing the non-linear bending response 
more correctly. The continuum non-linear FE 
analysis at level IV provided a shear capacity 
very close to the experiment.  

(d) The tested RC bridge deck slab failed in a 
combination of one-way shear and punching 
shear. This kind of shear type failure as well as 
the structural response of the slab can be 
reflected using continuum non-linear FE 
analyses with a model including the entire 
bridge with reasonable simplifications. 

(e) The extent of the FE model, as well as the 
assumption of boundary conditions for the 
tested slab has a significant influence on the 
analysis results. An FE model only including 
the loaded span of the slab cannot describe the 
real response accurately, neither with fixed nor 
simply supported boundary conditions. When 
including the entire bridge model, the most 
accurate prediction can be obtained. But also a 
simplified model, including the second main 
span of the bridge only, provides results close 
to the experimental ones.  

(f) Because of the arching action, the location of 
the applied loads plays an important role for the 
load-carrying capacity and failure mode when 
applied close to the support. When the loads 
were moved further away from the closest 

girder in the continuum FE analysis, the load-
carrying capacity with respect to shear was 
decreased until the failure mode changed to 
bending failure. However, the decrease of 
shear resistance with increasing distance to the 
support was not as significant as for beams 
tested in pure one-way shear due to a two-way 
load-carrying mechanism. 

(g) Shear force distribution can be reflected in the 
continuum FE analysis at level IV. The shear 
force distribution is influenced by applied load 
levels and the failure mode is affected by 
factors such as boundary conditions and the 
locations of concentrated load; for instance, the 
redistribution will not be extensive when the 
load is located close to the support. In addition, 
the analysis of shear force distribution also 
shows that the method using a 45 degree 
distribution to define effective width is 
reasonable and conservative.  
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Notation list 
av shear span  
b0 length of control perimeter for calculation 

of punching 
bw effective width  
CR a national factor to calculate shear and 

punching in EC2  
d effective depth of slab 
dg aggregate size 
dg.0 reference aggregate size 
Ec modulus of Elasticity 
fcm mean value of compressive strength of 

concrete 
fctm mean value of tensile strength of concrete 
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fym mean value of yield strength of 
reinforcement steel 

Gf mode I fracture energy  
hb crack bandwidth 
k a parameter considering size effect  
k  a parameter depending on rotation  
Q applied load   
Qu ultimate shear capacity  
Qu.cal calculated shear capacity  
Qu.exp experimented shear capacity  
u applied displacement 
vE unitary shear effect 
vmin minimum unitary shear force  
vR unitary shear resistance  
VE effect of shear force 
VR (punching) shear resistance  
w crack width  
  a factor for load effect concerning arching 

action in EC2  
  strain of concrete 
  slab rotation angle in radians 
 reinforcement ratio 

v Poisson’s ratio 
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Abstract
Assessing the load-carrying capacity of existing bridges is an important infrastructure management task. In
order to support the structural assessment of concrete bridges better, a complete procedure has been proposed,
based on successively improving the bridge analysis. A multi-level strategy for structural analysis has been 
combined with concepts for verification of the desired safety margin, thus providing tools for engineers to 
model the structural behaviour of bridges more accurately when necessary. This paper describes the procedure 
as applied to a prestressed concrete girder bridge and how the results from previous failure tests of the bridge 
were used. Initial structural assessment indicated the critical failure mode to be due to shear in one of the 
girders; however, the enhanced analysis showed a complex failure involving both the girder and the bridge 
deck slab. Improving the structural analysis using nonlinear FE analysis increased the permitted axle loads on 
the bridge to 5.6 to 6.5 times those given by traditional and standardised assessment methods, depending on 
the concept used for safety verification. The model uncertainty was crucial for the verification of the structural 
safety and has to be properly taken into account. However, there are few recommendations, with regard to 
model uncertainties, on the application of nonlinear FE analysis, and detailed guidelines should be used for 
the modelling procedure in order to reduce analyst-dependent variability in the results. The presented study 
demonstrates the applicability and the advantages of using the proposed procedure for successively improved 
analysis for bridge assessment.

Key words: bridges, codes, multi-level assessment, nonlinear finite element analysis, prestressed concrete, 
probabilistic analysis, shear capacity, structural safety.

1 Introduction
Over the past few decades, the need for a huge 
amount of bridge assessment, repair, strengthening 
and replacement to meet the current and future 
demands of infrastructure has been highlighted 
(BRIME 2001; COST-345 2004; MAINLINE 2013;
SAMARIS 2006; SB 2007; U.S. Department of 
Transportation 2016). Limited financial resources 
and sustainable management of the network of 

existing bridges mean that optimised assessment 
strategies, taking different methods of construction 
and analysis into account, are required. In practice,
however, the assessment usually follows standard 
approaches, provided by assessment or design 
codes, and more advanced methods, widely 
employed in research, are seldom used. At the same 
time, full-scale tests of concrete bridges have shown 
that the codes are often conservative, as described
by Plos et al. (1990), Azizinamini et al. (1994a); 
Azizinamini et al. (1994b), Haritos et al. (2000),
Puurula et al. (2015) and Lantsoght et al. (2016).
Difficulties in predicting the load-carrying capacity 
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are particularly associated with shear. Therefore, it 
is important to develop robust and practical methods
for refined assessment. A multi-level strategy for 
successively improved structural assessment of 
concrete bridges at the ultimate limit state (ULS) 
has been described in Bagge et al. (2017b) and 
Bagge et al. (2017c). The strategy was tested using 
a full-scale failure test of a prestressed concrete 
girder bridge. Structural assessment, based on 
assessment and design codes, resulted in a
significant underestimation of the load-carrying 
capacity and difficulties in predicting the actual 
structural behaviour and failure mode. However, the 
improved assessment, using accurate material
parameters and boundary conditions, yielded results
consistent with the test.

The multi-level strategy describes how the detailing 
in the structural analysis can be rationally improved 
but, in order to make it complete and thus useful for 
bridge assessment, it is necessary to include aspects 
of structural safety. The primary aim of this paper is
to describe these aspects using a process of coupling 
appropriate safety concepts at varying levels of 
approximations to the strategy. Using this new 
process, the complete structural assessment 
procedure has been applied to the prestressed 
concrete bridge, previously tested to failure, and 
thus examined based on knowledge of the real 
response of the structure. Such examinations are 
essential but are rare due to the limited number of 
bridges investigated at ultimate load levels. In 
particular, there are few studies where enhanced 
assessment methods using nonlinear finite element 
(FE) analysis have been evaluated, see McClure and 
West (1984), Plos and Gylltoft (1995), Song et al. 
(2002) and Puurula et al. (2015); these studies are 
entirely focused on the specific failure tests and do 
not account for the real load cases and the safety 
verification to be considered during the bridge
assessment. Since most of the advanced methods 
involved in the assessment procedure are usually 
restricted to use by researchers, and under much 
simpler conditions, it is of utmost importance that 
the proposed procedure is practically demonstrated.
Therefore, a major part of this study focused on the
practical use of the strategy for a proper structural 
assessment and the highlighting of critical aspects.

2 Bridge assessment procedure

2.1 Multi-level strategy for structural analysis
In Bagge et al. (2017b) and Bagge et al. (2017c), a
multi-level strategy was described and examined for 

successively improved structural analysis of bridge 
superstructures defined as systems of beams and 
slabs (see Figure 1). The strategy is meant to 
provide a tool for engineers to improve the accuracy 
of structural assessment at the ultimate limit state 
(ULS) systematically, where an initial assessment 
has not been accurate enough. Based on the types of 
failure implicitly captured by the structural analysis,
multiple levels are defined. At the initial level of 
structural analysis, all types of potential failures are 
verified in a two-step procedure, comparing 
calculated action effects to capacities using local 
resistance models. In the subsequent three levels of 
approximation, the moment, shear-related and 
anchorage failures are captured stepwise by the 
structural analysis using nonlinear FE analysis.
Thus, no explicit verification is required at the 
highest level. Level 1 is called the initial level, 
subdivided into current or traditional approaches,
and should always be the basis of the bridge 
assessment. Levels 2 – 4 are called enhanced levels 
and can be used for load cases identified as critical 
according to the initial analysis; the appropriate
enhanced level is given by the indicated failure 
mode. Thus, the initial structural assessment plays 
an important role at the enhanced level, both by 
focusing effort on just critical aspects and providing
quality control of the more advanced analysis.

2.2 Safety verification
To handle uncertainties associated with the assessed 
bridge, the multi-level structural analysis strategy 
must be used in combination with an appropriate 
safety concept. As well as the structural analysis, 
verification of the required level of structural safety 
can be carried out at several levels of increasingly 
complex approximation (Casas & Wisniewski 
2013; fib 2013; O'Brien et al. 2005). Since the 
multi-level strategy has been developed with a focus
on determining the load-carrying capacity, no 
particular consideration of structural robustness and 
resilience has been made. However, these are
aspects that can be accounted for when evaluating
structural safety (Anitori et al. 2013). In addition to 
the choice of safety concept for the structural 
analysis, the level of safety is an important issue for
bridge assessment and should take into account
what is already known about the structure and 
economical, societal and environmental risks 
associated with it (Melchers 2001; Stewart et al. 
2001; Sykora et al. 2017). However, this issue is 
outside the scope of this paper.

The general condition to determine the load-
carrying capacity is given by:
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QPGSR ,, (1)

where R is the resistance, and S is the action of 
permanent loads (G), prestressing (P), and variable 
loads (Q). This condition has to be satisfied for a
certain level of probability defining the desired 
safety level. For verification of failure mode capture
in the structural analysis, the variables R and S in 
Equation (1) refer to structural resistance and action, 
respectively; otherwise they refer to local resistance 
and action effects, respectively (i.e. two-step 
verification procedure in the multi-level structural 
assessment strategy). According to Model Code 
2010 (fib 2013), the verification of the required
level of structural safety should follow a
probability-based concept. To varying degrees of 
approximation, the following concepts can be used:

1. Partial safety factor (PSF) method
2. Global resistance safety factor (GRSF) method
3. Full probabilistic method

At the initial level of structural analysis (Level 1), 
linear elastic analysis, linear elastic analysis with 
limited redistribution of internal forces or plastic 
analysis is carried out to assess the load-carrying 

capacity (see Figure 1). For these types of analyses, 
the PSF method and the full probabilistic method 
are well-established concepts that can be used. The 
purpose of analysis at the enhanced levels of this 
procedure (Levels 2 – 4) is to model and understand 
the structural behaviour more accurately, including
deformations, load-carrying capacity and failure 
mode. In order to achieve this for certain load 
conditions, it is crucial to model the real material 
behaviour accurately, so the average material 
properties should be used in nonlinear FE analysis.
However, safety verification at the enhanced levels 
of structural analysis is not accomplished in the 
same order as at the initial level. Consequently, 
verification using at least two safety concepts is
preferable at these levels, as recommended by the 
Model Code 2010 (fib 2013).

2.2.1 Partial safety factor method
The PSF method separates existing uncertainties 
and their occurrence, for instance, related to 
material properties, resistance models, geometry 
and loading. For Equation (1), this means 
introducing the partial safety factors R, G, P and Q

associated with the resistance, permanent loads, 

Figure 1. Multi-level strategy for structural analysis of concrete bridges (Bagge et al. 2017b).
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prestressing and variable loads, respectively. These 
factors are derived from a probability-based 
analysis, thus, the method is considered semi-
probabilistic. An advantage of this method is that it 
is simple to use and, thus, is usually applied to the
design of bridges, as well as assessment using the
initial level of structural analysis. However, the 
partial safety factors for assessment must be taken 
from assessment codes, with calibration for existing 
bridges to the desired level of safety, because
improved information about uncertainties is not
always equivalent to that used by design standards 
(fib 2013). For refinement, the partial safety factors 
can be further updated for the bridge being assessed,
for instance, through probability-based analysis. A 
calibration procedure has been described by 
Melchers (1999) and Nowak and Collins (2012).

In the PSF method, the design material properties
are used in the local resistance analysis as well as 
the structural resistance analysis, both resulting in 
the design resistance, Rd. The design material 
properties, fd, are given by the expression fd = fk / M,
where fk is the characteristic material properties and 

M is the partial safety factor for the materials. This 
means appreciable reductions in the material 
properties, in relation to average values which are 
preferable for nonlinear FE analysis in order to 
model the real behaviour of the material accurately. 
Consequently, this concept is not designed to model
the structural behaviour accurately and the actual 
failure mode is not necessary captured by the 
nonlinear analysis (Rijkswaterstaat 2016). It is 
strongly recommended that safety verification using
the PSF method with enhanced structural 
assessment, where the failure mode is implicitly
captured by the analysis, be independently 
compared with one of the other concepts proposed 
by the Model Code 2010 (fib 2013). However, the 
method is well established in cases using the two-
step verification procedure described in the 
structural assessment strategy (i.e. the failure mode 
is not implicitly captured in the structural analysis), 
for instance, at the initial level of structural analysis.

2.2.2 Global resistance safety factor method
To produce more accurate analysis of the nonlinear 
structural behaviour and to ensure a desirable safety 
margin, several variants of GRSF methods have 
been developed over the past few decades that use
the average material properties for the nonlinear FE 
analysis. A method was proposed by König et al. 
(1997) with variants by Six (2001), Henriques et al. 
(2002) and Mancini (2002). This method is also 
recommended in the European standard (SS-EN 

10080 2005) for bridge design based on nonlinear 
analysis. In the GRSF method, the design value of 
the structural resistance, Rd, is expressed as:

RRd

m
d

RR (2)

where Rm is the average value of the structural 
resistance, Rd is the model uncertainty factor (or 
bias factor) and R is the global resistance factor. 
Note that the factors related to uncertainties are, 
according to this concept, applied to the output of 
the nonlinear FE analysis rather than the input
according to the PSF method. In the Model Code 
2010 (fib 2013), using Rd = 1.06 and R = 1.20 is
suggested. However, using these factors, Schlune et 
al. (2011, 2012) produced unreliable results for 
shear-related failures in beams. 

In order to integrate the probabilistic concept more 
precisely into the GRSF methods, studies have been 
made by Holicky and Sykora (2006) and Allaix et 
al. (2007) and from their ideas, assuming a 
lognormal distribution of the structural resistance, 
procedures have been developed by

); ), Schlune et al. 
(2011, 2012) and Allaix et al. (2013). The proposal 
by ); 
(2008) is called the estimation of coefficient of 
variation (ECOV) method and the more nuanced 
global resistance factor, R, can be determined thus:

RR V
R e (3)

where R is the sensitivity factor for the reliability 
of resistance, is the reliability index and VR is the 
coefficient of variance of the resistance. This
procedure also enables analysis of different levels
of structural safety. For assessment of existing 
structures, the recommended value for the reliability 
index is 3.8, corresponding to a failure probability 
of 10-3, which is reduced by a sensitivity factor of 
0.8 in order to account for safety analysis limited to 
the resistance (fib 2013). In order to determine the 
coefficient of variance of the resistance, VR, the 
ECOV method can be applied according to 
Equation (4):

k

m
R R

RV ln
65.1
1 (4)

where Rm is the mean value of the structural 
resistance and Rk is the characteristic value of the 
structural resistance ( ;

). Thus, two separate analyses are 
required, one based on average material properties
and one based on characteristic values. In contrast 
to the ECOV method, the method described by
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Allaix et al. (2013) is based on Monte Carlo 
simulations to determine the coefficient of variance 
of the resistance; the impact of uncertainties related 
to the geometry also need to be taken into account. 
A drawback of this improved method is that the 
Monte Carlo simulations can require large
computational effort. Compared to the ECOV 
method above, Schlune et al. (2011, 2012)
introduced a more general formulation to take 
existing uncertainties into account. The coefficient 
of variance of the resistance, VR, was suggested to 
be calculated as follow:

222
mgR VVVV (5)

where V , Vg and Vm are coefficients of variations of 
the model, geometry and material uncertainties, 
respectively. In order to determine Vm, it was 
proposed using capacities from the nonlinear FE 
analysis with regard to the average material 
properties and reduced material values as follows:

m

fs
s

fsm
fc

c

fcm

m R

f
RR

f
RR

V

2
2

2
2

(6)

where Rm, R , R are calculated resistances using 
average material properties, reduced concrete 
parameters and reduced reinforcement parameters, 
respectively, c and s are the reductions in the 
material properties, and fc and fs are the standard 
deviations. By adding terms to Equation (6), the 
method allows for additional uncertainties or further 
detailed consideration of the impact of existing
uncertainties. For instance, the parameters related to 
concrete can be separated into compressive 
strength, tensile strength and modulus of elasticity. 
Due to the more general formulation that takes 
uncertainties of relevance into account, the method 
can be considered to be an improved ECOV 
method.

2.2.3 Probabilistic method
Regardless of the level of structural analysis, using
a full probabilistic method is the most realistic way 
of taking uncertainties into account and verifying
the desired level of structural safety. Moreover, this 
concept coupled with nonlinear FE analysis is 
considered to be the most accurate for structural 
assessment of bridges (Casas & Wisniewski 2013;

). In the PSF and the GRSF methods,
uncertainties are typically generalised in order to 
make the method applicable to a wide range of 
different bridges, in many cases leading to 
unnecessarily conservative assessments (Lauridsen 

et al. 2007). Thus, incorporation of bridge-specific 
information by randomising material, geometrical, 
loading and other parameters of relevance, can often 
be of considerable advantage in terms of load-
carrying capacity. The probabilistic safety method 
is generally based on the limit state function
g(R,S) = R – S with checking of the desirable safety 
margin according to Equation (7): 

t (7)

where is the reliability index, and t is the target 
reliability index. The reliability index is defined for 
a certain reference period based on the probability 
of failure, pf, calculated from the standard normal 
distribution function according to = – -1(pf). 
Values for the target reliability index have, for 
instance, been proposed by ISO 2394 (2015), JCSS 
(2001) and NKB (1978).

Combining nonlinear FE analysis and full 
probabilistic analysis for bridges requires large
computational effort. In order to simplify the safety 
verification, the probabilistic analysis can be limited 
to the resistance while the actions are modelled
using the PSF method (fib 2013). This procedure 
has also been proposed for the ECOV methods and 
the same assumptions can be applied for the 
probabilistic method in the absence of more detailed 
data.

2.3 Successively improved assessment
For a complete structural assessment procedure, the 
multi-level strategy (see Figure 1) is combined with 
the safety concepts summarised in the previous
section. A successively refined implementation of 
safety verification is proposed, as shown in the flow 
chart (Figure 2). Thus, improvement of the 
structural analysis is considered in conjunction with 
a refined concept for safety verification. In addition, 
the multi-level strategy should be considered 
together with local resistance models at a similar
level of accuracy as for the structural analysis. This 
means that the resistance models are expected to 
represent the investigated mechanisms more 
accurately as the level of analysis increases. 
Generally, local resistance models provided by the 
assessment code can be applied initially while
refined models, for instance, provided by the Model 
Code 2010 (fib 2013), can be applied when critical 
aspects are identified.

In addition, bridge-specific information is crucial 
for improving the structural analysis. Materials, 
geometry, eventual degradation and defects and 
site-specific load and boundary conditions should
be investigated based on inspections, testing and 
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monitoring (SB 2007). Not all aspects can be 
visually inspected easily and, therefore, testing and 
monitoring the structural behaviour are useful 
methods of gathering information about the bridge 
to aid updating of the structural model (fib 2003).
Following the principal of successively improved 
assessment, such information should be gradually 
taken into account in the structural analysis; in the 
absence of bridge-specific information, the
contribution of a very precise structural analysis at 
the enhanced level becomes limited. With regard to 
improved information, for instance, the following 
guidelines can be given:

Assessment at the initial level of structural 
analysis can be based on material data obtained 
from documentation for the specific bridge and 
assessment codes. However, before progressing
from a concept based on partial safety factors to 
a full probabilistic analysis, assessment using 
in situ tested material properties is 
recommended. Such parameters are required for
a full probabilistic analysis (O'Brien et al. 2005).
Moreover, using in situ tested material 
properties is recommended at all levels of 
enhanced structural analysis using nonlinear FE 
analysis in order to reflect structural behaviour 
accurately (Bagge et al. 2017c).
The partial safety factors can be used at each 
level of structural assessment and can be used for 
the actions in combination with the GRSF 
method or the full probabilistic method for 
resistance. Regardless of the level of structural 
assessment, site-specific loads should be 
included in a full probabilistic analysis where
both resistance and actions are included. 

Analysis with site-specific loads can also be an 
intermediate step before proceeding from a 
concept, based on partial safety factors applied 
to actions (either PSF, GRSF or full probabilistic 
method can be used for the resistance), to the full 
probabilistic analysis including both resistance 
and actions (O'Brien et al. 2005).
The actual bridge geometry and eventual defects 
should be taken into account, regardless of the
level of structural analysis and the method of 
safety verification.
It is important to verify assumptions in the 
structural analysis and, thus, testing of the 
bridge’s structural behaviour is relevant for all 
levels of structural assessment. This is 
particularly important when improving the
bridge modelling at the enhanced levels to give 
an accurate and reliable structural response.

The choice of improvements, when a bridge is 
shown not to fulfil the stated requirements at the 
ULS, is specific to the bridge being assessed. In 
order to proceed with the assessment effectively, 
existing uncertainties should be identified. It is 
recommended that the improvements are primarily
focused on aspects involving significant
uncertainties which can be reduced or eliminated. 
The concepts, illustrated in Figure 1 and Figure 2,
give a procedure for implementation of available 
analysis improvements.

3 Description of Kiruna Bridge
The bridge was a 121.5 m long prestressed concrete 
girder bridge in five continuous spans with two road 
and two pedestrian lanes (see Figure 2). It came into

Figure 2. Framework for successively improved safety verification adapted for the multi-level strategy for
structural analysis of concrete bridges.

Enhanced levels of structural analysis

Initial level of structural analysis

1. Partial safety factor
a. Standard PSF method
b. PSF method updated with bridge-

specific information

2. Global resistance safety factor
a. Standard GRSF method
b. ECOV method
c. Improved ECOV method

3. Full probabilistic analysis
a. Probabilistic analysis of resistance
b. Probabilistic analysis of resistance 

and actions
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service in 1959 as part of the route between the city 
of Kiruna, Sweden, and the adjacent iron ore mine. 
The plan, elevation and section views of the bridge 
are shown in Figure 4. Due to ground deformation
caused by mining activities, the bridge was 
monitored from 2006 to its closure in 2013. There 
appeared to be no visible damage related to the 
ground deformation, since settlement was mostly 
even (Bagge et al. 2015; Enochsson et al. 2011). In 
general, the condition of the bridge was good with 
only a few signs of damage and deterioration, 
limited to some concrete cracks close to the 
intermediate supports, assumed to be formed during 
construction. Before demolishing the bridge and 
restoring the area as part of the urban transformation 
of Kiruna, the bridge was subjected to an 
experimental programme, including several failure 
tests of the superstructure. Experimental 
investigation of the bridge has been described in
Bagge et al. (2014), Bagge et al. (2015), Nilimaa et 
al. (2015), Huang et al. (2016), Bagge et al. (2017a),
Bagge et al. (2017b), Bagge et al. (2017c), Nilimaa 
et al. (2017) and Shu et al. (2017).

The bridge was monolithically cast-in-place. The 
girders were reinforced using a post-tensioned 
BBRV system, consisting of tendons in 32 stands 
with an individual diameter of 6 mm. In the segment 
to the west (i.e. west of joint 1 in Figure 4), four 
parabolically-aligned tendons were used in each 
girder, increasing to six tendons in the other 
segments of the bridge. According to the 
construction procedure, the central segment (i.e. 
between joint 1 and 2) was prestressed from both its
ends, followed by prestressing of the outer segments 
from their corresponding abutments.

The properties of the material quality classes 
specified on original construction drawings are
shown in Table 2 (concrete for different structural 
elements) and in Table 2 (reinforcing steel for
different dimensions based on the Swedish 

assessment code (TDOK 2013:0267 2016) and in 
situ tests). In the tables, indexes k, m and is represent
characteristic, average and in situ values, 
respectively. To determine the characteristic 
parameters from tests, the procedures described in
SS-EN 13791 (2008) were followed for the concrete 
compressive strength and the reinforcing steel 
properties. In Table 1, the code values of the 
characteristic concrete compressive strength (fck)
and the modulus of elasticity (Eck) were upgraded 
based on TDOK 2013:0267 (2016), which stated 
improved properties in relation to original values for 
bridges designed using regulations between 1947 
and 1960. The in situ properties were measured 
using 25 drilled-out cylinders from the column, 
girders and slab with a diameter of 100 mm and 
height of 200 mm, following the European 
standards SS-EN 12390-3 (2009); SS-EN 12390-13
(2013); SS-EN 12504-1 (2009).

In order to determine yield strength (0.2 % proof 
strength for prestressing steel), tensile strength and 
the strain at the peak stress, uniaxial tensile tests 
were carried out using 40 samples of reinforcement 
bars taken from the bridge, with five to ten samples 
being tested for each quality class and dimension. 
The tensile tests followed the European standards 

Table 1. Concrete properties.

Quality 
class

Structural 
element

Compressive strength Modulus of elasticity

fck fcm,is
a) fck,is Eck Ecm,is

a)

MPa MPa MPa GPa GPa

K300 Column 32.0 61.8
(11 %) 56.8 33.0 32.4

(6.8 %)

K400 Girder 35.5 56.4
(19 %) 47.2 34.0 31.2

(10 %)

K400 Slab 35.5 71.6
(3.2 %) 66.6 34.0 33.3

(5.6 %)

- All - 62.2
(16 %) 47.2 - 32.1

(8.3 %)
a) coefficient of variance in brackets

Figure 3. View of Kiruna bridge from the north (Image by Niklas Bagge).
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SS-EN ISO 6892-1 (2009); SS-EN ISO 15630-1
(2010); SS-EN ISO 15630-3 (2010).

4 Initial structural assessment

4.1 General
An initial assessment of the bridge superstructure 
was carried out at the ULS, based on linear 
structural analysis with the load actions explicitly 
checked against local resistance models in a two-
step procedure. The desired safety margin was 
verified using the PSF method. As the bridge was 
designed for conditions in Sweden, the assessment 
followed the current national regulations, using
safety factors, material properties, local resistance 
models, load models and structural analysis defined 
by TDOK 2013:0267 (2016); TDOK 2013:0273 
(2016). Apart from the specific national regulations, 
the assessment procedure remains the same in other
countries with different regulations, starting from 

the initial level of structural analysis (see Figure 1). 
To illustrate potential differences caused by 
different available information, the investigation of 
Kiruna Bridge at the initial level of structural 
analysis was carried out both with material 
properties given by original construction drawings 
and those derived from in situ material testing.

4.2 Load conditions
For analysis of the bridge’s superstructure at the 
ULS, the relevant permanent loads were associated 
with dead weights, pavement, support 
displacement, shrinkage and prestressing and the 
variable loads were associated with traffic, 
temperature variation and wind (TDOK 2013:0267 
2016). Moreover, traffic loads comprised vertical 
vehicle loads, taking into account dynamic impact, 
and horizontal loads caused by longitudinal braking,
acceleration forces, and centrifugal and other 
transverse forces (e.g. unsymmetrical braking).

Track area E10 

18000 20500 29350 27150 26500

ELEVATION

SECTION

Central
girder

North
girder

South 
girder

1500 150012000 300300

The span lengths correspond to the 
centre line of the bridge N

PLAN

4 5 6321

Joint 1
Joint 2Alignment 

of tendons

2.5 %

5.0 %

Figure 4. Bridge geometry.
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4.2.1 Residual prestress force
In order to analyse the load actions at the ULS, the
residual prestress forces should be determined at the 
serviceability limit state (SLS) due to prestress 
losses during construction and subsequent time-
dependent losses. First, the action effects are
determined based on the dead loads, the prestressing 
after friction losses and temperature variations,
followed by time-dependent prestress reduction 
related to shrinkage, creep and relaxation.

The characteristic dead loads were given by the unit 
weights of 24 kN/m3 for reinforced concrete, 
22 kN/m3 for asphalt pavement and 23 kN/m3 for 
concrete pavement, with the load coefficients ( )
1.0 for the concrete and 1.2 for the pavement 
(TDOK 2013:0267 2016). Action effects due to 
possible support displacements were ignored in the 
assessment, since settlement activity appeared to be 
evenly spread when monitoring the bridge. In the 
analysis, the tendons were post-tensioned,
according to the construction procedure, up to a 
steel stress of 0.85fp0.2k = 1233 MPa followed by 
release to a maximal steel stress of 0.80fp0.2k =
1060 MPa (Svensk Byggtjänst 1990), using a load 
coefficient of 1.0 (TDOK 2013:0267 2016). The
friction losses along the tendons were accounted for 
by:

kx
x ePP 0 (8)

where Px is the actual prestress force at distance x
from the section of tensioning on the tendon, P0 is 
the maximal prestress force accounting for slippage
in the anchorage device, μ is the tendon-to-concrete 
friction coefficient, is the intended cumulative 
angle change and k is the wobble friction coefficient 

(BBK 94 1994). According to the manufacturer of 
the current prestressing system, the coefficients 
and k were 0.20 and 0.01 rad/m, respectively 
(Strängbetong n.d.).

Normally, the action effects due to even and uneven 
temperature variation should be taken into account 
using a load coefficient of 0.2 for road bridges 
(TDOK 2013:0267 2016). However, for bridges 
designed according to standards from 1960 or 
earlier, only the influence of even temperature 
variation is significant, using an increase of 25 K 
and a decrease of 36 K for the current location of the 
bridge. The thermal expansion coefficient for 
concrete is 1.0×10-5 K-1 according to the assessment 
code (TDOK 2013:0267 2016).

The long-term prestress losses, in terms of reduced 
s, were calculated thus:

spcp
c

s
sss E

EE (9)

where Es is modulus of elasticity of prestressed 
steel, s is the concrete shrinkage (0.25 ‰ at relative 
humidity of 75 %), is the creep coefficient (2.0 at 
relative humidity of 75 %), Ec is the modulus of 
elasticity of concrete, cp is concrete compressive 
stress at the level of prestressed reinforcement, is 
the steel relaxation and sp is the stress in the 
prestress reinforcement after initial losses and half 
of the time-dependent losses (BBK 94 1994). The 
relaxation value was assumed to be in accordance 
with tests by the manufacturer of the prestressing 
system, implying no reduction at a steel stress of 
0.45ftk and 8 % at 0.65ftk with a linear interpolation 
between the two stress levels (Strängbetong n.d.).

Table 2. Reinforcing steel properties.

Quality 
class

Yield strength Tensile strength Strain at peak stress

fyk fym,is
a) fyk,is ftk ftm,is

a) ftk,is uk um,is
a)

uk,is

mm MPa MPa MPa MPa MPa MPa % % %

St145/170 6 1450 1606
(1.4 %) 1530 1700 1734

(0.9 %) 1682 3.5 4.74
(5.1 %) 4.08

Ks40 10 410 484
(5.8 %) 412 600 702

(2.9 %) 629 16 13.5
(12 %) 10.1

Ks40 16 410 439
(2.4 %) 403 600 705

(1.3 %) 654 16 12.9
(5.1 %) 11.1

Ks40 25 390 389
(4.3 %) 332 600 629

(3.3 %) 543 16 13.7
(9.2 %) 10.3

Ks60 10 620 679
(5.0 %) 585 750 1000

(1.7 %) 920 16 9.9
(5.5 %) 8.70

Ks60 16 620 584
(2.1 %) 545 750 831

(2.4 %) 779 16 11.5
(5.4 %) 10.0

a) coefficient of variance in brackets
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In further analysis, in respect of the residual 
prestress forces, the average of the two prestress 
levels corresponding to temperature increase and 
decrease was assumed.

4.2.2 Ultimate load-carrying capacity
The action effects at the ULS were given by the 
dead loads, residual prestress forces as permanent 
loads, with vertical traffic loads and longitudinal 
braking forces as variable loads. However, 
according to TDOK 2013:0267 (2016), action 
effects associated with centrifugal and other 
transverse forces, temperature variations and wind 

are not required for the assessment of a bridge’s
superstructure if it was designed using standards
from 1960 or earlier.

In order to represent the action effect of road traffic, 
TDOK 2013:0267 (2016) describes 14 
configurations of classification vehicles to be used 
for determining the maximum axle loads allowed.
The configuration of axles in the classification 
vehicles are shown in Figure 5, where the axles are 
centrally positioned in 3.0 m wide lanes with an 
arbitrary wheel distance between 1.7 m and 2.3 m. 
The loads from a wheel are distributed 200 mm 

Figure 5. Configuration of axles for classification vehicles (a – m) for assessment of highway bridges (from 
Trafikverket (2016a)).
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longitudinally and 300 mm transversally to the top 
surface of the pavement. Two lanes of classification 
vehicles are positioned in the most adverse locations
together with distributed loads with an intensity of 
0 kN/m2 or 5 kN/m2 in two additional lanes (if 
available). In the absence of separating railings, the 
pedestrian path can be subjected to the same
loading. The loads in the two lanes of classification 
vehicles are multiplied by 1.0 and 0.8 respectively. 
In order to account for dynamic effects, a dynamic 
amplification factor can be applied to the 
concentrated loads using Equation (10):

L
vD

20
1008.08.11 (10)

where v is the velocity (80 km/h) and L is an 
equivalent length depending on the bridge type and 
structural element (TDOK 2013:0267 2016). The
assessment code specifies varying braking forces 
depending on the total bridge length, linearly 
increasing from 170 kN at 40 m to 470 kN at 170 m
or longer, and assumed to influence the
superstructure over its entire width. The load 
coefficient ( ) of the permanent loads was the 
same as for determination of the residual prestress 
forces at SLS and the traffic loads were assigned the 
coefficient 1.3 for the most adverse lane positions, 
otherwise 0.7 was used. Only the four most adverse 
variable loads were taken into consideration.

4.3 Structural analysis

4.3.1 Bridge girders
The action effects of the described loading 
conditions were determined in the girders based on 
linear FE analysis using the BRIGADE/Plus 
software (Scanscot 2015). The bridge geometry 
specified in original construction drawings was
modelled, ignoring non-structural elements such as 
railings and the influence of foundations as the
bridge was supported on bedrock (see Figure 6). In 

order to model the prestressing, the tendons were 
included with a modulus of elasticity of 210 GPa, 
whilst the non-prestressed elements were
disregarded in the structural analysis. For the initial
assessment, the concrete was modelled using the 
characteristic value of the modulus of elasticity 
derived from material properties from drawings and 
standards. For the assessment using improved 
information about material properties, the average 
value of the modulus of elasticity from in situ tests 
was used. The Poisson ratio was assumed to be 0.2 
(TDOK 2013:0267 2016). The geometry was 
represented by shell elements for girders, cross-
beams and the deck slab and beam elements for the 
columns. A quadrilateral finite element with 
quadratic interpolation was used for shells and the 
element size was approximately 1.0 m, vertically 
refined to 0.32 m for girders and cross-beams. Also,
the beam elements were assigned a quadratic 
interpolation scheme with a general size of 1.0 m. 
In the FE simulations, the girders were restrained to 
translations in each direction at support 1, whilst
they were allowed to translate longitudinally at 
support 6 (see Figure 4). Moreover, stiff 
connections were assumed between girders and 
columns and the columns were only restrained to 
translations at their base due to a rotational-free 
joint installed for avoiding restraint forces in the 
structure in case of support movements. In 
accordance with defined load cases, the loads were 
applied to the bridge as follows:

Concrete dead weights as a gravitational load 
(9.82 m/s) assigned to the structural elements.
Pavement dead weights (2.25 kN/m2) and 
braking forces (0.177 kN/m2) as vertical and 
longitudinal surface loading, respectively, 
assigned to the bridge deck slab.
Prestressing as forces applied at the active end(s) 
of the tendons (initially 2230 kN followed by 
release to 2099 kN). At the ULS, the prestress 

Figure 6. FE model of Kiruna Bridge with the boundary conditions highlighted.

N
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forces were reduced along the tendons because 
of time-dependent losses.
Classification vehicles as concentrated and 
uniformly distributed vertical loads in the most 
adverse positions. The concentrated loads, with 
transverse distances of either 1.7 m or 2.3 m, 
were centrally positioned in predefined traffic 
lanes. For the concentrated loads, the dynamic 
effect was included using an amplification factor 
of 1.13.

To extract internal forces for verification of the 
load-carrying capacity, the stresses were integrated 
for each girder in sections every 1.0 m in, along the 
longitudinal axis of the bridge.

4.3.2 Bridge deck slab
In order to calculate the action effect of the bridge 
deck slab, a 1D beam analysis was carried out. The 
part of the deck slab acting as a cantilever was 
assumed to be clamped in the outer girder and the 
part of the deck slab between two girders was 
clamped at either end. Due to the cross-beams
improving the rotational stiffness of the 
superstructure, the deck slab supports (i.e. the 
girders) were assumed to be prevented from 
rotating. The action effect was calculated based on 
loading related to the dead weights of the concrete, 
surfacing, railing and concentrated axle loads for 
each classification vehicle, including the dynamic 
effect. However, the uniformly distributed loads 
associated with the classification vehicles were 
ignored due to their small impact relative to the 
concentrated loads. The axle loads were applied 
with a centre-to-centre distance between the wheels 
of either 1.7 m or 2.3 m and were uniformly 
distributed over the prescribed loading area. In 
addition, a 45º spread of the loads to the upper 
surface of the deck slab was generally assumed and,
for investigation of punching resistance, the spread 
was taken to the centre of gravity of the deck slab 
(TDOK 2013:0267 2016). The dynamic 
amplification factor was 1.35 for the cantilevers and 
1.29 for the parts of the deck slab between the 
girder. The distribution of load actions caused by 
concentrated loads followed Swedish practice and 
handbooks for bridge deck slabs, based on different 
methods depending on the characteristics of the 
structural part assessed. For shear forces, in both the 
cantilever and the intermediate parts of the slab, 
Equation (11) can be used to calculate the effective 
width of the deck slab, bef:

xd
tbd

bef 3.110
7

max (11)

where d if the effective depth, b is the load 
distribution width, t is the pavement thickness and x
is the distance from the centre of the load to the 
investigated section, at least d/2 from the loading 
area (BBK 04 2004). In cases of multiple
overlapping, concentrated loads, the effective width
can be assumed to be bef + 2lres, where bef refers to 
the effective width of the largest of the loads and lres

to the position of the resultant load in relation to the 
largest load. The flexural moment in the deck slabs 
between girders can be distributed over an effective 
width, bef, as:

tf
tfbL

bef 70.2
75.0

min (12)

where L is the centre-to centre distance between the 
girders, b is the load distribution width and t is the 
pavement thickness (TDOK 2013:0273 2016). In 
cases of multiple overlapping, concentrated loads, 
the increase of effective width was calculated as the 
distance between the loads. For distribution of 
flexural moment in cantilevers with a curb, 
Equation (13) can be used:

4
2

3
1

4
3
2

Ia
I

bef (13)

where I1 is the second moment of inertia of the deck 
slab, I2 is the second moment of inertia of the curb 
and a is the distance between the load and the 
clamped support (Statens Betongkommitté 1969).
Based on these procedures, the vehicles were 
positioned in the most adverse positions.
Alternatively, simplified procedures are, for 
instance, given in the French code (Chauvel et al. 
2007) and the Model Code 2010 (fib 2013) and can 
be used, assuming a fixed angle of shear 
distribution.

4.4 Local resistance models
To the material properties used in the local 
resistance models, partial safety factors were 
applied with the bridge girders assessed as safety 
class 3 ( n = 1.2) and the bridge deck slab as safety 
class 2 ( n = 1.2) according to TDOK 2013:0267 
(2016). The design material strength parameters, fd,
were given by:

nm

k
d

ff (14)

where is a factor to account for systematic 
variation between material properties obtained from 
tests and those valid for the structure, m is the 
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material partial safety factor for resistance and n is 
the partial safety factor for the safety class (BBK 04 
2004). For concrete, m = 1.5 and for reinforcing 
steel, m = 1.15.

The resistances were determined based on both 
material properties specified in original
construction drawings, upgraded according to the 
assessment code, and material properties derived 
from in situ tests (see Table 1 and Table 2). Due to 
the high variation in the concrete compressive 
strength in the bridge, the combined value in 
Table 1was used instead of the indicated values for 
different structural elements. Since the concrete 
tensile strength was not tested in situ for the bridge, 
the code value associated with the current concrete 
class (i.e. fctk = 2.25 MPa) was consistently used in 
the initial assessment. Thus, the tensile strength was 
not improved, as indicated for the compressive 
strength, as the time-dependent strength evolution 
was expected to diverge.

4.4.1 Flexural resistance
In order to determine the flexural resistance of the 
girders, they were treated as separate individual T-
shaped girders. The maximum widths of the 
contributing flanges, on either side of the girders, 
were determined based on the free distance between 
girders or the width of the cantilever, excluding the 
curb (BBK 04 2004; TDOK 2013:0267 2016). The 
effective flange width was also restricted by the 
capacity of the transverse reinforcement with regard 
to shear between the flange and the web. Resistance 
calculations of the deck slab were carried out based 
on unit strips. At the ULS, the concrete in 
compression was assumed to be uniformly 
distributed over 0.80 times the compression zone,
with a stress equal to the concrete compressive 
strength. For the reinforcing steel, bilinear stress-
strain relationships, including post-yield strain 
hardening, were taken into account for both 
prestressed and non-prestressed reinforcement.

4.4.2 Shear resistance
The Swedish assessment code (BBK 04 2004;
TDOK 2013:0267 2016; TDOK 2013:0273 2016)
provides several approaches for calculating the 
shear resistance so an engineer can choose the most 
favourable. Thus, in this particular assessment, the 
girders were analysed using a varying-angle truss 
model based on the theory of plasticity (Nielsen & 
Hoang 2010; Thurlimann 1979), identical to the 
model proposed by the European standard (SS-EN 
1992-1-1 2005); the deck slab was analysed using a 
so-called addition model (Svensk Byggtjänst 1990),

summing the concrete contribution and the shear 
reinforcement contribution to the resistance. Here, 
the addition model is applicable both for members 
with, and without, shear reinforcement, whilst the 
varying-angle truss model can only be used for 
members with shear reinforcement. Consequently, 
the shear resistances, VRd, of the girders and the slab, 
are given by Equation (15) and Equation (16), 
respectively:

cossincot zbz
s

AfV wcdc
sw

ywdRd (15)

dbfV wctdRd 50130.0 (16)

where fywd is the design value of yield strength of the 
shear reinforcement, Asw is the cross-section area of 
the shear reinforcement, s is the spacing between 
shear reinforcement, z is the internal lever arm 
(0.9d), is the angle of the inclined compressive 
strut to the axis perpendicular to the shear force 
(1.0 cot( ) 3 for prestressed members and 
1.0 cot( ) 2.5 for non-prestressed members), c

is a factor accounting for prestressing and other 
axial forces, is a concrete strength reduction factor 
due to a multi-axial stress state, bw is the minimal 
member width, is a factor accounting for size 
effects, is the longitudinal reinforcement ratio 

0.02), fctd is the design value of the concrete 
tensile strength (corresponding to fctk 2.7 MPa) 
and d is the effective depth, based on the non-
prestressed reinforcement. For analysis of the 
bridge deck slab, axial forces are ignored.

4.4.3 Punching resistance
The bridge deck slab, when subjected to 
concentrated loads, will resist punching shear. 
Based on a control perimeter at a distance of d/2
from the edge of the load distribution, the punching 
resistance, VRd,u, can be calculated as:

dufV ctduRd 1, 50145.0 (17)

where is a factor accounting for size effects, is 
the longitudinal and transverse reinforcement ratio 

0.01), fctd is the design value for the concrete 
tensile strength (corresponding to fctk 2.7 MPa), 
is a factor accounting for eccentricities, u1 is the 
control perimeter and d is the effective depth.

4.5 Permitted axle loads
Table 3 shows the permitted axle loads for bridge 
girders and the deck slab, as given by verification of 
the action effects from the structural analysis 
against the calculated local resistances. The A 
values correspond to the classification vehicle 
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composed of a single axle (see Figure5a) and the B
values to the most adverse of the remaining 
classification vehicles, composed of multiple axles 
(Figure 5b-n). In Table 3, the critical classification 
vehicles are labelled with superscripts. Permitted 
axle loads are determined based on both material
properties specified in original construction 
drawings, which were upgraded according to the 
assessment code, and material properties derived 
from in situ tests (see Table 1 and Table 2).
However, given the applied resistance models, a 
considerable effect on the load-carrying capacities 
was only seen with regard to flexure in the girders. 
In contrast, there was a negligible difference in 
flexural capacity of the bridge deck slab, explained
by improved concrete compressive strength in 
combination with a reduced yield strength of the 
reinforcing steel.

With regard to the flexural capacities of the girders, 
the regions adjacent to the supports were shown to 
have a critical sagging moment. This is associated 
with relatively low flexural resistances in sections 
where the prestressing reinforcement is located 
close to the upper surface of the girder. However, 
redistribution of internal forces can be expected and, 
consequently, the flexural capacity reached at either
the support or the midspan was further investigated 
for the girders (see Figure 7a and values specified in 
brackets in Table 3). Moreover, the analysis of the 
girders’ shear capacities was gradually refined. In 
the first analysis, the critical sections were shown to 
be located at the supports. Following use of the truss 
analogy, the subsequent analysis was based on 
verification of shear forces at a distance equal to the 
effective depth from the edge of the columns. The 
axle loads from the upgraded shear analysis are 
given in brackets in Table 3 and shown in Figure 7b.

The shear capacity was identified as being critical at 
support 5 for all the girders, with the lowest load-
carrying capacity for the south girder (A = 354 kN 
and B = 205 kN). This is based on in situ tested 
material properties and the assumption that the 
structure resists the sagging moment adjacent to the 
supports (i.e. values in brackets in Table 3). Using 
the in situ tested material properties, the critical 
sections with regard to flexure are consistently 
located close to midspan 5; using the material 
properties stated on the original construction 
drawings, the critical section is either located at 
support 5 or close to midspan 5. For the bridge deck 
slab, the flexural capacity was limiting, with the 
critical section at the intersection between the road 
and the pedestrian lanes for the cantilever 
(A = 329 kN and B = 419 kN) and at the girder for 
the slab connecting the girders (A = 318 kN and 
B = 533 kN). However, the deck slab was shown to 
have an essential overcapacity in terms of shear and 
punching. Thus, the permitted axle load for the 
bridge was 205 kN (B value), using in situ tested 
material properties.

4.6 Proposal for improved analysis
The structural assessment at Level 1 of the multi-
level strategy (see Figure 1), with loading 
conditions based on TDOK 2013:0267 (2016); 
TDOK 2013:0273 (2016) and safety verification 
using the PSF method, showed the shear capacity of 
the south girder to be critical for the load-carrying 
capacity of the bridge. However, several destructive 
bridge tests have shown that capacity predictions, 
based on design or assessment codes, can be 
misleading and a “hidden” load-carrying capacity 
often exists, see for instance Plos et al. (1990),
Puurula et al. (2015) and Lantsoght et al. (2016).
This has also been shown for Kiruna Bridge, where 
the shear model used for the initial structural 

Table 3. Permitted axle loads according to initial structural assessment.

Action 
effect Element

Axle loads – material properties 
from Trafikverket (2016a)

Axle loads – material properties 
from in situ tests

A [kN] B [kN] A [kN] B [kN]
Flexure North girder 218a (460a) 165g (284l) 264a (467a) 200g (288l)
Shear North girder 264a (390a) 147l (230i) 266a (393a) 149l (232i)

Flexure Central girder 243a (547a) 204g (435j) 289a (578a) 242g (440j)
Shear Central girder 197a (373a) 135i (262i) 199a (376a) 137i (264i)

Flexure South girder 305a (475a) 227g (271j) 349a (482a) 259g (297j)
Shear South girder 243a (352a) 138l (204l) 245a (354a) 139l (205l)

Flexure Cantilever slab 331a 422m 329a 419m

Shear Cantilever slab 537a 737n 537a 737n

Flexure Intermediate slab 319a 533n 318a 533n

Shear Intermediate slab 514a 670n 514a 670n

Punching Intermediate slab 413a 751b 413a 751b



VI – 15

assessment was not able to predict the shear failure 
of the girders accurately (Bagge et al. 2017b; Bagge 
et al. 2017c). Consequently, enhanced analysis can 
be beneficial in order to understand the structural 
behaviour of the bridge better and to utilise its 
ultimate “hidden” capacity. Due to the 
computational effort required, such enhanced 
analysis is limited to the critical load case(s). Thus, 
a successive procedure can be adopted, where 
additional load cases from the initial assessment are 
stepwise included in the enhanced assessment until 
the critical load case has been identified. Depending 
on the expected failure mode, different levels in the 
multi-level strategy can be adopted. However, since 
the assessment using design or assessment codes 
does not necessarily reflect the structural behaviour 
sufficiently accurately, it is of importance to 
account for eventual unpredicted failure modes.

If a shear-related failure mode is considered the 
worst-case scenario, structural analysis at Level 3
according to the multi-level strategy is 

recommended to improve the assessment of the 
girders and possibly increase the permitted axle 
loads. At Level 3, the structural behaviour can be 
more accurately simulated and both flexural and
shear-related failures are implicitly verified in the 
structural analysis. The initial structural assessment 
also indicates that a lower level of approximation 
can be adopted for the bridge deck slab, which 
seems to have a considerably higher shear capacity. 
As a first step, either improved analysis at Level 1
or Level 2 can be considered, see Plos et al. (2016)
and Shu et al. (2017) for more details about 
applicable methods for bridge deck slabs. However, 
both failure tests of the girders of Kiruna Bridge, 
and the associated nonlinear FE analysis, have 
shown the significance of out-of-plane shear in the 
slab (Bagge et al. 2017c). Thus, in order to 
determine the behaviour of the superstructure and 
the load-carrying capacity due to shear in the girder, 
it is suggested that the slab is modelled with a level 
of detailing corresponding to Level 3, at least, 
locally at the girder. Moreover, a failure test of the 

Figure 7. Resistances and action effects at the critical axle loads, associated with the classification vehicle
groups A and B, for the south girder: (a) flexure moment with critical section in span 5, and (b) shear force 
with critical section adjacent to support 5.
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bridge deck slab indicated a brittle failure (Bagge et
al. 2014) and therefore it is important to treat the 
slab in the assessment carefully.

In addition to improved structural analysis, 
information about the actual loads acting on the 
structure can be accounted for at either the initial or 
enhanced level of structural analysis. The improved 
information can either be taken into account using
the PSF method or a full probabilistic analysis. For 
the assessment of Kiruna Bridge, a probabilistic 
analysis based on site-specific traffic data can be 
expected to have an appreciable influence on the 
predicted load-carrying capacity. Since the 
pedestrian lanes have been considered to be 
subjected to the same traffic as the central part of 
the bridge according to the assessment code (TDOK 
2013:0267 2016; TDOK 2013:0273 2016), the two 
outer girders and the cantilever slabs would 
particularly be affected.

5 Enhanced structural analysis

5.1 General
In order to predict the load-carrying capacity more 
accurately and to understand the structural 
behaviour better, the bridge was investigated at 
Level 3 of the multi-level strategy (see Figure 1). 
For comparison, successively improved verification 
of the structural safety has been made based on the 
PSF, GRSF and full probabilistic methods
according to the proposed framework illustrated in 
Figure 2. The analyses were limited to the critical 
aspect determined by the initial structural 
assessment, that being shear capacity in the south 
girder. With regard to shear capacity in the girder at 
support 5, the most adverse load combinations for 
both the classification values A and B (see Figure 
5a and Figure 5l) were investigated. Consequently, 
the limiting load combination (corresponding to the 
A value) of the cantilever slab with regard to flexure 
and shear is included as well, provided that the 
bridge deck slab is analysed with a detailing at 
Level 3 in the multi-level strategy. Only the in situ
tested material data have been used and this study 
was also limited to the loading prescribed in the 
assessment code (TDOK 2013:0267 2016).

5.2 Nonlinear FE analysis
The structural analysis was carried out using
nonlinear FE analysis with ATENA Studio software 
(ATENA 2016a), based on the modelling 
framework developed by Rijkswaterstaat (2016).
Past experience of using the modelling strategy to

analyse the structural behaviour of this bridge, 
including failure, was also used, see Bagge et al. 
(2017c). The actual bridge geometry was modelled 
(see Figure 8 and Figure 11. In contrast to the FE 
model used in the initial structural assessment (see 
Figure 6), the FE model for enhanced analysis 
included the reinforcement steel, that was modelled 
in accordance with original construction drawings. 
The configuration of non-prestressed reinforcement 
was investigated during the experimental studies of 
the bridge and at its demolition, with no significant
differences to the drawings found.

5.2.1 Boundary conditions and loads
The boundary conditions were kept the same as 
those assumed for the structural model used for the 
initial structural assessment. The loads acting on the 
bridge were applied in three steps with regard to 
their occurrence. The steps included the following 
loads: (1) dead loads and prestress forces with 
associated losses, (2) uniformly distributed vehicle 
loads and (3) concentrated axle loads. The load 
steps (1) and (2) used the same loads as in the initial 
assessment. In load step (3), the axle loads were 
applied with incrementally increased values until 
structural failure occurred. In Figure 8, the traffic 
loads are shown in the most adverse position for 
shear capacity of the south girder. In the FE model, 
the axle loads were distributed according to 
specified wheel area (300 × 200 mm2) with a
centre-to-centre distance between the simulated 
wheels of 1.7 m, shown to be critical according to 
the previous analysis. As well as providing a more 
accurate and better representation of the 
concentrated loads, a certain distribution of the axle 
loads was used to avoid numerical problems that 
may occur when they are applied in singular nodes.
Here, steel plates (50 × 300 × 200 mm3) were used 
to distribute the concentrated load that was applied 
with a force-controlled procedure (see Figure 8c). 
Usually, displacement-controlled loading yields a
more stable numerical analysis and is therefore 
preferable. However, in this case it was difficult to 
apply the load using a displacement-controlled 
procedure and follow the prescribed load 
configuration defined for the classification vehicle.

5.2.2 Constitutive models
In order to represent the material accurately, the
nonlinear response of the concrete and the 
reinforcing steel have been taken into account in the 
FE model. Due to the computational effort, some 
parts of the bridge were analysed using linear 
concrete behaviour. This simplification is further 
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described in the next section, in connection with the 
modelling choices relating to finite elements. In 
order to represent the actual structure, bridge-
specific material properties should be used where 
available. Here, the concrete compressive strength 
and the modulus of elasticity were tested in situ
(Table 1), and the tensile strength (fctm = 2.0 MPa, 
Vfct = 24 %) and the fracture energy (Gfm = 140 N/m, 
VGf = 53 %) ) were derived from previous 
experience, based on tests of another concrete 
bridge constructed around the same time (Bagge et 
al. 2017c; SB 2008).

The modelling of the concrete was based on the 
strain decomposition concept (De Borst 1986)
where the elastic, plastic and fracturing strains are 
separated to give compatibility between fracture and 
plasticity models. For concrete in tension, a smeared 
crack concept was used with the Rankine failure 
criterion. For concrete in compression, a failure 
surface for the triaxial stress state was used as 
described by Menetrey and Willam (1995). The 3D 
constitutive model (CC3DNonLinCementitious) has
been further described in 

Papanikolaou (2008). In the model, the concrete 
response in tension is represented as a linear stress-
strain function up to the level of the tensile strength 
fct, followed by a parabolic stress-displacement 
softening (Figure 9a) as defined by Hordijk’s
formula (Hordijk 1991). In compression, the 
concrete is assumed to behave linearly up to a stress 
level of 2fct. The nonlinear response is given by a 
parabolic stress-strain relationship for hardening 
(see Figure 9b) as described in ATENA (2016a) and 
a linearly stress-displacement softening (see Figure 
9c) with the maximal displacement wd being 
0.5 mm as determined by van Mier (1986). The 
parabolic relationships for the normal compressive 
and tensile stresses are given by Equation (18) and 
Equation (19):
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Figure 8. FE model of the Kiruna Bridge with the most adverse loading: (a) overview of bridge with distributed
vehicle load and axle loads for classification vehicle group B, (b) axle loads for classification vehicle group B 
in span 4 and (c) axle loads for classification vehicle group A in span 4 (remaining spans unloaded).

(a)

(c)

(b,d)

(b)

(c)

(d)

Distributed vehicle load

N



VI – 18

where fct is the tensile strength, w is the crack 
opening, wc is the crack opening at complete release 
of stress, c1 = 3 and c2 = 6.93 are constants derived 
for normal weight concrete, fc0 is the stress at onset 
of nonlinear behaviour, fc is the compressive 
cylinder strength, c is the strain and p

eq is the 
plastic strain at fc. A transformation from strains to 
displacements was applied in order to reduce the 
mesh dependency. In the crack band model, a
representative crack band size (Lt in tension and Lc

in compression) is determined based on the element 
size and the crack orientation (see finite element in 
Figure 9a and Figure 9c).

In the simulation of the concrete behaviour, the 
compressive strength reduction associated with the
concrete loaded multi-axial stress state in both 
tension and compression is taken into account. The 
model, first described by Vecchio and Collins 
(1986), is used with a maximal strength reduction of 
20 %. A proposal by Vecchio and Collins (1986) is 
also used to reflect the improved shear strength in 
cracks due to aggregate interlock, with the maximal 
aggregate size ag taken as 32 mm. To describe the 
concrete cracking, the rotating and fixed crack 
approaches have been combined with the shift from 
one to the other occurring at the residual tensile 
strength of 0.60fct. After the crack orientation is 
fixed, a stress-locking phenomenon takes place 
which may lead to overestimated capacities. To 
account for this, the shear stiffness of the crack is 
reduced according to a shear retention model, based 
on a linear relationship to the stiffness perpendicular 
to the crack, using a shear stiffness reduction factor 
sF. The value of the shear stiffness reduction factor 
was set at 20. Due to the interaction between 
reinforcement and concrete, the tensioning 

stiffening effect can be taken into account and, in 
the material model developed by ATENA (2016a),
this effect is modelled by limiting the residual 
tensile strength above a certain stress level. 
Inclusion of the tensioning stiffening has a
favourable influence on the capacity so, to avoid 
overestimates, this was modelled with a low value 
with the intention of stabilising the analysis. The 
residual tensile strength was considered to remain 
above 1 % of the tensile strength for uncracked 
concrete. For the value of Poisson’s ratio ( = 0.20)
and parameters associated with the stress-strain 
relationship in compression and the failure surface,
the suggestions from ATENA (2016a) were 
followed. In Bagge et al. (2017c), the modelling 
choices with regard to the compressive strength 
reduction, rotating and fixed crack approaches, 
shear retention and tension stiffening have been 
further discussed.

The constitutive models of the reinforcing steel 
were based on uniaxial tests on each bar diameter 
and steel quality. Determined from tested average 
values, the idealised multi-linear stress-strain 
relationship in Figure 10 was used to represent the 
elastic, yielding, hardening and, ultimately, the 
softening parts. With the exception of a few 
intermediate values, the points in Figure 10 are 
listed in Table 2. Thus, the nonlinear response and 
the failure of the reinforcing steel can be accounted 
for. Since this enhanced structural assessment 
focuses on the flexural and shear behaviour, the 
reinforcement is modelled with a perfect bond to the 
concrete meaning that anchorage failures are not
involved in the structural analysis. The influence of 
this modelling choice was shown to be negligible in 
a sensitivity study by Bagge et al. (2017c).

Figure 9. Constitutive model of concrete: (a) relationship for stress-displacement softening in tension, (b) 
relationship for stress-strain hardening in compression, and (c) relationship for stress-displacement softening 
in compression.
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5.2.3 Finite elements
Since nonlinear FE analysis is computationally 
demanding, it is useful to model large structures
with different detailing for different structural parts,
depending on their relevance to the aspects being
investigated. Beam elements are able to replicate the 
flexural failures, shell elements are able to replicate
flexural and in-plane shear failures and continuum 
elements are able to replicate out-of-plane failures 
as well. Based on this, the region around the 
expected shear failures at support 5 should be 
modelled with shell elements for the girders and 
cross-beams and continuum elements for the deck 
slab. This is preferable in order to capture possible 
shear failure in the girders as well as the slab. 
Moreover, Bagge et al. (2017c) concluded the 
importance of accurately accounting for the out-of-
plane shear in the slab adjacent to the girders in 
order to simulate the bridge response accurately and
not overestimate the structural stiffness and 
capacity. However, due to practical reasons, both 
the girders and the slab were represented by 
continuum elements. In regions not expected to be 
critical in shear, the girder and cross-beams were 
modelled using beam elements and the slab with 
shell elements. Moreover, nonlinear concrete 
properties (see constitutive model in the previous
section) were used in spans 3 – 5 for the beam, shell 
and continuum elements and, in the other regions,
the material response was simplified as being elastic 
(i.e. Ec = 32.1 GPa, = 0.20), since these regions 
were not the focus of the analysis of the load-
carrying capacity. Despite less detailing, it is 
important to include these parts in the model to 
provide representative boundary conditions and 
include associated action effects. The importance of 
accurate modelling of the boundary conditions to 

simulate the response of the deck slab has been 
shown for this particular bridge in Shu et al. (2017).
To discretise the columns, beam elements with 
linear material properties were generally used. 
However, due to numerical problems caused by 
stress concentrations at the column with beam 
elements and girder with refined continuum 
elements, the columns at support 5 were also 
modelled with continuum elements. In Figure 11,
the compositions of different volumetric elements 
types and material idealisations are shown for the 
modelled parts of the bridge. Reinforcement can be 
modelled as bars embedded in the concrete, either 
as discrete elements or smeared in beam, shell or 
continuum elements. In accordance with original 
construction drawings, the non-prestressed and 
prestressed reinforcements have been included for 
the entire bridge. Since ATENA (2016a) only 
allows smeared reinforcement to be modelled in a 
regular, predefined way, more complex arbitrary 
reinforcement configurations need to be modelled 
using discrete elements. Consequently, in order to 
ensure an accurate model, discrete elements were 
used to represent the parabolically aligned tendons 
and the non-prestressed reinforcement bars in 
possibly critical regions (here taken as 4 m of span 
3 and the entirety of spans 4 and 5). For the 
remaining structural parts, smeared reinforcement 
was used. However, the stirrups in all the girders, 
cross-beams and curbs were, due their regular 
configuration, modelled as smeared elements.

For simulations of the concrete and reinforcement 
response, Rijkswaterstaat (2016) recommended
quadratic interpolation to reflect the deformation of 
the finite elements better than that achieved by 
linear interpolation. At the same time, concrete 
cracks lead to discontinuities that differ from the 
assumed smoothness described by quadratic 
elements. Thus, ATENA (2016a) advocated linear
interpolation elements instead, for which the 
applied crack band approach was developed. 
Moreover, previous failure analyses reported in 
Bagge et al. (2017c) showed the same accuracy and 
considerably higher efficiency in terms of 
computational effort, using linear interpolation and 
a refined mesh size. Based on these findings,
hexahedral linear continuum isoperimetric elements 
(CCIsoBrick) and quadratic isoperimetric shell 
(CCIsoShellBrick) and beam 
(CCIsoBeamBrick12_3D) elements were used to 
discretise the geometry of the bridge. The discrete 
reinforcement was modelled with linear 1D 
isoperimetric truss elements (CCIsoTruss). To fulfil 

Figure 10. Constitutive model of reinforcing steel 
of different diameters and steel qualities.

0

200

400

600

800

1000

1200

1400

1600

1800

0 2 4 6 8 10 12 14 16 18 20 22

St
re

ss
 [M

Pa
]

Strain (%)

Ks10 
Ks40 
Ks40 
Ks60 
Ks60 
St145/170



VI – 20

the requirement for full integration, a Gaussian 
integration scheme was used.

A crucial aspect in nonlinear FE analyses is the 
mesh size. In order to avoid a snap-back response 
and to achieve continuous stress fields, 
Rijkswaterstaat (2016) proposed the size of 

continuum finite elements to be smaller than half of 
the crack band width given by Equation (20):

2
ct

fc
t f

GE
L (20)

where Ec is the modulus of elasticity, Gf is the 
fracture energy and fct is the tensile strength. 

Figure 11. FE model of the Kiruna Bridge with assigned element types and material idealisation: (a) entire 
bridge, (b) girders, cross-beams and substructure, (c) span 4 including finite and (d) section of superstructure
adjacent to the support including finite elements (surrounding elements hidden).
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Assuming material average values, this yields a
maximum element size of 560 mm. Moreover, 
Rijkswaterstaat (2016) suggested at least six 
quadratic elements in the main directions of a 
section (i.e. height and width for beams and 
thickness for slabs) and 50 elements in the 
directions of the span (i.e. length for beams and 
length and width for slabs). However, in the 
directions of the span, the requirements for mesh 
quality are often critical, and, to maintain an 
acceptable quality, the aspect ratio of the finite 
elements should be smaller than 1:3 to 1:4. In
contrast to the above, the developer of ATENA 
Studio (ATENA 2016a) proposed a less strict limit 
on the minimum number of elements, with four to 
six elements per height or width enough to model
the flexural behaviour of the member with sufficient
precision. The bridge was generally modelled in
accordance with the stricter recommendation, 
however, using linear interpolated continuum 
elements (see Figure 11c-d). Together with the 
aspect ratio of 1:4, the size of the finite elements 
used over the thickness of the slab controlled the 
mesh size in both the plane of the slab and in the 
adjacent girder (see Figure 11d). However, in order
to reduce the required computational effort, the deck 
slab between two girders, not expected to be critical 
for the structural failure, was assigned four elements 
over its thickness. Thus, it was possible to use a
coarser mesh in the in-plane directions of the slab 
and also in the adjacent girder (see Figure 11c). 
With these modelling choices, the requirement 
based on Equation (20) was strictly followed for the 
structural parts expected to be critical for the load-
carrying capacity. For the regions modelled with 
less detailing, the aspect ratio mainly controlled the 
element size (maximal size about 1.0 m). Internally 
within the beam and shell elements, six cells and 
layers were used, respectively. The concept of using 
cells and layers implies that the volumetric 
structural elements are divided in the direction of 
the internal integration; further explanations can be 
found in ATENA (2016a).

5.2.4 Solution method
There are different variants of the Newton-Raphson
and arc length methods that can be used to find the 
equilibrium of internal and external forces 
iteratively. For analysing the response of the bridge, 
the Newton-Raphson method was used for 
permanent loads, surface loads produced by 
variable loads and the initial part of the 
incrementally increased axle loads produced by the 
classification vehicles. However, the final sequence 
of the loading was carried out using the arc length

method to stabilise the analysis close to the ultimate 
load. With the stiffness matrix updating for each 
load increment instead of for each iteration, the 
computational effort was considerably reduced. 
Usually this requires additional iterations to reach
the defined convergence criteria, here defined as 
errors less than 1 % for displacements, 1% for 
residual forces and 0.01 % for energy as defined by
Rijkswaterstaat (2016). A maximum of 1000 
iterations were carried out in the simulations and, if 
the convergence criteria were not reached at this 
limit, the reliability of the subsequent results was 
investigated. Typically, errors of 2 % do not present 
a problem if they occur in a single step (ATENA 
2016b).

5.3 Safety verification
In order to ensure the desired safety margin, the 
enhanced structural assessment was combined with 
safety verification according to the proposed 
framework (see Figure 2). The use of the standard 
PSF method (Concept 1a), the three variants of the 
GRSF method (Concept 2a-c) and the full 
probabilistic analysis for resistance (Concept 3a) 
was evaluated. In this study, there was a particular
focus on the structural resistance, and thus the PSF 
method was applied to actions in accordance with 
the initial assessment, regardless of the safety 
concept used for the resistance. Where applicable, a
reliability index of 4.8 and a sensitivity factor of 
0.80 were assumed in accordance with the Swedish 
assessment code (BFS 2010:2 2010) and Model 
Code 2010 (fib 2013), respectively. Since the 
concrete tensile strength had not been tested in situ,
the characteristic value (5 %) was determined as 0.7 
times the average value, as defined by Model Code 
2010 (fib 2013). The other input material properties 
(average value and coefficient of variation) were 
used as previously described.

5.3.1 Partial and global resistance safety methods
The partial safety factors used in the PSF method 
(Concept 1a) remained the same as those for the 
initial structural assessment (Section 4.4). For 
application of the GRSF methods, there are no 
recommendations for the model uncertainty factor 
( Rd) and global resistance factors ( R) in the 
Swedish assessment code (TDOK 2013:0267 
2016). Therefore, the proposal from Model Code 
2010 (fib 2013) was followed for the standard 
GRSF method (Concept 2a), with the same model 
uncertainty factor assumed for the ECOV methods 
(Concept 2b-c); see specified values in Section 
2.2.2.
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Using the original ECOV method (Concept 2b), the 
nonlinear FE analyses were carried out using
average and characteristic material properties. For
analysis using characteristic parameters, the 
concrete compressive and tensile strengths and the 
reinforcing steel strengths with associated strains 
were taken into account. The improved ECOV 
method (Concept 2c) was based on five analyses 
with the material properties reduced one at a time. 
As with the original ECOV method, the reductions 
were determined by the characteristic values and the 
same parameters were investigated. However, only 
the reinforcement, identified as being significant,
was investigated with reduced characteristics. 
According to the NFLEA based on material average 
values, the most critical reinforcement was 
indicated as being the stirrups in the girders (Ks40 

10) and the transverse reinforcement in the top of 
the cantilever slab at its connection to the girder 
(Ks60 10 and Ks60 16). Consequently, the 
influence of concrete compressive and tensile 
strengths and the two reinforcing steel qualities 
were separately investigated. For the steel, the 
reductions and standard deviations used in Equation
(6) were represented by the tensile strength of the 
primary reinforcement (Ks40 10 and Ks60 16, 
respectively), although the yield strength and 
associated strains were also reduced, as well as the 
properties for the reinforcing steel Ks60 10.

Using Equation (6), the nonlinear FE analyses 
results in a coefficient of variation associated with
material uncertainties and, based on knowledge 
about model and geometry uncertainties, the global 
resistance factor can be calculated. Schlune et al. 
(2011) proposed that the coefficient of variation of 
geometry uncertainty was about 5 %, and presented 
a varying coefficient of variation of model 
uncertainty depending on the critical failure mode. 
Also, a varying model uncertainty factor (or bias 
factor) was specified. For instance, the coefficient 
of variation and the model uncertainty factor were
identified to be 10 – 40 % and 1.0 – 1.43, for shear-
related failures. However, the review of model 
uncertainties indicated a limited amount of data and 
examined studies mostly based on analysis 
corresponding to the initial level of the multi-level 
strategy. Consequently, these model uncertainties 
are not necessarily representative at enhanced levels 
of analysis. In the absence of clear 
recommendations, a comparative study was carried 
out, based on the model uncertainty parameters. For 
comparison to the other safety concepts, the 
coefficient of variation was varied between 0 and 10 
% and the model uncertainty factor was assumed to 

be the same as for the other GRSF methods ( Rd =
1.06). In addition, a further sensitivity study was 
carried out using the improved ECOV method in 
order to highlight the importance of properly 
considering the model uncertainty.

5.3.2 Probabilistic analysis
Safety verification using the PSF and GRSF 
methods involves a simplified treatment of 
uncertainties, so the different potential failure 
modes are not necessarily accounted for in a manner
representative of the actual structure. It would be 
more rational to represent input parameters to the 
FE analysis as stochastic variables with assigned 
probability density functions (PDF), thus making 
the verification independent of the failure mode. 
However, nonlinear FE analysis is computationally 
demanding (here, about 24 – 48 hours running time 
for each analysis) and low failure probabilities have 
to be ensured. In order to make a probability 
analysis feasible, numerical Monte Carlo 
simulations can be used with, for instance, a Latin 
hypercube sampling (LHS) method to reduce the 
number of analyses required for a consideration of 
the tails of the PDF (Novák et al. 2014). For this 
study, the probabilistic analysis (Concept 3a) was 
carried out using the software SARA Studio 
(ATENA 2015) which was integrated into the 
nonlinear FE analysis. Here, the procedure followed 
four principal steps: (1) definition of FE model, (2) 
definition of stochastic variables and their PDFs and 
correlation, (3) probabilistic analysis of the 
resistance using LHS method and (4) evaluation of 
the design value of resistance using the desired
safety margin given by the target reliability index 
( t). It is obvious that the probabilistic analysis 
using LHS sampling produces higher quality results
the more samples there are (i.e. number of 
analyses). However, as a lower limit, it is 
recommended that there are more samples than 
variables defined, in order to ensure fairly good
correlation between variables (
Novák 2009).

In order to limit the number of stochastic variables 
and, consequently, reduce the number of nonlinear 
FE analyses needed as a basis of the probabilistic 
analysis, only the material properties of the bridge 
deck slab were randomised. This modelling choice 
was based on experience from the previous 
deterministic nonlinear FE analysis (see results in 
next section), showing that this structural part was 
undoubtedly critical. Here, the concrete elastic 
modulus, tensile strength, compressive strength, 
fracture energy, reinforcing steel yield strength, 
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tensile strength and ultimate strain were simulated 
as stochastic variables. The concrete parameters 
were represented with lognormal distribution 
according to the Probabilistic Model Code (JCSS 
2001) and suggestions by, for instance, 
Zimmermann et al. (2014). The reinforcing steel 
parameters were described with normal 
distributions (JCSS 2001). With regard to the 
correlation between different material properties, 
there is a lack of information, and significantly 
different assumptions are obvious in different 
studies, see for instance nonlinear FE analysis of 
bridges by Šomodíková et al. (2016) and Pukl et al. 
(2016). Based on previous studies and 
recommendations from JCSS (2001), the 
correlations between stochastic variables were 
assumed as shown in Table 4. The load case for 
classification vehicle group B was totally analysed
in 15 simulations (i.e. 50 % more than the number 
of variables) with loading to failure. For comparison 
of different safety concepts, the model uncertainty 
taken into account used the same factor ( Rd = 1.06) 
for all concepts. Only load conditions defined for
the classification vehicle group B were included in 
the analyses using the full probabilistic method for 
resistance.

6 Results and discussions

6.1 Structural behaviour and failure mode
Enhanced assessment of the Kiruna Bridge at Level 
3 of the multi-level structural assessment strategy, 
resulted in an appreciably higher load-carrying 
capacity than indicated at the initial level (Level 1).
Excluding safety associate to the resistance, the
load-carrying capacity in terms of axle loads were 
2237 kN (A value) and 1649 kN (B value) for the 

classification vehicle group A and B, respectively
(see Figure 5). Here the capacities are based on the 
peak load obtained in the nonlinear FE analysis, in 
contrast to yielding of the stirrups in the girder
which was limiting according to the code-based 
assessment. The nonlinear FE analysis of the critical 
load case also showed yielding of stirrups in the 
girder adjacent to support 5 with formation of shear 
cracks. At the same time the reinforcement in top of 
the cantilever slab, at its connection to the girder,
yielded and flexural cracks was formed in the slab.
However, the ultimate failure was indicated to be 
caused by shear in the slab adjacent to support 5
with the main crack formed between the load 
application on top of the cantilever slab and its base 
at the girder. In Table 5, the principal strains and 
crack widths are shown at the peak load for the 
investigated load cases and identical failure modes 
can be concluded for both cases (i.e. classification 
vehicle group A and B). Moreover, the failure mode 
was consistent for all the simulations which were 
carried out for safety evaluation.

The sensitivity study within the improved ECOV 
method showed that the concrete properties have a
considerable influence on the capacity, whilst the 
reinforcing steel properties were of minor 
importance. The failure mode identified can be 
expected to be brittle due to absence of vertical 
shear reinforcement. However, due to numerical 
issues, it was not possible to capture the failure 
mechanism in the FE analyses with decreasing
loading. Prior to the failure, considerable 
deformations took place with indications of highly 
stressed regions. This is, for instance, shown in 
Figure 12, illustrating the vertical displacement at 
the intersecting point of the cantilever slab and the 
curb, as a function of applied axle load (A and B 
value as defined in Figure 5). The measurements 
were taken at the critical region adjacent to support
5. From Figure 12, it also clear that the predicted 
structural behaviour is highly affected by the input 
parameters, that is, whether average, characteristic 
or design material values are used, and thus it is 
obvious that different failure modes can be 
predicted by the PSF method and GRSF methods 
(however, not in this particular case). In Figure 13,
the corresponding load-deflection responses of the 
bridge superstructure are shown for the nonlinear 
FE analyses associated with the safety verification 
using the full probabilistic method under the load 
conditions given by classification vehicle group B. 
The average value of the load-carrying capacity in 
terms of the axle load was 1615 kN with a 
coefficient of variation of 3.4 % (B value as defined 

Table 4. Correlation between stochastic variables.

Ec fct fc Gf fy ft u

Ec 1 0.6 0.7 0.4 0 0 0

fct 1 0.7 0.8 0 0 0

fc 1 0.5 0 0 0

Gf 1 0 0 0

fy 1 0.9 0.5

ft Symmetry 1 0.5

u 1
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in Figure 5). This agrees well with the axle load 
using average values of the material properties 
(1649 kN) and the spread of the results is relatively 
narrow. As for those analyses combined with the 
PSF and the GRSF methods, numerical issues 
implied that the complete failure mechanisms were 
not captured. However, the structural behaviour 
appeared to be similar in each analysis attempting a
full probabilistic safety evaluation.

This study showed a complex structural behaviour 
that could not be precisely described by the initial 
structural assessment. Therefore, the enhanced 
analysis plays an important role in the assessment 
and understanding of the behaviour of the bridge to 
be assessed. However, since the initial assessment 

can only hint at critical points, it is crucial to be 
aware that unpredicted failure may occur and the FE 
model used for enhanced assessment should be able 
to capture those failures. Thus, the model cannot 
necessarily be narrowed to only the pre-identified 
critical aspects in the pursuit of reduced modelling 
and computational effort. Instead, the modelling 
should be seen as an iterative procedure, where new 
findings from an enhanced assessment are used for 
successive improvements of the analysis. The 
model presented in this paper was developed in this
way, where, for instance, concrete and reinforcing 
steel strains were evaluated to help decide on the
detailing on different structural parts (e.g. involving 
material idealisation, element types and mesh sizes).

Table 5. Concrete principal strains and crack widths at the peak load according to nonlinear FE analysis.

Major principal strains in deck [-] Major principal strains in deck section [-] Crack opening in deck section [mm]
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Figure 12. Relationships between applied axle load and deflection at the edge of the cantilever slab at support 
5 given by to nonlinear FE analysis using average, characteristic and design material properties: (a) 
classification vehicle group A and (b) classification vehicle group B.
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6.2 Upgraded axle loads
Table 6 shows the design values of the axle loads 
(Rd) for the classification vehicle groups A and B 
using the proposed concepts for verification of 
structural safety. Where applicable, the assumed or 
calculated global resistance factors ( Rd and R) and 
associated coefficient of variances (V , Vg, Vm and 
VR) have been reported. Of all the different methods, 
it is only the improved ECOV method that takes 
account of the spread of resistances due to 
geometric and model uncertainties. Similar 
magnitudes of overestimation have also been 
indicated in bridge failure tests. A bridge failure test 
described in Azizinamini et al. (1994a); 
Azizinamini et al. (1994b) resulted in a load-
carrying capacity 10 times higher than determined 
in an initial assessment while a test described by
Puurula et al. (2015) indicated a capacity 6.5 times 
higher than the permitted axle load for the bridge. 
Also, the failure tests of the Kiruna Bridge showed 
that the traditional and standardised assessment 
methods significantly underestimated the shear 
capacity.

Comparing the different GRSF methods, consistent 
results were obtained if the coefficients of variance 
of geometric and model uncertainties were assumed 
to be zero. Using the full probabilistic method under 
the load conditions for the classification vehicle 
group B, a higher load-carrying capacity was 
predicted. However, the outcome from the PSF 
method was different, with a higher capacity for 
classification vehicle group A and a lower one for
classification vehicle group B. It should be noted 
that these trends are case-dependent and cannot be 

generalised from this study. The analyses also 
showed that the geometric and model uncertainties 
significantly affect the results and should be 
properly taken into account. By including these 
uncertainties in the improved ECOV method, using 
coefficient of variances (Vg = 5 % and V = 10 %) 
that can be regarded as moderate, it was shown that 
the other safety concepts considerably 
overestimated axle loads. The ability to account for 
the material, geometric and model uncertainties in a 
rational way can, therefore, be seen as an important 
improvement of the ECOV method. Since the 
analysis is computationally demanding, and it 
would be time-consuming to investigate the 
influence of all the input parameters, the focus 
should be on the most important parameters. In 
order to find these, a good understanding of the 
structural behaviour is required for the improved 
ECOV method. Undoubtedly, it is even more 
logical to use the full probabilistic method for safety 
verification and consideration of uncertainties. At 
the same time, it requires an additional number of 
nonlinear FE analyses thus making the safety 
verification more computationally demanding. In 
order for it to be feasible to use the full probabilistic 
for resistance in the structural assessment of the 
Kiruna Bridge, simplifications were needed (e.g. 
related to number of stochastic variables) to reduce 
the computational time resulting from the 
complexity of the structure. Despite this, the 
running time for the analyses was about 25 days in 
total, however, significantly reduced by parallel 
analyses. By modelling just the material properties 
in the critical part of bridge deck slab as stochastic 
variables, there was an assumption that the slab was 

Figure 13. Relationships between applied axle load and deflection at the edge of the cantilever slab at support
5 given by to nonlinear FE analysis for probabilistic safety verification under load conditions according to
classification vehicle group B.
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critical for the load-carrying capacity. In order to 
avoid this element-dependency and carry out the 
structural assessment more accurately, the material 
properties for the other structural parts should also 
be randomised.

A comparison of the initial and enhanced 
assessments indicated a large potential to increase 
the permitted axle loads by improving the structural 
analysis. In Figure 14, the ratio of the two levels of 
analyses has been shown for the proposed safety 
concepts (Vg = 5 % and V = 5 % assumed in the 
improved ECOV method). Thus, the methods at the 
initial assessment can be seen as highly 
conservative with regard to the shear capacity of the 
girders. This can be explained by the range of 
simplifications used in both the structural analysis 
and the models to determine the local resistances. In 
the structural analysis, a linear behaviour was 
assumed, although considerable redistribution of 
forces can be expected, both longitudinally and 
transversally. With regard to the shear resistance
model, for instance, only 69 % of the tensile 
strength of the stirrups was used since the failure 
was assumed to occur at the start of yielding.
Loading close to supports leads to arc action which 
has a positive impact. In addition, the sections used 
for capacity control play an important role; see the 
initial assessment for further discussion of this 
aspect.

Assuming a similar outcome from enhanced 
analyses of the other girders for the critical sections 
and load cases, the shear capacity can be concluded 
as not being critical for the bridge superstructure. 
However, the most adverse load cases for the 
flexural capacities of the girders have not been 
included in the enhanced assessment above and 
have to be further investigated if higher axle loads 

than specified for flexure in Table 3 are to be 
allowed. As a consequence of the failure mode 
obtained in the nonlinear FE analysis, the capacity 
for the cantilever slab is also given by the enhanced 
structural assessment described here. Due to 
changing dynamic amplification factors for the 
different structural parts, the capacity of this part of 
the bridge deck slab corresponds to axle loads 0.837 
times the values shown in Table 3. However, this is 
only valid for the classification vehicle group A, 
since a different axle configuration is critical for 
group B.

It is clear that the structural assessment can be 
significantly improved by using enhanced methods 
instead of limiting the assessment to the standard 
methods usually used in practice. However, the 
increased complexity of the analysis caused by
using nonlinear FE analysis would require more 
assumptions to be made by the engineers as a 
consequence of undocumented modelling choices. 
This is expected to lead to a wider spread of the 
outcomes from the analysis at the enhanced levels 
in comparison to the outcomes from traditional and 
standardised methods. In order to narrow this 

Table 6. Permitted axle loads according to enhanced structural assessment based on safety verification using 
different safety concepts accounting for the critical load cases in classification vehicle groups A and B for 
the shear capacity of the south girder.

Safety concept
PSF GRSF ECOV Improved ECOV Probabilistic

V 0 % 0 % 5 % 10 %
Vg 0 % 5 % 5 % 5 %

Vm,A 5.6 % 5.6 % 5.6 % 5.6 %
Vm,B 5.3 % 5.3 % 5.3 % 5.3 %
VR,A 5.5 % 5.6 % 7.5 % 9.0 % 12.5 %
VR,B 5.9 % 5.3 % 7.3 % 8.8 % 12.4 %

Rd 1.06 1.06 1.06 1.06 1.06 1.06 1.06
R,A 1.20 1.24 1.24 1.33 1.41 1.62 -
R,B 1.20 1.25 1.22 1.32 1.40 1.61 -

Rd,A 1827 kN 1759 kN 1709 kN 1704 kN 1583 kN 1494 kN 1306 kN -
Rd,B 1158 kN 1296 kN 1240 kN 1271 kN 1177 kN 1109 kN 968 kN 1328

Figure 14. Ratio of the permitted axle loads 
predicted at the enhanced and initial levels of
structural analysis.
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spread, guidelines for nonlinear FE analysis are 
needed, but still many bridge-specific choices 
cannot be avoided. 

The examination of the multi-level structural 
assessment strategy described in Bagge et al. 
(2017c) indicated that the model uncertainty factor 
proposed for the GRSF methods ( Rd = 1.06) can be 
unconservative. In this study, an initial nonlinear FE 
analysis overestimated the load-carrying capacity 
by 18 %, which was reduced to 2 % for an updated 
nonlinear FE analysis based on additional 
information about material properties and boundary 
conditions. Here, the specific bridge was well 
known, due to experience gathered during failure 
tests of its girders and bridge deck slab. Thus, the 
errors were relatively low, and considerably larger 
deviations can be expected when less information is 
available. In the case study presented in this paper, 
rather small model uncertainties were used due to 
the experience gained from updating the previous 
model, but this is not the general situation for bridge 
assessments.

In order to illustrate the importance of accounting 
for the impact of model uncertainty, a sensitivity 
study has been carried out based on the most 
adverse load case for the classification vehicle 
group B. Figure 15 shows the influence of the model 
uncertainty factor ( Rd) and its coefficient of 
variance (V ) on the product of the global resistance 
factors ( Rd R). For instance, the model uncertainty

Rd = 1.06 (i.e. bias factor) coupled with the 
coefficients of variation Vm = 5.3 %, Vg = 5.0 % and 
V = 0 % for materials, geometry and model 
uncertainties, respectively, yields a product of 1.40, 
increasing to 3.04 for Rd = 1.12 and V = 25 %.
These increased values can be seen as being 
significant at shear-related failures based on the 
review of model uncertainties by Schlune et al. 
(2011). This compares with a global resistance 
safety factor of 1.27 according to the standards 
GRSF method, and it would lead to a permitted axle 
load of 542 kN (B value as defined in Figure 5). So, 
an understated model uncertainty factor can lead to 
unsatisfactory low safety margins or, more 
seriously, unsafe capacity estimates. Therefore, this 
is a critical issue to be carefully treated in the 
assessment, especially when enhanced methods are 
used.

7 Conclusions
A complete procedure has been proposed for 
analysis of the load-carrying capacity of existing 
concrete bridges. Following the principle of 

successively improved assessment, a multi-level 
strategy developed for structural analysis of 
superstructures has been combined with a 
framework for verification of the structural safety at
different levels of complexity. The multi-level 
structural assessment strategy, composed of four 
levels of approximation, was originally described in 
Bagge et al. (2017b). At the initial level, the 
structural analysis gives the action effects 
associated with the actual loading to be verified 
using local resistance models. At the subsequent 
enhanced levels, flexural, shear-related and 
anchorage failures can be implicitly verified in the 
structural analysis. For safety verification, three 
different groups of concepts were suggested: the 
partial safety factor (PSF), the global resistance 
safety factor (GRSF) and the full probabilistic 
method. Within each method, successive
improvement can be accomplished in the 
assessment. Practical implementation is central to
the development of the procedure.

In this paper, a five-span prestressed concrete girder 
bridge, previously experimentally investigated 
through failure testing, was assessed using
successively improved analysis. At the initial level 
of structural assessment using traditional and 
standardised methods, critical aspects were 
identified and recommendations for further 
improvements of the assessment were provided.
Enhanced levels of structural assessment were 
carried out using nonlinear FE analysis for the most 
adverse load case and different safety concepts were 
demonstrated and compared. The main conclusions 
were:

The initial structural assessment (Level 1 of the
multi-level strategy) of the bridge indicated the 

Figure 15. Global resistance safety factor ( Rd R)
according to the improved ECOV method for the 
classification vehicle group B as a function of the
model uncertainty factor ( Rd) and coefficient of 
variation of model uncertainty (V ).
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shear capacity of the south girder to be critical. 
The permitted axle load was 205 kN (B value) 
under loading of seven-axle classification 
vehicles. It was shown that the bridge deck slab 
had a significantly higher load-carrying capacity 
than the girders.
The enhanced structural assessment (Level 3 of 
the multi-level strategy) was based on the most 
adverse load conditions and, from the initial 
analysis, revealed a remarkable increase in the 
load-carrying capacity (B = 1649 kN without 
taking structural safety into account). A complex 
failure mechanism was revealed, with yielding 
of the stirrups in the girder and the transverse 
flexural reinforcement in the bridge deck slab,
along with a final shear failure of the slab. The
complexity of this failure was impossible to 
capture using the initial assessment.
Using the different variants of the GRSF method 
for safety verification in combination with 
nonlinear FE analysis indicated consistent axle 
loads. However, these results were different 
from those obtained using the PSF method and 
full probabilistic analysis. Regardless of how the
safety concept was applied, a similar failure 
mode was obtained, although, for the PSF 
method, the design values of the input 
parameters used for the FE analysis considerably 
affected the apparent load-deflection response of 
the bridge. Therefore, it can be expected that 
there will be cases where the PSF method leads
to inaccurate prediction of the structural 
behaviour.
It is feasible to use full probabilistic analysis of
resistance in structural bridge assessments.
However, the long computational time needed
for nonlinear FE analysis might be reduced 
through some simplifications that reduce the 
number of analyses. In addition, detailed 
information about the material properties and 
their correlations should be used, although this 
information is not always fully known.
It has been shown that the model uncertainty has 
an important influence on the safety verification 
and, thus, the permitted axles loads. 
Consequently, model uncertainty has to be taken 
into account properly, otherwise it can lead to an 
inaccurate structural assessment. Among the 
proposed safety concepts, it is only the improved 
ECOV and the full probabilistic method that 
account for the model uncertainty rationally.
There is a lack of studies on the model 
uncertainty factor (or bias factor) and its 

coefficient of variation for enhanced structural 
assessment using nonlinear FE analysis. 
Therefore, further studies are needed. A large 
number of modelling choices are required when 
using nonlinear FE analysis. In order to reduce 
the analyst-dependent variability in the results 
and, thus, also the model uncertainty, guidelines 
for such analysis should be developed, examined 
and used.

This paper demonstrated that it is feasible to use 
nonlinear FE analysis for the structural assessment 
of existing concrete bridges. Such analysis is
computationally demanding and, in order to reduce 
the effort required, the analysis should be 
successively improved as proposed in the presented 
assessment procedure.
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Abstract
Full-scale failure tests of bridges play an important role in the better understanding of the behaviour of bridges 
and in the development of assessment methods. Such experiments are challenging and often expansive and, 
thus, are rare. This paper provides a review of failure tests on concrete bridges with a focus on the learning 
outcomes from the tests. In total, 40 failure tests have been identified for 28 bridges. Various types of bridges 
have been studied, involving bridge decks composed of slabs, girders and combinations thereof. There are 
examples of both reinforced concrete (RC) and prestressed concrete (PC) decks. In general, the tests indicated 
conservative estimates of the load-carrying capacity using theoretical calculations based on methods 
traditionally used for design and assessment. It can also be concluded that almost a third of the experiments 
resulted in unexpected failures, mainly shear instead of flexure. It also seems that inaccurate representation of 
geometry, boundary conditions and materials often explains the differences between the theoretical and the 
tested capacity.

Key words: Assessment, bridges, carbon fibre reinforced polymers, fatigue, flexure, full-scale failure test, 
load-carrying capacity, prestressed concrete, punching, reinforced concrete, shear.

1 Introduction
In order to provide reliable and appropriate 
performance assessments of existing bridges, a 
proper understanding of the structure is crucial. The 
common approach used by engineers to determine 
the load-carrying capacity is based on linear elastic 
structural analysis with verification of the action 
effects against local resistance models. Improved 
structural analysis can be carried out using plastic or 
nonlinear methods, but the latter method is rarely
used in practice. However, the question remains: 
how precise are the available methods for 
assessment and can we rely on them? At service-
load level, a bridge can be investigated to calibrate 
the assessment methods; this field has been 
extensively studied (Brownjohn et al. 2003; fib 
2003; Goulet & Smith 2013; Jang & Smyth 2017; 

. Due to 
its nature, the approaches for analysis at ultimate-
load level cannot be calibrated in the same way for 

a bridge and the structural behaviour proven for 
service loads is, because of nonlinearities, not 
necessarily representative at higher load levels. 

Methods for determining the resistances of concrete 
structures, and consequently the load-carrying 
capacity, are often based on small-scale laboratory 
experiments so the conditions are not necessarily 
representative of those for actual bridges. Usually, 
laboratory experiments are carried out at an element
level, while the entire bridge structure needs to be 
taken into account using structural analyses, 
including the interaction between different 
elements. Moreover, real-world structures involve a
higher degree of uncertainties compared to elements 
investigated in a controlled environment and this 
has to be accounted for when assessing existing
bridges. In order to understand the structural 
behaviour of bridges better and to improve methods 
for determination of their capacity, large-scale 
laboratory experiments have been carried out under 
more realistic conditions. Some examples of studies
include those by Bouwkamp et al. (1974), Scordelis 
et al. (1977), Roschke and Pruski (2000), Vaz 
Rodrigues et al. (2008), Nilimaa et al. (2012) and 
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Amir et al. (2016). Moreover, tests have been 
carried out on structural elements taken from 
bridges, for instance, by Shenoy and Frantz (1991),
Labia et al. (1997), Eder et al. (2005), Harries 
(2009), Cook (2010), Rogers et al. (2012), Vill et al. 
(2012) and Barr et al. (2014). However, even these 
studies involve simplification of the reality. Thus, 
destructive in-situ testing plays a very important 
role in the understanding of the structural behaviour 
of bridges and the development of reliable methods 
for assessment of them. Specifically, the load-
carrying capacity and the failure mechanism are of 
significance in order to ensure the requested 
structural safety.

Full-scale testing of bridges involves a range of 
challenges and, therefore, such tests are relatively 
rare. Such tests are expensive, and present 
organisational and safety issues, difficulties in terms 
of loading and measurements as well as sometimes 
limited accessibility to the structural elements under
investigation. With this in mind, it is important to 
take advantage of the experience obtained from
each particular bridge study. The aim of this review 
paper is to highlight the full-scale failure tests of 
concrete bridges carried out to date and evaluate the 
lessons learnt from these studies. This is clearly an
issue, with old tests tending to be forgotten and new 
ones carried out without knowledge of the previous 
ones. Here, bridge failure test refers to testing until 
the ultimate load-carrying capacity of the structure 
is reached and, preferably, the failure mechanism 
can be determined. Thus, this paper is highly 
relevant for bridge managers, practising engineers 
as well as researchers.

2 Overview of full-scale tests
A literature review yielded 30 concrete bridges that 
have been tested to failure since the first known test 
in Great Britain in 1952. All these bridges are listed 
in Table 1. Some of them involved several failure 
tests. For several projects, the documentation is 
limited and difficult to access and, thus, additional 
failure tests not identified in the review may exist. 
There were also issues associated with publications 
or results in foreign languages. Bridges made from 
reinforced concrete (RC) and prestressed concrete 
(PC) have been investigated. Various types of 
bridges have been tested and, in this paper, they are 
classified as either girder or slab bridges, based on 
the primary load-carrying system of the deck. The 
group of girder bridges includes bridges with the 
deck composed of a trough, a box-girder with 
cantilevers or the most common construction, that 

of several solid beams (either precast or cast-in-
place) connected to a slab at the top. Both the girder 
and slab bridges involve frame structures. Only road 
bridges have been tested to failure, except for the 
South Bank bridge and the Örnsköldsvik Bridge, 
which were a pedestrian and railway bridge, 
respectively. In order to provide an improved 
understanding of the actual structural systems of 
bridges, the literature review focused on studies of 
bridges which had no major modifications to their 
structure. However, due to unanticipated 
experimental results leading to significant learning 
outcomes, some bridges have been included that 
were cut longitudinally to make it possible to load 
the structure to failure. In addition to the bridges 
listed in Table 1, a failure test of the De Vecht 
Bridge was carried out in the Netherlands in 2016, 
but  no reports are available yet.

Figure 1 shows the bridge studies by country, age 
and type of bridge element tested against number of 
tests or number of bridges. The United States has an 
extensive stock of existing bridges with many in 
need of repair, strengthening or reconstruction 
(Department of Transport 1990). It can also be seen 
that smaller countries such as Sweden and Korea 
have put some effort into this type of research. 
Notably, shear-related issues were the focus in the 
majority of the tests in Sweden, representing nearly 
half of the studies with predicted shear failures. 
Moreover, a review of the literature shows that a 
range of other types of bridges (e.g. steel and 
composite bridges) have been extensively tested in 
both the United States and Sweden.

Basically, two main reasons for decommissioning a 
bridge have been identified, these being severe
damage and deterioration, and reconstruction due 
to, for instance, realignment of the road/railway or
upgrading of the connected infrastructure.
However, one case has been identified where the 
bridge was built specifically for experimental 
investigation and, in two cases, the cause of removal 
of the bridge is not fully clear. In Figure 1(b), the
ages of the bridge have been shown with the 
background to why the bridge was taken out of 
service. When evaluating the tests, this background 
plays an important role since time-dependent 
changes of bridge characteristics may have an 
impact on the outcomes. From the data available, 
the majority of bridges were in good condition at the 
time of the experimental investigation and this can 
be expected to lead to a bridge evaluation involving 
less uncertainties. Severe structural damage or 
deterioration can be present after a service life of 
about 40 years and the majority of the tests of older 
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bridges were on structures that were damaged in 
some way.

In Figure 1(c), the type of tested and failed structural 
part is shown. Most commonly, RC elements have 
been tested and particularly RC slabs. The types of 

bridge tested are strongly dependent on the bridges 
available and slabs are fundamental for most of the 
bridge decks. Consequently, the reason for slab tests 
dominating the tests undertaken is not directly 
coupled to a lack of knowledge about these 

Table 1. Concrete bridges tested to failure (sorted by test year).

Bridge Country Construction 
year

Test 
year

Bridge 
type Material Length 

[m]
No.

spans
Failure 
mode a)

South Bank GBR 1948 1952 Girder PC 86.56 4 F

Glatt 1 CHE 1955 1960 Slabc) PC 38.00 3 F

Tingstad SWE 1956 1967 Girder RC 31.30 2 F

Boiling Fork Creek USA 1963 1970 Girder PC 80.47 4 P + S

Elk River USA 1938 1970 Girder RC N/A N/A F

Casselton USA 1962 1972 Slab RC 19.80 3 F

Glatt 2 CHE 1954 1975 Slabc) PC 12.50b) 1 S + F

Brønsholm DEN 1956 1977 Slab PC 47.74 2 S

Pennsylvania State Univ. USA 1977 1981 Girder PC 36.88 1 F

Lethbridge CAN 1950 1984 Girder RC 42.70 3 F

Hanpyungd) KOR 1920 1987 Slab RC 71.48 6 F

Ansand) KOR 1949 1987 Girder RC 48.00 4 F

Stora Höga 1 SWE 1980 1989 Slabc) RC 21.00b) 1 S

Stora Höga 2 SWE 1980 1989 Girderc) PC 31.00b) 1 S

Batavia USA 1953 1991 Slab RC 32.23 3 P + S

Niobrara River USA 1938 1992 Slab RC 42.40 5 P

Thurloxton Underpass GBR 1970 1993 Slab RC 4.27b) 1 F

Smedstua NOR 1989 1996 Slab RC 38.30 3 F + S

Dongcheond) KOR 1949 1997 Girder RC 132.00 11 F

Barr Creek AUS 1939 1998 Slab RC 16.46 4 P

Lennox Brach USA 1932 1999 Slab RC 23.77 3 F

Bangjimoond) KOR 1956 1999 Girder RC 55.20 6 F

Seoul-Pusen KOR 1971 2000 Girder PC 360.00 12 F

Baandee AUS 1969 2002 Slab RC 37.64 5 P + S

Xin Xing Tang CHN 1995 2005 Girder PC 114.00 3 F

Xi Cheng River CHN N/A 2005 Girder RC 120.00 6 F

Örnsköldsvik SWE 1955 2006 Girderc) RC 24.10 2 S

Nanping CHN 1964 2007 Girder RC 39.90 3 F

Paint Creek USA 1967 2010 Girder RC 43.84 3 F

Kiruna SWE 1959 2014 Girder PC 121.50 5 P + S
a) flexural failure (F), punching failure (P) or shear failure (S), 
b) free span,
c) frame structure,
d) see Section 3.16
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structural elements. On the contrary, a lack of full-
scale studies of PC bridges can be identified.

Apart from the bridges in Table 1 and Figure 1,
numerous other bridges have been tested without 
the ultimate load-carrying capacity being reached:

Ruytenschildt Bridge: A 45.0 m long road bridge 
with five continuous spans and a deck composed 
of a RC slab (Lantsoght et al. 2016).
Zuojiabao Bridge: A 120 m long road bridge with 
six equally long simply supported spans and a 
deck composed of T-shaped RC girders (Zhang 
et al. 2011a).
East Meng Jiang Nu Bridge: A 144 m long road 
bridge with nine equally long simply supported 
spans and a deck composed of PC hollow-core 
slabs (Wang et al. 2011).
Särevere Bridge: A 39.7 m long road bridge with 
three simply supported spans and the deck 

composed of T-shaped RC girders (Maanteemet 
2015).
Vienna Bridge: A 44.6 m long road bridge with 
one simply supported span and a deck composed 
of PC box girder segments (Pukl et al. 2002).
Lautajokk Bridge: A 7.2 m long railway bridge 
with one simply supported span and a deck 
composed of a RC trough (Paulsson et al. 1996).

Interestingly, the Ruytenschildt Bridge was tested 
twice in order to investigate the shear capacity. In
both tests, the capacity of the loading system was 
insufficient, although increased capacity was used 
for the second attempt. After 29 years in service, the 
Lautajokk Bridge was subjected to cyclic loading at 
service-load level, in an attempt to induce a fatigue-
related failure. However, after six million cycles,
there was no failure and only minor visible concrete 
cracks were observed. Thereafter, the load applied 
to the bridge was increased without failure due to 
limited capacity of the loading system. The bridge 
was tested in a laboratory with boundary conditions 
similar to those existing when the bridge was in 
service. All these bridges consistently had 
considerably higher capacity than predicted by the 
approaches usually used for bridge assessment.

The bridges listed in Table 1 are described in the 
next two sections, categorised by cause of failure. 
Each subsection, corresponding to one test, is titled
with bridge name, country in which the bridge was 
located, year of testing and the main source 
publication. In some cases, no bridge name was 
given in the original publication(s) reporting the 
test. In these cases, the closest city or village name 
has been used. The four bridges in Table 1 marked 
d) were investigated for the same reasons, tested in a 
similar way and reported together, yielding 
approximately the same conclusions. At the same 
time, the results from these tests and associated 
analyses are only sparsely described and mainly in 
a foreign language. Therefore, the outcomes from 
these studies are briefly presented together in 
Section 3.16.

3 Flexural failure modes

3.1 South Bank Bridge – Great Britain – 1952 
– N/A (1951, 1952)

The South Bank Bridge was a PC girder pedestrian 
bridge with four continuous spans of lengths
23.17 m, 17.98 m, 23.17 m, and 16.46 m with a
cantilever of 5.79 m. The deck was supported on 
columns and monolithically cast-in-place, 
consisting of a PC girder (1 219 × 559 mm2) with 

Figure 1. General data about failure tests: (a) 
country of test, (b) age of bridge at test and reason 
for test, and (c) type of element investigated.
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trapezoidally-shaped RC cantilever slabs (1 200 × 
76 – 292 mm2) on either side at the top. A Freyssinet 
post-tensioning system was used and, during
construction, the prestress losses were measured, 
indicating the prestress forces in the middle of the 
cables to be reduced to half of those at the end 
anchorage due to friction losses. The bridge was 
built for the Festival of Britain in London and was 
to be demolished thereafter.

The bridge was loaded with weights distributed on 
the deck in the first span. Using such weights, it was 
possible to compare the surface load assumed at 
design with the actual capacity. A crane was used to 
gradually add weights to the structure and, after 
large deformation, a flexural failure occurred with 
almost simultaneous concrete crushing at the loaded 
midspan and the adjacent intermediate support. 
Although the span collapsed (see Figure 2), the 
prestressed cables did not rupture; however, the 
bond between the steel and surrounding grout failed. 
The bridge was designed to carry an imposed 
surface load of 4.79 kN/m2 (100 lb/ft2) but the 
ultimate load in the test was 2.5 times higher. Thus,
it can be concluded that the design understated the 
load-carrying capacity. Based on the information 
presented in N/A (1952), it can also be concluded 
that the causes of the “hidden” capacity have not 
been investigated. However, a part of the difference 
can be explained by the intended safety margin. The 
difference could also be associated with more 
favourable material properties and structural 
behaviour than assumed during the design.

Figure 2. The South Bank Bridge after collapse
(N/A 1952).

3.2 Glatt Bridge 1 – Switzerland – 1960 – Rösli 
et al. (1963)

The Glatt Bridge 1 was a skew (13.8º) PC frame slab 
bridge with two inclined intermediate supports 
23.00 m apart. The distance to the abutments was 
7.50 m (see Figure 3). The 8.89 m wide deck was 

monolithically cast-in-place with two lanes for road 
traffic on the interior slab (5 500 × 450 mm2) and a 
pedestrian lane on cantilevers on either side. The 
cantilevers consisted of a thin slab with curbs at the 
edges. A post-tensioning BBRV system was used to 
prestress the bridge longitudinally using 19 cables 
in the slab and two cables in each curb. Construction
of a new highway to Zürich Airport meant that the 
five-year old bridge had to be demolished and, thus,
it was decided to investigate the bridge with regard 
to both fatigue and static capacity.

Figure 3. The Glatt Bridge 1 (Rösli et al. 1963).

The test was carried out using four jacks on top of 
the bridge anchored in the ground. The bridge was 
loaded symmetrically around the bridge centre with
distances between the loading points of 7.66 m
longitudinally and 3.38 m transversally. First, the 
bridge was loaded with two million cycles at 
service-load level (i.e. 880 kN), producing almost 
no change in elastic behaviour and without any 
permanent deformations. The midspan deflection 
was ± 5.7 mm and the corresponding stress 
amplitude of the prestressing cables was ± 8.1 MPa. 
The tests were continued in stages up to 2.8 times 
the service-load level with a deflection of 42 mm 
(i.e. about 1/500th of the bridge span). In total, 6.6
million cycles were applied. The maximum stress 
amplitude was ± 38.2 MPa which was quite small 
compared to the prestress level of about 950 MPa. 
A fatigue failure occurred in the cantilever at the 
connection to the curb. The load-carrying capacity 
of the bridge was not reached when this happened 
and the prestress in the main slab remained 
operational. The subsequent static test resulted in a 
flexural failure: at 4 700 kN, the slab failed in one 
of the end spans (see Figure 4), the load dropped, 
and the test proceeded until a final flexural failure 
of the slab in the middle of the interior span.

When tested, the bridge behaved as predicted. In the 
fatigue tests, the structure was heavily overloaded,
yet the failure was only local with the residual load-
carrying capacity well above the required value. In 
the static test, the bridge behaved in a ductile 
manner with extensive concrete cracking and 
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deflection and, thus, there was warning of the
failure.

Figure 4. The Glatt Bridge 1 after flexural failure in 
the end-span (Rösli et al. 1963).

3.3 Tingstad Bridge – Sweden – 1967 –
Bådholm et al. (1967a, b)

The Tingstad Bridge was a curved, continuous, two-
span PC bridge with span lengths 15.90 m and 
15.40 m (see Figure 5) The deck was 
unsymmetrical: one part, consisting of four girders 
(1 000 × 600 mm2) connected with a slab at the top, 
carried two lanes of road traffic, and the other part, 
consisting of one such girder with a cantilever slab 
in the top, carried a pedestrian lane. The total width 
of the deck was 10.40 m including curbs and the 
centre-to-centre distance of the girders was 2.0 m. 
At the supports (abutments and piers), the slab 
thickness (160 mm) was gradually increased to the 
height of the girder. The bridge was monolithically 
cast-in-place and was reinforced using the Dywidag
prestressing system. Since the bridge did not fulfil 
the free height requirements when upgrading the 
highway, it had to be replaced. A full-scale failure 
test was designed to evaluate the bridge’s flexural 
and torsional stiffness and, ultimately, the flexural 
capacity at the intermediate support.

Imposed displacements at the abutment were used 
to induce hogging at the intermediate support. The 
abutment was removed to make space for 
displacements downwards and two hydraulic jacks 
were installed to control the loading. Moreover, 
weights were placed in the midspan to avoid failure 
in sections not designed for hogging moments. In 
order to investigate the torsional stiffness, the 
imposed displacement was produced alternately by 
the two hydraulic jacks.

After extensive crack formation at the intermediate 
support, followed by concrete crushing at the place 
where the slab thins, a flexural failure occurred for 

a moment of 13 200 kNm (see Figure 6). The 
theoretically determined flexural capacity was 84.7 
% of the tested peak load and thus, relatively 
consistent with the experimental result. However, 
from this study, it is proposed that further 
investigation of existing uncertainties takes place to
enable improvement of the assessment. For 
instance, the material properties and positions of 
prestressed reinforcement are parameters that 
should be determined.

Figure 5. The Tingstad Bridge during loading using
imposed displacement at the abutment (Bådholm et 
al. 1967a).

Figure 6. The Tingstad Bridge after failure of the 
girder at the intermediate support (Bådholm et al. 
1967a).

3.4 Elk River Bridge – USA – 1970 – Burdette 
and Goodpasture (1971, 1972, 1973)

The Elk River Bridge was a skew (30º) multi-span 
(number of spans not reported) RC girder bridge 
carrying two lanes of traffic, with span lengths of 
15.24 m (see Figure 7). The deck, composed of four 
girders (457 × 1 130 mm2) with a centre-to-centre 
distance of 2.08 m connected with a slab (8 331 × 
260 mm2) at the top, was monolithically cast-in-
place and simply supported on abutments and piers. 
After the area where the bridge was located was 
inundated, a new highway was built on higher 
ground. Consequently, several quite new bridges, in 
good condition, became redundant and available for 
failure tests. For improved understanding of the 
failure mechanisms and to provide information 
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about the examination of design methods for 
bridges, four bridges were loaded to failure, two of 
which were concrete bridges. The results from 
testing the second bridge in the experimental 
programme are described in Section 4.1.

Figure 7. The Elk River Bridge (Burdette & 
Goodpasture 1973).

In order to simulate loading of two trucks passing 
the bridge side-by-side, using the rear axles of the 
design vehicle H20 (AASHO 1969), eight 
concentrated loads were applied to the bridge in the 
most adverse position for the midspan moment. In 
each wheel position, a hydraulic jack was used to 
apply the load to the bridge deck slab. Rods, through 
the structure and anchored in the bedrock, supported 
the jacks and those strains were measured to obtain 
the applied load. The bridge was loaded 
incrementally until the peak load of 7 280 kN 
whereafter the load dropped due to increased
deflections and the test was stopped. A flexural 
failure took place and it was similar in magnitude to
the theoretically assessed capacity (92.7 % of the 
tested load-carrying capacity). Visual monitoring 
during the test indicated that the first crack appeared
at 40.0 % of the peak load. The difference between 
experimental and theoretical capacities can partly be 
explained by the use of reinforcing steel yield 
strength rather than tensile strength in the 
calculations. Based on the reported results of this 
test, it can be concluded that the bridge behaved in 
a ductile manner and failure was as predicted.
Moreover, it shows that the flexural capacity can be 
accurately predicted for single-span bridges based 
on standard methods.

3.5 Casselton Bridge – USA – 1972 – Jorgenson 
and Larson (1976)

The Casselton Bridge was a skew (25º), continuous 
three-span RC slab bridge with two traffic lanes in 
the middle and a pedestrian lane on each side. The 

lengths of the end-spans were 6.10 m, and the
interior span was 7.60 m. The deck, supported on 
piers and abutments, consisted of a monolithically 
cast-in-place slab (9 750 × 305 mm2) with curbs 
(920 × 254 mm2) keyed in on either side. The bridge 
design used values for the concrete compressive 
strength of 21 MPa (47 MPa) and 276 MPa 
(366 MPa) for the reinforcing steel yield strength, 
with tested mean values from the experimental 
programme specified in brackets. Due to 
realignment of the highway, the bridge was 
decommissioned and tested to failure 10 years after 
construction. The aims of the tests were to compare 
stresses occurring in the structure with 
corresponding design values and also to evaluate 
theoretical and experimental loads causing residual 
deformations and failure of the bridge, respectively.

For loads testing linear bridge response, a test setup
with a steel frame and a hydraulic jack, supported 
by rods connected to the bridge piers, was used to 
represent a vehicle with four wheels 
(200 × 200 mm2) with 1.8 m transverse and 1.2 m
longitudinal spacings. The simulated vehicle 
overloading was applied centrically to the central 
span and increased up to 293 kN. For increased 
loading, the test setup was modified and a line load 
was applied to the middle of the central span 
through a transversally-aligned load distribution 
beam. The loading was increased up to 3670 kN, at 
which point the capacity of the loading system was 
reached. Therefore, two additional loading frames 
and hydraulic jacks were installed parallel in their
unloaded state to the initial system, in order to 
continue the test up to a flexural failure at 4 226 kN. 

In the linear stress range of the bridge, evaluation of 
the strains measured indicated considerably lower 
stresses than theoretically determined, although the 
calculations were carried out based on different 
assumptions regarding the interaction between the 
slab and the curbs. However, another possible 
explanation was the poor weather (low temperature) 
prevalent during installation of the gauges, leading 
to unreliable measurements. Using load-deflection
curves from a set of loading cycles, residual 
deformations were observed at 39.5 % of the peak 
load, compared with 40.7 % according to 
calculations based on the assumption of residual 
deformations obtained when reaching the yield
strength of the reinforcing steel (curbs excluded). 
With regard to the flexure capacity, assuming 
formation of yield hinges at both midspans and the 
intermediate supports and curbs included in the 
cross-section, the theoretical load-carrying capacity 
resulted in an overestimation of 5.8 %. Thus, from 
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this full-scale test, it can be learnt that the flexural 
capacity can be relatively accurately predicted and 
linear analysis with redistribution of internal forces 
can be a useful method for statically indeterminate 
structures. Moreover, it shows the advantage of in-
situ testing of material parameters for assessment of 
existing bridges; for this bridge, such tests revealed 
a considerably higher strength of both concrete and 
reinforcing steel.

3.6 Pennsylvania State University Bridge –
USA – 1981 – McClure and West (1984)

The Pennsylvania State University Bridge was a 
curved, simply supported, single-span PC box-
girder bridge with a length of 36.88 m (see Figure 
8). Two girders with a centre-to-centre distance of 
5.73 m carried one road lane each and they consisted 
of 17 precast RC box-shaped elements (2 743 × 
1 676 mm2) connected with shear dowels and post-
tensioned bars and tendons. At the top were
cantilever slabs (11 468 × 254 mm2) with a 533 mm
wide cast-in-place curb at each edge. Segmental 
bridges were of particular interest and, thus, this 
bridge was built as a part of a test track at 
Pennsylvania State University, specifically for 
experimental investigation aimed at improving the 
understanding of structural behaviour. In 1978, the 
bridge behaviour was studied under service loads 
following the American design standard (AASHTO 
1973) and, three years later, one of the girders was 
loaded to failure.

The investigation at service-load level was based on 
trucks, similar to the design vehicles HS20-44
(AASHTO 1973), passing over the bridge (McClure 
& West 1980). Destructive testing was 
accomplished by two loading systems, centred 
around the midspan, with loading points above the 
webs of the girder in order to obtain a flexural 
failure. Each system consisted of one hydraulic jack 
on either side of the girder, connected to a bedrock 
anchor at the base and a hinge connection to a 
transversally located load distribution beam at the
top (see Figure 8). The test was carried out with 
daily load increments controlled by changing the
pressure in the jacks.

For trucks crossing, the bridge remained in the 
elastic range. The first crack was observed during 
the failure test in the bottom surface of the girder 
when the load level was 39.8 % of the load-carrying 
capacity. Thereafter, further flexural cracking took 
place and, at a load of 3 896 kN, loud sounds were 
heard, followed by an opening between two girder 
segments. At the peak load of 4203 kN, a series of 
loud sounds occurred, and the load dropped while 

the deflections drastically increased. An attempt to 
proceed with the loading resulted in increased 
opening between the segments, and concrete 
crushing and spalling in the bridge deck slab. After 
the test, rupture of all the strands was observed. 

The two tests were simulated using finite element 
(FE) models and, in the failure test, nonlinear 
material responses were taken into account. 
Consistently, the test revealed a stiffer behaviour in 
terms of strains and deflections than given by the FE 
analyses. However, no capacity estimates were 
presented by McClure and West (1984). The review 
of the results of this project indicated that a rather
limited amount of theoretical evaluation had been 
carried out (at least as described in the literature). 
This is surprising, given the unique nature of the 
project, that included construction of a bridge purely
for experimental studies. For instance, the analyses 
indicated underestimated stiffness but the reason 
was not fully identified. A better understanding of 
how this kind of bridge behaves and how it can fail 
is important, but to provide a foundation for 
improved assessments in the future it is necessary to 
thoroughly investigate and clarify existing 
uncertainties.

Figure 8. The loading of Pennsylvania State 
University Bridge (McClure & West 1984).

3.7 Lethbridge Bridge – Canada – 1984 –
Scanlon and Mikhailovsky (1987)

The Lethbridge Bridge was a continuous three-span 
RC girder bridge for two-lane traffic, where the 
lengths of the end-spans and interior spans were
12.20 m and 18.30 m, respectively (see Figure 9). 
The cast-in-place deck, supported on piers and 
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abutments, consisted of five girders (432 × 762 –
1 524 mm2) with parabolic varying height and a 
centre-to-centre distance of 1.83 m. They were 
connected with a slab (8 640 × 254 mm2) at the top. 
Interestingly, the slab thickness was 43 % thicker 
than specified in drawings. Due to the upgrading of 
the highway and, thus, replacement of the bridge, it 
became available for destructive testing, as a part of 
a research project aiming to improve assessment of 
the load-carrying capacity of bridges.

Figure 9. The Lethbridge Bridge illustrating 
loading procedure for testing (Scanlon & 
Mikhailovsky 1987).

A test setup was designed to investigate the flexural 
capacity in the interior span. First, the bearings at 
the abutments were replaced with hydraulic jacks to 
enable measurement of the reaction forces. 
Thereafter, the failure test was carried out in two 
steps: (1) incremental loading with weighed precast 
concrete elements in the middle of the interior span 
to a load level corresponding to about 60 % of the 
capacity (see Figure 9) and (2) loading to failure 
with the hydraulic jacks at abutments (upward) to 
produce additional flexural moment in the interior 
span. During the test, formation of flexural cracks 
was observed and, at the peak load and
corresponding to a midspan moment of 11.4 kNm in 
the interior span, crushing of the curbs took place, 
followed by a drop in load. The bridge behaved in a 
ductile manner without structural collapse and 
considerable residual deformation occurred,
indicating yielding of the reinforcing steel. 
Comparison with the predicted load-carrying 
capacity showed the calculated values to be 52.4 %
and 95.0 % of the tested capacity, based on 
reinforcing steel yield and tensile strength, 
respectively. By ignoring the curbs and assuming 
the bridge geometry to be as specified in the 
drawings, 39.6 % of the tested capacity was 
obtained. Consequently, it can be seen from this

study that: (1) flexural failures of statically 
determinate structures can be precisely modelled
and predicted, based on standard equations for the 
flexural strength and (2) the existing structure 
should be inspected prior to assessment of the load-
carrying capacity in order to reduce the number of 
uncertainties. Apart from representative material 
parameters, the importance of determining the 
geometrical characteristics was apparent in this 
study, with up to 14 % increase in capacity when 
using in-situ geometry rather than dimensions from 
the drawings. Moreover, the curbs were designed to 
contribute up to 19 % of the load-carrying capacity,
which also indicates the significance of an accurate 
representation of the structure in the analysis.

3.8 Niobrara River Bridge – USA – 1992 –
Azizinamini et al. (1994a, b); Shekar et al. 
(1993)

The Niobrara Bridge was a two-lane, five-span RC 
slab bridge, composed of three continuous interior 
spans (9.525 m, 11.430 m and 9.525 m) and two 
simply supported end-spans (lengths: 6.096 m). The 
bridge is shown in Figure 10. The deck, composed 
of a slab (7 976 × 394 mm2 at spans 1 and 5, 7 976 ×
432 mm2 at spans 2 – 4) was monolithically cast-in-
place and was supported on integral abutments and 
intermediate piers. At the edges of the slab, there 
were curbs (330 × 508 mm2) on top. From 
drawings, the concrete compressive strength was 
21 MPa and the reinforcing steel yield strength was 
227 MPa. However, during the experimental 
investigation, a programme of material tests was 
carried out, indicating a mean value for the concrete 
strength of 22 MPa with an appreciable scatter (14 
– 38 MPa), and a yield strength of 345 MPa. 
Moreover, the material evaluation revealed severe 
deterioration of the concrete, primarily due to 
freeze-thaw cycles, inadequately air-entrained 
concrete and alkali-silica reactions.

The bridge was assessed to be in poor condition and 
to have insufficient load-carrying capacity, so was
decommissioned in 1972, after 38 years of service. 
However, the bridge was tested again in 1992, most 
probably implying that further degradation of the 
bridge had occurred, which could be of significance 
for the experimental outcome. The bridge was a part 
of a broader study including another six similar RC 
slab bridges, continuous with three spans, aimed at 
an experimental investigation of the structural 
behaviour and identification of parameters that are 
important for the load-carrying capacity. In the 
study, the effects of span length, skewness, deck 
slab widening and bridge condition were tested by



VII – 10

simulating truck crossings following a predefined 
schedule at service-load levels.

The Niobrara River Bridge was further investigated 
with two failure tests: (1) at the simply supported 
end-spans and (2) at the outer spans of the 
continuous part. Based on a bridge design vehicle 
HS20 (AASHTO 1989) consisting of three axles, 
the test setup was designed with respect to the 
position producing the highest flexural moment. 
Consequently, the simply supported span was 
subjected to one axle per lane at the midspan, whilst
the continuous span was subjected to two axles per 
lane with the central axle positioned 3.0 m from the 
abutment. To achieve the loading, hydraulic jacks 
were used for each wheel with a steel frame 
transferring the forces to the adjacent piers. With 
this test setup, it was possible to simulate truck
loading in either lane, both lanes or along the 
longitudinal centre line of the bridge.

Figure 10. The Niobrara Bridge (Shekar et al. 
1993).

In the test of the continuous span, a linear load-
deflection response was observed, without damage
associated to the loading, up to the deflection limit 
specified at the serviceability limit state (i.e. 
deflection of 1/800th span length). The load at the 
deflection limit was 51.8 % of the peak load, and the 
first crack was observed at 71.4 %. Further loading 
resulted in yielding at the point where the load was 
applied closest to the abutment, followed by 
cracking and yielding at the adjacent intermediate 
support. Consequently, failure started and the test 
was stopped with a sequence of decreasing loads 
with a peak load of 3 987 kN. From the test, it was 
concluded that there was ductile behaviour with the 
load-carrying capacity being more than 10 times 
higher than given at the initial bridge assessment. 
The test of the simply supported span and its shear-
related failure is further described in Section 4.7.

3D linear FE analysis of the bridge revealed 
consistent results in term of deflections in the test in 
the linear range. However, to calculate the load-
carrying capacity, moment-curvature analysis using 
an assumption of yield lines was used and, based on 
in-situ tested material properties, the failure was 
expected at 96.6 % of the experimentally derived 
capacity. From this test, it can be seen that:

- The material properties and the idealization of 
the behaviour are of importance in bridge 
assessment and should be determined from the 
specific bridge investigated.

- Different types of analysis for determination of 
the load-carrying capacity can result in 
appreciably different outcomes and, thus, this 
aspect should be carefully treated during
assessment. For instance, plastic analysis or 
linear analysis with redistribution of internal 
forces are useful methods to avoid undesired 
understated results.

- Non-structural elements (e.g. curbs) may 
appreciably contribute to the load-carrying 
capacity.

3.9 Thurloxton Underpass – United Kingdom –
1993 – Cullington et al. (1996); Daly (1994)

The Thurloxton Underpass was a 4.27 m long 
single-span RC slab bridge with the slab (18 000 × 
305 mm2) simply supported on retaining walls. Re-
decking was due and a test was carried out for 
evaluation of the shear capacity in connection with 
revised code requirements. The bridge load-
carrying capacity was assessed to shear capacity 
which had been reduced due to the anchorage length 
of the longitudinal tensile reinforcement not 
following the code requirements described in the 
British standard (Department of Transport 1990).

The slab was cut longitudinally in an approximately 
1 m wide strip and loaded 950 mm from the 
abutment which would lead to shear failure 
according to the code. A steel beam was used to 
distribute the load along the strip width and two 
hydraulic jacks with ground anchors were used to 
produce the load. Due to the nature of the footing of 
the retaining wall and the loading system used, it 
was not possible to apply the load closer to the 
support. Contrary to expectations, no shear cracks 
were initiated during the test. Instead, flexure was 
shown to be critical and the slab behaved in a ductile 
manner, with concrete crushing in the top. The peak 
load was 440 kN and the test was stopped after a
significantly increased deflection for a slightly 
reduced load. Thus, the actual load-carrying 
capacity was 7 % higher than the predicted shear 
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capacity, assuming fully anchored reinforcement,
and about 30 % higher than the flexural capacity. 

When the bridge deck was removed, some restraint
was present at the support; however, it was 
concluded to have had a minor influence on the 
capacity. Moreover, a comparative laboratory study 
was carried out on full-scale slabs and, with a 
reduced shear span, shear failures occurred for loads 
well above the predicted capacities. Thus, the 
assessment standard was concluded to be 
conservative, even though the longitudinal 
reinforcement was assumed to be fully anchored.

3.10 Lennox Branch Bridge – USA – 1999 –
Alkhrdaji et al. (1999, 2000)

The Lennox Branch Bridge was a skew (15º) two-
lane simply supported three-span RC slab bridge 
with equal spans lengths of 7.96 m (see Figure 11). 
The slab (7 620 × 470 mm2) was monolithically 
cast-in-place, supported on piers and abutments,
and with curbs on top at either side (457 × 254 mm2). 
The bridge was considered to be in good condition 
after an inspection. It was decommissioned due to 
construction of a new highway. In order to 
demonstrate and evaluate two strengthening 
methods using carbon fibre reinforcing polymers 
(CFRP), a series of tests were carried out. All of the 
spans were tested to failure; two of them were 
strengthened to improve the flexural capacity, the 
first span with near surface mounted (NSM) CFRP 
rods at the base of the slab and the second span with 
externally bonded sheets.

Figure 11. The Lennox Branch Bridge (Alkhrdaji et 
al. 1999).

The failure tests were carried out by loading each 
span centrically using four hydraulic jacks 
transversally aligned 1.2 m apart. Under the bridge 
deck slab, longitudinal reaction beams between the 
adjacent supports were used to carry the forces 
transferred by rods from each jack. The test was 

quasi-static, meaning loading was cyclic, gradually 
increasing until failure was reached. All the spans 
failed in flexure with load-carrying capacities of
2 652 kN, 2 412 kN and 2 060 kN. For the 
strengthened spans, a quasi-ductile structural 
behaviour was observed due to yielding of the 
reinforcing steel and, to some extent, slippage of the 
CFRP sheets. In the final test without strengthening,
a less stiff post-yield behaviour was revealed with
the peak load being reached after relatively large 
deformations. In the first test, a sudden failure took
place when the CRFP rods ruptured and, in the 
second test, failure was more gradual with a 
combination of delamination and sheets failing in 
various locations. In the third test, a typical flexural 
failure occurred with concrete crushing occurring
after steel yielding. The purpose of the 
strengthening was to improve the capacity by 30 %. 
However, this goal was not achieved using CFRP 
sheets, because the type of failure mechanism 
involved debonding, suggesting that the full 
strength of the sheets was not fully used.

Theoretical analyses of the test resulted in 
significant underestimations of the load-carrying 
capacity with 76 %, 91 % and 73 % of the tested 
peak loads. In-situ tested material parameters were 
used and studies indicated only small errors 
associated to the skewness of the slab and the strain-
hardening of the reinforcing steel. Updating the
material parameters from values assumed when
designing the experiment to those derived from in-
situ tests yielded a 45 – 53 % increase in the load-
carrying capacity. Eventual rotational restraints at 
the supports would lead to more favourable 
estimates, although it was not possible to determine
the degree of restraint from the test. In the studies, 
the analyses were mainly based on hand 
calculations and no detailed nonlinear analysis was 
carried out to understand more fully the cause of the 
conservative result.

3.11 Seoul-Pusan Highway Bridge – South 
Korea – 2000 – Oh et al. (2002)

This bridge, located on the highway between Seoul 
and Pusan, South Korea, carried two lanes of traffic 
and was a PC girder bridge with twelve 30.0 m
equally long simply supported spans (see Figure 
12). The girders consisted of I-shaped precast 
elements (200 – 560 × 1 890) with seven prestressed 
wires each and a centre-to-centre distance of 2.09 m
between the girders. On the top, a slab (8 100 × 180 
mm2) was cast-in-place monolithically with a strip 
separating the two traffic lanes and 750 mm wide 
curbs on either side. However, the degrees of 
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composite action of the slab and the girders were 
unknown. After upgrading the highway to carry
increased amounts of traffic, the bridge was used for 
destructive testing. This bridge was of particular 
interest since it was one of the most common types
of bridges in Korea. An imprecise capacity 
assessment was expected, so it was considered
beneficial to investigate the structural behaviour and 
load-carrying capacity through a failure test.

Figure 12. The Seoul-Pusan Highway Bridge (Oh 
et al. 2002).

The bridge was investigated at both the service-load
and ultimate-load levels, using a loading 
configuration based on a tandem vehicle with 2.0 m
between the wheels transversally and 4.2 m
longitudinally. The loading was applied centrically
in the end span and centrically over two girders and, 
thus, punching of the slab was avoided. Each load 
was produced by two hydraulic jacks coupled to 
strands anchored in the bedrock. The jacks loaded a 
steel beam, which further transferred the load to the 
girder.

Preloading the bridge caused the first vertical crack 
to form in the midspan region, at 7.3 % of the load-
carrying capacity and thereafter both flexural and 
shear cracking took place adjacent to the loading. 
The subsequent failure test resulted in the concrete 
midstrip crushing and detaching at 50.0 % of the 
peak load, producing reduced stiffness and, at 
92.3 %, the adjacent curb was crushed as well. This 
can be seen are an indication of the ultimate failure 
that was induced by crushing of the slab. The load-
carrying capacity was 4 312 kN. As the load-
carrying capacity was about ten times higher than
the design load, it was concluded that the safety 
margin was well above the requirements. In the test, 
diaphragms contributed to transverse distribution of 
loads and this effect should be taken into account 
for more precise assessments of the load-carrying 

capacity. No theoretical analyses were described by
Oh et al. (2002).

3.12 Xin Xing Tang Bridge– China – 2005 –
Jiaquan et al. (2006)

The Xin Xing Tang Bridge was a continuous three-
span PC box girder bridge with span lengths of 
32 m, 50 m and 32 m (see Figure 13). It was a single 
box girder with one cell, cantilever flanges, constant 
height and inclined webs. Inspection of the bridge 
showed severe concrete cracking of the base plate 
and the web at one quarter and three quarter length 
of the interior span. Due to degradation and 
extension of the highway between Shanghai and 
Nanjing, it was necessary to replace some bridges. 
Two common bridge types were selected in order to 
investigate damage evolution, the correlation 
between damage and dynamic characteristics and 
ultimately the load-carrying capacity. Apart from 
the Xin Xing Tang Bridge, the Xi Cheng River 
Bridge (described in Section 3.13) was also 
included in the project.

Figure 13. The Xin Xing Tang Bridge (Wenping 
2006).

The bridge was tested on its main span (i.e. the 
interior span). Initially, the girder was loaded with
weights (i.e. piles of reinforcement) placed around 
the midspan. When the bridge was about to fail,
water tanks were filled and used to increase the 
weight to the ultimate load. During the failure tests,
extensive flexural cracking took place and for a load 
of 17 460 kN, the non-prestressed reinforcement at 
the midpoint of the span ruptured and the concrete 
crushed at the top of the girder. At this point, the 
deflection of the girder was about 290 mm. Due to 
the large deformations, the bridge deck was lifted 
from the supports at the abutments and the structural 
behaviour changed. Acting in a similar way to a
simply supported beam, the bridge was further 
loaded until the load-carrying capacity of 18 320 kN 
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was reached, producing a deflection of 353 mm. 
Thereafter, the test was stopped without any 
structural collapse and consequently, it can be 
concluded from the test that the Xin Xing Tang 
Bridge suffered a ductile failure. Further details 
about the test and theoretical evaluation can be 
found in Wenping (2006).

3.13 Xi Cheng River Bridge – China – 2005 –
Jiaquan et al. (2006)

The Xi Cheng River Bridge was a simply supported 
RC girder bridge with six spans of length 20 m (see 
Figure 14). The deck was 13.0 m wide in total, and 
consisted of six T-shaped girders connected with 
diaphragms and to the slab at the top. The girders 
were supported on abutments. The objectives of the
investigation of the Xi Cheng River Bridge were the 
same as for the bridge summarized in Section 3.12.

Figure 14. The Xi Cheng River Bridge (Wenping 
2006).

The bridge was loaded with weights made of
reinforcements hoops, placed around the midspan. 
In the test, the outermost girder failed at 10 070 kN, 
caused by concrete crushing at the top of the slab 
and rupture of the reinforcement in the midspan. 
The bridge was further loaded and the entire deck 
collapsed at 11 120 kN. However, during the 
loading, extensive concrete cracking took place and 
failure was imminent. In Wenping (2006),
additional information about the test was presented.

3.14 Nanping Bridge – China – 2007 – Zhang et 
al. (2009, 2011b, 2013)

The Nanping Bridge had three equally long spans 
(13.30 m) and was a skew (25º) RC beam bridge 
carrying road traffic in two lanes (see Figure 15). 
The deck was simply supported on piers or 
abutments in each span, and it was composed of six 
parallel precast inverted U-shaped channel elements 
(1 000 × 340 mm2) bolted together. The edge beams 

also had 200 mm wide curbs. Thus, a system of 
340 mm wide girders and a 300 mm thick slab was 
created. An inspection of the bridge revealed severe
deterioration, involving considerable carbonation of 
the concrete along with reinforcing steel corrosion 
(12.1 %), which led to concrete spalling and 
extensive cracking of the beams. As it needed 
rebuilding, the 43 year-old bridge became
redundant and available for destructive testing. The 
primary aim of the experimental study was to 
investigate the bridge behaviour at service-load
levels (including overloading) as well as to 
determine the ultimate capacity and failure 
mechanism.

Figure 15. The Nanping Bridge (Zhang et al. 
2011b).

At service-load level, a load configuration 
corresponding to the design vehicle specified by the 
Chinese design code (Ministry of Transport of the 
People's Republic of China 1989) was investigated, 
with the load placed in the most adverse position 
with regard to flexural moment (i.e. in the midspan). 
The load from a tandem with axles 1.4 m apart and 
two other such tandems were simulated. A reaction 
frame, composed of a system of steel beams, was 
anchored in a steel box filled with gravel below the 
bridge and one hydraulic jack was used at each 
position to represent the wheels. In the subsequent 
failure, the loading system was rearranged with a 
load distribution beam positioned transversally on 
the bridge in the midspan with two hydraulic jacks 
producing the load.

Loading the bridge with hydraulic jacks at the 
service-load level showed a structural behaviour 
consistent with loading using actual trucks. The 
bridge behaviour was linear elastic to a load level 
corresponding to 36.2 % of the peak load (i.e. 4 
tandems), causing significant damage to the bridge 
and, thus, a nonlinear behaviour was observed at 
54.3 % of the peak load (i.e. 6 tandems). Moreover, 
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the permitted deflection at SLS (L/600), according 
to the design code (Ministry of Transport of the 
People's Republic of China 1989), was reached at 
68.8 % of the peak load (i.e. 7.6 tandems). After 
simulating overloading by vehicles, the bridge was 
incrementally loaded to failure. After extensive 
yielding of the reinforcing steel (yield strength 
reached at 92.3 % of the peak load) and concrete 
crushing of the top flange, the peak load was 
obtained at approximately 2 600 kN, compared with 
a predicted load-carrying capacity of 2 400 kN. The 
maximum deflection measured was 240 mm, 
however, with a high variation between the different 
elements due to the bolted connections not being 
able to transfer the forces that occurred in the test. 
In addition to the predominant flexural failure, 
severe inclined cracking was observed in the web of 
the beams adjacent to the support. Based on this 
study, which was mostly experimental, the 
following conclusions can be drawn:

Overloading of vehicles can be precisely 
simulated using a loading system consisting of 
hydraulic jacks.
The load-carrying capacity with regard to 
flexural failure can be precisely predicted. At the 
same time, design codes for bridges can be 
conservative, with regard to the requirements at 
both SLS and ULS. For instance, the load-
carrying capacity corresponded to the weight of 
13 design vehicles.
A ductile failure occurred. However, unexpected 
shear-related cracking also took place, which 
resulted in a sudden collapse of the structure, 
aided by the lack of shear reinforcement.

3.15 Paint Creek Bridge – 2010 – USA – Stillings 
(2012)

The Paint Creek Bridge was a skew (15º) PC girder 
bridge with two lanes for road traffic in three 
14.58 m long spans (see Figure 16). In total, nine
simply supported precast box girders (914 × 533 
mm2), placed side-by-side, formed the bridge deck. 
No material parameters were documented and only 
the concrete compressive strength (about 70 MPa) 
was determined from material testing. The 
structural condition of the bridge was, based on 
visual inspections, rated as being poor with 
occurrence of concrete spalling on the extreme web 
girders and corroded shear reinforcement observed
(see Figure 16). Consequently, the bridge was 
scheduled for replacement. The behaviour of 
individual box girders is usually well understood, 
however, how the system of adjacent girders acts as
a whole when subjected to ultimate loads was less 

well researched. Thus, tests were planned with the 
objectives to investigate the response of the system 
under ultimate loads and to determine the 
deterioration’s effect on the ultimate capacity.

Figure 16. The Paint Creek Bridge (Stillings 2012).

Static tests were carried out on each span, although 
the results were presented for only the first two 
consecutive spans. The test on the first span was 
conducted on bare girders (concrete overlay 
removed) with some girders intentionally damaged 
by cutting some of the prestressing strands. These 
deficiencies were intended to mimic corroded 
strands, a typical form of deterioration found in 
reality for this type of bridge. The results were 
compared with those from the second span, where 
the test was conducted in the as-built, unmodified
condition. Three hydraulic jacks were placed 
symmetrically along the bridge width and produced 
displacement control loading centrically in each 
span. Longitudinally-aligned reaction beams 
transferred the forces to the adjacent supports.

In the tests, moderate crushing of the top flange was 
noted at load-carrying capacities of 2 671 kN and 
2 686 kN for the first and second span, respectively. 
The bridge behaved in a ductile manner and no 
collapse occurred. Predictions based on the 
modified compression field theory (MCFT), using 
Response-2000 software (Bentz 2000), were 
consistent with the tested capacities, with 
approximately 8 % underestimation for the first 
span and 1 % overestimation for the second span. 

Comparing the failure loads between the two spans, 
there was only a small difference in capacity 
although there were structural differences (damage
induced by cutting prestressing strands and 
with/without overlay). However, the structural 
differences impacted the stiffness of the structure. 
Overall, the stiffness was greater than predicted,
presumably due to partial fixity of the girders’ 
supports. According to Stillings (2012), deviations 
between as-built and as-designed specifications 
together with a variation of the elastic modulus (in 
the range of ± 20 %) cannot be solely responsible 
for the difference in bridge stiffness. However, it 
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can be noted that information regarding the residual 
prestressing forces was not objectively obtained for 
this particular bridge and certain values were 
assumed (i.e. loss of 16 %). Therefore, it is not clear 
whether the prestressing forces were correctly taken 
into consideration in the analysis.

3.16 Hanpyung, Ansan, Dongcheon and 
Bangjimoon Bridge  – South Korea – 1987,
1987, 1997 and 1999 – Byun et al. (1989);
Song et al. (2002); You et al. (1998)

Table 2 summarizes the geometric characteristics of
four RC bridges in South Korea tested to failure in
order to understand further the structural behaviour 
of these bridge types. The specified spans lengths of 
Bridges 1 and 2 should be considered as 
approximate, since inconsistencies in reported 
information have been identified. The deck of 
Bridge 1 was composed of a slab and Bridges 2 – 4
were composed of multiple girders connected with 
a slab at the top. All of the bridges were 
monolithically cast-in-place and supported on piers 
and abutments. They were taken out of service with 
varying degree of deterioration. For instance, the 
piers of Bridge 3 were settled, the curbs were 
severely damaged, but only small cracks and minor 
concrete spalling were observed on the rest of the 
deck.

The bridges were tested at service-load and 
ultimate-load levels. Only Bridge 4 was tested to 
failure under unmodified conditions using eccentric 
loading to two adjacent girders on one side of the 
deck. The deck of Bridge 1 was cut transversally to 
obtain simply supported conditions and, for Bridges
2 and 3, the decks were cut longitudinally in order 
to apply centric loading to two girders and one 
girder, respectively. Moreover, the curbs and 
railings were removed from Bridges 3 and 4 in order

to reduce the uncertainties in the analysis of the test. 
In all tests, the loads were cyclically applied in the 
midspans using hydraulic jacks with a slight
variation in the loading system. For Bridge 1, a
reaction beam was aligned longitudinally under the 
deck to transfer the forces to the piers; for the other 
bridges, bedrock anchors were used.

It was concluded that all the bridges failed due to a
ductile flexural failure. However, the failure 
mechanism was not further described for any of the 
tests. The ratios of tested and calculated capacity 
were 3.0, 0.72, 1.7 and 4.2, indicating a high degree 
of uncertainty in the evaluation of the test using 
design codes. Uncertainties associated with
geometry and material properties were mentioned as 
possible sources of the differences between 
theoretical and experimental results. However, no 
further investigations have been reported with 
regard to these aspects, although this would be 
useful in order to improve understanding. Bridges 3
and 4 were also analysed more thoroughly using 
nonlinear FE analysis (Song et al. 2002). This study 
showed that it was possible to model the behaviour 
of these bridges precisely up to the load level of the 
experimental failure. Notably, restraints at the 
supports were to be introduced in order to obtain 
consistent results.

4 Shear-related failure modes

4.1 Boiling Fork Creek Bridge – USA – 1970 –
Burdette and Goodpasture (1971, 1972, 
1973, 1974)

The Boiling Fork Creek Bridge was a skew (20º) PC 
girder bridge for two-lane traffic (see Figure 17). It 
had four equally long (20.12 m) simply supported 
spans. Four precast PC I-shaped girders (118 –
559 × 1 143 mm2) with a centre-to-centre distance 

Table 2. Geometric characteristics of the Hanpyung Bridge, Ansan Bridge, Dongcheon Bridge and 
Bangjimoon Bridge.

Item 1 2 3 4

Bridge name Hanpyung Ansan Dongcheon Bangjimoon

Span lengths 6 × 6.0 m 4 × 12.0 m 11 × 12.0 m 6 × 9.2

Support conditions Continuous Simply supported Simply supported Simply supported

Slab dimension 4 000 × 260 mm2 6 830 × 260 mm2 5 050 × 250 mm2 6 500 × 260 mm2

Curb dimension - 360 × 490 mm2 250 × 270 mm2 N/A

Girder dimension - 450 × 1 070 mm2 450 × 1 030 mm2 350 × 890 mm2

Number of girders - 5 3 4

Girder distance (c/c) - 1.40 m 1.80 m 1.60 m
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of 2 692 mm (varies) were supported on piers and 
abutments. A RC slab (8 530 × 178 mm2) with 
curbs at the edges (991 × 178 mm2) was cast-in-
place on top of the girders with interaction through
stirrups across the interface between the elements. 
This bridge was a part of a research project that 
included four bridge failure tests. The background 
of the project and the test procedure for these 
bridges are described in Section 3.4.

The bridge was tested to failure in three of its spans.
In the first tests, the bridge deck slab failed due to
local punching failures. This failure mode was not 
intentional and, thus, it was not extensively 
reported, although it may be of interest. In the first 
test carried out in the end span, cracking in the slab-
girder interface and diagonal cracking in the girder 
adjacent to the abutment was observed at 4 226 kN. 
It was concluded that a shear failure of the girder 
was imminent, but a sudden punching failure 
occurred with a load of around 4 350 kN. For the 
second test in the interior span, the load was located 
in a way to obtain higher shear in the girders. The 
first crack occurred at 4 003 kN but even here a
local, unexpected failure took place at a load of 
5 151 kN. In the third test, carried out in the other 
end span, a horizontal concrete pad was cast on top 
of the slab in order to avoid a local failure. The 
structural response was similar to the previous test 
with the stirrups sheared between the precast 
interior girders and the slab at 83.3 % of the peak 
load, followed by moment redistribution to the 
girder and concrete crushing in the top. Diagonal 
cracks were formed in the web and a brittle shear 
failure took place in the two interior girders at a load 
of 4 620 kN (see Figure 18). Theoretical analysis 
showed a load-carrying capacity that was 110 % of 
the tested one, meaning an understated predicted 
value. However, the evaluation was limited to the 
flexural capacity and assumed composite action 
between the different structural elements.

From the studies of the Boiling Fork Creek Bridge,
the following can be learnt:

Punching has to be taken into account for 
concentrated loading in order to avoid 
unexpected, brittle failures. However, in this test, 
the punching failure that occurred remained 
local.
The interaction between different structural parts 
was critical in this test and needs to be carefully 
treated. Ultimately, this was one of the 
explanations for the brittle shear failure of the 
girders in this test.

Although the bridge test resulted in a shear 
failure, only estimated flexure-related capacity 
was reported. Thus, it is concluded that the shear 
capacity was not completely taken into account, 
which led to unexpected and understated results.

Figure 17. The Boiling Fork Creek Bridge 
(Burdette & Goodpasture 1974).

Figure 18. The Boiling Fork Creek Bridge after
shear failure of the PC girder (Burdette & 
Goodpasture 1973).

4.2 Glatt Bridge 2 – Switzerland – 1975 –
Weder (1977)

The Glatt Bridge 2 was a single-span portal frame 
PC slab bridge with a free span length of 12.5 m (see
Figure 19). The bridge deck was, in total, 21.0 m
wide and carried two lanes of road traffic on an 
interior slab (16 000 × 353 mm2). Slender cantilever 
slabs with curbs (250 × 300 mm2) at the edge carried 
the pedestrian lanes. A Freyssinet post-tensioning 
system was used to prestress the deck longitudinally 
using 62 cables, and transversally using 15 cables. 
The bridge was monolithically cast-in-place with 
concrete having a compressive strength of 87.5 MPa 
(CoV: 14 %), which was about 25 MPa higher than 
assumed at design. Due to building of a new 
highway, the bridge was taken out of service and an 
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experimental programme was designed to 
investigate its condition and load-carrying capacity.

Figure 19. The Glatt Bridge 2 (Weder 1977).

Inspection revealed the bridge to be in good 
condition with, for instance, very little corrosion on
the prestressing cables. The residual prestress forces 
were determined by removing 18 cables, which 
produced losses of 0 to 30 % in relation to the initial 
prestress level. Also, fatigue tests were carried out 
on the strands. For a constant stress amplitude of 
around 240 MPa, four strands failed after less than 
two million cycles, while eight strands withstood
additional cycles.

The load-carrying capacity of the bridge was 
predicted to be about 20 000 kN but, due to 
difficulties in producing such a high load, it was 
decided to cut the slab longitudinally in two 0.90 
wide strips. For one of the strips, the built-in end 
supports were kept and for the other, the ends were 
cut free to obtain a simply supported strip. The loads 
were applied using eight pairwise jacks that were 
supported by four transversally aligned reaction 
beams anchored in the slab outside the strips. 
Incremental loading was carried out up to a load of 
448 kN when a sudden shear-related failure 
occurred adjacent to the abutment for the strip 
which retained its supports. A crack was formed 
between the support at the bottom towards the top 
of the slab, a chunk of concrete spalled in the 
compression zone at the bottom and the strip 
dropped. It was found that the weakness in the 
section was caused by a longitudinal cable that was 
misplaced and had entered the strip at an angle. 
However, the bridge was unloaded, then reloaded 
using a new loading sequence. This time, the strip 
resisted a slightly lower load and flexural failure 
occurred in the midspan by concrete crushing at the 
top of the slab. Due to the unexpected behaviour of 
the slab, the theoretically determined load-carrying 
capacity of 487 kN was never reached, although the 

tests showed there were double the predicted action 
effects of permanent loads and live loads. Thus, it 
can be concluded from the outcomes of this test that 
the modification had a crucial impact on the bridge 
behaviour and testing the bridge without 
modifications would have led to transverse 
redistribution of internal forces and a different 
failure mode. In addition, it can be concluded that 
the bridge exhibited a generally ductile behaviour 
and, taking into account the residual load-carrying 
capacity, the bridge was robust. The test of the 
second strip proceeded as expected, with a flexural
failure occurring at 399.5 kN, a load which the
theoretical capacity overestimated by 1.3 %.

4.3 Brønsholm Bridge – Denmark – 1977 –
Pedersen et al. (1980); Vejdirektoratets 
broafdelningen et al. (1979)

The Brønsholm Bridge was a skew (58º), 
continuous two-span PC slab bridge with equal span 
length of 20.39 m and additional 3.48 m cantilevers 
at the bridge ends (see Figure 20). The deck slab was 
18 340 mm wide and, on average, 430 mm thick and 
was supported on rows of six columns each. It 
carried traffic loads on two road lanes and two 
bicycle and pedestrian lanes. Using a system from 
Freyssinet, the monolithically cast-in-place slab 
was prestressed longitudinally; this was one of the 
first Danish bridges to use this prestressing 
technique. At the time of construction, concrete 
samples were tested giving an average value of the 
compressive strength of 39.3 MPa, compared with 
46.0 MPa from samples taken from the bridge 21 
years later. A corresponding comparison of the 
prestressed reinforcing steel gave 1350 MPa and 
1450 MPa for the yield strength, and 1600 MPa and 
1594 MPa for the tensile strength. Inspection of the 
bridge revealed no signs of deteriorations and, at 
demolition, the quality of the tendon grouting was 
shown to be satisfactory with no corrosion of the 
prestressed reinforcement. The bridge had to be
demolished due to realignment of the highway.

It was decided to investigate the decommissioned 
bridge since only a few bridge failure tests had been 
reported and the conditions assumed in bridge 
design and assessment needed to be verified, for
instance, with regard to the degree of redistribution
of internal forces at the ultimate limit state. 
Moreover, the degree of deterioration of the bridge 
and the residual prestressing force were of particular 
interest. Before the tests, the deck was cut 
longitudinally into a 2.8 m strip on the loaded span 
because of budgetary constraints. The intention of
the change to the structural system was to simplify
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the boundary conditions and reduce the influence of 
skewed supports, thus facilitating the measurements 
and evaluation. Introducing a strip also resulted in 
eccentrically loaded columns at the support and, 
thus, a temporary support was created using a steel 
beam along the centreline in order to subject the slab 
to flexure and shear only.

Figure 20. The Brønsholm Bridge after collapse 
(Pedersen et al. 1980).

The loading was carried out using two transversally 
aligned hydraulic jacks, 1.43 m apart, 10.49 m from 
the end support. A transverse steel beam with rods 
anchored in the bedrock supported the loading 
system. At the end support, a hydraulic jack was 
installed connected to the temporary column which 
provided data about the reaction forces. Using
incremental loading, with intermittent data 
recording, the slab was loaded up to the theoretical 
level for flexural cracking. Thereafter, the bridge 
was cyclically unloaded and reloaded until no
additional cracks were formed and the existing 
cracks stopped growing (3 cycles), followed by an 
increasing load until failure. The flexural capacity 
was reached at the midspan, indicated by yielding 
of the reinforcing steel and concrete crushing, and 
redistribution of internal forces took place. 
However, at 1 529 kN, the slab failed in a brittle 
shear failure at the load application point with a lack 
of residual capacity leading to the collapse. The part 
of the slab located towards the end support fell to 
the ground after an additional flexural and shear 
failure between the loading and the intermediate 
support (see Figure 20).

Based on a plastic analysis, and assuming yield 
hinges at both the midspan and the intermediate 
support, a load-carrying capacity 2.6 % higher than 
the tested capacity was calculated. However, this 
result should be considered in the light of the 
reduced rotational capacity associated with the
changed boundary condition (i.e. the slab strip in the 
loaded span and full bridge width slab at the 
intermediate support) and the absence of stirrups in 
the slab. Despite the outcome of the bridge test, no 
shear capacity analyses were reported.

Based on the findings from testing the Brønsholm
Bridge, the following can be learnt:

The flexural capacity can be accurately predicted. 
Plastic analysis can be beneficial to improve the 
load-carrying capacity in comparison to a linear 
elastic analysis. However, the shear strength has
to be carefully treated, taking into account the 
actual internal forces after redistribution and also 
the flexure and shear interaction. This particular 
test showed the consequences of a lack of 
knowledge of shear forces causing the structure 
to collapse.
The test was carried out after modifications to the 
boundary conditions of the slab, removing the 
ability to distribute loads transversally. Thus, a 
more robust structure, less prone to dramatic 
collapse, can be expected for an unmodified deck. 
Consequently, it is of importance to perform tests 
under realistic conditions in order to draw further 
conclusions about the overall behaviour.

4.4 Stora Höga Bridge 1 – Sweden – 1989 – Plos 
(1990, 1995); Plos et al. (1990)

The Stora Höga Bridge 1 was a single-span RC 
portal frame bridge with a free span length of 
21.0 m between supporting walls (see Figure 21). 
The deck carried traffic in two lanes and consisted
of a monolithically cast-in-place slab (4 500 × 650 
– 1150 mm2) with a parabolically-varying thickness 
and curbs (350 × 395 mm2) on the sides. The 
highway underneath the bridge was upgraded and, 
thus, several bridges built in 1980 were scheduled 
for demolition, for instance, the bridges described in 
this section and in Section 4.5. The primary aim of 
the two bridge tests was to investigate the accuracy 
of models for calculating the shear resistance, at that 
time under discussion for implementation in the 
forthcoming European standard. In addition, the 
tests were to be used for evaluation of improved 
methods to determine the load-carrying capacity 
based on FE analysis. Moreover, a strengthening 
system using steel plates longitudinally glued to the 
bottom side of the slab was to be investigated on the
Stora Höga Bridge 1. The purpose of the 
strengthening was to improve the flexural strength 
and produce a shear-related failure.

The loading of the bridge was carried out using four 
hydraulic jacks, supported by rods through the slab 
and anchored in the bedrock. The loads were 
transferred to the bridge through two transversally 
located load distribution beams. The loads were 
applied at four locations in line (two for each load
distribution beam), 4.00 m from the supporting 
wall. In order to record measurements and to 
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document the formation of cracks, the bridge was 
loaded in intervals of 400 kN up to the peak load of 
4 600 kN. Thereafter, the load decreased to 
4 500 kN when the slab failed in shear between the 
supporting wall at the bottom and the load 
application at the top (see Figure 22). The failure 
was brittle and a drastic load drop occurred. At 
52.2 % of the peak load, an increased crack width 
was noticed for some flexural cracks already 
identified before the test. Moreover, cracks were 
observed at the support, in the top of the slab, at 
56.5 % of the peak load, and the first shear crack 
was formed adjacent to the load application point at
87.0 % of peak load.

Figure 21. The Stora Höga Bridge 1 (Plos & 
Gylltoft 1995).

Figure 22. The Stora Höga Bridge 1 after shear 
failure between the applied load and supporting wall
(Plos & Gylltoft 1995)

In comparison to the test, the theoretically
determined load-carrying capacity was about 2.1 
times higher when based on in-situ tested concrete 
parameters and the shear model in the Swedish 
standard (BBK 79 1987). The prediction using the 
code was deemed to be consistent with the test 
within the normal scatter of results from small-scale 
experiments and, thus, the scale effects are 

reasonably accounted for by the theoretical models. 
However, a possible explanation for the 
conservative result, along with the fact that the shear 
resistance model is not very precise, could be the 
influence of strengthening on the shear behaviour 
and, consequently, the shear capacity. Analyses of 
the test also indicated that strengthening the bridge 
was successful, increasing flexural resistance about 
2.8 times, producing a load-carrying capacity of 
6 000 kN for the actual test setup (Täljsten 1994).

The bridge test was simulated using nonlinear FE 
analyses both with the discrete and smeared crack 
concepts (Plos & Gylltoft 1995). Using the smeared 
crack concept, the crack formation was consistent 
with the test, the slab deflections were appreciably 
overestimated and, due to numerical problems, the 
failure mode was not predicted correctly. The
modelling of boundary conditions and the material 
properties were some explanations for the
differences in the observed and modelled structural 
behaviour and, thus, these aspects should be 
carefully treated in the model. Despite this, 
nonlinear FE simulations can be regarded as giving 
a better understanding of structural behaviour, and 
more precisely modelling than is achievable using
analytical models. 

4.5 Stora Höga Bridge 2 – Sweden – 1989 –
Kjellgren and Bergström (1990); Plos 
(1990, 1995); Plos et al. (1990)

The Stora Höga Bridge 2 was a single-span PC 
portal frame bridge with a free span of 31.0 m (see
Figure 24). It was a two-lane road bridge and was 
included in the project further described in 
Section 4.4. Two parallel girders (1 660 × 1 160 –
1 460 mm2) with a centre-to-centre distance of 
2 480 mm were prestressed, using a BBRV post-
tensioning system. The girders were connected at 
the top with a RC slab (8 420 × 360 mm2) with 
curbs (300 × 388 mm2) at the edges. The bridge was 
monolithically cast-in-place with vertical 
supporting walls.

In order to examine the same objectives and using a 
similar loading procedure as the non-prestressed 
portal frame bridge (see Section 4.4), this bridge 
was loaded to failure. In order to reduce the load 
needed to reach failure, the bridge was cut 
longitudinally approximately along the centreline of 
the deck. Three simply supported load distribution 
beams were positioned parallel to the bridge with an 
intermediate distance of 750 mm longitudinally,
resulting in loading 4.75 m from the edge of 
supporting wall.
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In the test, extensive flexural cracks were formed in 
the region adjacent to the loading point, in addition 
to a few flexural-shear cracks. At a load 30 % higher 
than the predicted load-carrying capacity according 
to the shear model described in the Swedish 
standard (BBK 79 1987), a sudden, unexpected 
failure occurred at the support. The load was 
8 500 kN and the lower part of the girder punched 
into the wall, followed by a drop in the load to 
6 000 kN. As the boundary conditions and 
redistribution of internal forces had then changed,
the loading increased to 6 300 kN (5 % increase), 
resulting in an almost doubled deflection under the 
load, coupled with combined shear failure and 
concrete crushing in the slab (see Figure 24). For the 
new support conditions, the failure took place for a 
considerably lower load than predicted using the 
shear and flexural resistance models in the Swedish 
standard (BBK 79 1987). Thus, this bridge test 
provides the following learning outcomes:

In order to model the structural behaviour 
accurately and to avoid unexpected failure, the 
interaction to the surrounding elements (and 
possible changes) should be taken into account 
when assessing a specific structural element. In 
this study, the capacity of the supporting walls 

was not verified prior to the test, resulting in an 
unexpected failure mode. 
The presence of interaction between flexure and 
shear should be taken into account when 
determining the load-carrying capacity, 
otherwise predictions of that capacity may be 
unsafe.

4.6 Batavia Bridge – USA – 1991 – Aktan et al. 
(1992); Miller et al. (1994)

The Batavia Bridge was a skew (30º) continuous 
three-span RC slab bridge carrying two lanes of 
traffic (see Figure 25). The length of the end-spans
was 9.754 m and the interior span was 12.19 m. The 
deck was a 11 125 mm wide slab, supported on
intermediate piers and keyed to abutments at the 
ends. At an age of 38 years, the bridge was to be 
demolished as a result of its poor structural
condition. Prior to testing and the removal of asphalt 
overlay, non-destructive tests were carried out in
order to explore their effectiveness at damage 
detection, with results, outside the scope of this 
paper, reported elsewhere (Aktan et al. 1992). When
the concrete slab was exposed after removal of the 
overlay, it was found that the concrete deck was in 
a relatively good condition over the traffic lane but 
severely deteriorated in adjacent regions. The 
deterioration was associated with material 
degradation due to freeze-thaw cycling, alkali-silica 
reaction and corrosion.

Figure 25. The Batavia Bridge (Aktan et al. 1992).

The testing was aimed at gaining insight into the 
bridge behaviour and subsequently using the 
information to verify existing assessment methods. 
In order to replicate the front tandem of the design 
vehicle HS20-44 (AASHTO 1989) passing on one 
lane only, two 1525 × 690 × 760 mm RC blocks 
were cast-in-place on top of the slab to distribute the 
load from hydraulic jacks. The load was statically 
applied in the end span, 3.9 m away from the 

Figure 23. The Stora Höga Bridge 2 (Plos &
Gylltoft 1995).

Figure 24. The Stora Höga Bridge 2 after shear
failure in the supporting wall and deck slab
(Kjellgren & Bergström 1990)
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abutment, by pulling through rock anchors grouted 
into the bedrock. The critical location of the loading 
was determined using FE analysis.

The test was evaluated based on measurements 
made at different critical points observed during 
testing. According to Miller et al. (1994), these 
critical points, called limit states, were related to: (1) 
changes in rotational response, (2) changes in load 
path and (3) failure initiation. The first limit state 
occurred between 1 000 kN and 1 300 kN. Changes 
in rotational stiffness of the slab at the intersection 
with the abutment and pier cap were observed at the 
lower and upper limit of the previously mentioned 
range, respectively. Up to 2 200 kN, a change in the 
maximum deflection path was observed from 
“perpendicular to the traffic lane, to parallel to the 
skew” (Miller et al. 1994). The last limit state begun 
with failure initiation starting immediately after 
2 200 kN and ended with a combined shear and 
punching failure of the concrete block at 3 200 kN. 
The failure started in the deteriorated region of the 
slab and propagated towards the healthy part.
Measurements of reinforcing steel strains were used 
as indicators of imminent failure when, for example,
large jumps were registered. However, yielding 
only occurred close to the failure load in regions 
under the loading blocks and over the piers.

Analytical calculations were carried out in an 
attempt to evaluate the adequacy of the calculation 
methods. It was found that nonlinear FE analysis 
was able to improve both the evaluation of load 
effects and supply resistance over the more 
simplistic methods such as effective-strip and linear 
FE analysis, respectively. The nonlinear FE analysis 
predicted the flexural yielding well, implying about 
25 % higher loads than predicted by the American
standard (AASHTO 1989). The bridge’s actual 
failure was assessed against the resistance model for 
shear and punching described by AASHTO (1989);
it overestimated the capacity by more than 65%. 

The following can be learnt from this study:

Existing bridge rating methods were not able to 
“save” the bridge from demolition, although the 
test revealed a load-carrying capacity equivalent 
to 22 HS20-44 design vehicles.
Accounting for real boundary conditions is of 
great importance when determining the actual 
bridge response.
The prediction of the punching-shear failure 
mode according to American standard 
(AASHTO 1989) was found to be unreliable. 
This is because the deterioration of the slab had 
not been appropriately incorporated into 

resistance models, and thus a higher load was 
expected. In such cases, a 30° angle (as shown in 
the test) of the failure plane should have been 
assumed in the calculation, reportedly reducing 
the punching shear capacity by almost 50% 
(Miller et al. 1994).

4.7 Niobrara River Bridge – USA – 1992 –
Azizinamini et al. (1994a, b); Shekar et al. 
(1993)

The geometry of the Niobrara Bridge and the test 
procedure have already been described in Section 
3.8, as a part of a broader experimental programme. 
In the failure test of the simply supported span of 
the bridge, no apparent damage was observed at a
load level of 78.0 % of the peak load, implying a 
maximal deflection equal to the deformation limit at 
the serviceability limit state (i.e. deflection of 
1/800th span length). However, strain 
measurements of the reinforcing steel located 
underneath the load indicated a tendency for
nonlinearity although there was no significant yield 
plateau. Under further loading, cracks were formed, 
the longitudinal reinforcing steel yielded at the 
bottom of the slab and the stiffness was reduced 
with greatly increased deformations. Although most
of the flexural capacity was being used, and the load 
was more than four times the load-carrying capacity 
according to the initial assessment, a sudden failure 
occurred at 2 225 kN with punching from the outer 
load application towards the curb. Due to yielding 
of the longitudinal reinforcement in the experiment, 
a moment-curvature analysis assuming a yield line 
was carried out, giving a load-carrying capacity of 
1 930 kN. 

This study provides important learning outcomes. 
The flexural failures can be predicted relatively 
accurately, but other more brittle failure modes, 
such as punching, should be considered with caution 
due to the lack of warning. In this case, no analysis 
of the shear or punching capacity was carried out (or 
at least not reported) and an unexpected failure took 
place. Thus, the experiment provides rare, but 
unused, information that could be used for 
evaluation of assessment methods.

4.8 Smedstua Bridge – Norway – 1996 –
Statens Vegvesen (1998)

The Smedstua Bridge was a continuous three-span 
RC slab bridge supported on piers and abutments 
with span lengths of 11.00 m, 16.30 m and 11.00 m
(see Figure 26). The deck consisted of an 
approximately 6.0 m wide slab with a slender 
cantilever slab on each side (2.0 m and 3.0 m wide),
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with curb at the ends. On one side, there were two
traffic lanes and on the other side there was a 
pedestrian lane. Due to widening of the highway 
running under the bridge, it was necessary to extend 
the distance between the piers. However, due to 
economic reasons, it was decided to replace the 
bridge. Before demolishing it, several tests were 
carried out to investigate the bridge’s behaviour at 
service-load and ultimate-load levels.

Figure 26. The Smedstua Bridge (Statens Vegvesen 
1998).

To investigate the bridge at ultimate-load level, a 
6.9 m wide and 12.5 long container, centrically 
positioned in the traffic lane in the interior span, was 
gradually filled with gravel. At the same time,
counterweights were placed on the deck at the 
abutments in order to avoid lifting. First, the 
container was completely filled up, providing a 
force of 8 140 kN. Since the load-carrying capacity 
was not reached, the counterweights were stepwise 
removed at the end-supports. After the first 
counterweight was removed, a small lift occurred 
and a few seconds after removal of the second 
counterweight, the bridge deck slab collapsed (see 
Figure 27). The failure was concluded to be as a 
result of a combination of flexure and shear failure 
and it took place about 4.0 m from the intermediate 
support. Although the final failure was dramatic, the 
bridge behaved in a ductile manner with concrete 
cracking and yielding of the longitudinal 
reinforcement.

At failure, the load was about 4.9 times higher than
the traffic load assumed at bridge design and thus it 
can be concluded that there was a considerable
safety margin. The theoretical evaluation of the 
bridge using the Norwegian design standard (NBR 
1992) indicated the shear to be critical with an 
estimated capacity of 43 % of the tested peak load. 
Based on the yield strength of the reinforcing steel,
the flexural capacity was predicted to be reached at 
89 % of the tested capacity, compared with 
considerable yielding observed at 94 %. Thus, it can 
be concluded that the shear capacity was very 
conservatively predicted. Moreover, the flexural 

capacity was underestimated, but this can be 
explained by the ability of the structure to 
redistribute the internal forces from highly stressed
regions to those less stressed. The loading 
procedure, that of having a container distributing the 
load on the bridge, would also have some impact on
the outcome of the test not accounted for in the 
analyses.

Figure 27. The Smedstua Bridge at collapse 
(Statens Vegvesen 1998).

4.9 Barr Creek Bridge – Australia – 1998 –
Haritos et al. (2000)

The Barr Creek Bridge was a two-lane continuous 
four-span RC slab bridge with the end-spans and 
interior spans having lengths of 3.66 m and 4.57 m, 
respectively (see Figure 28). The deck was 
6 720 mm wide (excluding curbs) slab and
monolithically cast-in-place continuously over piers 
with end-abutments providing rotational restraint. 
The structural condition of the bridge was rated as 
being good, however spalling of the concrete cover 
due to accelerated corrosion was reported on the 
columns in the splash zone of the creek. Therefore, 
the bridge was taken out of service in 1971 and,
prior to demolition, was wired with instrumentation
and tested at the serviceability and ultimate-load 
limit states, with the aim of improving analytical
methods for bridge rating and assessment. Both 
dynamic and static tests were carried out.

Figure 28. The Barr Creek Bridge (Haritos et al. 
2000).
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The static tests were based on a test setup using the
tandem vehicle T44 (Austroads 1996b). The loads 
were produced by hydraulic jacks on top of the 
bridge and, due to poor soil conditions, a steel frame 
attached to the piers was used for the reactions. The 
static test was divided into the following loading 
schemes: (1 and 2) single-lane loading in the middle 
of the end-span (span 1) and the adjacent interior 
span, to about 250 kN including a dynamic factor of 
1.3; (3 and 4) as previous loading but with the end 
support changed into a hinged connection by cutting 
the top reinforcement; (5) simultaneous single-lane 
loading in span 1 and span 3 to initiate failure and 
(6) double-lane loading in span 4 to failure. 

FE analyses were carried out at serviceability-load 
level and compared with results obtained from static 
load tests. There was good agreement although
internal spans were more flexible than initially 
believed, mainly because of their poor condition. 
Prior to the test, the deck overlay was stripped to 
expose the concrete surface, which revealed 
concrete spalling at the intermediate supports. No 
differences were observed between load cases with 
and without the introduction of saw cuts, indicating
a rotational free connection at the support rather 
than a fixed one. The same conclusion was drawn 
based on analyses of the dynamic test. In the final 
test, a combined punching and shear failure took 
place with the load-carrying capacity being
3 210 kN. In order to determine the load-carrying 
capacity theoretically, the load configurations in 
tests 5 and 6 were analysed based on beam analysis 
with plastic redistribution as well as yield-line 
analysis. In all cases, the analytical results were 
conservative compared with test results; these
underestimates (e.g. 12 % for the yield-line 
analysis) were reportedly due to the influence of 
membrane effects. At the same time, from the report 
by Haritos et al. (2000), it can be concluded that the 
tests had not been investigated using models for 
punching and shear resistance. 

4.10 Baandee Bridge – Australia – 2002 –
Pressley et al. (2004)

The Baandee Bridge was a continuous five-span RC 
slab bridge carrying road traffic in two lanes with 
spans of lengths 7.39 m and 7.62 m for the end-
spans and interior spans, respectively (see Figure 
29). The slab (8 530 × 305 mm2) was cast-in-place 
on piers and had curbs (610 × 305 mm2) on either 
side. Due to realignment of the highway, two 
bridges of this type were redundant and, with the 
aim of developing more accurate methods to assess 
the load-carrying capacity of slab bridges, one of the 

bridges was destructively tested. However, the other 
bridge was used for testing material parameters 
which were assumed to be identical to the tested 
bridge.

Figure 29. The Baandee Bridge (Pressley et al. 
2004).

Based on the experience that the flexural and
punching capacity are often critical when assessing 
the capacity of this type of bridge, the experimental 
programme was designed to investigate these failure 
modes. The formation of cracks was studied at 
service-load levels for comparison to requirements 
at SLS. For comparison to the procedure for bridge 
assessment, the test setups were based on the design 
vehicle T44, composed of a tandem with the axles 
1.2 m apart and a wheel centre-to-centre distance of 
1.8 m (Austroads 1996b). Two flexural and 
punching tests were carried out: the flexural tests 
with loading in the middle of either end spans and 
the punching tests with loading centrically around a 
pier at the intermediate supports (axle distance 
increased to 1.8 m). The load was produced by 
hydraulic jacks at each loading point with ground 
anchors thread through the structure.

First, the punching tests were carried out. The first 
test resulted in a sudden failure at 3 540 kN, when 
the pier between the load application punched 
through the slab. The second test was stopped at 
3 460 kN due to a functionality problem associated 
with one of the hydraulic jacks. In the two tests,
similar cracking was observed. This was a
considerably higher capacity than the 1 200 kN 
predicted by the Australian standard (Austroads 
1996a).

In the flexural tests, the structural behaviour of the 
bridge was more ductile, with formation of flexural 
cracks and yielding of the reinforcing steel adjacent 
to the loading, and subsequent formation of flexural 
cracks at the intermediate support. However, after a 
period of almost constant loading with increased 
deflection, a sudden, unexpected shear failure took 
place. The critical shear crack was transversally 
aligned between the load and the intermediate 
support with a change in direction towards the 
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abutment beside the loading point. In the first test, 
in which one design vehicle was simulated, the 
failure load was 2 260 kN and in the second test,
with two parallel design vehicles, the failure load 
was 3 540 kN. Structural analyses with various 
levels of complexity were carried out prior to the 
test. Expressed as a percentage of the experimental 
load-carrying capacities for the two tests, the 
following results were obtained: (1) 42 % and 37 %
using linear elastic analysis, (2) 96 % and 81 % 
using plastic analysis assuming the formation of 
plastic hinges at the critical section in the span and 
at the intermediate support and (3) 101 % and 89 %
using nonlinear FE analysis. In these analyses, the 
shear capacity was not taken into account and the 
calculated capacities associated with shear for the 
two testes were later calculated to be 115 % and 
96 % of the peak load (Candy et al. 2004).

From the four tests, the following can be learnt:

Models to determine the punching capacity can 
be very conservative. However, a local analysis 
with consideration of only one pier can be 
improved by taking into account the actual 
distribution of action effects more precisely. 
Both plastic and nonlinear structural analysis are 
able to predict the flexural capacity precisely and 
the latter can also capture the load-deflection 
response of the structure.
In the absence of shear reinforcement, structural 
failures due to shear are usually brittle and should 
be carefully treated with the actual action effects. 
This study also showed a case where the design 
code produced unconservative predictions.

4.11 Örnsköldsvik Bridge – Sweden – 2006 –
Puurula et al. (2015); SB (2008)

The Örnsköldsvik Bridge was a skew (16.8º) single-
track railway bridge with a structure consisting of a 
portal frame with a RC trough in two continuous 
spans with free distances of 11.92 m and 12.18 m. 
(see Figure 30). The trough was composed of two 
girders (1 000 × 1 100 mm2) with curbs (623 ×
350 mm2) at the top and a slab (2 900 × 350 mm2)
between the girders at the bottom. The bridge deck 
was monolithically cast-in-place with vertical 
supporting walls and the in-situ tested concrete 
compressive strength (68.5 MPa) was appreciably 
higher than that used for the design 51 years earlier 
(it had increased by about 37.5 MPa). Upgrading 
and realignment of the railway lane was planned so
the bridge became redundant. As a part of the 
project Sustainable Bridges (SB 2007), the bridge 
was extensively investigated to calibrate methods
for condition assessment (i.e. non-destructive 

methods) and methods for analysis of the structural 
behaviour and load-carrying capacity. In addition, a 
strengthening technique, using NSM CFRP rods 
installed at the base of the trough, was tested and 
evaluated. Strengthening the bridge was intended to 
change the failure mode from an expected flexural 
failure to a shear failure.

The bridge was statically loaded in the midspan on 
top of the trough girders with two hydraulic jacks 
and a transverse load distribution beam (see Figure 
30). Reaction forces from the load produced by the 
jacks were taken by cables anchored in the bedrock. 
In loading the bridge to failure, a generally ductile 
structural behaviour was revealed and the yielding
of the longitudinal reinforcing steel was measured. 
After severe cracking and intermediate crack-
induced debonding of the CFRP rods, leading to 
force redistribution, one of the girders failed in 
combined flexure and shear at a load of 11 700 kN 
and 96 mm deflection. At failure, several stirrups 
crossing the critical shear crack ruptured (see Figure 
31).

Figure 30. The Örnsköldsvik Bridge (SB 2008).

Figure 31. The Örnsköldsvik Bridge after failure of 
the trough girder (Image by Lennart Elfgren).

A comparative study between different design codes 
with regard to the shear capacity was carried out. 
Based on in-situ tested material parameters, the 
American (ACI 318 2011), Canadian (CSA A23.3 
2004) and European (SS-EN 1992-1-1 2005)
standards predicted load-carrying capacities of 
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66 %, 65 % and 78 %, respectively, of the peak load 
in the full-scale experiment. Using information 
about the material from the bridge design, a 7 to 
13 % lower capacity was given. For refined 
structural assessment, the bridge test was simulated
using nonlinear FE analyses with various levels of 
approximation, ranging from a simplified 1D model 
(Ferreira et al. 2015) to a detailed 3D model 
(Puurula et al. 2015). The most complex 3D model,
with the concrete modelled with continuum
elements and the reinforcement using embedded 
discrete bars, was able to simulate the structural 
behaviour precisely, including the failure and the 
peak load. The FE model also indicated 
significantly increased stiffness and load-carrying 
capacity due to strengthening. 

The study of the Örnsköldsvik Bridge provides the 
following lessons:

The bridge behaved as expected but the design 
codes appear to be conservative with regard to the 
shear capacity. The actual capacity corresponded 
to 6.5 times the permitted axle load for the bridge, 
meaning a margin of safety well above the 
requirements.
Nonlinear FE analysis is a powerful method to 
improve the accuracy of assessment of the 
capacity. However, the simulation of the bridge 
was sensitive to a range of modelling choices 
(e.g. material parameters and boundary 
conditions) and, for this bridge, information from 
the experiments was used to calibrate the FE 
model. Such thorough knowledge is not available 
from regular bridge assessments and, thus, the 
information collected can be useful for future 
assessments.
Strengthening with NSM CFRP rods improved 
the performance of the bridge and could be used 
to upgrade the load-carrying capacity of bridges. 
At the same time, such strengthening leads to 
stiffening of the structure and this test illustrates 
the importance of taking the deformation 
capacity into account in order to avoid 
unexpected, sudden failures.

4.12 Kiruna Bridge – Sweden – 2014 – Bagge et 
al. (2014, 2017a, b)

The Kiruna Bridge was a continuous five-span PC 
girder bridge with road and pedestrian traffic in two 
lanes (see Figure 32). The span lengths were 
18.00 m, 20.50 m, 29.35 m, 27.15 m and 26.50 m. 
The deck, supported on abutments and piers, was 
composed of three PC girders (410 – 650 ×
1 923 mm2) monolithically cast-in-place with a RC 
slab (4 900 × 220 – 300 mm2) at the top with curbs 

(300 × 300 mm2) on each side. The girders had a 
centre-to-centre distance of 5.41 m and they were 
reinforced with a BBRV post-tensioning system. 
Inspection indicated the bridge to be in good 
condition with existing damage limited to some 
vertical cracks in the girders adjacent to the 
intermediate support, assumed to be associated with
curtailment of reinforcing steel bars in the bottom of 
the girders. Due to settlement of the ground, caused 
by surrounding underground mine workings, the
bridge was monitored over a period of eight years 
before it was taken out of service. Over that time, no 
additional damage occurred. The bridge was set to
be demolished because of relocation of the city, so
a test programme was designed to improve methods 
of assessment of existing bridges. The study 
included evaluation of methods to determine 
residual prestress forces in tendons, the usability 
and impact of two types of strengthening systems 
using CFRP, and the structural behaviour and load-
carrying capacity of the bridge girders and the deck 
slab. The failure test of the slab is described in 
Section 4.13.

Figure 32. The Kiruna Bridge (Image by Niklas 
Bagge).

The loading system consisted of two transversally 
aligned load distribution beams, supported on the 
girders in the middle of the shortest interior span, 
and two hydraulic jacks, with wires anchored in the 
bedrock, loading each load distribution beam. The 
bridge was investigated using a preloading 
schedule, during which flexural cracks occurred in 
the girders, both adjacent to the loading point and at 
the intermediate supports. Diagonal cracks were
formed at the loading point. In the failure test, the 
load was applied symmetrically to the bridge up to
a load of 12 000 kN, followed by modified loading 
to obtain failures in one of the outer girders and then 
the interior girder. For the two failures, the loads 
were 13 400 kN and 12 700 kN, respectively, (see 
Figure 33). The interior girder showed a
considerable residual capacity after failure. Both 
girders behaved in a ductile manner, with extensive 
concrete cracking and yielding of the reinforcing 
steel. However, a brittle shear failure took place in 
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the final phase and stirrups crossing a diagonal 
crack of the girder ruptured on either side of the 
loading point; at this juncture, the loading plate 
punched through the slab.

Figure 33. The Kiruna Bridge after shear failure of 
the girders (Image by Niklas Bagge).

Theoretical calculations of the load-carrying 
capacity indicated that the flexural capacity was
reached at 67.9 % of the tested load-carrying 
capacity obtained when the first failure occurred. 
The calculations were based on linear elastic 
structural analysis, resistance models according to 
European standard (SS-EN 1992-1-1 2005) and in-
situ testing of material parameters. Assuming 
redistribution of internal forces, shear failure 
occurred at 77.6 % of the tested value, but adjacent 
to the support instead of the loading point.
Simulations of the test based on nonlinear FE 
analysis were more precise, with the tested failure 
mode predicted to occur at a loading of less than 1 
% more than the tested value. However, the FE 
analysis was sensitive to assumed boundary 
conditions and material parameters.

From the study of the Kiruna Bridge girders, the 
following can be learnt:

A high degree of redistribution of internal forces, 
in relation to the linear elastic assumption, took 
place during the test. This should be taken into 
account when assessing statically indeterminate 
bridges to utilize the flexural capacity of the 
structure fully.
The resistance models used to determine the 
shear capacity are conservative and do not 
necessary reflect the actual behaviour and failure 
mode.
Nonlinear FE analysis can be used to improve 
assessment and is able to predict the load-
carrying capacity precisely. Since inaccurate 
inputs to the simulations may lead to overstated 

capacities, existing uncertainties should be 
treated carefully. For instance, bridge-specific 
material parameters should be used.

4.13 Kiruna Bridge – Sweden – 2014 – Bagge et 
al. (2014); Shu et al. (2017)

The Kiruna Bridge (see Figure 32), previously
described in Section 4.12, was studied with a focus
on the girders, including loading two of three 
girders to failure. Thereafter, the bridge deck slab 
adjacent to the still-functioning, but pre-cracked, 
girder was investigated. There was no damage to the
slab found during visual inspection of the structure 
between the tests. The slab was loaded in the middle 
of the previously tested span, using loading plates 
(600 × 350 mm2) with a centre-to-centre distance of 
2.0 m in the bridge’s longitudinal direction. To 
produce the load, one hydraulic jack, connected to 
wire anchors in the bedrock, was used and the load 
was distributed to the plates using a longitudinally 
aligned beam.

In the test, considerable deflection of the girders 
occurred and, at a load of 3 320 kN, the slab 
suddenly, without any warning, failed with a
combined failure mode of shear and punching (see 
Figure 34). The failure was initiated between one of 
the loading plates and the girder, and propagated on 
either side of the plate, thus, producing a U-shaped 
failure surface. After the test, the bridge deck slab 
was analysed based on methods at varying levels of 
approximation. First, analytical resistance models 
were used as described by the European standard 
(SS-EN 1992-1-1 2005) and, ultimately, nonlinear 
FE analysis was used. The analytical models 
resulted in a capacity of 44.6 % and 45.5 % of the 
tested capacity for one-way shear and punching, 
respectively. The nonlinear FE analysis precisely 
assessed the capacity with an underestimation of 
1.5 % and correctly predicted the failure mode of 
the test. In the theoretical evaluation, a study of the 
arching action and distribution of shear stresses was 
also made. From these tests, the following can be 
learnt:

Design models for shear and punching can be 
imprecise, in this study producing a highly 
underestimated capacity. Here, the impact of 
arching action for loads applied close to supports 
is one possible reason.
In contrast to the local resistance models in the 
European standard (SS-EN 1992-1-1 2005),
nonlinear FE analyses were able to predict the 
complex failure that occurred in the test 
accurately. However, the assumed boundary 
conditions in the FE model play an important role 
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and the full structural response of the bridge 
should preferably be simulated in the analysis.
Due to the outcomes from the design standards 
and nonlinear FE analysis, a successively 
improved structural assessment was 
recommended in order to understand the structure 
better and to utilize its capacity.

Figure 34. The Kiruna Bridge at shear and 
punching failure of the deck slab, view from below
(Image by Niklas Bagge).

5 Discussion of learning outcomes
Out of 30 bridges, in total 40 tests were identified
and the types of failure summarized in Figure 35. In 
many cases, the shear-related failures were a
combination of shear and punching and, in this 
summary, these are grouped together as the
predominant failure mode was not always stated in 
the original source of the tests. There is a clear 
difference between expected failure mode in the 
tests and the actual outcome. The differences 
between expected and actual failure modes may 
inaccurately lead to the conclusion that the models 
for assessing the shear capacity are unconservative,
especially for bridge deck slabs. In fact, the 
unexpected shear failure can, in many cases, be 
associated with inadequate attention to shear-related 
issues. In a few full-scale tests, only the flexural 

capacity has been reported and discussed in 
available papers and reports and, for these cases, it
has been assumed that a flexural failure was 
expected although it is not explicitly stated. About 
28 % of the failures can be regarded as unexpected 
in terms of the failure mode.

Full-scale tests of bridges have been reported for
over a half century. Despite this, a review of the 
conclusions from each full-scale test indicates that
the lessons from these tests have not been fully 
learnt. The same kinds of lessons and mistakes are 
being continually repeated rather than being 
recognized and fixed for subsequent bridge tests and 
assessments. The outcomes can be summarized as 
follows:

In general, the bridge tests demonstrated load-
carrying capacities appreciably higher than those 
calculated using traditional methods for 
structural assessment.
Flexural failures can be precisely predicted and, 
for statically indeterminate structures, methods 
accounting for redistributions of internal forces 
can be beneficial. However, aspects associated to 
shear should be accounted for. Alternatively, 
nonlinear analyses can be used to model the 
nonlinear behaviour.
Shear types of failure are not fully understood 
and local resistance models for shear are not 
always able to predict the actual behaviour. Shear 
models that are too conservative have been used 
in several studies so, in order to predict the 
behaviour and capacity better, nonlinear FE 
analysis is suggested. The studies also show the 
importance of accounting for concrete elements 
without shear reinforcement, which often 
produce brittle failure with no warning.
For existing bridges, the in-situ material 
parameters often differ significantly from the 
values used in design and there are many 
examples where tested material parameters 
considerably improved the accuracy of the 
assessment. Thus, an assessment should be based 
on bridge-specific information from material 
tests.
In the tests, both support conditions and 
interaction between structural elements have 
been shown to have a crucial impact on the 
structural behaviour and, in some cases, this was 
a cause of an unexpected failure mode. After 
several studies, uncertainties remained with 
regard to the boundary conditions and, 
consequently, it was not possible to explain 
differences between experiment and theory. 
Particular attention should be paid to the choice 

Figure 35. Summary of expected and actual failure 
modes in bridges tested to failure.
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of boundary conditions, both in structural 
analysis during assessment and for future tests.
Usually, non-structural elements (e.g. curbs) are 
ignored when assessing the capacity of bridge 
decks and, in several tests, such geometrical 
simplifications made an appreciable difference 
between tested and theoretically determined 
load-carrying capacities.
In two bridge tests, strengthening using CFRP 
reinforcement has been shown to work for 
upgrading the load-carrying capacity. However, 
both studies highlight the importance of proper 
consideration of the deformation capacity in 
order to avoid sudden failures.

In connection to the learning outcomes listed above,
it should be noted that many of the bridges were not 
loaded in a way that corresponded with a real load, 
and some not even in accordance with the design or 
assessment code. Consequently, the failure modes 
obtained experimentally can differ to the ones 
critical for the bridge and conclusions regarding the 
structural safety in relation to the theoretical 
assessment are not fully representative for the 
bridge in general. Despite this, it is believed that the 
full-scale failure tests have great value for 
understanding the real structural behaviour of 
bridges and improvement of design and assessment 
methods. These tests also show the need and 
benefits of further research in order to achieve a 
more accurate and, thus, sustainable management of 
the network of bridges.

As stated in the introduction, it is of importance to 
test full-scale structures and to take advantage of the 
experience from these tests. In several projects, the 
tested bridge was not adequately analysed, either 
before or after the test. Analysis should be further 
prioritized in order for research and assessment to
benefit from the test. Associated with this, it appears 
from this literature review that a range of studies 
have not been fully reported and, thus, the outcomes 
from the specific test are not completely clear. From 
these findings, a recommended procedure for full-
scale testing has been defined and is shown in
Figure 36. The test is based on research needs 
identified for the improvement of bridge assessment 
or design. From the very beginning, a strategy 
should be defined describing how to fill these gaps, 
and this should be continuously used throughout the 
project, although of course, it may be necessary to 
revise the strategy due to unexpected results. For 
many bridge tests, it can be concluded that the aim 
of the project is somewhat vaguely formulated, 
often “the aim is to understand the behaviour of this 
type of bridge better”. To facilitate the valuable

outcomes of a rare and challenging test, precise and 
achievable aims should be defined. Moreover, the 
outcomes of the project are greatly affected by the 
amount of attention paid to the analysis; before the 
test, this is an important part of the planning process 
in order to design a test whose measurements are 
able to provide the desired information. The bridge 
should preferably be analysed with successively 
improved accuracy and, if possible, also with 
improved information about the structure (e.g. 
information from pre-tests can be incorporated). A 
sensitivity study may highlight important aspects 
prior to the test. Coupled to previous studies 
discussed in this paper, such important aspects can,
for instance, be associated with as-built geometrical 
characteristics, material properties, boundary 
conditions and residual prestressing. Afterwards, a
predefined approach should be examined based on 
the test results. It should be updated if necessary and 
it should also evaluate and clarify any unexpected 
outcomes. Ultimately, an essential part of a bridge 
testing project is to implement and disseminate the 

Figure 36. Procedure for full-scale testing.
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outcomes. The dissemination is crucial in order to 
improve future assessment and design of bridges; 
however, an early involvement of stakeholders is 
often beneficial for a more effective dissemination 
of the outcomes. In the past, there were, in several 
cases, limitations in time and resources for 
preparing tests. Even in these cases, it is possible to
follow the procedure presented, but the outcomes 
from the particular study are greatly affected by the 
early stage work.

6 Conclusions
This paper presents a literature review of full-scale 
concrete bridges tested to failure and provides 
feedback from previous studies. These kind of 
experiments are rare and play an important role, 
since they may raise aspects not seen in small-scale
or large-scale tests in controlled and idealised 
laboratory environments. The objective of the 
review was to summarize the lessons learnt from 
those studies in order to improve future bridge 
assessment and to avoid repetition of the same 
mistakes. In addition, there were several tests where 
the ultimate capacity was not reached due to 
unexpectedly high capacities. A few such valuable 
examples have been listed.

Many unpredicted events took place in the failure 
tests and about 28 % of them ended with a failure 
mode different to that predicted. In some cases, this 
was related to inaccuracies in the methods for 
determining the load-carrying capacity but, in the 
majority of cases, it was caused by a lack of 
attention to aspects shown to be critical, particularly 
associated with the shear and punching capacities.
In general, it can be concluded that the theoretical 
calculations of the load-carrying capacity are 
conservative, however, the “hidden” capacity can be 
utilized by using refined analyses. For instance, 
nonlinear FE analyses can precisely model the 
structural behaviour but, independent of the level of 
approximation used in the analyses, a proper 
representation of geometry, boundary conditions 
and materials is crucial. 

This paper shows the advantages of full-scale 
failure tests and additional experiments should be 
carried out in order to improve further the
understanding of existing bridges. However, the 
experience from previous tests should be taken into 
account in the preparation of new studies, which 
apparently has not always been the case. For 
instance, it is suggested that experimental tests are 
based on realistic load cases with consideration of 

aspects shown to be critical in the assessment, thus, 
leading to relevant and useful outcomes.
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